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Preface 
 
Although concrete and reinforced concrete structures are not considered particularly 
sustainable, concrete is one of the most important and widely used building material in the 
world. Structures such as bridges, power plants or tunnels would be inconceivable without 
reinforced concrete as a building material. The bond between reinforcement and concrete is 
an essential factor for achieving the desired response from these different reinforced concrete 
structures. 

Moreover, bond plays an important role not only in reinforced concrete structures, but also for 
strengthening and rehabilitation of structures. Due to the necessity of sustainable building 
methods and need to reduce the spending of resources, the rehabilitation of structures will 
play an important role in shaping the sustainable future.  

In addition, our building materials are changing quite rapidly. This applies not only to 
concrete, but also to reinforcement.  Carbon concrete, extreme lightweight or printed 
concrete, glass fibre or textile reinforcement are just a few examples. Their properties are 
significantly different from the previously known materials. In combination this can lead to a 
completely changed bond behavior, which can no longer be described using the existing 
models. Consequently, this becomes a challenge for all of us working in this field since 
results and solutions are expected faster than in the past.  

Therefore, it is important to have a platform that enables exchange of information on the latest 
results and future development and is also essential to publish and share the findings with the 
research community. However, this is not the only motivation for organising the Bond in 
Concrete Conference. The personal exchange and the development of a social network is an 
additional motivation, which is becoming more and more essential for both work and 
successful research. 

The previous conferences in Paisley (1982), Riga (1992), Budapest (2002) and Brescia (2012) 
are excellent examples for personal and professional networking. This tradition is something 
we want to continue in Stuttgart (2022) and use this opportunity to enable, encourage and 
support interdisciplinary research on “bond”. 

Looking at the recent developments, the description of the bond models and the underlying 
theories have been further improved and refined in the last few years. As a result, a larger 
number of influencing factors and loading conditions are considered for describing and 
quantifying “bond”. Today we know much more about bond than we did 50 years before. But 
we still don´t know enough about “bond”, it is important to continue and intensive research in 
the future. 

Despite all the adversities, uncertainties, injustices and challenges that our society will have to 
handle in the upcoming years and decades, I am convinced that each one of us is doing their 
best to make our future worth living. The 5th Conference on “Bond in Concrete" may 
contribute to this objective. 

 

Prof. Dr.-Ing. Jan Hofmann 
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On the circumferential strains in a concrete specimen 
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Orit Leibovich 1*, David Z. Yankelevsky 2
1Shamoon College of Engineering, Ashdod, Israel; formerly: Technion-Israel Institute of 
Technology, National Building Research Institute, Haifa, Israel 
2Technion-Israel Institute of Technology, Structural Engineering, Haifa, Israel 

*Corresponding author email: oritle@ac.sce.ac.il

ABSTRACT 

Pullout tests of a rebar from an axisymmetric concrete specimen yield bond-slip relationship 
data characterizing the constitutive interfacial behavior of rebar-concrete. It is assumed that 
inclined compressive forces develop between the rebar ribs and the concrete. In tests, however, 
only their longitudinal component is usually measured as the integrated pullout force. The 
radial components of the inclined forces cause a complex ring action-producing radial 
compressive stresses and hoop tensile stresses. Circumferential strains on the specimen’s outer 
surface are usually not measured, although they may shed light on the ring action due to the 
radial force components. This is an important component of the bond resistance mechanism and 
is the subject of the present investigation. The circumferential strains were measured in a series 
of tests and new insight has been gained.   

The investigation examines the effects of several major parameters (concrete strength, 
specimen diameter governing the confinement level, and the number of ribs in the bonded 
length) on circumferential strains and their relationship to the measured longitudinal bond-slip. 
Attaching several strain gauges along the specimen envelope to measure the circumferential 
strains at different locations reveals a variation in the circumferential strain along the 
longitudinal axis during the experiment.  

It was found that a slight shift in the order of millimeters in strain gauge locations considerably 
affects the measured strain. Careful placement of gauges highlights the pronounced effect of 
the relative distance between the rebar ribs and the strain gauge location on strain magnitude 
and its variation with increasing slip. This new finding may affect the interpretation of the 
measured strains. Correlation of measured strains with bond-slip results was observed and is 
interpreted and presented here. These measured data shed light on the magnitude of the radial 
components at rib locations. 

1 INTRODUCTION 

The inspected and measured axisymmetric behavior of a specimen during a pullout test provides 
the basic data regarding bond-slip behavior. It has laid the basis for several analytical models 
that describe and simulate the bond mechanism (Tepfers [1], Den Uijl and Bigaj [2], and 
Yankelevsky [3]). These models are based on the hypothesis that inclined compressive 
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interaction forces develop between the rebar ribs and concrete during the pullout process and 
act outward at the rebar-concrete interface. The local diagonal compressive force at the rib’s 
location may be decomposed into two force components: a longitudinal component in the load 
direction and a compressive force component in the radial direction that is perpendicular to the 
rebar axis.  

The local longitudinal force component may be described by the average bond stress and the 
radial compressive force at the rib’s location may be described as a radial pressure acting on a 
cylindrical band of limited length in planes perpendicular to the cylinder axis. This ring action 
develops radial compressive stresses and tangential tensile stresses in the concrete cylinder. 
Consequently, there is a relationship between the bond stresses and the tangential stresses as 
well as the circumferential strains in a concrete specimen.  

The circumferential strains on the specimen envelope are not measured in common pullout 
experiments and there is almost no related data in the literature. Tepfers [1] and Bamonte and 
Gambarova [4] measured the circumferential strains on steel sleeves into which concrete 
cylinders had been cast. The confinement provided by the sleeve depends on the cylinder’s 
diameter and the thickness of the steel sleeve.  In their experiments, no reference was made to 
the strain-gauges positions with respect to ribs locations. The researchers reported splitting 
cracks that developed in several specimens and reached the concrete cylinder envelope. 
Splitting failure was avoided only due to the surrounding steel sleeve. In both studies, residual 
circumferential strains were measured at the end of several experiments, whereas strains 
dropped to zero in other experiments. When strain gauges are attached to the boundaries of 
reinforced concrete elements, the exact positioning of a strain gauge may be affected by the 
existence of a local inhomogeneity on the concrete surface, such as the proximity to a coarse 
aggregate, a large pore, or a local crack. Hence, in general, the real gauge location may slightly 
differ from the planned position. Therefore, the “as made” gauge locations should be 
documented for proper interpretation of measured strains.  

For homogeneous structural elements, a small offset in the location of the strain gauge may be 
of less importance, but in reinforced concrete elements, the effect is likely to be pronounced. 
This study finds that strain data are affected by the distance between the rebar ribs and strain 
gauges’ locations. This is a new observation that has not been identified previously. 

2 RESEARCH SIGNIFICANCE 

In a series of new tests, the circumferential strains on the concrete envelope of pullout 
specimens with different parameters were measured. The findings enhance our understanding 
on the ring action and bond mechanisms during rebar pullout from a concrete specimen. 

The data depicts the strain variation with increasing slip at a given strain gauge location and the 
effects of major parameters, including concrete compression and tension strengths, specimen 
diameter, and the number of bonded ribs, are described. Two major different shapes of strain 
variation curves are identified and are interpreted as related to the bond-slip behavior and to the 
concrete damage mechanisms.  

3 THE EXPERIMENTAL SETUP 

The experimental setup is based on the RILEM 1970 [5] standard pullout test and is shown in 
Figure 1. The specimen is placed on a steel base plate hanging by vertical steel bars on the top 
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cross beams of the MTS apparatus with a capacity of 100kN (Figure 1a). A Teflon layer 
between the specimen base and the steel plate is used to reduce friction. The rebar extends 
downwards through a hole in the base plate. The rebar is pulled out under displacement control 
with increasing displacement at a rate of 0.04 mm/min.  The applied load is measured by a load 
cell and the rebar-concrete slip is measured by three LVDTs (Figure 1a). The slip is based on 
the measured displacement between the lower LVDT clipped point on the pulled-out rebar and 
the concrete cylinder base and accounts for the elastic elongation of the unbonded part of the 
steel rebar between the clipped point and the first rib. Part of the unbonded rebar is wrapped by 
a plastic tube, inserted into the specimen before its casting, to control a short-bonded length of 
two, three, or five ribs (Figure 1b). 

 

 

(b)  

  

(a)  (c)  (d)  
Figure 1: Specimen test setup 

 

Cylindrical specimens with diameters of 100, 150, and 200 mm were tested to simulate different 
confinement conditions. Good confinement conditions are defined for specimens with a 
concrete cover around the rebar that is five times larger than the rebar diameter (MC2010 [6]). 
This is satisfied in the 200mm diameter specimens with a 20mm rebar or in the 150 mm 
diameter specimen with a 14 mm rebar, while the 100 mm diameter specimens represent partial 
confinement conditions. The specimen height was 200 mm. The first rib was located about ~100 
mm above the specimen base. The ribs’ distance from the base and the Teflon layer underneath 
the base ensure that no arching compressive stresses develop at the bonded area and no apparent 
confining effect may develop except for the real confinement due to the specimen diameter. 

Strain gauges (Kyowa- KFG-30-120-C1-11-L1M2R, with a length of 30 mm length and 2 mm 
width) were installed in the circumferential direction on the outer specimen surface at specified 
distances that were carefully coordinated with the rib locations (Figures 1c, 1d). In some cases, 
when local imperfections were found, such as open small pores on the concrete surface that 
might affect the measured strain results, the strain gauge location was slightly shifted from its 
originally planned position. The exact "as made" locations were documented and taken into 
consideration in the analysis and in the interpretation of the results. Attention was paid to 
prevent any environmental conditions on the measured strain results, such as temperature and 
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vibration effects, especially in large diameter specimens where the magnitudes of the 
circumferential strains are rather small. A dummy strain gauge was attached to an identical 
unstressed concrete cylinder and its readings were considered to compensate the original 
readings for such effects. 

4 THE EXPERIMENTAL PROGRAM 

4.1 Specimens 

The investigation is based on 12 normal strength concrete cylindrical specimens on which 
pullout tests were conducted [7, 8]. Details of the test specimens and the gauge locations relative 
to rib bases and rib locations relative to the applied load are given in Table 1.  

Table 1: Specimen details 

{1} Each specimen is denoted as ID-R-N-O, where: ID- The casting group, R- Specimen 
diameter (in cm), N- Number of ribs in the bonded length and O- Serial number of the test series 
with the same parameters.  
{2} see Fig. 2; the position of the strain gauge is defined relative to its center. 
{3} The distance is defined relative to the base of the first rib. 
{4} The distance is defined relative to the base of the second rib. 

The specified gauge location is given relative to the nearest rib base (refer also to Figure 2). 
Where a strain gauge is installed at the same longitudinal coordinate as that of the rib base, the 
relative longitudinal distance between the gauge and the rib is defined as zero. Where the gauge 
is located ahead of the rib the distance relative to the rib is defined as a negative distance (see 
Figure 2). 

 

Maximum circumferential strain (micro-strain) 

(Location of strain gauges (mm)) {2} 

Max. bond 

stress (MPa)/ 

Slip at max. 

load (mm) 

𝒇𝒇𝒕𝒕
𝒇𝒇𝒄𝒄

𝟐𝟐/𝟑𝟑 
Specimen No. 

{1} 

Above 
the bond 
area {4} 

Fourth 
rib 

Third  
rib 

Second 
rib 

First  
rib 

Below the 
bond  

area {3} 

    3)-(84   14.12/2.03 0.32 TOLF-10-2-1 
   (-2)87   14.62/1.80 0.32 TOLF-10-2-2 

)1228(   (-1)51 (-1)64  13.42/0.97 0.26 TOLF-10-2-3 
58(13) 
28(28) 

  78(-2) -1.5)(74  13.64/0.97 0.32 TOLF-10-2-4 

    18(-1.5)  14.21/1.14 0.32 TOLF-20-2-1 
   17(-2)   14.09/1.32 0.32 TOLF-20-2-2 
  34(-1.5)    16.87/1.29 0.32 TOLF-20-5-1 

  20(-2.5)  28(-1.5)  16.65/1.33 0.32 TOLF-20-5-2 
   26(-3) 27(-3) 22(-19) 

15(-34) 
16.24/1.22 0.26 TOLF-20-3-1 

 40(-4) 27(-4) 21(-4) 21(-2.5)  12.55/1.40 0.26 TOLF-15-5-1 
   60(-1.5)   11.26/1.06  SOF-10-2-2 
   6(-1)   11.84/1.11  SOF-20-2-2 
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Figure 2: Schematic description of strain gauge locations 

 

4.2 Materials 

Concrete data 

The concrete mix design is based on cement, sand, and water only, excluding coarse aggregates 
(Table 2). Strength parameters of the concrete mixtures are described in Table 3. This ensures 
a relatively more homogeneous material, compared to the case where there are coarse 
aggregates in the mixture. It is well known that cracking, damage, and failure in normal strength 
concrete occur within the cementitious matrix, and using concrete without coarse aggregates is 
expected to show similar characteristics to those that develop in concrete with coarse 
aggregates. Coarse aggregates are randomly distributed in the concrete mix and may interact at 
random points with the rebar and cause local voids. These may affect the local resistance to slip 
and will not yield similar repeatable results in pullout tests with similar data. Using concretes 
without coarse aggregates contributes to the axisymmetric behavior of the specimen and yields 
repeatable results that characterize the concrete behavior and help interpret the resistance 
mechanisms of concrete. In this study, we used two mixtures with somewhat different 
ingredients to provide two strength levels of 33.6 MPa and 43 MPa. In the second composition, 
we used two different mixing methods and different vibration periods. The somewhat different 
ingredients, mixing methods, and vibration periods, yielded different concrete strengths as 
shown in Table 3: concrete strengths 𝑓𝑓𝑐𝑐   (43 MPa and 42.1 MPa) and tensile strengths (3.9 MPa 
and 3.2 MPa respectively). Table 3 also shows the ratio between the actual tensile strength (𝑓𝑓𝑡𝑡) 
and the expected tensile strength according to EC2 [9] (0.3 ∗ 𝑓𝑓𝑐𝑐𝑐𝑐

2
3). This ratio 𝒇𝒇𝒕𝒕

𝒇𝒇𝒄𝒄
𝟐𝟐/𝟑𝟑 will indicate 

if the concrete has a relatively higher or lower tensile strength. The concrete casting was carried 
out in the vertical direction, parallel to the rebar axis. This is in accordance with the efforts to 
provide axisymmetric specimens. 

Table 2: Components for cement mixtures 

Mixture 
Number  

Cement  
CEM I-52.5N 

 kg/m3 *   

Water  
Liter/m3 *  

Natural 
sand 

kg/m3 * 

Air content vibration 
periods 
(seconds) 

1 468 281 1403 4.5% 1-1.5 
2 532 319 1313 2.7% 2.5 

*Referring to 1 cubic meter of the mixture 
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Table 3: Strength parameters of the concrete mixtures 

Mixture 
Number 

Concrete 
compression 

strength, fc (MPa)* 

Concrete flexural 
tensile strength 

(MPa) 

Concrete splitting 
tensile strength, ft  

(MPa  )  
𝒇𝒇𝒕𝒕

𝒇𝒇𝒄𝒄
𝟐𝟐/𝟑𝟑  �𝑴𝑴𝑴𝑴𝑴𝑴𝟏𝟏 𝟑𝟑� � 

1 33.6 5.8 3.1 0.30 

2 
43.0 7.2 3.9 0.32 
42.1 5.8 3.2 0.26 

*Measured at 28 days on 7 days wet cured on 100 mm sided cubes 
 
Rebar 

The tailored rebars were machined from a smooth circular Fe360 grade. The ribs of the tailored 
rebars had a uniform cross-section and were oriented perpendicularly to the longitudinal axis. 
The rebar’s outer diameter was 20 mm with rib spacing of 15 mm; a single specimen for 
comparison was prepared with a rebar outer diameter of 14mm with a rib spacing of 11mm 
(Figure 1b).  

5 EXAMINATION OF THE CIRCUMFERENTIAL STRAIN VS. SLIP CURVE 

5.1 Concrete strength 

Figure 3a describes the variation of the circumferential strains with slip in 100 mm diameter 
specimens with two bonded ribs. Figure 3b describes the variation of the circumferential strains 
with slip in 200 mm diameter specimens with two, three, and five bonded ribs. Comparing the 
results of specimens with different concrete strengths shows differences of 30%-48% in the 
magnitude of the maximum strain for the same specimen diameter, e.g., specimen TOLF-10-2-2 
(compressive strength 43.0 MPa; tensile strength 3.9 MPa) with a maximum strain of 
87 micro-strains and SOF-10-2-2 (compressive strength 33.6 MPa; tensile strength 3.1 MPa) 
with a maximum strain of 60 micro-strains. 

In the present study we were able to obtain specimens with similar compressive strengths (43 
MPa and 42.1 MPa) but different tensile strengths (3.9 MPa and 3.2 MPa respectively), or with 
different compressive strengths (33.6 MPa and 42.1 MPa) but with similar tensile strengths (3.1 
MPa and 3.2 MPa respectively). These give an opportunity to examine the effects of the two 
strength parameters. TOLF-10-2-3 (compressive strength 42.1 MPa) reached maximum bond 
stress of 13.42 MPa whereas the maximum bond stress in SOF-10-2-2 (compressive strength 
33.6 MPa) is 11.26 MPa. The expected result indicates a decrease in compressive strength 
affecting a decrease in the maximum bond stress magnitude. Both are specimens with similar 
tensile strengths (3.2 MPa and 3.1 MPa respectively), representing the relatively low tensile 
strength of the concrete, and develop similar maximum strain values: 64 micro-strains in 
TOLF-10-2-3 and 60 micro-strains in SOF-10-2-2. This is an important result indicating the 
dominant effect of tensile strength on the circumferential strain. The maximum tangential strain 
is developed at the rebar-concrete interface. When it reaches the concrete’s critical strain at the 
tensile strength level, radial splitting tensile cracks form at the rebar boundary. These cracks 
grow further radially with the increase of the inner radial pressure. Radial cracking is, therefore, 
more pronounced in lower-tensile-strength specimens, and its effect on the ring stiffness and 
the circumferential strains is evident. 
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(a) Circumferential strain vs. slip in 100 

mm diameter specimens. 
(b) Circumferential strain vs. slip in 200 

mm diameter specimens. 
Figure 3: Circumferential strain-slip curves for different specimens 

 
Specimen TOLF-10-2-2 is characterized by its 43 MPa compressive strength and 3.9 MPa 
tensile strength, and specimen TOLF-10-2-3 by its compressive strength of 42.1 MPa and 
tensile strength of 3.2 MPa. These two specimens have similar compressive strengths but 
different tensile strengths. The magnitudes of the maximum bond stress in both specimens were 
somewhat different (14.62 MPa in TOLF-10-2-2- and 13.42 MPa in TOLF-10-2-3) but a major 
difference is observed in the circumferential strain curves. The strain-slip relationship in both 
specimens ascends similarly until a slip of ~1mm, reaching a strain level of ~60 micro-strain, 
and then they strongly diverge. The curve for specimen TOLF-10-2-3 (with its lower tensile 
strength) remains at about the same strain level while the curve for specimen TOLF-10-2-2 
shows the strain keeping on ascending until it reaches a peak value at a slip of about 2 mm, 
after which a clear descending branch is observed. This major difference is due to the difference 
in the tensile strength of these specimens. Since circumferential strains reflect both ring action 
and bond resistance, the effect on bond resistance here requires further investigation.  

A comparison of the normalized circumferential strain-slip curves (where the circumferential 
strain of each curve was divided by its maximum strain and the slip was divided by the slip 
corresponding to the maximum strain) of specimens with similar compressive strengths but 
different tensile strengths (Figure 4), shows that they have a common denominator, despite 
differences between the measured curves. Figure 4 shows that all normalized curves of a certain 
concrete type are almost identical, regardless of the relative position of the strain gauge with 
respect to the rib, the number of ribs, or the specimen diameter. The distinction between the 
two normalized curve forms depends only on the actual tensile strength of the concrete 
compared to its compressive strength, and these differences are due to the development of 
different local interior damage in the concrete near the ribs that is related to the tensile strength, 
as reported in [10]. It is worth noting that similar characteristics are shown in the study by 
Bamonte and Gambarova [4]: a residual strain was measured at the end of the experiment in 
NSC models, while in HPC models the measured strain decreased to zero. 
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(a) Form A-Concrete tensile strength 

3.9 MPa 
(b) Form B-Concrete tensile strength 

3.2 MPa 
Figure 4: Comparison of normalized circumferential strain - slip curves 

 

5.2 Confinement level 

Examination of the results shown in Figure 3a (for a 100 mm diameter specimen, where limited 
confinement exists) and Figure 3b (for a 200 mm diameter specimen – where good confinement 
exists) shows that at a lower confinement level, the maximum circumferential strain increases 
(by ∼200% and up to ~400% in these tests, depending on the concrete strength). This 
observation refers to the two curve forms related to two different diameters; for example, form 
A specimen TOLF-10-2-2 reached a strain of 87 micro-strains (Figure 3a) in comparison to 17 
micro-strains in form A specimen TOLF-20-2-2 (Figure 3b). Comparison of results of 150 mm 
diameter specimens that have the same confinement level indicates a similar strain behavior 
(Table 1). This is not only due to the different geometry but also to the mechanical behavior 
and internal damage formation during the loading process. Increasing the confinement level 
improves the "ring action", due to an increase of the ring thickness, which resists the radial 
pressure action applied by the rib. It is expected that increasing the confinement level will be 
accompanied by a shorter radial cracking zone (if any exists) and decrease the magnitude of the 
circumferential strains. 

5.3 Effect of relative rib location on circumferential strains 

The experimental results of two similar specimens TOLF-10-2-1 and TOLF-10-2-2 (both 100 
mm diameter specimens with two bonded ribs and the same concrete strength) are shown in 
Figure 5. The variation in the circumferential strain-slip curves is shown in solid lines and that 
of the bond stress-slip curves are shown in dashed lines. The vertical axis on the left side 
indicates the average bond stress values; the right vertical axis shows the circumferential strain 
values. The horizontal axis indicates the slip values. As expected from two apparently identical 
specimens, the average bond stress-slip curves show very similar behavior. In these specimens, 
the strain gauges were intentionally installed at different distances from the ribs. In specimen 
TOLF-10-2-1, placement was at 3 mm before the first rib, and at a distance of 2 mm before the 
second rib in specimen TOLF-10-2-2. Figure 5 shows the measured strain-slip relationships, 
from which the following observations can be made:  
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• Maximum circumferential strains develop at slips that are equal to the relative distance 
between the strain gauge and the rib at the beginning of the experiment, i.e., at the stage 
where the rib is in front of the gauge. 

• Placement of strain gauges at different distances from a rib yields a maximum 
circumferential strain at different slips, hence at a different stage of the experiment. For 
example, in specimen TOLF-10-2-1 the strain gauge is located 3 mm before the first rib, 
and the maximum strain was reached at a slip of 3mm, (corresponding to normalized stress 
of τ τmax⁄ = 0.77 on the descending branch). The strain gauge in specimen TOLF-10-2-
2 is located at a distance of 2 mm before the second rib, hence the maximum strain was 
reached at a slip of 2mm (corresponding to the normalized post-peak stress level of 
τ τmax⁄ = 0.97 ). Therefore, in the latter case, a larger maximum strain magnitude is 
developed. 
 

 
Figure 5: Dependence of the circumferential strains on the gauge position  

relative to the rib 
 

In several experiments, strain gauges were also placed beyond the bonded area. Figure 6 
examines strain measurements in strain gauges that were installed beyond the bonded area. The 
horizontal axis of Figures 6a and 6b represents the slip and the vertical axis represents the strain 
value. The position of the strain gauges along the specimen was defined relative to the base of 
the first rib (0.0 was set at the base of the first rib). Figure 6a shows the strain-slip curves of 
four strain gauges in specimen TOLF-10-2-4. Two gauges were located 28 and 43 mm above 
(Figure 2) the position of the first rib (13 and 28 mm relative to the second rib - see Table 1). 
A 3rd gauge was located at a position of 13 mm above the first rib (within the bonded area 2 
mm before the second rib) and the 4th gauge was placed 1.5mm below the first rib. Figure 6a 
shows that the circumferential strain is smaller in a strain gauge that distant is from the bonded 
area. These curves show once again that the maximum strain is reached when the rib reaches 
the position of the closest strain gauge (1.5 and 2 mm in this case).  
It also shows that strain gauges that are placed beyond the bonded area are also sensitive and 
monitor the circumferential strains, the magnitude of which decreases with the increasing 
distance from the bonded area. This means that each rib has an influence zone in the 
longitudinal direction along the specimen envelope and that all ribs that are located within their 
influence zone affect the strain at that point and contribute to the strain magnitude. Therefore, 
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the measured circumferential strain at any point is a result of the contributions of all effective 
nearby ribs. 

 
(a) Measurement of circumferential strains above the bonded area  

(Specimen TOLF-10-2-4) 

 
(b) Circumferential strains along the specimen, measured by strain-gauges located 

above the bonded area (Specimen TOLF-10-2-4) 
Figure 6: Measurement of circumferential strains outside the bonded area 

 
Figure 6b shows the circumferential strain values of different gauges along the specimen at 
different stages of the experiment for specimen TOLF-10-2-4. Each stage is defined by the 
actual pullout load F with respect to the maximum pullout load Fmax, and the corresponding slip 
S that is given with respect to the maximum slip Smax, which is the slip corresponding to the 
max load Fmax. The position of the strain gauges relative to the base of the first rib at the 
beginning of the experiment is indicated by a dot (the horizontal axis shows the distance along 
the specimen where 0.0 is defined at the base of the first rib). The measured strains in the 
gauges, at a given normalized bond stress level, are connected by a dashed line. It shows that 
at each stage of the experiment, strain values were also measured beyond the bonded area, and 
it demonstrates again that each rib has an influence zone. 

6 CONCLUSIONS 

The present investigation focuses on the circumferential strains resulting from ring action 
during rebar-pullout tests. This investigation studies the magnitude and variation of 
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circumferential strains on the outer envelope of a concrete pullout specimen and its dependence 
on the position of the strain gauge relative to the nearest rib. The study examines specimens 
with 100-, 150- and 200-mm diameters, 2, 3, and 5 bonded ribs, and two concrete types. From 
the investigation, we may conclude the following: 

1. The maximum circumferential strain on the outer surface of a pullout specimen develops 
when the rib closest to the strain gauge location is displaced towards the gauge by a slip 
that is equal to the distance between the gauge and the rib. 

2. Strain gauges located at different distances relative to the nearest rib measure maximum 
circumferential strain values at different stages of the experiment. This yields different 
strain-slip curves with different strain magnitudes. 

3. Two forms of circumferential strain-slip distribution curves were identified depending 
on the concrete’s tensile strength. The classification into the two curve forms is in full 
agreement with the observation based on bond stress-slip curves [10]. The development 
of two distinct forms depends on the concrete’s tensile strength. For tensile strengths 
that are lower than the theoretically expected value ( 𝒇𝒇𝒕𝒕

𝒇𝒇𝒄𝒄
𝟐𝟐/𝟑𝟑 < 0.3), the strain-slip curve 

does not develop a post-peak descending branch and remains at a constant strain level 
at post-peak slips. In cases where the specimen’s tensile strength is higher ( 𝒇𝒇𝒕𝒕

𝒇𝒇𝒄𝒄
𝟐𝟐/𝟑𝟑 > 0.3), 

a post-peak descending branch develops. 
4. A posteriori observation and analysis of the results published by Tepfers and by 

Bamonte and Gambarova, also indicate the existence of two curve types however, in 
Tepfers study this distinction was not identified nor diagnosed and discussed. In 
Bamonte and Gambarova study, the two curve types were identified and the strength of 
the concrete was mentioned as a possible reason for the difference. 

5. Normalized curves of circumferential strain-slip relationships are similar regardless of 
the location of the strain measurement (i.e., regardless of the relative distance between 
the strain gauge and the rib), the position of the rib relative to the pullout force point, or 
the specimen diameter. However, these curves differ depending on the concrete’s tensile 
strength. 

6. The radial pressure exerted by a rib at the rebar concrete interface has an influence zone 
in the longitudinal direction along the outer face of the specimen. Each rib affects the 
strain within its influence zone.  

7. Varying the strain gauge location relative to the rib affects the strain-slip reading and 
emphasizes the local character of the rebar-concrete interaction. It calls for attention in 
the placement and interpretation of strain-measured data. 
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ABSTRACT 

ACI 318-19 provisions in Chapter 25 for compression lap splice lengths do not account for the 
effects of transverse reinforcement or concrete compressive strengths greater than 3000 psi (21 
MPa). As a result, calculated lap splice lengths can be substantially longer in compression than 
in tension, which is contrary to expectations and research findings that have shown the 
beneficial role of end bearing in compression. The aim of this paper is to identify simple but 
more accurate methods for compression lap splice design. 

This paper reports on the analyses of results from 89 tests of columns with compression lap 
splices, including rectangular and circular columns with either four or six longitudinal bars. Bar 
diameters ranged from 22 to 29 mm, which are reasonably representative of the bars used in 
walls, columns, and beams where compression lap splices are common in practice. The 
measured concrete compressive strengths ranged from 24 to 98 MPa and longitudinal 
reinforcement stresses at failure ranged from 275 to 570 MPa. When present, transverse 
reinforcement consisted of ties, hoops, or spirals. The (cb + Ktr,318)/db term from ACI 318-19 
for developing bars in tension ranged from 2.0 to 4.25 with Ktr,318 from 0 to 1.75db, where cb is 
the smaller of the cover to the bar center or half the center-to-center bar spacing, Ktr,318 is a 
measure of the quantity of transverse reinforcement defined according to ACI 318-19, and db 
is the bar diameter. 

Equations from several design standards and researchers are compared with test results to assess 
accuracy and precision, including equations developed for tension lap splices. It is shown that 
several equations provide a much better fit with the data than current design provisions. It is 
also shown that slightly modified tension lap splice provisions also provide reasonably close 
fits with the test results, potentially allowing for simpler and more accurate compression lap 
splice design.  

1  INTRODUCTION 

The ACI 318-19 Code [[1]] requirements for compression lap splice length are shown in Table 
1 (see Appendix). They are a function of the specified yield stress of the reinforcing steel and 
the bar diameter, with a minimum required length of 12 in. (305 mm). The calculated splice 
length is to be increased by one-third when the concrete compressive strength is less than 3000 
psi (21 MPa), but otherwise they do not account for concrete compressive strength. For 
compression lap splices in columns, Chapter 10 of ACI 318-19 (§ 10.7.5.2.1) allows the 
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calculated lap splice length to be reduced by 17 or 25% if the splice is enclosed throughout its 
length by sufficient ties or spiral reinforcement, respectively. 

Unfortunately, these provisions can lead to inefficient or questionable designs. One of the issues 
is that in certain cases, a compression lap splice length may be longer than the respective tension 
lap splice length. For instance, a lap splice of No. 8 (25 mm) Grade 80 (550) uncoated bars in 
a column with a concrete compressive strength of 8000 psi (55.1 MPa) and closely spaced ties 
would be 48 in. (1220 mm) according to § 25.5.5, 20% longer than the tension lap splice length 
of 40 in. (1016 mm) calculated with § 25.5.2 for Class B splices. Even though § 10.7.5.2 permits 
the calculated compression lap splice length to be reduced to 40 in. (1020 mm), that reduction 
is only permitted in columns. Furthermore, the compression lap splice length is almost three 
times the compression development length of 18 in. (457 mm) calculated with § 25.4.9.   

There is a need to identify equations for compression lap splice length that account for key 
variables (such as bar yield stress, bar diameter, concrete compressive strength, and transverse 
reinforcement) and produce calculated lengths that are less than tension lap splice lengths.  

2  DESCRIPTION OF DATABASE 

This study examined the vetted results in Group 1 of the ACI 408 [[2]] compression lap splice 
database, which contains results from 91 tests of columns with lap-spliced bars subjected to 
monotonic compression. The cross sections of columns in the database are shown in Figure 1. 
The distribution of important variables within the database are shown in Figures 2 through 7.  

Most of the columns (87 out of 91) had rectangular cross-sections, and the ratio of wide-to-
narrow cross-sectional dimension was nominally between 1.0 and 1.4. The remaining 
specimens had circular cross sections. In these tests, all lap-spliced bars had bond and bearing 
interactions with the concrete and the reported bar stress at lap splice failure did not exceed the 
yield stress. To limit the scope to specimens exhibiting stresses similar to those observed in 
practice, the two specimens that failed with steel stresses below 40 ksi (275 MPa) were removed 
from the dataset, resulting in a set of results from 89 tests. 

  

Figure 1:  Cross sections of column specimens [[3], [4], [5], [6]] in database. 
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Figure 2: Histogram of bar diameter  
(1 in. = 25.4 mm) 

Figure 3:  Histogram of (cb + Ktr,318)/db values  

Figure 4: Histogram of Ktr,318/db Figure 5: Histogram of measured concrete 
compressive strength (1 ksi = 6.895 MPa) 

Figure 6: Histogram of measured steel stress 
at failure (1 ksi = 6.895 MPa) 

Figure 7: Histogram of lap splice lengths  
(1 in. = 25.4 mm) 
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The column longitudinal reinforcement, which was lap spliced, consisted of either No. 7, 8, or 
9 (22, 25, or 29 mm) reinforcing bars (Figure 2). These bar sizes are reasonably representative 
of the bar sizes used in columns, walls, and beams where compression lap splices are common 
in practice. The rectangular columns in the database had either four or six longitudinal bars and 
the circular columns had six longitudinal bars. Either half or all the column bars were lap 
spliced, and there were no columns with staggered lap splices in this dataset. Approximately 
half (47%) of the columns had transverse reinforcement within the lap splice consisting of 
evenly spaced ties or hoops in the rectangular columns or a spiral in the circular columns.  

Figure 3 shows the distribution of the value obtained from (cb + Ktr,318)/db, which ranged from 
2.0 to 4.25, where cb is the smaller of the cover to the bar center or half the center-to-center bar 
spacing, db is the bar diameter, and Ktr,318 is a measure of the quantity of transverse 
reinforcement defined according to ACI 318-19, which ranged from 0 to 1.75db. In ACI 318-
19, (cb + Ktr,318)/db is part of the tension development length equation and does not apply for 
compression development, but it is used here because no analogous term is available within the 
building code for compression lap splices. The distribution of Ktr,318/db in the database is shown 
in Figure 4. In this database, cb/db was greater than Ktr,318/db in 80% of the specimens. 

The distribution of concrete compressive strengths and reinforcement stresses at failure are 
shown in Figures 5 and 6, respectively. Concrete compressive strength was measured using 
either 4 by 8 in. (100 by 200 mm) or 6 by 12 in. (150 by 300 mm) cylinders. To reduce scatter 
in results associated with differences in cylinder size, the measured strengths were converted 
to an equivalent 6 by 12 in. (150 by 300 mm) cylinder using the method described by Reineck 
et al. [[7]]. The converted concrete compressive strengths ranged from 3.5 to 14.2 ksi (24 to 98 
MPa). Specimens failed with bar stresses of 40 to 83 ksi (275 to 570 MPa), with most specimens 
(80%) failing at bar stresses between 50 and 70 ksi (345 to 482 MPa). Bar stresses were inferred 
from readings from strain gauges on the lap-spliced reinforcement, except for four specimens 
reported by Pfister and Mattock [[3]]. The bar stresses in these tests were inferred using a 
method calibrated against bar strain measurements. 

The lap splices had lengths of 3.5 to 30 in. (89 to 762 mm) (Figure 7), but the majority were 
shorter than 14 in. (356 mm). Given this distribution, and to avoid reducing the number of tests 
in the database too severely, no minimum lap splice length was applied in the analyses. 

In any effort to calibrate equations to a dataset, it is important to acknowledge unintended biases 
within the dataset. Such biases can occur because, as shown in Figures 2 through 7, the 
variables are not randomly distributed. Decisions made by researchers can also, inadvertently, 
cause independent variables to be correlated within a database. For example, it was found that 
concrete compressive strength and lap splice length are somewhat correlated in this database 
(Figure 8). All specimens with a concrete compressive strength above 10 ksi (69 MPa) also had 
a lap splice length of not more than 12 in. (300 mm). No other correlations were observed 
among the variables plotted in Figures 2 through 7.  

3 COMPARISONS WITH CURRENT DESIGN EQUATIONS 

The database was used to evaluate the appropriateness of the ACI 318-19 [[1]] compression lap 
splice provisions (§ 25.5.5). This was done by comparing the bar stress at failure, fs,test, against 
fs,calc, which was obtained by solving the design equation for bar stress (after replacing the yield 
stress fy with fs,calc) and inputing all other variables, including the bar diameter and lap splice 
length. A test-to-calculated stress ratio (T/C) was then calculated for each specimen as the 
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quotient of fs,test and fs,calc. Based on the ACI 318-19 lap splice provisions, the mean T/C for the 
database was 2.58 with a coeficient of variation, CV, of 0.60, with values ranging from 0.97 to 
6.50. For this comparison, the modification factor in Chapter 10 §10.7.5.2.1 that accounts for 
transverse reinforcement was included. 

 

Figure 8: Correlation between concrete compressive strength and lap splice length  
(1 in. = 25.4 mm, 1 ksi = 6.895 MPa) 

 

Figures 9 through 12 show plots of T/C versus (cb + Ktr,318)/db, f1c,mod, fs,test, and s. Figure 9 

includes no limits on (cb + Ktr,318)/db because this term does not apply to compression lap 
splices, so the limit of 2.5 for tension bar development is omitted here. The ACI 318-19 
minimum lap splice length of 12 in. (300 mm) was also not applied as a limit, although these 
plots do distinguish between specimens with lap splice lengths of at least 12 in. (300 mm) and 
those with shorter lap splices. 

The scatter in Figures 9 through 12 is considerable, making it difficult to discern trends. The 
scatter increases considerably for specimens with f1c,mod > 10 ksi (69 MPa) and fs,test < 60 ksi 
(420 MPa), which is attributable to use of the equation applicable for fs,test < 60 ksi. Many 
specimens with f1c,mod > 10 ksi (69 MPa) tended to have short lap splice lengths (below the ACI 
minimum) and, thus, also had lower bar stresses at failure. The black circles in Figures 9 
through 12, representing 17 specimens with s > 12 in. (300 mm), had T/C values between 0.97 

and 2.0. 

It is clear from the scatter in these figures that the ACI 318-19 compression lap splice equations 
are not very precise, particularly for lap splices shorter than the minimum lap splice length. 
Given this scatter, and given that these equations sometimes produce calculated lap splice 
lengths that are longer for compression than for tension, there is a need to consider alternative 
expressions for design of compression lap splices.  

4 COMPARISONS WITH OTHER COMPRESSION DEVELOPMENT EQUATIONS  

Following the same process described in the prior section, T/C values were calculated for seven 
expressions for compression development length: (1) the same comparison with ACI 318-19 
[[1]] compression lap splice provisions described previously (§ 25.5.5 with § 10.7.5.2.1 
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modifiers), (2) s = (0.0009fy − 24)db, which is Eq. (b) of the ACI 318-19 § 25.5.5.1 compression 

lap splice provisions applied to all specimens regardless of bar stress (with § 10.7.5.2.1 
modifiers), (3) ACI 318-19 compression development length provisions (§ 25.4.9), (4) the 
‘complex’ equation proposed by Chun, Lee, and Oh [[5]], (5) the ‘simplified’ equation proposed 
by Chun et al. [8], (6) the equation proposed by Cairns [[9]], and (7) the fib Model Code [[10]] 
provisions. These equations are provided in Table 1 (see Appendix). 

 

Figure 9: ACI 318-19 compression lap splice 
provisions: T/C versus (cb + Ktr,318)/db 

 

Figure 10: ACI 318-19 compression lap splice 
provisions: T/C versus f1c,mod (1 ksi = 6.895 MPa) 

 

Figure 11: ACI 318-19 compression lap splice 
provisions: T/C versus fs,test (1 ksi = 6.895 MPa) 

 

Figure 12: ACI 318-19 compression lap splice 
provisions: T/C versus s (1 in. = 25.4 mm) 

 

Figure 13 shows the range, mean, and CV of the T/C for each of the seven compression lap 
splice or development length equations considered. The worst performance in terms of scatter 
is clearly the ACI 318-19 compression lap splice provisions, with a CV of 0.60 (although it 
must be emphasized that all specimens with T/C > 2.0 violated the ACI 318-19 minimum lap 
splice length). When solely applying Eq. (b) of the ACI 318-19 compression lap splice 
provisions to the entire database, as opposed to discriminating by steel failure stress, the 
calculated stresses are much closer to the measured values than when using the entire provision, 
with a mean of 1.58 and CV of 0.16. The ACI 318-19 compression development length 
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equations are not as good, with a mean of 1.62 and CV of 0.44. Although not shown here, 
removing the 100 psi (0.69 MPa) limit on √f'c did not result in a significant improvement for 
the ACI 318-19 development length equation. 

The two equations proposed by Chun, Lee, and Oh [[5], [8]] show similar results in terms of 
mean and CV, and they are the most accurate and precise of the equations referenced in Figure 
13. The simplified equation in particular, which includes only four independent variables (fy, 
𝑓 , db, and Ktr,318), provides a very good fit with the data given its simplicity. The Cairns [[9]] 
equation also produces a very good fit to the data, with a mean of 1.52 and CV of 0.14. This 
equation is the only one considered that uses the yield stress of the transverse reinforcing steel, 
fyt. For specimens without a reported transverse reinforcement yield stress, a nominal yield 
stress based on the bar grade was assumed. The fib Model Code [[10]] design provisions have 
a mean T/C of 1.75 and CV of 0.22 and are more complex than the other equations considered. 
They are considerably more accurate and precise than the ACI 318-19 provisions but less 
accurate and precise than the equations proposed by researchers.  

 
 ACI 318-19 [[1]] 

Compression 
Splice  

ACI 318-19 [[1]] 
Compression 
Splice Eq. (b) 

ACI 318-19 [[1]] 
Compression 
Development 

Chun et. al [[5]] 
Compression 

Splice (Complex) 

Chun et. al [[8]] 
Compression 

Splice (Simplif.) 

Cairns [[9]] 
Compression 

Splice 

fib MC2010 
[[10]] 

Compression 

 

CV : 0.60 0.16 0.44 0.12 0.13 0.14 0.22  
Figure 13: T/C for compression lap splice and development length equations 

5 COMPARISONS WITH TENSION DEVELOPMENT LENGTH EQUATIONS 

The prior section demonstrates that several equations exist that fit the database of compression 
lap splice tests relatively well. Nevertheless, since the mechanics of bond are similar for bars 
in tension and compression, this section explores the potential to use existing tension 
development length equations for design of compression lap splices. If feasible, use of the same 
or similar equations for design of compression and tension lap splices would simplify design. 

Six tension development length equations were considered: (1) the ACI 318-19 [[1]] tension 
development length equation, (2) the ACI 408R-03 [[11]] tension development length equation, 
(3) an equation proposed by Lepage, Yasso, and Darwin [[12]], (4) an equation proposed by 
Darwin, Lutz, and Zuo [[13]], (5) an equation proposed by Canbay and Frosch [[14]], and (6) 
an equation proposed by Frosch, Fleet, and Glucksman [[15]]. These equations are provided in 
Table 1 (see Appendix). 

There is an important difference between the mechanics of bond for bars in tension and 
compression: bars in compression benefit from end bearing of the bar against concrete. To 
develop the same bar force, a shorter lap splice length should be needed in compression than in 
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tension. To facilitate comparisons, Eq. (1) shows that each calculated tension development 
length, d, was multiplied by r1, a constant that differs for each equation that was selected to 

produce a minimum T/C of 1.0 when compared with the test results in the database, that is, to 
achieve a 0% fractal. This may not be the appropriate level of conservatism for design, but 
using a consistent lower-bound facilitates comparisons. In practice, r1 may have to be a function 
of the grade of the reinforcing steel.  

1sc dr   (1) 
 
Figure 14 shows the selected r1 value and the range, mean, and CV of the T/C for each tension 
development equation considered. 

 ACI 318-19 [[1]] ACI 408R-03 [[2]]  Lepage et al. 
[[12]]  

Darwin et al. 
[[13]] 

Canbay and 
Frosch [[14]] 

Frosch et al. [[15]]  

CV : 0.33 0.16 0.21 0.16 0.21 0.20  
r1 : 0.94 0.69 0.66 0.63 0.62 0.85  

Figure 14 – T/C for tension development length equations including r1 multiplier 

 

Among the equations represented in Figure 14, the ACI 318-19 development length equation 
has the highest mean (1.84) and scatter (CV of 0.33). Nevertheless, the ACI 318-19 tension 
development length equation is still more accurate and precise than the current ACI 318-19 
compression lap splice provisions (Figure 13). The other five modified tension development 
length equations in Figure 14 have mean and CV values that are similar to those of the 
compression development length equations represented in Figure 13, indicating that it might 
be possible to use the same equation for design of tension and compression lap splices. It may 
be possible, for example, to set the compression development length equal to 𝑟  times the 
tension development length. This approch simplifies the building code and ensures that 
calculated compression development lengths will never exceed the tension development length.  

6 CONCLUSION 

When compared with the test results for the specimens in Group 1 of the ACI 408 Compression 
Lap Splice Database, ACI 318-19 [[1]] compression lap splice provisions are not accurate or 
precise, with mean and CV values of 2.58 and 0.60. Using only Equation (b) of the same 
provision (ACI 318-19 § 25.5.5.1) produces a substantially better fit to the data, as does using 
any of several equations proposed in Refs [[5], [8], [9]].  

Min

Max

Mean 1.84
1.51

1.75
1.44 1.58 1.68

0.0

0.5

1.0

1.5

2.0

2.5

3.0

3.5

4.0

Te
st

 / 
C

al
cu

la
te

d

21



   
 

It was also shown that it may be possible to both improve the accuracy of the compression lap 
splice provisions and simplify design by setting the compression lap splice length equal to the 
calculated tension lap splice length times a single factor that is less than 1.0. Several tension 
development length equations were evaluated, and all provide a better fit to the database 
considered than the current ACI 318-19 compression lap splice provisions. 
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APPENDIX 

Table 1 – Provisions and equations considered[a] 

ACI 318-19 [[1]] Compression Splice (§ 25.5.5) and Splice in Columns (§ 10.7.5.2.1) [SI] 

sc shall be calculated in accordance with (a), (b) or (c): 
 

(a) max{0.071 fy db ; 300 mm}          for fy ≤ 420 MPa 
(b) max{(0.13 fy -24)db ; 300 mm}    for 420 MPa < fy ≤ 550 MPa 
(c) max{(0.13 fy -24)db ; st }             for fy > 550 MPa 

 
where st is calculated in accordance with § 25.5.2.1 

For cf  < 21 MPa, the length of lap shall be increased by one-third. 
Modifiers are allowed to reduce the calculated splice length in two 
cases: 0.83 in tied columns where the effective reinforcement ratio 
of ties is not less than 0.0015 in both directions throughout the 
splice length; 0.75 in spiral columns that meet ACI 318-19 spiral 
requirements throughout the splice length. 

ACI 318-19 [[1]] Compression Development (§ 25.4.9)  [SI] 
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Chun, Lee, and Oh [[8]] Compression Splice - Simplified Equation  [SI] 
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Cairns [[9]] Compression Splice [SI] 
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fib MC2010 [[10]] Compression Splice [SI] 
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[a] For notation and definitions see reference source. 
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Table 1 – Cont.[a] 

ACI 318-19 [[1]] Tension Development (§ 25.4.2) [SI] 

Development length shall be the greater of (a) and (b): 
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Lepage, Yasso, and Darwin [[12]] Recommended Provisions [SI] 
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Darwin, Lutz, and Zuo [[13]] Recommended Provisions [SI] 
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ABSTRACT 

The phenomena associated with the consolidation of fresh concrete (bleeding and plastic 
settlement) significantly affect the performance of anchorage or laps of reinforcement. 
However, rules to consider the effect of casting conditions on the design of anchorages and laps 
are not consistent amongst design recommendations and may lead to notable differences. In this 
paper, a detailed experimental investigation is presented on the influence of bleeding and plastic 
settlement on both failures modes, in an effort to clarify how shall consistent design 
recommendations be formulated. Such investigation is based on a comprehensive experimental 
programme, comprising more than 130 pull-out tests on specimens with different casting 
conditions, embedment lengths, loading arrangements and concrete covers. On the basis of the 
test results, the phenomenological differences between pull-out and spalling failures are 
clarified, as well as the main influencing phenomena. 

1  INTRODUCTION, 

The structural behaviour of reinforced concrete members strongly depends on the interaction 
between the reinforcing bars and the surrounding concrete, which is generally referred to as 
rebar-to-concrete bond [1]. Under service conditions, bond governs the deformability of 
structural RC members as well as the crack spacing and crack width. At Ultimate Limit State, 
bond governs also the capacity of anchorages and lap joints, but bond also influences rotational 
capacity in plastic hinge regions depending on yield penetration from the crack. 

Despite the large research efforts performed on bond-related topics, several fundamental 
questions still remain open, such as the transfer of forces occurring at the interface between 
deformed reinforcement and concrete due to their contact and mechanical engagement. Such 
contacts are largely influenced by a series of phenomena associated with consolidation of fresh 
concrete before hardening. The first effect is related to the upward flow of water during 
hardening (the so-called bleeding) [2] which favours concrete porosity in the upper layers and 
weakens their mechanical properties (Fig. 1a). In addition, when the reinforcing bars are 
restrained from vertical movement, concrete consolidation leads to the development of voids 
and weaker concrete layers below top bars [3], [4], which can cause the development of internal 
and surface cracks at early age [1], [5] (plastic settlement phenomenon, Fig. 1b). Therefore, the 
member depth, the position of the reinforcing bars, the rib orientation as well as concrete mix 
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design and consistency govern concrete strength and interface properties at the bar-to-concrete 
interface [6]. In addition, the phenomena of bleeding and plastic settlement could affect in 
different manners the failure mechanisms of bond. 

The influence of the casting position on bond strength was already investigated in 1913 by 
Abrams [7], who performed pull-out tests on plain and deformed bars and observed that bars 
located close to the top surface exhibit a lower bond resistance as compared to the bottom bars. 
In 1939, Menzel [8] investigated the influence of bar orientation and casting direction, showing 
that horizontal top bars presented the lowest bond strength and that vertical bars pulled in the 
opposite direction of the casting have the best performance. These findings were already 
associated to the potential effects of bleeding and plastic settlement phenomena on bond of 
reinforcing bars. Similar tests were also performed by Clark [9], [10] by using both beam and 
pull-out specimens. His experimental programme showed that bars located in a top casting 
position were about two-thirds as effective as bottom reinforcement with respect to bond 
strength. Based on these findings, the top bar effect was first introduced in the ACI 318 building 
code in 1951 [11]. These observations on casting position and reinforcement orientation were 
later validated in Europe by Rehm [12]. 

The relationship between concrete consistency and casting position has also been thoroughly 
investigated in the past century. For instance, Welch and Patten [13] measured the settlement 
of mixes having different consistencies and established a correlation between increasing 
settlement and reduced bond strength. Additional studies (refer for instance to Jirsa and Breen 
[14], Zekany et al. [15], Donahey and Darwin [16]) highlighted that increased concrete 
consistency (higher slump) had a negative effect on the bond strength of the top bars. 

 
Figure 1: Fresh concrete behaviour during casting: (a) bleeding phenomenon; (b) effects of 

plastic settlement [17]. 

 
In design codes, the top-bar effect is considered in most cases for calculation of the bond 
strength of embedded reinforcement [18 -20]. This is typically performed by defining regions 
of good or poor bond conditions. For instance, EN 1992-1-1:2004 [18] considers good bond 
conditions those of a reinforcement having an inclination between 45°-90° with respect to the 
horizontal surface or bars inclined less than 45° which are up to 250 mm above the formwork 
or at least 300 mm below the free-surface during casting (Figure 2a). All other locations are 
considered as having poor bond conditions and the bond strength is reduced by 30%, thus 
causing an increase of the anchorage length of 43% with respect to the bottom bars. A similar 
recommendation is also proposed in fib MC 2010 [19]. The top-bar effect is also considered in 
the provisions of ACI 318 [20] which defines as poor bond condition those of horizontal 
reinforcing bars or laps having more than 305 mm (12 inches) of fresh concrete beneath them 
(Figure 2b). In this case, ACI 318-19 [20] proposes an increase of the development length of 
30%. 
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A recent study by Cairns [21] shows that the difference in local bond–slip relationships between 
top and bottom cast ribbed reinforcing bars leads to a significant variation in the top cast ratio 
measured between tests over short and long bond lengths. An analytical model based on the 
local bond slip model in fib Model Code 2010 and analysis of tests results reported in the ACI 
Bond Test database show that the casting position effect decreases as bond length increases. 
Thus, Cairns [21] states that the values of top cast ratio currently in EC2 and ACI 318 are over-
conservative and proposes a top cast factor of 1.0 for a splitting failure mode of laps and 
anchorages designed to carry the full design strength of a Grade 500 bar. Therefore, increased 
bond length factor for laps and anchorages designed for lower stresses are required and a design 
top cast factor on lap or anchorage length depending on bar stress is proposed [21]. 

Looking at the state-of-the-art literature and at design recommendations, it can be noted that no 
apparent distinction is performed on the influence of casting effects on the various potential 
failure modes due to bond, such as pull-out and splitting or spalling [22-24]. Casting effects, 
however, may play a sizable role, as the failure modes are potentially sensitive in a different 
manner to the effects of bleeding (associated mostly to a reduction of mechanical properties of 
concrete and the presence of pores under the bar) and plastic settlement (associated mostly to 
the presence of voids under the reinforcement and inclined cracks). In order to provide an 
answer to this question, a joint research programme has been carried out at the Ecole 
Polytechnique Fédérale de Lausanne (Switzerland) and at the University of Brescia (Italy). This 
research comprises an experimental campaign on 137 specimens tested using different loading 
setups, embedment lengths and values of the concrete cover. 

(a)                                                                                       (b) 

 

Figure 2: Definition of locations with good and poor bond conditions as function of the 
member’s depth according to: (a) EN 1992-1-1:2004 [18] and fib MC 2010 [19]; and (b) ACI 

314-19 [20] (dimensions in [mm]). 

2 INFLUENCE OF CASTING POSITION ON BOND RESPONSE 

As previously described, two phenomena developing in fresh concrete can potentially influence 
the interface behaviour between concrete and reinforcement bars as well as local development 
of cracking. These phenomena refer to the migration of water to the top surface (bleeding, 
Fig. 1a) as well as to the plastic settlement of fresh concrete (Fig. 1b). With respect to concrete 
bleeding, cavities or voids form under solid bodies (like coarse aggregates and bars) [4], 
reducing the local mechanical properties of concrete. In particular, the reduction of tensile 
strength is relevant for the bond strength of reinforcement, notably with reference to the 
splitting or spalling resistance of the concrete cover. 

As for the plastic settlement, it is favoured by the consolidation process of the fresh concrete 
which behaves like a saturated soil [2], and its commonly-accepted value is a few millimetres 
per meter of concrete depth under the reinforcement in question [4], [22], [23]. Concrete 
settlement does not have any significant influence on the properties of fresh concrete provided 
that its movement is unrestrained. This is however not the case in the regions close to the 
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longitudinal bars, that are normally fixed to the stirrups or supported by spacers, leading to 
continuous voids below the reinforcement [3], [4] (which can even extend in a sub-horizontal 
way in the form of inner cracks at the sides of the bar [5] and also of surface cracks, Fig 1b). It 
can be noted that the size of the void below the bar is generally smaller than the total settlement 
[4], as the concrete viscosity is low right after pouring of the concrete and this prevents the 
development of voids at early stages. With respect to bond, the presence of cavities under the 
bars reduces the bar-to-concrete contact area and, consequently, the mechanical engagement of 
the ribs (limiting the transfer of forces [3]). 

The influence of voids under the reinforcement on the bond response can be assumed to be 
analogous to the influence of cracks developing parallel to the reinforcement (Figure 4d). As 
studied by Brantschen et al. [25], for increasing openings of cracks parallel to the bars, the 
contacts between the ribs and the surrounding concrete are reduced and, therefore, forces that 
can be transferred by bond are limited. Despite the differences between the two cases (shape of 
the void due to settlement or crack), both phenomena present a similar disturbance in the bar-
to-concrete contact. 

3 EXPERIMENTAL PROGRAMME 

The effects of bleeding and plastic settlement on the bond strength are investigated within an 
experimental programme comprising two types of tests. The first type corresponds to pull-out 
tests performed with a short-embedded length (lb = 5). These tests are addressed at the effect 
of the casting position on the local bond behaviour. The second type consists of pull-out tests 
on bars near horizontal surfaces and having an anchorage length longer than 10 times the bar 
diameter, aimed at investigating spalling failures and their transition to pull-out failures as well 
as the influence of anchorage length on casting position effect. The following parameters were 
investigated in the tests: casting depth, bonded length, bar diameter, bar cover and concrete 
consistency. Three series of specimens were designed and cast, as described in the following. 

Series BL5 (Fig. 3a) consists of nine sets of pull-out tests performed on concrete prisms with 
three different bar diameters (12, 16 and 20 mm). In order to reproduce standard Rilem test 
conditions [24], the columns have a square section with the side and the height equal to 10and 
30, respectively. In each column, three embedded bars are accommodated having a bond 
length lb = 5 and an increasing depth of concrete below the bar axis equal to 5, 15 and 25, 
respectively. The resulting concrete cover (c) is kept constant and equal to 4.5, as in a standard 
Rilem pull-out test. Each of the nine sets of tests consists of three columns, leading to a total 
number of nine pull-out tests for each bar diameter (81 tests in total). All tests are performed 
with normal strength concrete, but the consistency class of the concrete varied from S3 to S5 
[27]. All columns were cast vertically with the bars in a horizontal position (perpendicularly to 
the casting direction). 

Series ML10 (Fig. 3b-c) consists of two concrete specimens with straight transverse steel bars. 
Both specimens are 0.3 m-deep and their width corresponded to the bond length of the bars, 
which is set to 10ϕ. The first specimen contains 20 bars while the second one (Figure 7c) 
accommodates ϕ14 bars. The bars for the pull-out tests are arranged in two horizontal layers, 
one near the top surface and the other near to the bottom surface. In addition, the concrete cover 
varied from c = 0 (rebars without concrete cover) to c = 2ϕ. The spacing between the bars was 
kept constant and equal to 15ϕ. 
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Series ML20 (Fig. 3d-e) consists of two tapered specimens with variable depth, ranging from 
0.15 m to 0.4 m. Both specimens had straight reinforcing bars that were placed near the upper 
and bottom surfaces. Similar to series ML10, the first specimen contains ϕ20 bars while the 
second one accommodates ϕ14 bars. The ML20 series is characterized by a bond length of 20ϕ, 
which also defines the width of the specimen. The concrete cover is kept constant and equal to 
c/ϕ = 1.25 while the spacing of the bars was set to 20. 

 

Figure 3: Geometry and reinforcement of the investigated series; dimensions in [mm] [17]. 
 

In all series, the reinforcing bars were fixed to the vertical formwork to avoid their movement 
and settlement during casting and concrete consolidation. In all specimens, the bars were 
arranged with the ribs oriented in vertical direction. It should be noticed that the size of the 
specimens and the position of the tested bars (with respect to the casting direction) were selected 
to cover a large range of practical situations, both in poor or good bond conditions, as defined 
by EN 1992-1-1:2004 [26] and fib MC 2010 [27]. Steel Grade 500 was use for all bars. The 
ϕ12 and ϕ14 bars were made with cold-worked steel, while the ϕ16 and ϕ20 bars were made 
with hot-rolled steel. The relative rib area of the bars varied between 0.062 and 0.081. Further 
detailed information on the geometry of each test and on material properties are given in the 
work by Moccia and al. [17]. 

Table 1: Concrete properties. 

Series 
c 

[kg/m3] 
W/C 
[-] 

Aggregates [kg/m3] Retarder 
[kg/m3] 

Superpl. 
[kg/m3] 

Slump 
[mm] 

Flow 
[mm] 

fc,cyl 

[MPa] 
CoV 
[%] 0/4 4/8 8/16 8/20 

BL5 350 0.51 1002 183 
- 

640 
- - 142 (S3) - 33.9 7.0 

- - 0.042 190 (S4) - 32.2 2.9 
- - 0.065 235 (S5) - 29.0 2.2 

ML10 344 0.53 830 380 671 - 0.95 1.30 200 (S4) 515 (F4) 41.1 2.9 
ML20 340 0.57 819 375 674 - 1.02 1.36 120 (S3) 440 (F3) 35.7 3.7 
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3.1 Test setup 

Two different test setups were designed to perform the pull-out tests. The setup used for the test 
series BL5 was similar to the arrangement proposed by Rilem [24] for pull-out tests of short 
embedded length bars (5; Fig. 4a). An adjustable steel frame was built to perform the pull-out 
tests of series ML10 and ML20. The frame was designed to be adapted to the different spacing 
between bars (15ϕ in series ML10 and 20ϕ in series ML20; Fig. 4b). Details on measurements 
of the bar load and slip and on test procedure may be found in the work by Moccia at al. [17]. 

 
Figure 4: Test setup for series BL5 (a); and for series ML10 and ML20 (b) [17]. 

4 EXPERIMENTAL RESULTS 

4.1 Short pull-out tests: local bond-slip behaviour 

Most of the specimens failed by pull-out with the exception of some specimen at the bottom 
layer, which showed a splitting failure developing a horizontal crack on a longitudinal plane 
including the bar axis. The average bond strength (fb) for each series varied from 24 MPa (for 
the smallest bar diameter equal to 12 mm, bottom position during casting and a concrete 
consistency class S3) to 7 MPa (for the largest bar diameter equal to 20 mm, top position during 
casting and a concrete consistency class S5). A comparison of the bond-slip response for the 
consistency class S5 is shown in Figure 5a. As it can be observed, the overall strength and 
response are significantly influenced by the casting position, with higher strength and stiffness 
associated to higher distances from the top surface during casting. Furthermore, a significant 
size effect can be observed on the strength, with a higher bond strength in lower-diameter bars 
[28]. For comparison purposes, the normalized bond strength (fb) is also plotted in Figure 5b 
versus the depth (h) of concrete below the bar axis. The results show a consistent reduction of 
bond strength of the top bars (poor bond condition) up to 60% with respect to the bottom bars 
(good bond condition) with short-embedded length, regardless the consistency classes and bar 
diameters. 

Referring to the bond stiffness, Figure 5c shows the bond stress (τ0.1) measured at an unloaded 
end slip of 0.1 mm (representative of bond stiffness and relevant for the serviceability limit 
state). In this figure, the average experimental results of each series are plotted against the depth 
of concrete below the bar (h) for all consistency classes (S3, S4 and S5). As for the bond 
strength, the bond stiffness reduces significantly when the bars are closer to the top surface 
(increasing depth h below the bar). Such reduction can be up to 90% for a bar diameter of 
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12 mm in specimens having S5 consistency class. In general, it is observed that the reduction 
of the bond stiffness is higher for smaller bar diameters and higher workability of fresh 
concrete; this result is consistent with the presence of voids under the rebars which mainly 
influences bars with smaller diameter and, consequently, smaller ribs. 

(a) (b) (c)

Figure 5: Test results on short anchorages: bond-slip relationship with concrete consistency 
S5 (a); effect of the depth of concrete below the bar on the bond strength (b) and on the bond 

stress at an unloaded end slip of 0.1 mm (c) [17]. 

4.2 Tests with anchorage length 10ϕ 

Figure 6 depicts the bond-slip behaviour of bars with identical c/ϕ ratio but different casting 
position (top and bottom reinforcement) of series ML10. This figure compares the response of 
specimens with small concrete cover (Fig. 6a) to specimens with larger cover (Figs. 6b,c), both 
for ϕ = 14 mm. Most of the specimens had spalling failures while the specimens with higher 
concrete cover (c = 2.0 ϕ) developed pull-out failures. It can be observed that the bars placed 
in the top layers develop larger slips for the same load; this can be related to the presence of the 
voids under the bars originated by plastic settlement. These voids reduce the contact area 
between the bar and the surrounding concrete, requiring thus some level of slip to centre the 
bar and to engage mechanical contacts. In comparison to the reinforcement of the bottom layer, 
the void associated to concrete settlement is negligible and the response is much stiffer at low 
load levels. It can also be observed that bottom bars exhibited a more brittle response, with a 
sudden drop of resistance after the peak load. In addition, large concrete covers (c = 2.0ϕ) were 
also observed to provide a tougher residual response (Fig. 6c). 

Figure 6: Bond-slip relationship of top and bottom reinforcement with an anchorage length 
10ϕ and a concrete cover ranging from 0.25 to 2.0ϕ [17]. 

The bond strength of the bars with an anchorage length of 10ϕ is presented as a function of the 
c/ϕ ratio in Figure 7a (for ϕ = 20 mm) and in Figure 7b (for ϕ = 14 mm). In addition, it is also 
depicted for each specimen the top cast ratio (Figure 7c-d) and the slip measured at peak bond 
strength (Figure 7e-f). These figures also show the location of the bars with respect to the 
casting direction (top position in red and bottom position in blue) as well as their failure mode 

τ 
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P
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(triangle for spalling or circle for pull-out). As shown in Figures 7a-b, the bond strength 
increases for increasing values of the concrete cover. Such increase follows an almost linear 
trend until the cover-to-bar diameter reaches a ratio of approximately 1.0-1.5 and is governed 
by spalling failures. Thereafter, the bond strength remains roughly constant and the strength is 
controlled by pull-out failures (different ratios c/ϕ can be governing the transition between the 
two failure modes depending on the geometry of the rebar ribs and the material properties [1]). 
Figures 7a-b also show a clear difference in the bond strength depending on the location of the 
bars, even if specimens mainly had a spalling failure. In fact, the top bars presented lower 
resistances in the majority of tests, corresponding to a situation of poor bond conditions 
(according to EN 1992-1-1:2004 [26] and fib MC 2010 [27]), which can be related to the 
reduction of the concrete tensile strength near the top surface. 

 
Figure 7: Bond strength as function of the concrete cover and bar position (top or bottom 

layer) (a), (b); Top cast ratio as function of the cover-to-diameter ratio (c), (d). 

 
As far as size effect is concerned, Figures 7a-b show that the 14-mm diameter bars presented 
higher bond strengths than those of 20-mm diameter bars, both for the top and bottom 
reinforcement. This effect was systematically observed with respect to failures by cover 
spalling. For failures related to pull-out of the reinforcement, fewer and more scattered tests are 
available to lead to a clear conclusion (although a reduction of strength due to size effect can 
be observed for bars in good bond conditions). 

The top cast ratio shown in Figures 7c-d corresponds on average to a value of 0.74 for ϕ20 bars 
and to 0.78 for ϕ14 bars. This result indicates that the proposed value η1 = 0.70 suggested in 
Eurocode 2 [18] for the top-bar effect of anchorages is a reasonable (and generally safe) 
estimate of the investigated tests. A slight trend can be observed with respect to spalling 
failures, showing increasing values of the top cast ratio for larger concrete covers. This is 
justified by the fact that casting effects are milder for the top bars with larger concrete covers 
(the trend is however modified once pull-out governs bond failures). With respect to the slip 
measured at peak bond stress, it can be noted that it tends to increase with increasing values of 
the concrete cover (despite the scatter for the ϕ14 bars). It should be noted that the top layer of 
reinforcement exhibits larger slips at peak as compared to the corresponding bottom layer [17]. 
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4.3 Tests with anchorage length 20ϕ 

As for test series ML10, the top bars develop larger slips at early loading stages; this effect 
seems more pronounced for bars having a larger concrete depth under them [17]. In addition, 
the bottom reinforcement presented a more brittle response. The bond strength of the bars of 
series ML20, with an anchorage length of 20ϕ (all tests with c = 1.25ϕ), is presented as function 
of their position (top or bottom layer) and depth of concrete below the bar in Figure 8a 
(ϕ=20 mm bars) and in Figure 8b (ϕ = 14 mm bars). 

 

 

Figure 8: Bond strength averaged over the anchorage length as a function of the bar position 
and concrete height under the bar (a) and (b); top cast ratio as function of concrete height 

under the bar, (c) and (d)[17]. 

 
The entire series was characterized by spalling failures, consistently with the observations of 
series ML10 with concrete cover-bar diameter ratio lower than 1.5. In most cases, spalling was 
reached before yielding of the bars while, in some cases, it happened after bar yielding (during 
the strain-hardening phase), particularly for ϕ14 bars in good bond conditions. The bond 
strength for the different tests of a given layer and specimen appears to be roughly constant, 
independently of the depth of concrete under the bar. The bond strength seems however to be 
influenced by the depth of the concrete above the bar (with slightly increasing bond strength 
for larger depths; see Figure 8a for specimen ML20D20) provided that reinforcement yielding 
is not governing (see specimen ML20D14 in Figure 8b). As expected, due to the effects of 
bleeding and plastic settlement, the top bars presented lower resistances than the bottom bars 
(Figs. 8a,b). Size effect is also visible in this series, with bond resistance of the 14 mm diameter 
bars being higher than that of the 20-mm diameter bars. The top cast ratio of series ML20 
(Figs. 8c,d) is on average equal to 0.69 for ϕ20 bars and to 0.76 for ϕ14 bars (the ratio for the 
ϕ14 bars could be affected by plastic strains in the reinforcement). Once again, the proposed 
valued η1=0.70 suggested by EN 1992-1-1:2004 [18] is in good agreement with the tests results. 
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5 DISCUSSION OF RESULTS AND MAIN OUTCOMES 

5.1 Role of the void under the bar on pull-out and spalling failures 

The normalized bond strength of the different series of the experimental programme are plotted 
in Figure 9a as a function of the concrete depth under the bar and by separating pull-out and 
spalling failures. For pull-out failures (Figs. 9a,b for series BL5 and ML10, respectively), the 
bond strength gradually reduces with increasing depth of concrete under the reinforcing bars. 
By considering the bond strength to be influenced by a void depth under the bar, calculations 
performed by using the approach proposed by Brantschen et al. [25] are in good agreement with 
the test results (Figs. 9a,b). As it can be noted, the reduction of the bond performance is gradual 
and follows a hyperbolic trend; this confirms the good agreement obtained with previous tests 
results [3, 26]. It should be also noted that test results on short anchorages show that the 
reduction of bond strength due to casting position effect is independent of concrete consistency. 
This could be due to a concrete consistency varied by adding superplasticizer while the 
water/cement ratio was maintained constant (as currently used in practice for concrete). 

 
Figure 9: Effect of depth below the bar on the normalized bond strength for pull-out and 

spalling failures: (a) pull-out tests of series BL5; (b) pull-out tests of series ML10; (c) 
spalling tests of 20 mm bars, series ML10; (d) spalling tests of 14 mm bars, series ML10 (e), 

of 20 mm bars, series ML20; and (f) of 14 mm bars, series ML20 [17]. 

 
On the other hand, spalling failures do not show the same trend (Figs. 9e-f) as spalling strength 
does not seem to be influenced by the concrete depth under the bar, since a rather constant bond 
strength was observed. Therefore, bond spalling-failures seem less affected by the size of the 
voids developing under the bars. A physical explanation for this behaviour can be found on the 
different mechanism triggering failure. Spalling failures are mainly governed by the tensile 
strength of concrete (affected by the bleeding) and by crack development. The latter strongly 
depend on the presence of pre-existing cracks due to plastic settlement (acting as initiators of 
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the spalling cracks). The size of the voids may influence the width of the cracks due to plastic 
settlement, but with a reduced influence on the spalling resistance. A strength reduction factor 
η1 = 0.70, as suggested by Eurocode 2 [18], seems to provide a safe estimate of the top-bar 
effect and can be adopted for design purposes in case of spalling failures. 

5.2 Design implications 

The previous observations lead to the following outcomes: 

 For failures governed by pull-out of horizontal reinforcement, the concept of a clear 
difference between good and poor bond conditions does not seem to be physically sound. 
Instead, a gradual reduction of the bond strength as a function of the void depth developing 
under the bars shows a consistent agreement to test results and the physics of the 
phenomenon. The size of such voids can be estimated on the basis of concrete depth under 
the bars, as well as on fresh-concrete consistency and rheology. In practical situations, 
significant reductions can occur, higher than those provisioned in codes of practice, 
particularly when short anchorages (up to 50%). 

 When the bond strength of a horizontal rebar is governed by spalling (i.e. a bar close to top 
or bottom surfaces), the concept of good and poor bond conditions as a function of the 
location of the bar seems valid. This is mainly related to the presence of pre-existing cracks 
due to plastic settlement, acting as crack initiators, as well as to the lower tensile strength of 
concrete due to bleeding. With this respect, a distinction of poor and good bond conditions 
can be established for the top and bottom bars respectively, by considering a bond strength 
reduction factor η1 = 0.70 for the top bars (as proposed in codes of practice [18-20]). 
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ABSTRACT 

A combined analytical and experimental investigation is conducted on bond of reinforcement 
embedded in high-performance fiber-reinforced cementitious composites (HPFRC).  This class 
of materials are characterized by tensile resilience, maintaining their tensile strength up to large 
levels of tensile strain, and by internal confinement, imparted by fiber reinforcement, both of 
which enable superior mechanical performance and durability over conventional concrete. This 
quality is reflected on the development capacity of reinforcement anchorages, where the 
presence of fibers and increased fracture energy enhance significantly the characteristics of the 
bond-slip relationship and control the hierarchy of anchorage failure modes. A database of bond 
tests using HPFRC matrices was assembled, where it was illustrated that sensitivity to the form 
of the test setup is in effect, despite the enhancement of the fracture energy and strain resilience, 
and the effects of cover and embedded length are obscured. This was experimentally confirmed 
by the authors by conducting two groups of tests (Direct Tension Pullout - DTP and Beam Tests 
- BT) using identical HPFRC matrix properties, bar embedment and cover. Companion
analytical simulations are conducted on bond tests encountered in the literature, using advanced
nonlinear 3-D finite element (FE) simulations. Comparison of stress and strain distributions and
damage profiles clearly define variations on stress and strain development capacity among
specimen forms, with DTP tests among the setups with the most conservative results. Design
values for the bond strength of bars anchored in HPFRC are derived from the tests and
calibrated as lower bounds compared to the database values.

1  INTRODUCTION 

High-performance fiber-reinforced concrete (HPFRC) is a relatively recent innovation in strain 
resilient cementitious composites (SRCCs), descending from the class of reactive powder 
concretes.  HPFRCs are characterized by exceptional mechanical performance and significant 
post-cracking ductility. Thanks to the improved dense microstructure of the matrix material 
(where the aggregate is sand with a maximum grain size of less than 1-2 mm) and the pseudo 
strain hardening effect imparted by the distributed fiber reinforcement, HPFRCs exhibit 
compressive and cracking tensile strengths in the ranges of 120-150MPa and 6-15MPa, 
respectively. The presence of the fiber reinforcement prolongs the tensile response of the 
material by arresting the propagation of cracks and by slowing the separation of the crack 
surfaces, leading to characteristically ductile responses and sustained damage in materials of 
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this type.  The dense network of aggregates serves to protect the matrix from penetration of 
external environmental and chemical agents, while simultaneously providing durability and 
robustness. The above behaviors are valuable in many aspects of structural concrete design, 
particularly, in the improvement of deformation capacity and mechanical performance of 
plastic hinge locations and in retrofitting inadequate structural components, either suffering 
from previous damage (e.g. due to corrosion) or due to the absence of sufficient reinforcement 
details. Another area where HPFRC has gained wide applicability and acceptance is in 
continuity joints between precast decks in ABC (Accelerated Bridge Construction).  There, the 
gap between successive panels is relatively narrow (in the range of 200 mm or less) where bars 
extending from adjacent panels are lapped and the gap is filled with HPFRC.  

The introduction of HPFRC in structural design as in the examples described in the preceding 
requires the synergistic contribution of reinforcement with HPFRC, for actions such as flexural 
moment and shear.  For this reason, it is necessary to understand and quantify the bond stress – 
slip that may develop when steel reinforcement is embedded in HPFRC. There is a general 
notion that a much smaller anchorage length is needed to lap or anchor bars in HPFRC than in 
conventional concrete (this is the basis of the above ABC practice); lengths in the range of 8Db 
have been proposed to yield a bar, however the mode of failure (pullout vs splitting or a 
combination thereof), and the amount of slip that follows the onset of failure are still to be 
determined. At the onset of the slippage of reinforcement due to tension, the deformed surface 
of the bar imposes bursting pressures on the surrounding cementitious matrix, creating radial 
tensile stresses and longitudinal compressive stresses. In conventional concrete the magnitude 
of these stresses are limited due to low fracture energy capacity of conventional concrete. 
HPFRC improves on the bond performance of the reinforcement-to-concrete interface, by 
enabling tensile stresses of higher magnitudes to be developed around the bar, and further 
enhances development capacity thanks to its ductile response.  

As HPFRC applications in Structural Engineering has recently gained speed, more 
experimental evidence is necessary, for understanding the mechanisms of the interaction 
between HPFRC and steel reinforcement. Experimental study of bond is a key underlying 
requirement.  To this end, various bond test standards are available in the literature, some having 
been standardized for characterization by the industry of bond properties of new reinforcement 
products. Of those the most commonly used are, the standard pullout (SP) test (Rilem, [1]) and 
beam-end test (BE) (ACI 408, [2]). In conventional concrete, the selection of test arrangement 
is a pivotal matter in the experimental investigation of bond, as the bonded interface is sensitive 
to lateral restraining effects acting on the bar, as a result of test boundary conditions. The 
extensive investigation of the experimental literature presented below in the form of database 
assembly and analysis of the collection of published tests has shown that this bias is also 
occurring in the case of HPFRC matrices. This is surprising given the internal confinement of 
the material, which is imparted by the fibers.  

To explore the source of this sensitivity a detailed F.E. model is used to identify the differences 
between two setups that seem to be in the ends of the spectrum of possible results in the 
experimental evidence, namely the Standard Pullout and the Direct Tension Pullout test.  The 
test setups that seem to lead to the most conservative results based on the database analysis are 
used in the present study, to investigate the bond-slip response of reinforcement embedded in 
HPFRC; these are, the direct tension pullout (DTP) and the beam test. Experiments are 
summarized for tests conducted on a sample HPFRC material so as to support the development 
of complete bond stress vs. slip relationships.   
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2 EFFECT OF SPECIMEN SETUP ON BOND 

A significant difference between HPFRC and conventional concrete is the presence of internal 
passive confinement that may be mobilized by the fibers.  Georgiou and Pantazopoulou [3]  
quantified the absolute magnitude of the passive confining pressure to be in the same order as 
the tensile cracking stress. Therefore, as the bar ribs translate relative to the concrete it is 
expected that the radial outwards displacement will be to a certain extent restrained by the 
confining pressure whereas the magnitude of the bond strength will be enhanced by the hoop 
tensile strength of the material. In light of this mechanistic model for the role of the internal 
passive confining pressure, it could be argued that the confining restraint of the setup boundary 
conditions would not have discernible effects in the case of HPFRC. To explore this question a 
database was assembled containing bond tests on reinforcement embedded in HPFRC. 
Specimens were included from many different investigations that had used one of five distinct 
experimental test setups, namely, a) the SP test where the concrete block encasing the anchored 
rebar bears directly on a steel plate during bar pullout; the modified standard pullout (MSP) test 
where a Teflon layer is used under the bearing surface as a friction breaker; c) the BE test, c) 
DTP test, d) the contact lap-splice direct tension pullout test (CLP-DTP), and the non-contact 
lap-splice direct tension pullout test – a test setup wherein a long strip of HPFRC containing 
several bars being pulled sequentially, provides partial restraint to expansion in the longitudinal 
direction (NCLP-DTP) (Tsiotsias and Pantazopoulou [4]). The data were organized based on 
bond strength (fb) normalized to the square root of the concrete compressive strength (fc), as it 
is customary in established standards (ACI 408, Model Code 2010).  The normalized bond 
values are plotted in Figs 2 and 3, against the normalized anchorage length (Lb / Db) and 
normalized cover (C / Db), respectively. 

2.1 Database on Bond Tests 

For this database, a total of 604 specimens were assembled, comprising a range of HPFRC 
materials, i.e., steel-fiber reinforced self-consolidating concretes with compressive strengths in 
the range of 70 – 200 MPa. Of those, 258 belong to the SP/MSP test category, 24 specimens 
for the B/BE test, while for the DPT test 25 specimens were included. For the CLP-DTP and 
NCLP-DTP tests, 32 specimens were included, containing HPFRC materials.  It is noted that a 
vast difference is observed in the obtained normalized values from the different test setups 
indicating a persistent effect of the specimen form and boundary conditions on the obtained 
results.  

In Fig. 2a, the bond strength obtained from tests with HPFRC materials is shown against 
embedment length of the anchorage. For values of embedment length in the range of  Lb ≤ 3Db 
(short range) bond strengths of the included SP/MSP tests are averaged at 3.52√fc, while for 
values in the range of 3Db < Lb ≤ 10Db (medium range), the average value of bond is 1.6√fc. In 
the case of longer embedment lengths, such as Lb >10Db, the average bond strength of the 
specimens included is 0.85√fc. For the B/BE tests, in the short, medium and long embedment 
length ranges, the average values of bond are measured at 2.35√fc, 2.4√fc, and 0.67√fc, 
respectively. For the DTP tests included in this database, bond strengths were measured for 
short and medium embedment lengths, with average bond strengths at 2.0√fc and 1.45√fc, 
respectively. For the CLP-DTP and NCLP-DTP tests, studies containing medium and long 
embedment lengths were included. In  the former case, the average bond strength is 0.75√fc and 
2.5√fc, respectively, while for the latter, the values are 0.80√fc and 1.5√fc. Based on the above 
data, for the short range of embedment lengths, higher bond strengths are obtained for the 
SP/MSP test setup, while the lowest are shown in the DTP test. In the medium range, the B/BE 
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and NCLS-DTP tests show the highest bond, while the CLS-DTP tests show the lowest average 
value. In the range of long embedment lengths, the highest and lowest average values are 
obtained by the NCLS-DTP and B/BE tests, respectively.   

In Fig. 2b, the same bond tests on HPFRC materials are depicted against normalized cover C / 
Db. For the SP/MSP test, for cover in the range of C ≥2Db (small covers), average bond strength 
is measured at 1.70√fc, while for 2.0 < C / Db ≤ 4.0 (medium cover thickness), bond is 2.65√fc. 
For cover in the range of C > 4Db, bond strengths averaged at 3.25√fc. For the B/BE test, in the 
short range of normalized Db cover, the average bond strength was 2.23√fc. For the DTP test, 
for the short and medium ranges, bond strength was measured at 1.37√fc and 4.60√fc, 
respectively. For the CLS-DTP and NCLS-DTP tests, for the short range of normalized cover, 
bond strength was measured at 0.72√fc and 1.87√fc, respectively, while for the medium range 
of cover, the values were 0.9√fc and 2.41√fc, respectively. It was observed that for smaller cover 
thickness, the highest bond was obtained by the B/BE tests, followed by the NCLS-DTP tests, 
while the lowest boundary of bond strength was obtained from the CLS-DTP tests. For the 
medium range of the cover thickness, the highest values were obtained from the DTP test, while 
the lowest values corresponded to the CLS-DTP test.  

 

 
Figure 1: Database of HPFRC Bond Tests: (a) Effect of anchorage length and (b) Effect of 

concrete cover. 
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2.2 Finite Element Analysis (FEA) of Bond Tests 

To simulate and better understand the confining influence of boundary conditions on the 
development capacity of reinforcement and the resulting bond-slip relationship the SP and the 
DTP test setups were modeled using the combined GiD/ATENA Studio software package 
(ATENA Program Documentation [5]). As DTP model specimen, a setup developed by 
Tsiotsias and Pantazopoulou [6] to test bond of reinforcement on HPFRC was used (Fig. 2a); 
the DTP specimen contains a concentric bar anchored in a rectangular concrete block having a 
thickness of 2C+Db, where C is the provided bar cover.  The concrete block is held in the 
vertical axis with the help of transverse dowels symmetrically placed about the longitudinal bar 
axis.  The dowels support the specimen when the anchored bar is pulled in tension.  The 
effective cross section of the concrete block is such that the bar developed force in the segment 
below the end of the bar anchorage and above the dowels could be supported by concrete in 
direct tension.  When replacing the transverse dowels with support conditions of the concrete 
top surface against vertical translation the setup is converted to SP, as depicted in Fig. (2b).   
For better comparison all other geometric details are therefore kept the same in this comparison. 
The bar is considered anchored over a length of 5Db.  Both the reinforcement and concrete were 
modeled using 3D solid elements, in order to capture lateral stresses that develop due to the 
boundary conditions of the test. Bar ribs are modeled directly on the bar surface, as one 
continuous solid (Fig. 2c). The concrete body was modeled around the bar surface and double 
symmetry was considered on two orthogonal planes going through the bar longitudinal axis in 
order to reduce the computational effort and improve robustness of the solution.  

Figure 2: Two different setups analyzed for comparison of the effect of test setup on the 
developed bar force (red arrow represents pulling force).  In both cases the matrix is an 

HPFRC material with f’c=120 MPa, f’t =5 MPa.  (a) DTP test setup (reactions develop in the 
dowels shown in dashed blue arrows); (b) SP test setup (reaction develops on the bearing 

surface); (c) surface profile of the modeled bar. 
 

For the bar, the material model SteelVonMises 3D was used, with fy = 400 MPa (Hardening = 
40 MPa) and E = 200 GPa. For the HPFRC concrete, the material model Cementitious2 HPFRC 
was used, with f’

c = 120 MPa, ft = 5 MPa and E = 35 GPa. Nonlinearity was considered in the 
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functions for tension and compression in the HPFRC material, as shown in Figure 3. Steel fibers 
were assumed, with diameter df = 0.2mm and length lo = 13mm, at a fraction of 2%.  

 

Figure 3:  Non-linear functions for HPFRC: a) Tension; b) Compression.  

 

Figure 4:  Finite element model for DTP test: a) Model geometry and b) overview; c) Bar 
Stress σzz at peak; d) Concrete Stresses σxx at peak; e) Concrete Stress τxz at peak. 
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For the analysis, displacement control with the Newton-Raphson solution algorithm was 
implemented, with 30 iterations per step. An overview of the model geometry and boundary 
conditions is shown in Figs. 4 and 5. Results in the same figures are shown at peak load, in the 
XZ plane, along the bar profile and in the cover concrete. For the DTP model (Figs. 4b-e), 
longitudinal stresses σzz in the bar reach a maximum of 220 MPa (42kN), with splitting cracks 
forming in the cover, as well as horizontal cracks under free end of the bar. Lateral stresses σxx 
in the concrete reach 6 MPa in the proximity of the splitting cracks while lateral compression 
develops on the free end. Shear stresses τxz around the bar reach approximately 5-10 MPa.  

 

Figure 5: Finite element model for SP test: a) Model geometry and b) overview; c) Bar Stress 
σzz at peak; c) Concrete Stress σxx at peak; b) Concrete Stress τxz at peak.   

 
For the SP model (Figs. 5b-e), the peak load is reached after yielding of the bar and the 
hardening branch is exhausted at 435 MPa (88kN). At this stage lateral stresses σxx are 
substantially increased, reaching -30 MPa in the concrete around the bar. Shear stresses τxz 
exceed -20 MPa, more than double the shear stress profile of the DTP test. The bar force – 
translation curves are shown in Fig. 6.  
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It is noted that the two setups produce vastly different results in terms of bar development 
capacity and anchorage resilience.  The SP is significantly more unconservative in terms of 
strength – this difference is consistent with the database findings in the preceding.   

 

Figure 6: Bar force and translation curves for DTP and SP models.    
 

3 EXPERIMENTAL PROGRAM 

In the scope of providing experimental evidence as to the contribution of HPFRC materials in 
bond capacity, two series of experiments were conducted on anchored Beam (B) and DTP tests, 
respectively. The experiments were conducted in parallel, using the same material properties, 
which were obtained from the same batch of HPFRC. The properties of the material are shown 
in Table 1 (Pantazopoulou et. al [7]). In both sets of experiments, short embedment lengths of 
5db were assumed, with the aim of being able to approximate local bond strength by averaging 
the bond stress values along the length of the anchorage, as per the following equation:  

fb = Fb / πDbLb                             (1) 

In Eq. 1, fb is the bond stress, Fb is the force acting on the loaded end of the anchorage, Db is 
the diameter, and Lb is the embedment length of the anchorage. Parameters of this study are the 
HPFRC material type and cover thickness (1Db or 2Db). 

Table 1: Material parameters, fiber content and mechanical properties. 

Material ID Fiber Type  
(Vol. content %) 

Fiber 
Properties 

Fiber Count  
(x 106 m3) 

fc /ft 
(MPa) 

fc /ft 
(MPa) 

εcr / εtu 
(x 10-4) 

Commercial 
Mat. K Steel (2%) 

Straight;  
lo = 13mm;  
df = 0.2mm 

49.0 122.6 
30.1 

10.6 
13.5 

3.7 
47.4 

3.1 Beam (B) Test 

For the beam test, the experimental anchored beam specimen was used, as shown in Saikali [8]. 
This flexural test consists of a beam specimen subjected to four-point bending with  
symmetrical load, in which the test bar is anchored within the constant moment zone, as shown 
in Fig 7a. To create the bond embedment length, a notch was created by a foam insert in the 
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formwork.  On one side of the notch the test bar was fully anchored, but on the other side, only 
a length of 5Db was embedded – the rest of the bar extended to the end of the specimen but it 
was covered in a PVC tube as bond breaker. The symmetric loads were placed so that the 
embedment length was within the constant moment region.  The bar protruded beyond the end 
of the specimen where the longitudinal translation of the free end was measured with a DT. In     
this design, two auxiliary bars were placed on each side of the test bar, to eliminate flexural 
failure of the segment beyond the end of the embedment.  The section of the specimen at the 
test zone is shown in Fig. 7b. Loading was applied with rollers, attached using a custom steel 
jig, as shown in Fig. 7c.   

3.2 Direct Tension Pullout (DTP) Test 

The DTP test was designed and conducted using the setup depicted in the schematic of Fig. 2a 
(Tsiotsias [9]). In this version of the test, coaxial support to the test bar is provided through an 
external mechanical base, with a rotating convex fastener on the support bar, as shown in Figs. 
8a-c. The support bar is allowed to rotate on the surface of the steel plate to ensure alignment 
with the test bar. The base is attached to the specimen with four transverse rods, penetrating 
through the specimen and covered with custom steel sleeves. This arrangement was selected to 
minimize potential eccentricities between the test and support bars during casting and to reduce 
the size of the specimen. Further discussion on the test design is shown in Tsiotsias and 
Pantazopoulou [6]. To obtain the bar displacement relative to the concrete, a pair of linear 
potentiometers were attached to the steel base, as shown in Fig. 8d.  

 
Figure 7: Database of Bond Tests: Effect of anchorage length for (a) HPFRC and (b) ECC 

materials. Effect of concrete cover for: (c) HPFRC, and (d) ECC materials. 
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Figure 8.  Modified version for DTP test: (a) Overview of setup; (b) Side vide of specimen 
and metallic base; (c) Top view of setup; (d) Attachment of DTs to obtain bar slip.  

 

4 COMPARISON OF TEST RESULTS 

In Figs. 9, the cumulative results from both the Anchored Beam and DTP tests are shown. The 
tabulated data are shown in Table 2. Both types of tests show comparable results in the 
maximum obtained bond stress. In specimens with cover thickness of Cc = 16 mm, the average 
bond stress in each test is 13.4 MPa and 8.9 MPa, respectively. For the case of the cover Cc = 
32 mm, the average bond is 11.2 MPa and 14.6 MPa, respectively. In almost all specimens 
concurrent splitting and pullout failure were observed, with multiple branches of cracks 
appearing on the surface of the concrete. Compared to the beam specimens, DTP tests show 
steeper softening branches and less post-peak resilience and energy absorption.  The difference 
is clearly owing to the different state of stress in the two setups; note that the curvature which 
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occurs in the beam, particularly in the larger deflection levels, as a passive but important source 
of bond strength resistance which has not been accounted for explicitly to date.  

Table 2: Tabulated values of test results for the Anchored Beam and DTP tests.  

Specimen ID Cover 
(mm) 

Fpeak 
(kN) 

Δ@peak 
(mm) 

fb,beak/ 
√fc 

slip@peak 
(mm) 

Failure 
Mode 

BEAM – K1A 16 75.1 1.62 0.12 0.56 P-S 
BEAM – K1B 16 69.7 1.54 0.10 0.52 P-S 
BEAM – K2A 32 56.4 1.50 0.077 0.42 P-S 
BEAM – K2B 32 68.7 1.86 0.105 0.62 P-S 
DTP – K1A 16 37.10 3.67 0.075 0.43 S 
DTP – K1B 16 34.41 3.77 0.07 0.77 P-S 
DTP – K2A 32 50.30 4.00 0.10 - P-S 
DTP – K2B 32 67.91 5.43 0.14 0.67 P-S 

 
Note: S = Splitting; P-S = Pullout and splitting. 1 mm = 0.0394 in.; 1 MPa = 0.145 ksi;  
1 kN = 0.2248 kips.  

5 CONCLUSION 

To evaluate conservative values for the bond strength of reinforcement anchored in HPFRC 
concretes without the bias of the test setup and specimen form used in measuring the 
development capacity of the embedded bar, three different mutually complementary research 
methods were considered: (a) A collective evaluation of the available experimental evidence 
from tests done in HPFRC matrices where the different test setups, anchorage lengths and cover 
to bar diameter ratios were considered; (b) A detailed nonlinear finite element model where the 
bar profile was modelled explicitly, and (c) A series of experiments using a modified Direct 
tension pullout and a beam test setup – both being shown from (a) to yield conservative values. 
The database investigation illustrated that there is excessive sensitivity of the measured bond 
strength on the type of setup chosen – using as a benchmark anchorage length a value of 5Db it 
is found that the average value for bond strength from all specimens was 1.8√fc whereas the 
corresponding magnitude in the case of DTP was only 1.3√fc. The source of this effect was 
owing to the different boundary conditions of the two test setups, a sensitivity and bias that is 
found to persist in the case of HPFRC despite the significant internal confinement as compared 
to conventional concrete. To derive conservative values for bond experiments were conducted 
including both DTP and beam specimens (with the bar anchored in the constant moment region) 
using the same batch of materials.  It was found that the two tests produced comparable values 
for bond, in the range of 1.3√fc, which lies in the lower bound for short anchorage lengths (5Db) 
based on the database evidence. A noticeable difference between the two test setups was a 
significantly higher tensile resilience in the case of the beam specimens as compared to the DTP 
specimens, particularly in the post-peak response envelope.  This difference is attributed to the 
curvature of the beam at large levels of deflection; the loss is analogous to the frictional losses 
owing to curvature in prestressed concrete (loss of tendon force occurs due to transfer of forces 
to concrete – which, in non-prestressed concrete, is the bond stress).  In fact, this secondary 
source of resistance was enough to suppress the appearance of the effect of the cover thickness 
in the beam specimens, whereas the thicker cover led to higher bond strength in the DTP 
specimens. 
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ABSTRACT 

The update of Eurocode 2 introduces new regulations for the design of anchorages and laps of 

ribbed reinforcing bars. For the design approach with semi-empirical character, current bond 

models were calibrated on concrete member tests. Since a direct determination of the bond 

behavior with conventional measurement techniques was only possible with an extensive effort, 

these bond models generally base on simplified assumptions from studies on small-scale test 

specimens without being aware of the actual strain, bond stress and slip distribution. 

This experimental study uses a new measurement technique – quasi-continuous fiber-optic 

strain measurement – to determine the actual strain, bond stress and slip distribution over the 

bond and development length of ribbed reinforcing bars. To investigate substantial influencing 

parameters on bond behavior with a realistic approach, an extensive parameter study on con-

crete tension members was performed. Concrete tension members model the bond behavior 

within the tension zone of reinforced concrete beams. This contribution mainly focuses on pro-

cedures and methods for computing the actual bond stress and slip distribution derived by fiber-

optic strain measurement. From these measurements and calculations, a local bond stress-slip 

relationship is determined being aware of the actual bond behavior. Furthermore, an attempt is 

made to identify and describe trend dependencies of main parameters on bond. 

1 INTRODUCTION 

Reinforced concrete combines the capabilities of its components in an optimal manner. The 

high compressive strength of concrete is complemented by reinforcement obtaining high tensile 

strength and ductility. Nevertheless, the basic assumption for reinforced concrete members to 

achieve their great load bearing capacity lies at the interaction between concrete and reinforcing 

steel. Bond is therefore a fundamental principle for the structural use of reinforced concrete and 

has been subject of numerous studies. Because of its complexity, bond remains an area of re-

search where not all aspects have yet been fully clarified.  

Within the current material understanding, numerous parameters such as the concrete strength, 

the width of concrete cover, the confinement of concrete, presence of transverse pressure, the 

profiling of the reinforcing bar surface, the position of the reinforcing bars during concreting, 

loading in general and the embedment length itself are necessary to describe and estimate bond 
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behavior. In addition, the load bearing situation in the concrete member and the presence of 

cracks are of decisive importance. Thus, under service load most reinforced concrete structures 

are already in a cracked condition. In the area of transverse cracks, the tensile forces are only 

carried by the embedded reinforcement and again, have to be transmitted into concrete through 

bond. In addition, large hoop tensile stresses occur in the immediate vicinity to these cracks, 

which leads to longitudinal cracks when exceeding the capable concrete tensile strength. In 

hence, the bond stiffness is reduced and bond stresses are limited [1, 2, 3]. 

The current standards for the design of anchorages and laps respectively the accompanying 

bond models largely base on small-scaled investigations for example pull-out tests with a pre-

dominantly compression-loaded concrete [cf. 4, 5, 6]. With conventional measurement tech-

niques, such as strain gauges, a direct determination of the bond behavior with satisfactory 

resolution requires an extensive measuring effort due to a high number of individual measuring 

points along the bar axis. Furthermore, the lead wires of the strain gauges might interfere the 

bond characteristics. As a result, most parameter studies were carried out using short bond 

length with a simple measurement setup. Without being aware of the distribution along the 

anchored rebar, an approximate constant bond stress was assumed and a relationship between 

bond-stress and slip was derived from a simplified principle of the differential equation of bond. 

However, this cannot satisfactorily describe the actual bond behavior of reinforced concrete 

and the short development length does not allow a reliable conclusion drawn about the nonlin-

ear bond stress distribution for longer bond lengths. With a novel fiber-optic strain measure-

ment technique, it is now possible to determine the bond stress and slip distribution almost 

continuously with high resolution, without affecting the bond behavior due to the very small 

size of the sensors. Such use of modern measurement techniques can decisively enhance both 

the quality and output compared to the information obtained in previous studies and allows a 

much deeper insight into the mechanisms of bond behavior of reinforced concrete. 

2 TEST PROGRAM AND EXPERIMENTAL DESIGN 

The experimental investigations mainly focus on tests with reinforced concrete tension mem-

bers. These model the bond behavior within the tension zone of reinforced concrete beams. 

Thereby the concrete body is under complete tensile stress. Due to the free ends of the concrete 

tension member and a load-bearing situation comparable to large transverse and shear cracks, 

such load condition is simulated. In the presence of transverse cracks, large hoop tensile stresses 

occur, leading to longitudinal splitting cracks in the concrete cover. These reduce the bond 

stress transmitted from the embedded rebar to the concrete body. 

With fiber-optic strain measurement the actual strain, bond stress and slip distribution is being 

determined over the bond and development lengths of embedded rebars. To investigate sub-

stantial influencing parameters on bond behavior, an extensive parameter study with more than 

40 concrete tensile member tests was carried out. The considered parameters within the exper-

imental study were the concrete compressive strength, the concrete tensile strength, the width 

of concrete cover, transverse reinforcement within the concrete body and favorable respectively 

unfavorable bond conditions. With long embedment lengths, the specimens were designed to 

allow the complete load transfer from the reinforcing bars to the surrounding concrete. Due to 

the larger concrete cross-section compared to the rebar cross-section and the thus considerably 

higher axial rigidity of the concrete body (Ec ∙ Ac >> Es ∙ As), when fully activated, the concrete 

carries at the same strain almost the entire load. On the other hand, the steel strain almost 

51



   

 

 

reaches a value of zero. To avoid separation cracks during testing, it was necessary to dimension 

both the embedment length and the concrete cross-section to a sufficient proportion. 

Figure 1 shows the test setup for the concrete tension member tests. For the tests, a rectangular 

concrete cross-section was chosen. Two continuous concrete rebars were embedded into the 

concrete body to achieve a centric loading even with small concrete covers. The load was ap-

plied uniformly at all four ends of the rods up to the yield strength of the reinforcing bars. Due 

to the test specimen symmetry, four identical bond lengths were investigated simultaneously 

and the scatter of material parameters was limited.  

 

Figure 1: Test setup of the concrete tension member tests 

 

3 MEASUREMENT SETUP 

The fiber-optic strain measurement technique allows a quasi-continuous recording of the strains 

due to a very small distance between each measuring point. Therefore, a coherent light beam is 

sent into the fiber and reflects at inclusions and microstructure fluctuations within the fiber 

core. The reflected signal based on Rayleigh scattering corresponds to the sum of all reflected 

fiber elements within the measured range. The assignment of characteristic frequency intervals 

to the associated measurement sections along the fiber is based on Fourier transformation and 

acts as a reference for each followed measurement. The respective change of strain or temper-

ature corresponds to the shift of the backscattered frequency spectrum [7, 8]. 

Figure 2 sketches the arrangement of the fiber-optic sensors within the test specimens. To de-

termine both the strains of the embedded rebar and the concrete, two fiber-optic sensors were 

placed on each reinforcing bar and four fiber-optic sensors were placed on the concrete surface, 

providing a total of eight individual measurements per specimen. Along each longitudinal rib 

of the reinforcing bar, a small grove was made. Into the groove, a high sensitive polyimide fiber 

was placed and cast with mineral adhesive glue. A strip with butyl rubber protects the optical 

52



   

 

 

sensors from mechanical interference during casting and testing. After curing, four optical fi-

bers were also glued longitudinal to each specimen surface. Since cracks during testing may 

damage the sensitive polyimide fibers, a more robust nylon-coated fiber was used. 

 

Figure 2: Measurement setup with fiber-optic strain sensors and DIC 

 

Besides fiber-optic strain measurement, a measurement technique based on digital image cor-

relation was used to detect both crack pattern and crack propagation during testing. A high-

contrast random pattern, so called speckle pattern, was applied to one specimen surface facing 

the rebar with small concrete cover. The speckle pattern can also be seen in Figure 1 on the 

front face of the test specimen. In addition, conventional measuring systems such as displace-

ment sensors were installed to measure the relative displacement between rebar and concrete at 

each of the four loaded bar ends. 

4 DEVELOPMENT OF STRAIN, BOND STRESS AND SLIP DISTRIBUTION 

In concrete tension member tests, the reinforcing bars embedded in concrete were subjected to 

tensile loading, while the strains at the reinforcing bars and the concrete body were measured 

by means of fiber-optic sensors. The load is transferred from the rebar to the surrounding con-

crete through bond. The corresponding distribution of steel stress, bond stress and slip between 

rebar and concrete is calculated by mathematical transformation from the steel strain distribu-

tion. The type of evaluation bases upon the differential equation of bond [cf. 4, 9].  

Since two opposing fibers were attached to each rod, both measurements combined can reduce 

noise and interference. By multiplying the steel strains 𝜀𝑠(𝑥) by the Young’s modulus 𝐸𝑠 of the 

reinforcing steel determined from reference tensile tests, according to equation (1) the steel 

stress 𝜎𝑠(𝑥) can be calculated for each location along the bar axis. Additionally, the clamped 

ends of the reinforcing bars serve as a reference, since the measured steel stress must correspond 

to the applied force by the testing machine. 

𝜎𝑠(𝑥) = 𝜀𝑠(𝑥) ⋅ 𝐸𝑠 (1) 

By numerical differentiation of the steel stress 𝜎𝑠(𝑥), equation (2) provides the distribution of 

the continuous bond stress distribution 𝜏(𝑥): 

𝜏(𝑥) =
𝑑𝜎𝑠(𝑥)

𝑑𝑥
 ⋅

𝑑𝑠

4
 (2) 
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Since numerical differentiation is sensitive to scatter and discontinuities in the strain measure-

ment, these greatly affect the bond stress distribution. For this reason, various post-processing 

strategies were developed to derive reliable bond stress distributions. In order to reduce scat-

tering and measurement artifacts, effective filter operators are applied to the measurement raw 

data. The objective is to maintain the characteristic strain distribution practically unchanged, 

but with sufficient smoothing when numerical differentiation is applied. An example is given 

in Figure 3: The bond stress distribution derived from the raw data scatters due to fluctuations 

in the measured steel strain curve. Therefore, the raw data was filtered before being numerically 

converted into to the bond stress distribution. With the filtered strain distribution and raw data 

being almost identical, a visual inspection confirms a plausible bond stress distribution. Care 

was taken to ensure that all test results correspond to the same level of filtering. 

 

Figure 3: Continuous strain, steel stress, bond stress and slip distribution along bar axis 

(fcm,cyl = 58 MPa, Øs = 16 mm, cd = 2.5 ds) 

 

By integrating the difference between steel strains 𝜀𝑠(𝑥) and concrete strains 𝜀𝑐(𝑥), equa-

tion (3) provides the slip between rebar and concrete. Although infinite local concrete strains 

are measured along longitudinal cracks, the concrete body carries no load at the ends and a 

maximum load in the specimen middle. From this understanding, the concrete strains can be 

calculated in an idealized form from the steel strains, making two main assumptions: It is as-

sumed that the distribution of concrete strains 𝜀𝑐(𝑥) reflects the distribution of transferred steel 

strains. This assumption is derived from an equilibrium of forces, following the principal that 

either the rebar itself or the surrounding concrete must carry the load applied to the specimen. 

Furthermore, if the bond length is sufficient, the steel and concrete strains in the center of the 

specimen are equal since the full load bearing capacity of concrete in tension is activated. Figure 

4 shows the correlation between idealized and calculated concrete strains. Both the calculated 

and measured concrete strains on the specimen surface show a good compliance (Figure 4, 
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right). With higher load applied to the test specimen, longitudinal cracks result in infinite local 

concrete stains and do not reflect the actual load-bearing situation in these areas. 

 

Figure 4: Measured and calculated concrete strain distribution  

 

With the assumed concrete strain distribution from equation (4), the slip between reinforcing 

steel and concrete are calculated as follows: 

𝑠(𝑥) = ∫(𝜀𝑠(𝑥) − 𝜀𝑐(𝑥)) ⋅  𝑑𝑥 (3) 

𝑤𝑖𝑡ℎ 𝜀𝑐(𝑥) = [𝜀𝑠(𝑥 = 0) − 𝜀𝑠(𝑥)] ⋅
𝜀𝑠(𝑥=𝑙/2)

𝜀𝑠(𝑥=0)−𝜀𝑠(𝑥=𝑙/2)
 (4) 

To verify the transformation of the slip distribution from the fiber-optic strain measurement, 

conventional displacement sensors were placed at the loaded ends of the rebars. Each concrete 

tension member test consists of four almost identical bond lengths. When the measurements are 

combined, the scatter of the material parameters can be limited and a more generalized conclu-

sion can be drawn. Figure 5 shows the average measurement of four displacement sensors com-

pared to the slip determined from fiber-optic strain measurement at the loaded bar ends of the 

concrete tension member test from Figure 3. Both measurement methods show a very good 

compliance confirming the procedure. 

 

Figure 5: Slip measured by displacement sensors and fiber-optic strain measurement 
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5 LOCAL BOND STRESS-SLIP RELATIONSHIP 

Numerous models exist to describe the bond behavior of ribbed reinforcing bars. One of the 

most commonly used models is the bond stress-slip relationship. According to the differential 

equation of bond, the relationship between bond and slip must be independent of the bond 

length and position along the bar axis. In pull out tests with short development length, a constant 

bond stress is calculated from the pull-out force. The corresponding slip is usually determined 

at the unloaded end of the reinforcing bar. In fact, neither the bond stress nor the slip distribution 

are constant. Simply choosing a different bond length or another location for determining the 

slip values (e.g. at the loaded end) would result in a completely different relationship between 

bond stress and slip (cf. [10]). Although such tests can serve as a reference, the derived bond 

stress-slip relationship is not able to describe the bond behavior in an accurate and precise man-

ner. By means of fiber-optic strain measurement, a continuous bond stress and slip distribution 

was determined. It can be assumed that a continuous bond stress distribution captures the real 

bond behavior more accurately, with the uncertainty, that some measurement points might be 

subjected to possible scatter and local influences. Since each concrete tension member test con-

sists of four almost identical development lengths, the measurements of each tests specimen 

were combined to reduce such scatter effects.  

The investigations show that the bond stress at the loaded bar end does not increase abruptly, 

but must first build up gradually. Thus, the bond stress distribution depends on location. Ini-

tially, a bond stress maximum was located approximately at 1 to 2 ds from the loaded bar end 

and shifted with increasing load towards 5 ds from the loaded bar end. Only beyond this loca-

tion, a bond stress-slip relationship can be described as being mostly independent of the loca-

tion. To the present, there are very few studies mentioning such location-dependency of the 

bond stress distribution. Figure 6 shows the determined local bond stress-slip relationship re-

garding different locations along the bar axis. At locations close to the loaded bar end, a strong 

dependency of the location is being recognized. This leads to the assumption, that some de-

struction of the inner structure must have already taken place, before the actual bond failure 

occurs. At locations beyond 5 ds from the loaded bar end, the bond stress-slip relationship be-

comes more or less location-independent. Using pull out tests with long embedment lengths 

and measuring a larger number of discrete measuring points with strain gauges, studies by 

Shima et. al. [11] allow a similar conclusion, that with increasing length from the loaded bar 

end, the bond stress-slip relationship is substantially location-independent.  

 

Figure 6: Bond stress-slip distribution at different locations from loaded bar end 
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Figure 7 shows the derivation of a location-independent bond stress-slip relationship by a con-

crete tension member test with a rebar Øs = 16 mm, a concrete strength of approximately 

fcm,cyl = 58 MPa and a concrete cover of cd = 2.5 ds. The regions at the loaded bar end to the 

bond stress maximum are not considered for a location-independent bond stress-slip relation-

ship. Due to splitting of the concrete cover, the maximum transferable bond stress is also lim-

ited. Even with greater load, no increase in bond stress is to be expected. 

 

 

Figure 7: Derivation of location-independent bond stress-slip relationship  

(fcm,cyl = 58 MPa, Øs = 16 mm, cd = 2.5 ds) 

 

6 SELECTED RESULTS OF PARAMETER STUDY 

The update of Eurocode 2 (prEC2) [12] introduces new regulations for the design of anchorages 

and laps of ribbed reinforcing bars and is widely based on Model Code 2010 [13]. The fib 

Bulletin 72 [14] provides background information about the derivation of the semi-empirical 

model for bond strength used in Model Code 2010. Bond failure may either occur in a splitting 

or a pull-out mode. The design approach for anchorages and laps base on the weaker practical 

situation due to splitting failure of the concrete cover. In case of a splitting failure mode, large 

hoop tensile stresses generated by bond exceed the tensile strength of the surrounding concrete. 

Both transverse reinforcement and the presence of transverse pressure have a favorable effect 

on the bond strength. Illustrated in Figure 8, the force transmitted by bond depends on three 

main mechanisms defined within a critical splitting plane: the splitting resistance provided by 
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the concrete tensile strength within the concrete cover, the splitting resistance provided by trans-

verse reinforcement crossing the splitting plain and the contribution of transverse pressure.  

 

Figure 8: Critical splitting plane due to hoop tensile stresses according to [15] 

 

Furthermore, a nonlinear relationship exists between bond length and bond strength, as a dou-

bled bond length does not provide twice the strength to be anchored. Based on these parameters, 

the semi-empirical design equation from Model Code 2010 was derived from over 750 member 

tests. Due to different materials and test setups within this dataset and in general divergent 

research backgrounds, the results of such test databases may differ considerably. In addition, 

there is a partial mutual influence of individual parameters, which makes the assessment ex-

tremely difficult. Within this study, a limit state approach is reviewed in which a maximum 

bond stress τmax is being transmitted from the rebar to the concrete before splitting failure in the 

concrete cover occurs. Referring to a small differential element dx, where the equilibrium of 

bursting and splitting forces from Figure 8 must be fulfilled, bond behavior can be constrained 

to a local problem being independent from the bond length. It is clearly said that such a simpli-

fied view cannot describe the full and complex bond behavior in an accurate manner. Never-

theless it provides important insights for the evaluation of individual influencing parameters on 

bond. With an extensive parameter study on concrete tension member tests, an attempt was 

made to identify and describe such trend dependencies on bond. 

Figure 9 shows the relation between the maximum bond stress τmax and the increasing mean 

concrete compressive strength fcm,cyl (Figure 8, left) respectively the mean concrete tensile 

strength fctm (Figure 8, right). Both mean concrete compressive strength fcm,cyl and mean tensile 

splitting strength were determined at cylindrical reference test specimens with a diameter of 

150 mm. The mean concrete tensile strength fctm was calculated from the mean tensile splitting 

strength. A shape function based on the design equation of prEC2 was used in order to describe 

the trend dependencies on bond. Tests were performed with a relative concrete cover of 

cd = 1.5 ds and 2.5 ds. The diameter of the reinforcing bars was Øs = 16 mm and no transverse 

reinforcement was used. With greater concrete compressive strength, bond is generally stiffer. 

However, in concrete structures bond failure usually occurs due to splitting of the concrete 

cover. This splitting failure mode mostly depends on the concrete tensile strength within the 

concrete cover. Consequently, bond behavior may be more accurately described by the concrete 

tensile strength than by the concrete compressive strength. This becomes clear if one takes into 

account that the ratio between compressive and tensile strength varies with increasing concrete 

strength. Therefore, the determined exponent of the curve fitting largely depends on the con-

sidered range of concrete strength: For standard concrete, a steeper slope is determined, whereas 
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for a high-strength concrete, a flatter slope is obtained. Such specification is not required if 

bond is described by the concrete tensile strength. 

 

Figure 9: Relation between the maximum bond stress τmax and the increasing mean concrete 

compressive strength fcm,cyl (left) and mean concrete tensile strength fctm (right) 

 

Figure 10 (left) shows the maximum bond stress τmax determined in tests with a variation of the 

relative concrete cover cd. Constant parameters were a concrete compressive strength of 

fcm,cyl = 38 MPa respectively fcm,cyl = 78 MPa and a bar diameter of Øs = 16 mm, with no trans-

verse reinforcement. Especially for standard concrete, the investigations show good conformity 

with the design approach of prEC2 with an exponent of 0.5. The right subset of Figure 10 shows 

the determined maximum bond stress τmax with varied bar diameter Øs. To limit the dimensions 

of the test specimen with a rebar diameter Øs = 28 mm, the test was performed with a concrete 

strength of fcm,cyl = 78 MPa and then scaled to a concrete strength of fcm,cyl = 38 MPa. Constant 

parameters were a relative concrete cover of cd = 1.5 ds with no transverse reinforcement. The 

investigations reveal a nonlinear influence of the bar diameter Øs on bond. Further investiga-

tions included the influence of transverse reinforcement and bond conditions, but are not pre-

sented in this contribution. 

 

Figure 10: Relation between the maximum bond stress τmax and the increasing relative con-

crete cover cd (left) and bar diameter Øs (right) 
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7 CONCLUSION 

Although bond is a fundamental principle for the structural use of reinforced concrete and there-

fore has been subject of numerous studies, some uncertainty remains in the description of bond 

due to its complexity with a variety of influencing parameters. Fiber-optic strain measurement 

creates new opportunities for a deeper insight into bond behavior and the description of bond 

mechanisms. Within this study the continuous strain, bond stress and slip distribution over the 

development length of ribbed reinforcing bars was determined, considering also the concrete 

strains. From that, a local bond stress-slip relationship was derived. The investigations show 

that the bond stress at the loaded rebar end does not increase abruptly, but must first build up 

gradually over a length of some 1 to 5 ds. At locations beyond this region, the bond stress-slip 

relationship typically becomes more or less location-independent.  

The update of Eurocode 2 (prEC2) [12] introduces new regulations for the design of anchorages 

and laps of ribbed reinforcing bars. This approach bases on the weakest practical situation due 

to splitting failure of the concrete cover. With an extensive parameter study on concrete tension 

member tests, an attempt was made to identify and describe trend dependencies of such bond 

behavior. The observed parameters generally show good agreement with the approach of 

prEC2, with some minor deviations: The description of bond behavior with the concrete com-

pressive strength results in a misleading assumption, since the ratio between compressive and 

tensile strength varies with growing concrete strength. In particular, the concrete tensile 

strength in the concrete cover is of decisive importance for the assessment of a splitting failure 

mode. 
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ABSTRACT 

A beam-end test is proposed to verify that existing provisions for bond and anchorage in the fib 
Model Code may also be used for structural design when non-conventional concretes are 
adopted (i.e. Fibre Reinforced Concrete-FRC, Recycled Aggregate Concrete-RCA, etc.). This 
test method is intended to determine the effects of concrete type and casting position on the 
anchorage strength of reinforcing bars. Two bars are cast in each specimen (in the two opposite 
corners), one in a 'good' casting position and the other in 'poor' casting position. Performance 
of the bar anchorage would be assessed against several measures, namely peak bar stress, bar 
stress at loaded end slips of 0.05 mm (crack control, tension stiffening) and at unloaded end 
slips of 0.02 mm (stiffness), free end slip at peak load, and the individual curves of force-slip 
relations. In the paper the preliminary test results of 16 mm rebars having anchorage length of 
20 times the bar diameter in plain concrete and in non-conventional concrete (FRC and RAC), 
will be presented. Experimental results provide information both on the “top cast effect” and 
on the effectiveness of fib Model Code provisions for anchorage when non-conventional 
concrete is used. 

1 INTRODUCTION 

The capacity of anchorages and lap splices of rebars in concrete is a function of several factors 
as: 1) the bond length; 2) the resistance to splitting crack development provided by the concrete 
cover (including cover thickness and concrete tensile strength) [2, 3, 4, and 5]; 3) the bar 
diameter because a size effect decreases the bond strength with increasing bar diameter [6]; 4) 
the rib geometry [7, 8] which influences the interaction with the surrounding concrete; 5) the 
confinement provided by transverse reinforcement (if any) as links crossing the splitting surface 
[9, 10]; 6) the transverse compression due to the reaction at the beam supports (when present); 
and 7) the casting position since, after pouring concrete, the mix water raises and large 
aggregates tend to drop down [11, 12]. Therefore, near to the top surface, concrete may be 
weaker due to its higher porosity and to the plastic settlement of concrete around the bars. 

As documented in the fib Bulletin 72 [13], the semi-empirical formulations proposed in 
MC2010 and in the draft of Chapter 20 of new MC2020 were calibrated on the basis of test 
results on anchorages and laps having a length larger than 10db with conventional concrete 
having a compressive strength between 15 and 110 MPa. The entry into the market of new types 
of concrete having mechanical and physical properties different from conventional concrete (as 
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Fiber Reinforced Concrete-FRC, Recycled Aggregate Concrete-RAC, Self-Consolidating 
Concrete-SCC, Ultra-High Performance Concrete-UHPC, etc.) as well as new types of rebars 
(including non-metallic rebars) needs the development of specific design formulation of 
anchorages. At the same time, it may be necessary to control the rebar bond-performance during 
the production or in special circumstances; therefore, a reliable bond test, representative of 
practical applications, should be adopted. 

The standard tests available in international codes and standards or adopted by the research 
community differs significantly among them. In the pull-out test proposed by Rilem [14] and 
now proposed in the coming Eurocode 2 [15], the bar is in tension and the concrete is in 
compression. This (pull-out) test has been widely used because it is economical to manufacture 
and to test and because it represents the concept of bar anchoring. However, this configuration 
is not representative of any particular situation in real practice. Furthermore, the bar presents a 
short embedded length (5db) which cause a quite uniform distribution of bond stresses along 
the bond length, a large concrete cover (4.5 db, which is not representative for practice) and the 
friction arising at bottom bearing plate tends to confine the specimen thus making the test not 
suitable to investigate splitting failure mode. Furthermore, since the stress developed by the bar 
is not directly proportional to the bond length, it is not possible to evaluate the capacity of real 
anchorages (where bond length typically exceeds 20 db) on the basis of the results of pull-out 
test. Finally, pull-out specimen addresses only what would be classified in design Codes as a 
good casting location since good compaction of the concrete without voids around the bars is 
guaranteed. The top cast ratio (the ratio between the bond strength of a bar near the top of a 
pour and that close to the bottom surface of a pour) tends to increase quite markedly as the bond 
length ratio (bond length divided by bar diameter) increases. With a bond length equal to 5 to 
10 times the bar diameter, the top cast ratio is close to 0.5 [11, 12] while, for practical values 
of bond length, the top cast bars tend to present the same bond strength as it would be in bottom 
location [11]. Therefore, the investigated bond length has a significantly effect on the test 
results. 

An alternative test is the beam test proposed by RILEM [14] and adopted by EN 10080:2005 
[16]. In this test the anchorage is placed in good bond condition and it is close to the beam 
support where concrete is in tension, thus making the test representative of actual conditions in 
structural elements. The bond length is ten bar diameters (10db, thus double than that of pull-
out test) but the anchorage is characterized by a very high confinement of transverse 
reinforcement to avoid the shear failure of the beam specimen. In fact, the density of transverse 
reinforcement is about 4 times greater than that typical of practical design; therefore, the 
splitting failure of the anchorage, typical of real cases, is unlikely. The concrete cover is quasi-
constant (minimum cover to the centre of the bar is 50 mm), independent of the bar diameter; 
therefore, the cover to bar diameter ration decreases with the bar size. Furthermore, in the beam 
test it is not possible to measure the loaded end slip of the anchored bar, thus loosing useful 
information of the anchorage performance. 

It should be noted that it also is very difficult to handle the specimen during setting up the test 
because of its large dimensions and the discontinuity at midspan and that the manufacture of 
the specimens is not cost-effective. Finally, a wide experimental campaign showed a very 
limited correlation between RILEM pull-out and RILEM beam end tests (with a significant 
scatter of test results) because of the markedly different bond conditions [17]. For all these 
reasons, the beam test cannot be used with any degree of confidence to investigate all the 
parameters governing anchorage capacity. 
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The purposes of a new bond test were already identified and discussed in 2003 by Cairns and 
Plizzari [18]. These are i) the routine quality control of reinforcement; ii) the performance 
classification; iii) the development of constitutive bond-slip laws for numerical analysis and iv) 
the provision of design data. 

In order to overcome the above-mentioned drawbacks, a new beam end test is proposed in the 
draft of Chapter 20 of the new fib Model Code 2020. The proposed standard bond test is 
intended for “performance classification” of anchorages since the routine quality control of the 
ribbed bars can be adequately ensured by the measurement of the rib geometry and relative rib 
area after production as in EN ISO 15630‑1:2019 [19]. Furthermore, the proposed new test is 
not designed to provide the constitutive bond-slip law for which short-embedded length (lower 
than 5db) is required to guarantee a uninform bond stress distribution. Moreover, one of the 
main aims of the TG2.5 is to promote a new economical bond test with limited dimensions but 
capable to represent actual conditions of anchored bars in real design practice, and able to 
investigate the casting position effect. The proposed test method describes procedures to assess 
the bond strength (anchorage capacity) of steel reinforcing bars in concrete. This test is intended 
to determine the effects of concrete cover, anchorage length, transverse reinforcement, concrete 
strength, casting position on the bond strength of deformed steel reinforcing bars, with 
particular reference to anchorages and splices out of the limits of validity of the equations 
proposed in MC 2020. The new test method is also intended to verify that existing provisions 
for bond and anchorage in the fib Model Code are suitable when non-conventional concretes 
and rebars are adopted. 

In the present paper, besides a description of the test set-up, experimental results on Recycled 
Aggregate Concrete (RCA) and Fibre Reinforced Concrete (FRC), which are often used in 
practical applications nowadays, are presented. 

2 TEST SPECIFICATIONS 

A typical test specimen is illustrated in Figure 1. The specimen is 450 mm long, 300 mm wide 
and 400 mm deep. Two bars are set in each specimen and arranged in the two opposite corners, 
in order to allow one bar to be tested in a 'good' casting position and the other in a 'poor' casting 
position. The concrete cover is relatively modest and equal to 1.5 db. The ribs of the bar are 
oriented towards the specimen corner (see Figure 1c) to favour a side-face splitting failure in 
the concrete block corner. The bond length is not fixed and should be designed to develop a 
mean bar stress of 435 MPa; with a cover/diameter ratio of 1.50 a splitting failure mode is 
expected in normal strength concrete. 

It should be noted that ASTM [20] recommends a similar beam end test, but with a different 
geometry, with a single bar placed in good casting position at the mid-face of the bottom side 
and larger concrete cover with respect to that proposed here. 

For a bar diameter of 16 mm, an anchorage length of 320 mm should be provided (lb=20 db) for 
a C25/30 concrete class. Plastic sleeves (bond breakers) are placed at both bar ends to control 
the position of the anchorage and to avoid a localized cone-type failure of the concrete at the 
loaded end of the specimen. Two transverse stirrups having a diameter of 6 mm are placed 
along the anchorage length with a spacing of 150 mm, corresponding to a stirrups index of 
confinement (ktr) [21] equal to 1.56%, as defined by Eq. (1):  
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Ktr = nt nst Ast / (nb db lb)          (1) 
where Ast is the area of the cross section of one leg [mm2]; nst the total number of confining 
stirrups within the anchorage/lap length; nt the number of legs of a stirrup crossing the potential 
splitting failure surface; nb is the number of anchored bars or pairs of lapped bars; db is the 
diameter of the smaller of a pair of lapped bars [mm] and lb is the lap/anchorage length [mm]. 

It should be noted that the transverse reinforcement crosses the potential splitting surface with 
an inclination of 45°, as shown in Figure 1c. Specimens should be cured in standard conditions 
(T=20°C and RH>95%) until the time of test. 

 

(a) (b) (c) (d) 

  
 

Figure 1: Beam end test specimen 
 

In the Table 1, all the geometrical and mechanical properties of the specimens are summarized 
along with the maximum stress developed in the bar (fstm) calculated with MC2010 semi-
empirical equation (Eq. 2) by assuming a mean concrete strength fcm of 33 MPa. The maximum 
stress developed in the bar (fstm) is calculated for a stirrups index of confinement Ktr of 1.56% 
and 3.12%, corresponding to two and four stirrups set along an anchorage length of 20 db. 

𝑓𝑓𝑠𝑠𝑠𝑠𝑠𝑠 = 54 �𝑓𝑓𝑐𝑐𝑐𝑐
25
�
0.25

�25
𝑑𝑑𝑏𝑏
�
0.20

�𝑙𝑙𝑏𝑏
𝑑𝑑𝑏𝑏
�
0.55

[𝛼𝛼2 + 𝑘𝑘𝑠𝑠 𝐾𝐾𝑠𝑠𝑡𝑡]    (2) 

In Eq. (2), the maximum bar stress fstm developed by the anchored bar may benefit from the 
confinement contributions of concrete cover and transverse reinforcement as expressed by 
α2=[(cmin/db)0.25 (cmin/cmax)0.10] and by Ktr, where km is the effectiveness factor of confining 
reinforcement which depends on bar arrangements, varying between 12 and 0 [21], cmax and 
cmin are the largest and the smallest of: i) one-half the clear spacing between lapped bars (cs), 
ii) bottom cover (cy) and iii) side cover (cx), respectively (Fig. 1a). It should be noted that Eq. (2) 
may be used to determine the anchorage length if a different concrete class, concrete cover or 
transverse reinforcement are assumed. 
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Table 1: Geometrical and mechanical properties of the tested anchorage 
fcm lb/db cx cy cs /2 cmin cmax α2 dsw nt nb nst Ktr k fstm 𝑓𝑓𝑠𝑠𝑠𝑠𝑠𝑠 𝑓𝑓𝑦𝑦𝑠𝑠⁄  

[MPa] [-] [mm] [mm] [mm] [mm] [mm] 
 

[mm] [-] [-] [-] [%] [-] [MPa] [-] 

33 20 34 34 34 34 34 1.21 6 2 1 2 1.56 12 458 0.87 

33 20 34 34 34 34 34 1.21 6 2 1 4 3.12 12 520 0.99 

cx, cy: side and vertical concrete cover; cs: spacing of lapped bars; α2: confinement coefficient provided by concrete cover 
(as expressed by MC2010); dsw: stirrup diameter; nt, nb, nst: number of transversal legs, lapped bars and transversal 
reinforcement; Ktr: stirrup index of confinement; fstm: bar stress in the lap estimated with Eq. 2; fym = 526 MPa. 

 

2.1 Test set up 

A sketch of a suitable test set up is shown in Figure 3. The top bar is pulled at one end by a 
hydraulic jack while a bottom restrain prevents any longitudinal translation of the concrete 
block. The reacting bench is a self-balanced frame consisting of two L-shaped rigid steel 
profiles simply supported by the floor. The steel bench should be designed to prevent any 
yielding of its components and its should be sufficient rigid to ensure that the applied load 
remains parallel to the bar axis during testing. Two vertical ties connected by a transverse rigid 
steel beam and placed at the back of the specimen avoid any rotation. The test set up is 
representative of an anchorage near to the beam support without any confinement provided by 
transverse pressure of the reaction at the support since it acts outside the anchoring length. 

(a) 

(b) 
Figure 2: test set up: plan view (a) and side elevation (b) 

 

The loading system should be capable of measuring the applied tensile load to an accuracy of 
+/-2% of the applied force monitored by a load cell placed between the hydraulic jack and the 
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reacting steel bench (Fig. 2). Compressive bottom portion of the specimen should be not greater 
than 100 mm (1/4 of the specimen depth). Displacements of the loaded end of the longitudinal 
bar are measured by two linear variable differential transformers (LVDTs) having an accuracy 
of 0.001 mm (Fig. 2b) and are to be adjusted to take account of the deformation of the bar 
between the end of the bond length and the point of attachment of the gauges. One LVDT placed 
at the free end of the bar measures the unloaded end-slip. 

2.2 Test procedure and interpretation of test results 

Performance of the bar would be assessed against several measures, namely: peak bar stress 
(fs,ex), bar stress at loaded end slip δL,0.05 of 0.05 mm (relevant to crack width, tension stiffening 
and beam deflection), free end slip δU,max at peak load, stress at unloaded end slip δuL,0.02 of 
0.02 mm (related to anchorage stiffness); curves of force or stress (fs) vs. free end slip (δU) 
relations are also provided. The development of side and face splitting crack width (ws and wf, 
respectively) shall be also checked both on the side surface and in top surface of the specimen. 

3 EXPERIMENTAL PROGRAM 

3.1 Material properties and experimental programme 

To assess the reliability of the proposed standard bond test, an experimental campaign was 
undertaken at the University of Brescia. The behaviour of anchorages of ribbed bars having a 
diameter of 16 mm and a length lb=20 db was investigated both in fiber reinforced concrete 
(FRC) and in recycled aggregate concrete (RAC). The tests results are compared with those of 
companion specimens in conventional concrete (PC) having similar strength and composition. 
The test programme comprises four series consisting of three samples each realized following 
the provisions described in the previous section. In the fourth series with RAC, transverse 
reinforcement was doubled to allow the anchorage to reach a maximum bar stress equal to the 
yield strength of about 520 MPa (Table 1). 

Steel grade B500C (in accordance with EN 10080 [16]) was used for rebars, having a relative 
rib area fr=0.079 and mean yield strength fym=526 MPa. The same mix design was used for 
the reference plain concrete (PC) and fiber reinforced concrete mixtures (Table 1), both with a 
target concrete class of C25/30. The concrete was supplied by a local-ready-mix company. 
Hooked-end steel fibers (Lf=60 mm, df=0.40 mm with a tensile strength of 1200 MPa) were 
used with a volume fraction of 0.5% (corresponding to about 40 kg/m3). Plain concrete had a 
slump of 220 mm while FRC had a lower slump of 170 mm (measured according to EN 
12350-2 [22]), because of the addition of fibers. Six standard 150 mm cube control specimens 
were used for each mixture to evaluate the concrete compressive strength. Cubes were cured 
in the laboratory until testing of the beams. At the time of the bond tests, the plain concrete 
and FRC specimens had an average cube compressive strength (fcm,cube,ex) of about 36 MPa. 
Based on the MC2010 classification (section 5.6.2 [21]), the fiber reinforced concrete was 
class 5c. 

The Recycled Aggregate Concrete was supplied by a ready-mix company with a C25/30 
target class. In RAC mix design the water-cement ratio was 0.52 and 25% of natural coarse 
aggregate was replaced by recycled aggregate having a diameter between 8 and 22 mm 
(Table 2). Recycled aggregate was obtained from blast furnace slags, whose density varies 
between 3100 and 3250 Kg/m3. At the time of the bond tests, the RAC had an average 
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compressive cube strength (fcm,cube,ex) of about 40 MPa (determined on 20 cube specimens). 
The slump of RAC was 170 mm (S4 workability class). 

Table 2. Mixture proportions of FRC and RAC 
Plain or Fiber reinforced Concrete (FRC) Recycled Aggregate Concrete (RAC) 

Cement content CEM I-32-5R [kg/m3] 320 Cement content CEM 32.5 II/B-LL  [kg/m3] 320 

Water [l/m3] 155 Water [l/m3] 165 

Water/cement ratio [-] 0.48 Water/cement ratio [-] 0.52 

Sand (0/2 mm) [kg/m3] 183 Sand (0/2 mm) [kg/m3] 204 

Sand (0/6 mm) [kg/m3] 568 Sand (2/6 mm) [kg/m3] 593 

Coarse aggregate (6/14mm) [kg/m3] 906 Coarse aggregate (6/20mm) [kg/m3] 473 

Gravel (15/30) [kg/m3] 224 Gravel (20/32) [kg/m3] 226 

Max. aggregate dimension [mm] 22.4 Max. aggregate dimension [mm] 32 

Fibers [kg/m3] 40 Recycled aggregate (8/22mm) [kg/m3] 510 

Vf [%] 0.5 - [%] - 

Superplasticizer [l/m3] 6.0 Superplasticizer [l/m3] 5.0 

 

3.2 Interpretation of test results 

The main experimental results are listed in Table 3 where maximum load (Pu), maximum bar 
stress (fs,ex), maximum unloaded end slip (δUL,max), bar stress at a loaded end slip of 0.05 mm 
(fs,δL0.05) and at free end slip of 0.02 mm (fs, δUL0.02) are reported for each specimen of the four 
series. Figure 3 shows the comparison of the bar stress (fs,ex) versus unloaded-end slip (δUL) 
curves between top and bottom anchorages for each series. The curves clearly show higher bar 
stresses and a stiffer behaviour of bars in bottom location. None of the specimens showed any 
descending post peak behaviour, confirming the brittle behaviour of anchorages with low 
confinement of transverse reinforcement and without transverse pressure. At the same time, it 
should be observed that top anchorages exploited larger unloaded end slip at peak load. This 
effect increases with the value of the stirrup index of confinement (ktr), as expected in Series 4 
(Fig. 4d) where the amount of confining transverse reinforcement, which was doubled with 
respect to the other series, allowed a better control of the propagation of the splitting cracks. 

As far as the failure mode is concerned, most of specimens failed because of the development 
of side-face splitting crack which quickly developed from the loaded end towards the free end 
(Fig. 5a). However, the anchorage in bottom location of PC_2 specimen and all bottom 
anchorages in RAC of Series 4, presented a mixed failure mode with both a concrete cone at 
the loaded end and longitudinal splitting cracks (Fig. 5b). Finally, in the specimen FRC_1 the 
bottom anchored bar yielded. 
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Figure 3: test results; bar stress fs,ex vs. unloaded end slip δUL (in serie2 the unloaded end slip 
of FRC_2-bottom is missing for recording error)  

 

Effect on anchorage strength 

In order to compare the performance of the anchorages, the maximum nominal bar stress 
measured in the test (fs,ex) is normalized to the mean bar stress estimated by the MC2010 
formulation (Eq. 2); this allows to provide a better comparison between experimental results 
and code prediction as well as among specimens having different concrete strength and 
confinement from stirrups. The main test results along with the the Bond Strength ratio (BS= 
fs,ex/fstm) and the top cast ratio (expressed as the ratio between the maximum bar stress developed 
by a top bar with respect with that measured in the corresponding bottom cast one, TC=fs,ex

top / 
fs,ex

bot) are reported in Table 3. 

In Figure 6a the mean BS ratio is depicted for top and bottom bars of each series. For the bottom 
bars the BS ratio is about 0.85 both in plain concrete and in recycled aggregate concrete, while 
it is greater than 1 only in Series 2 concerning FRC specimens, thus confirming the beneficial 
effect of a limited content of fibres (0.5% in volume) to increase the anchorage strength. 
However, the BS ratio decreased to 0.67 and 0.5 for the top bars in PC and RAC, respectively. 
This result confirms the influence of bleeding and of plastic settlement of fresh concrete (casting 
position effect) on the anchorage strength of bars cast near the top of a pour. The casting 
position effect reduces the tensile strength of concrete cover of top bars [11, 12]. The mean top 
cast ratio (TC) of each series is plotted in the histogram of Figure 6b which provides clear 
evidence of the strength reduction for anchorages in top location with respect to the bottom one. 
The decrease of the anchorage resistance is about 20% both in PC and in FRC, while it is 40% 
in RAC. This higher strength reduction in RAC (with respect to that in PC) may be due to the 
density of recycled aggregates derived from blast furnace slags (BFS), 15% greater than that of 
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replaced natural gravel. This difference may lead to a slight segregation of concrete with most 
of BFS in the lower part of the specimen. This segregation favoured the bleeding of water which 
generated a more porous concrete, and thus with a lower tensile resistance, in the top portion of 
the element. This different strength was confirmed by two pull-out tests on concrete cover 
which provided a concrete strength of 33 MPa and 16 MPa, of the bottom and top cover of 
specimen RAC_1 (Fig. 6a). 

Table 3: test results (SP: splitting of concrete cover; C: cone failure; Y: bar yielding) 

 specimen Pu fs,ex δu,max fsδL,0.05 fsδUL,0.02 KU0,02 BS TC Failure 
mode [kN] [MPa] [mm] [MPa] [MPa] [MPa/mm] [-] [-] 

Se
rie

s 1
 –

 P
C

 
f cm

=3
0.

2 
M

Pa
; f

st
m
=4

48
 M

Pa
 

PC_1_top 54.1 269.0 0.09 81.04 247.9 12.4 0.60 0.73 SP 
PC_2_top 64.5 320.9 0.05 118.8 307.9 15.4 0.72 0.81 SP 
PC_3_top 63.8 317.1 0.11 182.1 279.9 14.0 0.71 0.84 SP 
mean value 60.8 302.3 0.08 127.3 278.6 13.9 0.67 0.79  
(cv) 10% 10% 36% 40% 11% 11% 10% 7%  
PC_1_bot 73.6 366.2 0.05 191.2 321.0 16.1 0.82 - SP 
PC_2_bot 80.1 398.2 0.07 230.8 382.8 19.1 0.89 - C-SP 
PC_3_bot 76.2 378.8 - 202.5 - - 0.85 . SP 
mean value 76.6 381.1 0.06 208.2 351.9 17.6 0.85   
(cv) 6% 4% 25% 10% 12% 12% 4%   

Se
rie

s 2
 -F

R
C

 
f cm

=3
0.

2 
M

Pa
; f

st
m
=4

48
 M

Pa
 

FRC_1_top 99.7 495.8 0.74 39.20 383.3 19.2 1.11 0.93 SP 
FRC_2_top 73.0 363.1 - - - - 0.81 0.92 SP 
FRC_3_top 69.0 343.2 0.59 158.8 269.4 13.5 0.77 0.67 SP 
mean value 80.6 400.7 0.67 99.0 326.3 16.3 0.89 0.84  
(cv) 21% 21% 15% 85% 25% 25% 21% 18%  
FRC_1_bot 107.1 532.8 0.37 83.3 517.8 25.9 1.19 - Y 
FRC_2_bot 79.4 394.8 0.54 28.8 362.0 18.1 0.88 - SP 
FRC_3_bot 103.4 514.2 - 224.2 - - 1.15 . SP 
mean value 96.6 480.6 0.45 112.1 439.9 22.0 1.07   
(cv) 16% 16% 26% 90% 25% 25% 16%   

Se
rie

s 3
 –

 R
A

C
 

f cm
=3

3.
2 

M
Pa

; f
st

m
=4

59
 M

Pa
 

RAC_1_top 50.8 252.6 0.20 144.3 214.0 10.7 0.55 0.62 SP 
RAC_2_top 50.5 251.3 0.06 86.6 248.0 12.4 0.55 0.61 SP 
RAC_3_top 39.4 195.9 0.16 75.6 162.0 8.1 0.43 0.56 SP 
mean value 46.9 233.3 0.14 102.2 208.0 10.4 0.51 0.59  
(cv) 14% 14% 50% 36% 21% 21% 14% 5%  
RAC_1_bot 82.5 410.5 0.09 261.3 408.2 20.4 0.89 - SP 
RAC_2_bot 82.7 411.5 0.06 152.3 408.0 20.4 0.90 - SP 
RAC_3_bot 70.7 351.6 0.03 88.4 332.8 16.6 0.77 . SP 
mean value 78.7 391.2 0.06 167.3 383.0 19.2 0.85  SP 
(cv) 9% 9% 45% 52% 11% 11% 9%   

Se
rie

s 4
 –

 R
A

C
 

f cm
=3

3.
2 

M
Pa

; f
st

m
=5

21
 M

Pa
 RAC_1_top 58.7 291.9 0.52 158.51 183.5 9.2 0.56 0.64 SP 

RAC_2_top 54.1 269.3 0.64 66 104.3 5.2 0.52 0.59 SP 
RAC_3_top 52.5 261.2 0.75 96.318 137.4 6.9 0.50 0.66 SP 
mean value 55.1 274.1 0.63 106.9 141.7 7.1 0.53 0.63  
(cv) 6% 6% 18% 44% 28% 28% 6% 6%  
RAC_1_bot 92.0 457.7 0.06 126.5 425.0 21.3 0.88 - C-SP 
RAC_2_bot 92.5 460.1 0.08 171.4 430.1 21.5 0.88 - C-SP 
RAC_3_bot 79.2 393.9 0.06 240.8 351.3 17.6 0.76 . C-SP 
mean value 87.9 437.2 0.07 179.6 402.1 20.1 0.84   
(cv) 9% 9% 13% 32% 11% 11% 9%   
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(a)  (b)  

Figure 4: Splitting failure (a) and mixed failure mode with concrete cone blowing off (b) 

 

This result suggests that the replacement of fine and course natural aggregate with BFS in RAC 
should be adequately proportioned to avoid any concrete segregation which negatively affects 
the resistance of anchorages in top location. 

Finally, it should be noted that the test results on TC effect are consistent with the factor 
ktc=0.5+0.1lb/db (=0.7 for lb/db=20) proposed in the draft MC2020, to be applied to the semi-
empirical formulation for the assessment of the maximum bar stress applied to the top 
anchorage in existing structures. 

The experimental campaign provides also useful results on the stiffness and on the brittleness 
of the anchorages in different concrete typologies, both in poor or good casting condition. In 
Figure 6b the maximum unloaded end slip (δUL,max) of the anchorages in top or in bottom 
location is plotted for each series. It should be observed a markedly less brittle behaviour of 
bars in top location, where the maximum end slip reaches a value close to 0.7 mm when 
transverse confinement is provided by steel fibres (Series 2) or by doubling the stirrups index 
of confinement (Series 4). The capability of steel fibres to control the anchorage failure can be 
observed also for anchorages in bottom location. since the maximum free end slip is five times 
greater than that of anchorages in plain concrete. 

 

  

(a) (b) 

Figure 5: test results: bond strength ratio BS (a) and top cast ratio TC (b). 
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Effect on anchorage stiffness 

Finally, the performance of anchorage behaviour at serviceability limit state (related to crack 
width control) can be expressed by the bar stress (fs,δL0.05) at a loaded end slip of 0.05 mm. To 
this aim, in Figure 7a the mean value of the bar stress of each series is plotted both for top and 
bottom location. First, it should be noted that the bar stress is never greater than 250 MPa, as 
required at SLS to better control structural durability. Furthermore, the top anchorages show a 
markedly softer behaviour (with a decrease between 32 and 41% of the stiffness) with respect 
to the bottom bars. However, the test results present a large scatter with a coefficient of variation 
even greater than 50%, because of the difficulty to control the bar rotation at the loaded end 
(Table 3). 

A more stable measurement of the anchorage stiffness can be provided by the bar stress 
(fs,δUL0.02) at an unloaded end slip of 0.02 mm which are characterized by a lower coefficient of 
variation (11% in Series 1, 3 and 4, and 28% in series 4). The secant stiffness KδUL,0.02 of the 
bar stress (fs,ex) versus slip (δUL) curve at an unloaded end slip of 0.02 mm is plotted in 
Figure 7b. It should be noted that the casting position also affects the anchorage stiffness of top 
bars with a decrease of 21% and 26% in PC and FRC, respectively, when compared to bottom 
ones. As already discussed for the anchorage strength, the stiffness reduction is greater in RAC 
(equal to 46% and 65% in Series 3 and 4, respectively) due to the segregation of blast furnace 
aggregates in RAC, which weakens the concrete properties in the top portion of the specimen. 
These results may support the assumption of a more uniform distribution of bond stress in top 
location, which may mitigate the casting position effect in long anchorages/laps [12]. 

  
(a) (b) 

Figure 6: test results: pull-out test on concrete cover (a) maximum uloaded end slip (b) 

  
(a) (b) 

Figure 7: anchorage stiffness: mean bar stress at a loaded end slip of 0.05 mm (a) anchorage 
stiffness evaluated at an unloaded end slip of 0.02 mm (b) 
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4 CONCLUDING REMARKS 

Aim of this paper is the proposal of a beam end test intended to verify that existing provisions 
for bond and anchorage in the fib Model Code may also be used for structural design when non-
conventional concretes or rebars are adopted (“performance classification”). The results of 24 
tests of long anchorages of steel ribbed bars in different types of concrete (PC, FRC and RAC) 
are presented. 

Based on the test results, the following remarks can be made: 

i) the proposed bond test is cost-effective with limited dimensions and easy handling; this test 
is capable to represent actual conditions of anchored bars in real design practice and it allows 
the casting position effect to be better investigated; 

ii) the addition of fibres leads to a significant increase in the anchorage strength with respect to 
plain concrete; 

iii)  anchorages having a length of 20 times the bar diameter show a strength reduction of about 
20% in top location with respect to the bottom one, both in conventional and in fiber 
reinforced concrete with a volume fraction of fibers of 0.5%. This result is consistent with 
design provisions of draft fib-MC2020 for anchorages/laps in poor bond condition. 

iv)  Anchorages in bottom location of RAC specimens show a resistance similar to that in 
conventional concrete. However, a greater top cast effect equal to 0.6 is observed in RAC, 
due the segregation of concrete with blast furnace slag. Further bond tests are needed in RAC 
with a different percentage of blast furnace aggregate, as a partial replacement of natural 
gravel in the concrete mixture. A new design of the RAC mix design would guarantee a more 
homogeneous mixture with controlled bleeding to limit the cast effect near to the top of the 
specimen. Otherwise, the current provisions of fib-Model Code on casting position cannot 
be applied to RAC. 
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ABSTRACT 

Conceived as a unique material, Reinforced Concrete (RC) is in fact the result of combining 
two distinct materials, joined by a third key-ingredient called bonding. Despite its importance, 
bonding is generally not considered into the practical modeling of RC structures due to the 
difficulties of meshing this region around each steel rebar - neither of them is often included… 
The RC-Enhanced Solid Element (RC-ESE) was developed to overcome these pitfalls, not only 
by simplifying the task of meshing, but also by introducing the capacity of simulating the three 
nonlinear behaviors in only one special finite element. Basically, the Enhanced Solid Element 
picks up some of the classical XFEM techniques as follows: a) the steel rebar -as well as the 
bonding- is positioned inside the element using a Level Set technique; b) the ESE’s nodes are 
enriched by adding new degrees of freedom which correspond to the rebar and bonding 
displacements; c) the number of integration points is increased (some for the steel and some for 
bonding) and located according to the position of the steel rebar. Concerning to the nonlinear 
material models for each component, the Enhanced Solid Element includes a classical damage 
formulation (Mazars model) for concrete; a standard plasticity model based on Von Mises 
criteria for steel; and a simplified version of the thermodynamics model for bonding developed 
by the authors. With respect to the finite element assembling, the ESE´s major advantage is the 
facility of adding the local stiffness matrix to the global matrix without affecting the standard 
built-in procedure. 

1  INTRODUCTION, 

Reinforced Concrete is one of the most important materials for construction of buildings, 
bridges, foundations, houses, etc. due to its shape adaptability and great performance for 
construction. However, RC has a highly nonlinear behavior (cracking in concrete, plasticity in 
steel rebars, or bonding deterioration) which complicates the prediction of any structural 
response. Even if there are a lot of experimental studies focused in improving the knowledge 
of RC, some official codes have adopted different simplifications to make easy the construction 
and design of this kind of structures. The Finite Element Method has improved the numerical 
analysis of reinforced concrete, but even now it is still very difficult to build a detailed mesh 
where concrete, rebars and bonding, are described with their different nonlinear material 
behavior. 
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The Enhanced Element that we present in this work can reproduce each nonlinear behavior of 
the main components (concrete, steel rebar and bonding) as well as their corresponding 
deformations -which is the cause of degradation of bonding. Among the other advantages it can 
mentioned a better distribution of stresses inside the concrete body; a realistic location of the 
steel rebar; better prediction of cracking because of bonding deterioration, etcetera. 

2 FORMULATION OF THE ENHANCED SOLID ELEMENT 

Developed by [1], XFEM is a finite element methodology focused in studying the development 
and growing of any discontinuity inside of a standard element, where the discontinuous 
displacement field is introduced as an enrichment of the nodal degrees of freedom (Principle of 
Partition of Unity) and the respective shape functions. Inspired on the same XFEM principle, 
in this proposal the nodal degrees of freedom of elements are enhanced substituting the steel 
rebar. Using another technique called level set method, the geometrical position of the rebar 
can be estimated as embedded into the mesh [2]. By the way, the functions of interpolation for 
each material (concrete, steel rebar and bonding), are calculated over each sub-domain, using 
their derivatives to build the stiffness matrix of each component. Finally, the whole element 
stiffness matrix is completely assembled. The hypotheses of the ESE are: 

 All external forces are applied exclusively on the concrete boundary. 
 All volumetric forces corresponding to bonding and steel rebar are negligible. 
 For material behavior models, we will adopt: 

a. for concrete, the local damage model developed by Mazars [3] 
b. for steel, a classical elastoplastic model; and 
c. for bonding, a thermodynamics damage model developed by Dominguez [4]. 

In the Enhanced Solid Element, it is not necessary to locate the exact rebar position. The 
position is determined by the set of coordinates of the rebar edges into a region of Enhanced 
Solid Elements (see figure 1). By using the Level Set Method, we verify which elements are 
completely cut by the rebar, enriching all their nodes with additional degrees of freedom. 

 

 

Figure 1: Formulation of the Enhanced Solid Element 
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Looking at the same figure, we can see the internal configuration of the Enhanced Solid Element 
for a bidimensional formulation: it is a 4-node bilinear quadrilateral element with 2 nodes 
enriched with 2 additional degrees of freedom for node (12 total DOF for element). In the other 
hand, the enriched shape functions are the classical shape functions affected by a particular 
function of discontinuity: Heaviside, distance function, sign function, etc. These shape 
functions are built independently for each sub-domain. In figure 2, we can identify the three 
sub-domains that constitutes the Enhanced Solid Element.  

 

Figure 2: Construction of the shape functions of the Enhanced Solid Element 

 

For concrete and bonding sub-domains, the bilinear shape functions are like those of a classical 
4-nodes quadrilateral element: 

 
 (1) 

 

Being ξ and η the natural coordinates; a=1,...,4, the node numbers; and ξa, ηa the coordinates 
of node a in the space of ξ. Concerning to the bonding sub-domain, nodes 3 and 4 are identified 
as nodes 1’ and 2’, even if they are placed on the same geometrical location as the nodes 1 and 
2 of the concrete region (see figure 2). Taking the same idea as it was used for a width-zero 
interface element [4], we will introduce a parameter called hpen which allows to build the shape 
functions and their derivatives for the bonding region. 

2.1 Numerical implementation  

For numerical integration, we will implement three groups of points of Gauss distributed in the 
different sub-domains, according to figure \ref{fig08}. 
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Figure 3: Numerical integration (Gauss points) of the Enhanced Solid Element 

 

For our case, we can establish the stiffness equation of the ESE as follows: 

 

  

(2) 

 

Analyzing each domain, the internal forces on each node {\it{"j"}} belonging to ESE  

will be calculated as follows: 

 

  

(3) 

 

 

  

(4) 

 

 

  

(5) 

 

Last expressions for bonding and steel apply exclusively to the enriched CBS nodes of ESE. 
The sub-matrix and vectors which constitute the discrete system are defined as: 
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(6) 

 

 

  

(7) 

 

 

  

(8) 

 

For the external forces, we consider only for those applied into the concrete boundary: 

 

 (9) 

3 NUMERICAL VALIDATION THROUGH THE SIM 

A RC tie is a simple structure which is widely used for studying experimentally cracking in 
concrete provocated for the stress transference from the rebar to the concrete body, taking 
account of bonding deterioration [5,6]. For numerical validation, we simulate a tie where 
concrete, steel and bonding have only elastic behaviors. Its dimensions are: 550 mm of length, 
300 mm of height, one unit of depth; the steel rebar has a diameter of 8 mm (see figure 4). The 
traction forces as well as the restrained displacements are applied exclusively on the concrete 
boundary without any contact on steel rebar. In which concerns to materials, we have chosen 
for an ordinary concrete a Young modulus of 3.41x104 MPa and a Poisson coefficient of 0.2; 
for the steel rebar, a Young modulus of 2.1x105 MPa and a Poisson coefficient of 0.3, with a 
transversal section of 50 mm2. For bonding (used with joint elements and ESE), we asigned an 
elastic behavior with a Young modulus of 2.1x105 MPa and a Poisson coefficient of 0.3; the 
parameter hpen has been calculated as it is explained in [4] having a value of 0.64 mm. 

 

Figure 4: Reinforced Concrete tie used for simulations 
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The first numerical simulation is solved as a plane strain problem with classical model based 
on standard 4-node quadrilateral elements for concrete (elements 1 to 66) and axial truss 
elements for steel rebar (elements 67 to 73). Rebar nodes are connected directly to the concrete 
nodes without any interface element (see figure 5a). The second model contains non-width joint 
elements linking the concrete nodes and steel rebar nodes (corresponding to element numbers 
74 to 80, in figure 5b). In the third model, we have identified the region where the rebar will be 
placed, and we have chosen a band of elements to be enriched. The rest of the elements will be 
modelled as standard 4-node quadrilateral elements. To locate geometrically the rebar respect 
to the mesh, it is only necessary to specify the coordinates of the rebar edges, and thanks to the 
"level set method", each element determines if it is or not concerned by the steel rebar. Looking 
at figure 10c, we can appreciate that, even if the enriched region concerns to the band of 
elements 34 to 44, only elements 35 to 43 will be actived during calculations. 

 

Figure 5: Reinforced Concrete tie used for simulations 

 

Applying an imposed traction force of 1 KN and comparing the results obtained from the three 
simulations, we can appreciate that all of them gives the same global relationship Force vs. 
Displacement (see figure 6). In the same way, a comparison of stress and displacement 
distributions, allows to appreciate that the three configurations are practically the same.  

 

Figure 6: Reinforced Concrete tie used for simulations 
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4 CONCLUSION 

In this work, a new finite element called the Enhanced Solid Element is presented and 
specifically adapted for Reinforced Concrete structures. By enhancing the number of degrees 
of freedom of the nodes concerned by the steel rebar and bond, we reproduce the nonlinear 
behavior of each concerned material, as well as their respective kinematics. It is possible to 
evaluate bonding deterioration thanks to the capacity of reproducing any displacement 
incompatibility between concrete and steel rebar. The calculations with the ESE formulation 
shows robustness and numerical stability. Finally, we must highlight the main potentiality of 
the Enhanced Solid Element: the ease of use for simulating rebars and bonding inside a complex 
concrete structure taking account of their nonlinear behavior. 
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ABSTRACT 

Reinforced Concrete (RC) has been the most used material for construction of many buildings 
and facilities: however, it can be damaged by external loading or for weather effects, reducing 
the bearing capacity of the affected structural element. A typical solution of reinforcement 
consists in adding an external coat bonded to the outer surface of the damaged element, using 
chemical adhesives, mechanical anchor bolts or simply mortar injection: over-coating is a very 
common constructive practice of Civil Engineering, but despite the easiness of this customary 
procedure, the standard engineering methods to estimate the real capacity of this reinforced 
element remain very approximated and clumsy. Conversely, a detailed numerical simulation of 
this kind of reinforcement is still complicated, due to the difficulties of modelling the 
attachment and detachment of a flexible membrane bonded to a quasi-rigid solid. In this work, 
we propose the formulation of a new 2D interface finite element for bonding and detaching, 
capable to deal with the problem of delamination between a solid body and a flexible thin layer, 
which acts as the “skin” of the body. Bearing in mind that a solid body can be modelled with a 
classical standard quadrilateral four-nodes element (QUAD4), while the flexible coat layer can 
be represented by a cubic beam element, it will be necessary to implement an interface element 
between them with its own behavior law, able to deal with both finite element formulations as 
a transitional region -before and after delamination-. The solid-layer element is intended to 
solve the incompatibility of degrees-of-freedom between a solid (two translational DOF by 
node) and a beam (with a third rotational DOF), simplifying the mesh construction of a repaired 
RC element, avoiding the use of tiny solid elements to represent the coat, improving the real 
flexibility of the coat as well in case to be detached from the solid. 

1  INTRODUCTION 

Reinforced Concrete (RC) has been the most used material to construct a large number of 
buildings and facilities, since its invention in the XIXth Century, promoting the economic and 
social development of many countries. Unfortunately, Reinforced Concrete's integrity is 
susceptible to suffer long-term alterations, either by the local weather's effects (corrosion of 
steel) or by the unexpected mechanical effects of extreme hazards (cracking in concrete after 
an earthquake), making necessary to repair it promptly to recover the loading capacity of the 
affected RC element [1]. There are also some other reasons to strengthen existing RC structures 
such as the refurbishing of an old building by a land-use change or the transformation of a 
conventional building in a new Resilient Critical Structure, as it is foreseen in the framework 
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of the new Resilience-Based Design, whose philosophy is to preserve the functionality of 
critical buildings and facilities after any natural hazard occurs [2]. In either case, adding a new 
coat over the lateral surface of a RC element has been an excellent solution in terms of 
construction practices, abating time and procedure's complexity. Likewise, the over-coating can 
be performed with steel plates, fiberglass or any other material, bonded to the outer element 
faces through the use of chemical adhesives, mechanical anchor bolts or simply mortar injection 
[3, 4]. Once installed, coating must provide confinement, control of cracking and a quick 
increase of RC resistance, based on the assumption that both materials (the existing one and the 
new one) are working well together. However, the success of the reinforcement relies on several 
mechanical aspects, like the ability of the bonding to transfer the internal efforts between the 
coat and the existing RC element; the suppression of sliding and decohesion between both 
surfaces; the harnessing of the combined bearing capacity; etc. Due to these difficulties, most 
of the standard structural design codes prefer to recommend the use of simplified equations to 
estimate the bearing capacity of a strengthened RC element [5]. However, these simplified 
equations become inefficient for some cases as evaluating the real capacity of a damaged mixed 
structure after the occurrence of an earthquake. 

1.1 Physical description of the delamination phenomenon. 

Taking as starting point that the bearing capacity of a coated RC element relies on the 
delamination's progression, we can formulate the following hypothesis: the behavior of the 
whole assembly mainly depends on the delamination mechanism's state and not only on each 
component's material behavior, being a function of the severity of bonding's damage. Moreover, 
we can identify at least four phases during the progression of the delamination's phenomena: 

Phase 1 Bonding between RC element and the coat is perfect, so there is no additional strain 
energy at the interface. Therefore, the coat adopts the same configuration of the solid 
without any decohesion or sliding. Nevertheless, at the very beginning of the process, 
one of these three configurations can be adopted by the assembly: 
a) The solid is very rigid and cannot develop any rotation on its surface, preventing

any rotation on the coat.
b) The solid is very flexible, and its surface can rotate as well as the coat, which

remains attached to the solid.
c) The solid is very flexible, but the coat is much stiffer, so the solid adopts the coat

configuration.
Phase 2 Bonding between RC element and the coat can develop a pseudo- material elastic 

behavior, allowing small sliding or decohesion. The bonding interface plays a role in 
the total strain energy of the assembly. 

Phase 3 As a certain yield point is reached at bonding, the coat could be partially detached 
from the rigid solid in some points, but it is still connected in other regions, some of 
them perfectly bonded. The coat might develop large rotations in some separated 
regions. 

Phase 4 The coat is detached from the rigid solid in large regions, as soon as a pseudo-
coalescence phenomenon occurs in different bonded points. 
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2 MATHEMATICAL FORMULATION OF THE SOLID-LAYER ELEMENT 

2.1 Underlying Assumptions. 

The aim of the 2D solid-layer element introduced in this work, is to deal with the different 
kinematics and nonlinear behavior of the three components (rigid reinforced concrete (RC), 
flexible coating and transitional bonding), evolving according to the state of the delamination 
phases described previously. The 2D solid-layer element (or skin-element as we called) is the 
combination of three finite element formulations: a classical four-node quadrilateral element, a 
Hermitian beam element and an interface element intended to solve the incompatibility of 
Degrees-of-Freedom between the solid formulation (two translational DOF by node) and the 
beam formulation (with a third rotational DOF), avoiding the use of very tiny quadrilateral 
elements to represent the coat, improving its real behavior in case to be detached from the solid. 
The “skin element” should reproduce these different responses during delamination process. 
For this very first approach, the skin element is still limited to reproduce only three phases (see 
Figure 1): 

• “Phase 1: perfect bonding”, considering two different body-coat relationships: rigid-
body/flexible-coat and flexible-body/flexible-coat).  

• “Phase 2: elastic threshold delamination”, defined by a simple yield point criterion. 
• “Phase 3: partial detachment”, simulating detachment in some points of the mesh, as it is 

described later in the following sections. 

Concerning the practical construction of a mesh based on the "skin element", it can be 
incorporated to the set of standard finite elements as a region of enhanced finite elements (see 
Figure 2). 

   
(a) Phase 1: Mesh of solid-layer 

elements with the coat fully 
attached. 

(b) Phase 2: Activation of the 
interface region to simulate coat's 
partial detachment from the solid 

element. 

(c) Phase 3: Coating freely 
detached from the solid element. 

Figure 1: The three phases of the solid-layer element to reproduce joining and detachment of 
a flexible coat from a solid body, controlled by an internal interface element. 

 

Figure 2: Mesh construction coupling standard finite elements with solid-layer elements. 
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3 NUMERICAL IMPLEMENTATION OF THE 2D SOLID-LAYER ELEMENT 

3.1 Numerical development based on a shape function`s enhancement. 

For our purpose, the solid-layer element can be understood as a 2D enhanced-finite-element 
whose domain can be expressed as the assembling of three distinct sub-domains: 

Ω𝑒𝑒 = Ω𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠 ∪ Ω𝑏𝑏𝑠𝑠𝑏𝑏𝑠𝑠 ∪ Ω𝑐𝑐𝑠𝑠𝑐𝑐𝑐𝑐 (1) 

where Ω𝑒𝑒 is the enhanced-finite-element domain, Ω𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠 is the solid domain, Ω𝑏𝑏𝑠𝑠𝑏𝑏𝑠𝑠 is the 
bonding or interface domain, and Ω𝑐𝑐𝑠𝑠𝑐𝑐𝑐𝑐 corresponds the coat domain. In terms of the global 
finite element formulation, the set of the standard shape functions corresponding to the classical 
elements is enhanced with the supplementary shape functions of the solid-layer element, as it 
is expressed in equation (2): 

𝑢𝑢ℎ(𝑥𝑥) = �𝑁𝑁𝐼𝐼(𝑥𝑥)𝑢𝑢𝐼𝐼
𝐼𝐼∈𝒩𝒩

+ � 𝑁𝑁𝐽𝐽(𝑥𝑥)𝑎𝑎𝐽𝐽
𝐽𝐽∈𝒩𝒩𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠

 (2) 

where 𝒩𝒩 is the set of all standard nodes with classical continuum approximation while 𝒩𝒩𝑠𝑠𝑠𝑠𝑠𝑠𝑏𝑏 
is the set of enhanced nodes with special functions associated to the solid-layer element. In 
other words, the 2D solid-layer element is based on the union of a classical four-nodes 
quadrilateral element with two translational Degree-Of-Freedom in each node; a two-node 
Bernoulli beam element with three Degree-Of-Freedom in each node (two translational DOF 
and one rotational DOF); and a pseudo four-nodes interface element, coupling the beam nodes 
to the solid nodes as it is shown in Figure 3. The enhanced element will have a total of 14 DOF, 
with their respective number of integration points for each sub-domain [6]. 

 
Figure 3: Internal composition of the solid-layer element including three subdomains (solid, 

bonding and coat) with the nodal distribution of Degrees-Of-Freedom. 
 

The formulation of the displacement field of the enriched solid-layer element can be written as 
follows: 

𝐮𝐮ℎ(𝑥𝑥) = �𝑁𝑁𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠(𝑥𝑥) ∙
4

𝑠𝑠=1

𝐮𝐮𝒊𝒊 + ��𝑁𝑁𝑠𝑠𝑏𝑏𝑠𝑠𝑏𝑏𝑠𝑠(𝑥𝑥) ∙ 𝐮𝐮𝒊𝒊

2

𝑠𝑠=1

+ �𝑁𝑁𝑠𝑠𝑏𝑏𝑠𝑠𝑏𝑏𝑠𝑠(𝑥𝑥) ∙ 𝛂𝛂𝒊𝒊

4

𝑠𝑠=3

�+ �𝑁𝑁𝑠𝑠𝑐𝑐𝑠𝑠𝑐𝑐𝑐𝑐(𝑥𝑥) ∙ 𝛂𝛂𝒊𝒊

2

𝑠𝑠=1

 (3) 

In the last expression, 𝐮𝐮𝒊𝒊 is the set of nodal displacements associated to the continuous part of 
the solid elements, while 𝛂𝛂𝒊𝒊 corresponds to the set of degrees of freedom belonging to the 
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coating, representing the total displacement of the skin when this one is liberated. In the other 
hand, 𝑁𝑁𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠 are the standard bilinear shape functions for the domain Ω𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠𝑠; 𝑁𝑁𝑠𝑠𝑏𝑏𝑠𝑠𝑏𝑏𝑠𝑠 are the 
special shape functions for the domain Ω𝑏𝑏𝑠𝑠𝑏𝑏𝑠𝑠; and 𝑁𝑁𝑠𝑠𝑐𝑐𝑠𝑠𝑐𝑐𝑐𝑐 are the standard Hermite shape 
functions for the domain Ω𝑐𝑐𝑠𝑠𝑐𝑐𝑐𝑐. 

3.2 Description of the Shape Functions. 

The construction of the shape functions is done for each sub-domain on the space of the natural 
coordinates, being independents between each one. For the solid body with two DOF's for node, 
we use the classical shape functions for a standard four-node quadrilateral element; for the coat, 
which is modeled as a beam element with three DOF per node, the shape functions are 
formulated using Lagrangian shape functions for axial (𝒖𝒖𝒙𝒙) displacement and Hermite cubic 
shape functions for translational (𝒖𝒖𝒚𝒚) and rotational (𝜃𝜃) displacements. 

Concerning to the bonding region, this one is formulated as a very thin four-node quadrilateral 
element where three linear sides are combined with a curved side connected to the coat: this 
side will reproduce the displacement and rotation's coat. The three sides are interpolated by 
using a classical Lagrangian shape function, while the curved side is interpolated with the 
Hermitian cubic shape functions. The two nodes attached to the solid body conserve two DOF 
per node, while the nodes attached to the coat will have three DOF per node, in order to ensure 
the compatibility between the solid body and the coat, obtain a set of six shape functions (Figure 
4) as it is shown in equations (4) considering 10 DOF's. 

N1
𝑏𝑏 =

1
4
∙ (1 − 𝜉𝜉) ∙ (1 − 𝜂𝜂) N2

𝑏𝑏 =
1
4
∙ (1 + 𝜉𝜉) ∙ (1 − 𝜂𝜂) (4) 

N3𝑢𝑢
𝑏𝑏 =

1
8
∙ (2 + 3𝜉𝜉 − 𝜉𝜉3) ∙ (1 + 𝜂𝜂) N4𝑢𝑢

𝑏𝑏 =
1
8
∙ (2 − 3𝜉𝜉 + 𝜉𝜉3) ∙ (1 + 𝜂𝜂)  

N3𝜃𝜃
𝑏𝑏 =

1
8
∙ (−1 − 𝜉𝜉 + 𝜉𝜉2 + 𝜉𝜉3) ∙ (1 + 𝜂𝜂) N4𝜃𝜃

𝑏𝑏 =
1
8
∙ (1 − 𝜉𝜉 − 𝜉𝜉2 + 𝜉𝜉3) ∙ (1 + 𝜂𝜂)  

 
(a) Node 1 

 
(b) Node 3 

 
(c) Node 3 

 
(d) Node 2 

 
(e) Node 4 

 
(f) Node 4 

Figure 4: Graphic representation of translational and rotational shape functions for bonding. 
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3.3 Construction of the solid-layer stiffness matrix. 

In comparison to the classical 8 x 8 stiffness matrix of a standard QUAD4 element (see Figure 
5-a), the stiffness matrix of the solid-layer element is the result of assembling three elementary 
arrays: the standard array of a QUAD4 element, the Hermitian array of a 2-node beam, and the 
special local matrix of bonding. This array must include the coupling between the translational 
DOF of the solid and the translational/rotational DOF of the coat. Considering that 𝛼𝛼𝑠𝑠, 𝛽𝛽𝑠𝑠 and 
𝜃𝜃𝑠𝑠 conform the set of enhanced DOF describing coat's free configuration, it is possible to build 
a 14 x 14 stiffness matrix for the whole solid-layer element as it is shown in Figure 5-b. 

                  

(a) Standard QUAD4 stiffness matrix.      (b) Enhanced solid-layer stiffness matrix 

Figure 5: Comparison between a standard 8 x 8 stiffness matrix for a QUAD4 element and 
the enhanced 14 x 14 stiffness matrix for the solid-layer element. 

 

To ensure the compatibility between the rigid body (solid) and the flexible layer (coat), it was 
necessary to develop a special array in which the Lagrangian shape functions are coupled to the 
Hermitian functions, using the set of shape functions indicated in (16). 

3.4 Decohesion yield criterion based on a strain function. 

As explained throughout this document, cohesion's integrity is one of the most important key-
points in the control of the combined behavior of reinforced concrete and coat; nevertheless, it 
could be damaged or deteriorated over time. For this reason, different non-linear models have 
been developed to simulate gradual decohesion, some of them based on Damage Mechanics or 
Fracture Mechanics [7]. Nevertheless, these approaches can be very complex to implement into 
our very first finite element proposal so we will adopt a simple criterion to determine two states 
of cohesion: Rigid Cohesion (RC) / Full Decohesion (FD). Likewise, instead of using a jump 
criterion based on absolute displacements (see more details in [8]), we will use a simple 
criterion based on a strain yield function. In other words, when the bonding reaches certain 
normal strain on the perpendicular direction to the coat's surface, the coat will detach from the 
solid body. The decohesion strain function can be formulated as follows [10, 6]:  

𝜙𝜙(𝜀𝜀)𝑠𝑠𝑒𝑒𝑐𝑐𝑠𝑠ℎ𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑏𝑏 = 〈𝜀𝜀𝑏𝑏𝑠𝑠𝑏𝑏𝑠𝑠〉 − 𝜀𝜀𝑦𝑦 (5) 
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where 𝜙𝜙(𝜀𝜀)𝑠𝑠𝑒𝑒𝑐𝑐𝑠𝑠ℎ𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑏𝑏 is the decohesion function, 〈𝜀𝜀𝑏𝑏𝑠𝑠𝑏𝑏𝑠𝑠〉 is the normal traction strain evaluated 
on each bonded node (only if it is positive), while 𝜀𝜀𝑦𝑦 is a decohesion strain yield constant. 
Therefore, the decohesion criterion evaluated on each bonded node can be stated as: 

𝐶𝐶𝐶𝐶ℎ𝑒𝑒𝑒𝑒𝑒𝑒𝐶𝐶𝑒𝑒 𝑆𝑆𝑆𝑆𝑎𝑎𝑆𝑆𝑒𝑒 �𝑅𝑅𝐶𝐶  if  𝜙𝜙(𝜀𝜀)𝑠𝑠𝑒𝑒𝑐𝑐𝑠𝑠ℎ𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑏𝑏 ≤ 0 
𝐹𝐹𝐹𝐹  if  𝜙𝜙(𝜀𝜀)𝑠𝑠𝑒𝑒𝑐𝑐𝑠𝑠ℎ𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑏𝑏 ≥ 0   

In the last expression, only when 𝜙𝜙(𝜀𝜀)𝑠𝑠𝑒𝑒𝑐𝑐𝑠𝑠ℎ𝑒𝑒𝑠𝑠𝑠𝑠𝑠𝑠𝑏𝑏 exceeds zero, the coat will be fully detached 
from the concrete body. Figure 6 describes very well this criterion: while the bonded node 𝑁𝑁𝑠𝑠 
has not exceeded the strain limit, the bonded node 𝑁𝑁𝑗𝑗 has already been detached from the mesh 
and the coat moves freely with wide rotations. 

 

Figure 6: Rigid Cohesion (RC) vs. Full Decohesion (FD): Node 𝑁𝑁𝑠𝑠 is still attached to the 
concrete body, while Node 𝑁𝑁𝑗𝑗 is fully separated. 

4 NUMERICAL VALIDATION. 

4.1 Testing and validation of bonding formulation. 

The core of the solid-layer element is the bonding formulation. So, to validate it numerically, 
patch tests were performed on the bonding as a single element: (a) applying a traction force 
along the coat, (b) applying a moment in one coat's edge. The aim of these tests is to ensure that 
bonding transition reproduces the simultaneous translational displacement for the coat and 
concrete when they are fully attached. Traction tests reproduce same results of standard Quad4 
element, therefore only the applied moment test results are highlighted. One of the main 
properties of the bond element is the ability to accept moments on one of the faces and 
reproduce rotations; by apply a unitary moment on one of the nodes 3 or 4, we obtain nodal 
displacements on x and y axis and θ angle on these nodes. To exemplify the above, a unitary 
moment is applied on node 3, as can see in the vector of external forces. 

f𝑒𝑒𝑒𝑒𝑐𝑐 = [0 0 0 0 0 𝟏𝟏 0 0 𝟎𝟎]  

f𝑒𝑒𝑒𝑒𝑐𝑐 = [0 0 0 0 0 −𝟏𝟏 0 0 𝟎𝟎] (6) 

 
To solve the equation system K ∗ u = f, obtaining the results indicated below: 
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Table 1: Nodal Displacements on bond element by apply unitary moment on node 3. 
 (+) Moment apply on node 3 (-) Moment apply on node 3 

Node ux uy θz ux uy θz 
1 0.000 0.000 -- 0.000 0.000 --  
2 -0.0104 0.000 -- 0.0104 0.000 -- 
3 -0.0010 0.0001 0.0979 0.0010 -0.0001 -0.0979 
4 -0.0094 -0.0001 -0.0934 0.0094 0.0001 0.0934 

 

The displacements originated by positive and negative spins on node 3 are showed in Figure 7: 

    

(a) Displacement by positive spin (b) Displacement by negative spin 

Figure 7: Axial displacement on Bound element. 
 

4.2 Skin element test, assemblage of Solid, Bond and Coat elements. 

In this study, we present the development of the three phases of detachment on a simple 
cantilever beam: phase 1 for perfect bonding; phase 2 for partial debonding at yield point; and 
phase 3 for total debonding of the skin element. A cantilever concrete beam with elastic 
behavior is modeled as it is shown in Figure 8. 

 
Figure 8: Real problem of cantilever beam loaded. 

 

For this test, the next material and geometrical characteristics were used: for concrete, elasticity 
modulus E = 22,000 MPa and Poisson ratio v = 0.10 with a transversal area of 30 x 55 cm; for 
steel plate: an elasticity modulus E = 2.0*e5 MPa and thickness e = 1.3 cm. The length of the 
beam is 200 cm. 
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Solving the problem by using some analytical equations, we obtain the following results: the 
failure of the unreinforced concrete occurs when the allowable ultimate load reaches a value of 
23,821.80 N, with a deflection of δ = 0.069 cm; eventually, the load is increased in order to 
reach a positive strain criterion of ε= 0.001 on the nodes of coat/bond, indicating the end of the 
phase 1, starting phases 2 and 3 of debonding. By the way, in order to test the solid-layer 
element, we built a mixed mesh of 8 standard QUAD4 elements with 8 solid-layer elements, as 
it is shown in Figure 9. 

 
Figure 9: FEM Cantilever Beam to test Bond element. 

 
Four study cases are considered: 

• Unreinforced concrete beam solved with analytical method. 
• Unreinforced concrete beam solved with FEM whit Lag-Her Q4 elements. 
• Plate reinforced concrete beam solved with FEM whit Lag-Her Q4 elements.  
• Plate reinforced concrete beam solved with FEM whit Lag-Her Q4 elements and debonding 

activation. 
 
The aim of the first case is to deduce the maximum displacement at the edge of the cantilever 
beam using an analytical solution, to use it as a reference. At the same time, it allows to evaluate 
the elastic stiffness of the plane concrete beam without reinforcement. The second case tries to 
reproduce the analytical results using a standard mesh analyzed with the Finite Element 
Method. As attended, the FEM analysis shows a stiffer beam’s capacity, even if the second 
curve is very close to the first case’s curve. The third case represents a classical FEM simulation 
where the reinforcement or over coat is attached to the beam’s top face, without any possibility 
of decohesion: in this case, the stiffness of the combined beam (over coat and concrete) is 
greater than unreinforced concrete beam’s stiffness. In the third case (concrete beam reinforced 
with a covering steel plate) the maximum displacement diminishes, but this condition is only 
fulfilled if the perfect union between both materials is maintained.  

The fourth case intends to reproduce the damage of the bonding between the coat and the 
concrete, with the progressive detachment between them. As soon as a yield decohesion criteria 
is surpassed in a node, the detachment starts. For this case, node 36 -which is in the edge of the 
beam- is the first node where decohesion occurs, reducing the stiffness of the beam in a certain 
proportion. As soon as detachment progresses in nodes 32, 28, 24, 20, 16 and 12, the capacity 
of the beam “jumps” and reduces its stiffness, reaching the capacity curve of the unreinforced 
concrete beam. 
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A comparison of the structural capacity of the four cases is shown in Figure 10 while the 
numerical results are listed in table 2. 

 
Figure 10: Capacity curve for a cantilever beam’s four cases. 

 
Table 2: Maximum displacement calculated on the four study cases 

Case Analytical FEM Conc. FEM C+P FEM C+P+B 
Displacement 0.06942 0.06667 0.03556 0.06963 

 

It is possible to simulate the decohesion phenomenon in the beam by activating the bond 
formulation inside the solid-layer element, controlled by the strain criterion through slight 
sliding on displacement path [9]. Looking at the standard Quad-4 concrete elements into the 
fourth case, the value of their displacements become closer to those obtained in the analytical 
solution for the first cases, without any plate reinforcement. 

5 CONCLUSION 

The solid-layer element (or skin element) can be useful to describe the phenomenon of 
delamination between concrete and overcoating reinforcement by characterizing the Solid 
element, the Coat and a Bonding element that is capable to characterize the adhesive interface 
matrix that joins them. By this moment, the solid-layer element can reproduce only phases 1,2 
and 3. Another aspect of the solid-layer element to highlight is its ability to reproduce rotations 
on one face of a solid element. The solid-layer element allows us to calculate not only the 
translational displacements, but also the spin and curvature on one side of the element, caused 
by external forces/moments solicitations. Namely, this proposal aims to provide of a special 
finite element which serves as an interface between a solid with small deformations and a skin 
with large rotations. 
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ABSTRACT 

The nonlinear finite element method (NLFEM) for RC composes of two major computational 
tasks; (1) stiffness estimation of finite-elements, and (2) solving simultaneous linear equations 
(SLE). The former computes the stiffness of each finite element regardless mutual stress 
interactions while the latter solves global interactions of stresses and strains. The latter task 
used to be much heavier than the former. However, the computational time for the latter is now 
drastically reduced by effective sparse matrix solvers while time for the former is progressively 
elongated because of complicated constitutive material models for the RC. One of possible 
measurements is parallelism incorporated with Discrete-Like Crack Method (DLCM) 
developed by the authors. The DCLM partially considers the stress interaction between the 
finite elements by bond redistributions and enables rational stiffness estimation without 
employing excessively fine mesh division, allowing a relatively coarse mesh division that 
reduces the load for the SLE. The DLCM is classified into (a) stress release procedure by bond 
redistribution along reinforcements through finite elements, and (b) stress concentrating 
procedure for crack propagations. The old version of DLCM mixed the two procedures in a 
single iteration loop, which cannot be parallelized. The new DLCM herein presented separates 
the procedures into several loops, which have high affinity for parallelism. Example analyses 
presented in this paper indicate that the new DLCM is effective especially in large-scale 
analysis such like a 50-story building model of approximately 1.4 million degrees of freedom. 

1 INTRODUCTION 

The concept of performance-oriented design has widely been spread for decades and now 
prediction of local damage such like visible and touchable cracks by human eyes and hands is 
strongly demanded as well as that of overall behavior under internal forces like shrinkage or 
external violations like seismic vibration. The authors have developed Discrete-Like Crack 
Model (DLCM, Sato and Naganuma [1]) as an attempt to answer these demands. The DLCM 
considers transfer and redistribution of bond stress between concrete and steel and is 
incorporated with nonlinear finite element method (NLFEM) to enable as-is-visualization of 
local damage of the RC structures. However, the old version of DLCM, which had initially 
been developed by computers of single-core CPU, contains order-dependency and cannot be 
parallelized. Recent computers tend to enhance number of CPUs to enable large-scale parallel 
computations while clock-frequency is not increased or even decreased. This tendency will 
limit or deteriorate the performance of single-core oriented DLCM. This study therefore 
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redevelops theoretical foundation of the DLCM for parallelization by eliminating the order-
dependency. 

Processes of the NLFEM is largely classified into (a) stiffness estimation of finite elements, 
and (b) solving simultaneous linear equations (SLE). The NLFEM usually consumes largest 
computation time in the latter, so many of studies on the parallelism target to the SLE. The 
situation of NLFEM of RC, however, is considerably different that the time of the former often 
becomes larger than the latter because of considerably complicated modeling of the concrete 
material constitutive laws as results of half-century efforts by a number of researchers. The 
nonlinear constitutive model (Naganuma [2]) employed by the DLCM needs a time twice or 
thrice that for the SLE. The NLFEM for RC used to have such a tendency partially because a 
finer finite mesh division does not always guarantee the analytical accuracy under the strong 
nonlinear condition. 

The DLCM adopts a finite element size, in which the RC can be regarded as a homogeneous 
material. This size is long enough to cover development length for bond. From the viewpoint 
of stress transfer analysis, this size is too coarse. The DLCM instead enables a rational stiffness 
estimation by applying nonlinear interpolation functions derived from experiments to such 
coarse elements without violating the deformation compatibility. In other words, the DLCM is 
a method, which increases (a) the load of element stiffness estimation while reduces (b) the 
load of SLE by using a coarse mesh as a trade-off. Demands of large-scale computations are 
increasing day by day in the RC engineering as well as other fields: The authors have attempted 
a chronologically consequential analysis of 50-story RC building of approximately 1.4 million 
degrees of freedom. In the old version of DLCM, however, the computational time of element 
stiffness estimation became too large to continue the further analysis. This was the reason why 
the authors decided to redevelop the DLCM for parallelism. 

2 DLCM AND PARALLELIZATION 

2.1 Outline of DLCM 

In a fully-developed smeared crack field, the development length ld is equal to a half crack 
spacing (Kaufmann and Marti [3]). However, the smeared crack fields are by and large 
premature and disturbed. The DLCM, therefore, employs general solutions of the ordinary 
differential equations that govern the bond between the concrete and the reinforcement to 
evaluate the development length. When the reinforcement is elastic, the equation is given by 
Eq. (1) (Arnovljević [4], Rehm [5], Edwards [6]). 

∙ 𝛽 ∙ 𝜏  ꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏ (1) 

with 𝛽 ∙

∙
 ꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏ (2) 

Where: db is the reinforcement diameter, Ec is the elastic modulus of concrete, Es is the elastic 
modulus of the reinforcement, ρs is the reinforcement ratio, τb1 is the characteristic bond stress, 
S1 is the characteristic bond slip shown in Fig. 1(a) (Eligehausen et al. [7]; fib [8]; Sato and 
Naganuma [1]), and x is coordinate along the development length, whose origin corresponds to 
the zero-slip point. Eq. (1) is applicable whenever the bond stress-slip relationship is either on 
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the envelope or on the unloading/reloading paths. When the reinforcement yields, the 
coefficient β is replaced by βp, which is given by Eq. (3). 

𝛽 ∙

∙
 , ꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏ (3) 

Where Esh is the reinforcement strain hardening modulus. When the reinforcement yields and 
the bond stress-slip relationship is on the unloading/reloading paths, then the differential 
equation is given by Eq. (4) using the bond stress τbu at the beginning of the unloading (Sato 
and Naganuma [1]). 

∙ 𝛽 𝛽 ∙ 𝜏 𝛽 ∙ 𝜏   ꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏ (4) 

Equation (5) gives the released stress Δσcb, which is subtracted from the current tensile concrete 
stress. 

∆𝜎 𝜏 ∙ 𝑑𝑥 𝜏 ∙ 𝑑𝑥  (< 0) ꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏ (5) 

Where lb is the development length. 

Here, the authors assume a boundary condition that the reinforcement strain is equal to the 
average of the strain through the development length given by the global SLE. The 
compatibility of the reinforcement is satisfied at both the ends of the development length, while 
incompatibility is allowed at the finite element nodes located within the length. The 
redistribution calculations are conducted without additional degrees of freedom. 

 

(a) Multilinear bond stress-slip model 

 

(b) Redistribution along development length 

 
(c) Released stress Δσcb 

 
(d) Concentration stress Δσce 

 
 

(e) Centroid shift of 
connecting crack 

Figure 1: Outline of DLCM 
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Figures 1(b) and (c) summarize the crack detection process of the DLCM in an RC cantilever 
example. Gray areas in Fig. 1(b) indicate the development lengths ld of the first and second 
cracks, where stresses are redistributed (Fig. 1(c)) by the released stress Δσcb given by Eq. (5) 
and elements within these areas are excluded even if the concrete stresses σc exceed the cracking 
stress σcr. On the other hand, a new crack can be initiated by an existing crack in the adjacent 
element. The concentration stress induced by the adjacent crack is given by Eq. (6) (Sato and 
Naganuma [9]). 

∆𝜎 0.5𝜎   ꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏ (6) 

The element stress at current analysis step σcnew is given as summation of the former element 
stress σcold, Δσcb, and Δσce as Eq. (7) expresses. 

𝜎 𝜎 ∆𝜎 ∆𝜎   ꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏ (7) 

A new crack is allowed to occur only when σcnew exceeds the cracking stress σcr. 

The direction of the second crack is aligned along the principal stress axis; however, the 
centroid is shifted such that the first and second cracks are continuous (Fig. 1(e)). The third 
crack is then considered among the next candidates and the process is continued. 

2.2 Strategy to parallelize DLCM 

Domain decomposition (Yagawa et al. [10]), one of the popular methods so far developed, 
applies the parallelism both to the SLE and the element stiffness estimations and possesses a 
similarity to that presented in this study as shown in Fig. 2. In non-parallel computation, the 
algorithm conducts the element stiffness estimation C1 and the solution of SLE D1. When the 
parallelism of domain decomposition is activated, then the former is decomposed into C1 to Cn 
while the latter to D1 to Dn according to the number of computational units as shown in the left 
half of Fig. 2. The computational speed is not always enhanced proportional to the number of 
unit because the former needs overhead O1 to distribute the task to each domain and the latter 
require inter-unit communications. Nevertheless, the time can be drastically reduced.  

The right half of Fig. 2 shows the parallelism of DLCM. As described in the previous section, 
parts related to the element stiffness estimation (i.e., A1, B1 and C1) often need larger times than 
the SLE D1 because the DLCM calculates the released stresses Δσcb and the concentration 
stresses Δσce in A1, and redistributes the new-crack-related stresses in B1 in addition to the 
conventional element stiffness estimation in C1. The serious disadvantage of the old DLCM 
was the order-dependency contained in Eq. (7). The A1 conducts element-by-element iteration 
of Eqs. (1), (4) to (7) for the cracked elements and elements neighboring the cracked elements. 
During the iteration, the element stresses σcnew continuously oscillate between positive and 
negative values and cause the order-dependency when parallelized. 

To counter this problem, the new DLCM separates A1 into three subdivisions: (1) Aa 
exclusively calculates maximum released stresses of crack-related elements; (2) Ab exclusively 
calculates minimum concentration stresses of crack groups; and (3) Ac computes the resultant 
stresses of elements. Exclusive extraction of negative values in Aa and that of positive values 
in Ab as well as simple resultant summation in Ac have strong affinity to the parallelism. 

On the other hand, the new-crack-related process of B1 cannot be parallelized because of the 
fundamental nature of cracking phenomena. The rest two parts C1 and D1 are parallelized in the 
same manner to the domain decomposition. 
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Figure 2: Parallelization of FEM and DLCM 

 

2.3 Comparison between old and new DLCMs 

Figure 3 compares the cantilever example between the old and the new DLCMs. There are six 
existing cracks (thick line) among total 72 elements and several new cracks are expected (thin 
dotted lines). The preparation part O1 selects the crack related elements and arrange in order of 
maximum principal strains, or in other words, in order of possibilities of cracking. 

The old DLCM had conducted the three processes in the non-parallel loop A1; (a) redistribution 
along the reinforcements and the estimation of released stresses Δσcb (blue arrows); (b) 
detection of the extending cracks and estimation of the concentration stresses Δσce (red arrows); 
and (c) computation of the new stresses σcnew by Eq. (7) and the judgement of new cracking. 
These processes had been iterated at least six times in this example, which used to consume a 
large CPU-time and contained the order-dependency. 

The new DLCM separates the old A1 into three new independent parallel loops: The loop Aai 
redistributes the concrete stresses along the reinforcement components by Eq. (5). This process 
is similar to the old one, but capable to efficiently extract the maximum released stress Δσcbmin 
because the crack group information described in the next section can precisely locate the bond-
tributary zones. The loop Abi detects extending crack groups instead of individual cracks. A 
crack group is defined as a group of continuous cracks and includes information for the future 
crack extension. The crack group information is made and renewed in the non-parallel loop B1. 
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This cantilever example contains three crack groups so that only three iterations can extract the 
maximum concentration stresses Δσcemax. The parallel loops Aci compute the new stress in a 
manner similar to the old one, but by a separate parallel loop using Eq. (8). 

𝜎 𝜎 ∆𝜎 ∆𝜎   ꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏꞏ (8) 

Based on the obtained results, the element stiffnesses of total 72 elements in the cantilever are 
estimated by the parallel loop Ci in the new DLCM instead of the non-parallel C1 in the old. 

 

Figure 3: Comparison of crack redistribution in cantilever between old and new DLCMs 
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a. Redistribute along reinforcement.
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b. Detect extending crack.
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3 CRACK GROUPING 

The old DLCM contained mesh-dependency in conjunction with the order-dependency due to 
a premature algorithm for the crack connectivity and caused three problems; (1) gap of 
development length; (2) conflicting extension; and (3) undeterminable crossing. One of 
possible solutions is crack grouping algorithm herein developed, where the geometrical 
information is generated for crack groups instead of individual cracks in each finite element. 

3.1 Problem 1: Gap of development length 

If the cover concrete is divided into more than two layers as shown in Fig. 4(a), different 
development lengths ld may be calculated for each layer. The ld of the extreme surface may be 
shorter than that of the inner and may cause a gap of cracks (Fig. 4(b)). The new algorithm 
detects the bond centroid Gb for an initial crack. If a crack does not attain the reinforcement, 
then Gb is defined as a crossing point between the reinforcement and a plane that includes the 
crack (Fig. 4(c)). Simultaneously, the redistributed region is estimated which is enclosed by the 
ld and a width of 7.5 times the reinforcement diameter dd (Fig. 4(c)). If the second crack occurs 
as an extension of the initial crack, then a crack group composed of the two cracks is formed. 
The total surface area Acr1 is calculated for the reason described in the following. 

3.2 Problem 2: Conflicting extension 

As Problem 2 in Fig. 4(d) indicates, two crack groups may conflict as the cracks extend. Two 
groups, of areas Acr2 and Acr3, approach an element in which a new crack is expected. The old 
DLCM had often connected the crack to the crack group of area  Acr2 because the strain at 
element i belonging to Acr2 is larger than that of element j of Acr3 (Fig. 4(e)). This seems 
unrealistic, since Acr3 is larger than Acr2 and the direction of the new crack is closer to that of 
the third crack group than the second. The idea of a longer crack being more likely to extend 
than a shorter one is empirically justified, although the crack may not always extend if caused 
by a freeze–thaw action or alkali–silica reaction. A new criterion is herein introduced, that a 
new crack connects to the group with the larger crack surface area. The new crack is, therefore, 
attached to the crack group of area Acr3 (Fig. 4(f)). For this criterion, the algorithm stores the 
area of each crack group and renews it when the crack extends. 

3.3 Problem 3: Undeterminable crossing 

Figure 4(g) shows Problem 3, where three crack groups of areas Acr2, Acr3, and Acr6 approach an 
element under a reversed loading condition. The old DLCM was often unable to determine the 
connection (Fig. 4(h)). The new algorithm allows a crack as an extension of the existing crack 
group as long as the angle between the new and existing cracks is smaller than 30°. Figure 4(i) 
shows the new crack as an extension of the crack group of area Acr6, based on this condition. 
Now, two crack groups of areas Acr3 and Acr6 are crossing, so they are unified into a single crack 
group. The summation of the old Acr3 and Acr6 becomes a new area Acr3. The old bond centroid 
Gb3 is no longer the centroid, and the old Gb6 is switched to a new centroid Gb3. 

4 EXAMPLE ANALYSES 

This section examines the performance of new DLCM by two example analyses: One is a small 
beam and the other is a high-rise building. The algorithm is coded by Fortran 90 and parallelized 
by OpneMP interface. The SLEs are computed by Pardiso solver of the Intel Math Kernel 
Library (Intel [11]). The used computing hardware has a CPU composed of 36 threads. 
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Figure 4: Crack grouping concept 

4.1 Example 1: Beam B6 

The first example is a beam specimen B6 subject to repeated cyclic flexural/shear loads 
(Sugimoto et al. [12]). The configurations and the final crack patterns are shown in Fig. 5. As 
depicted in Fig. 5, a quarter specimen model is adopted which takes advantage of the symmetry 
in shape and the antisymmetry of the loading. The model is composed of 768 eight-node 
hexahedral elements and 132 two-node truss elements. The degrees of freedom are 3242. Figure 
6 shows the relationships between shear force, drift and major flexural crack widths. 

The calculation is attempted by both the non-parallel and parallelized DLCMs. The total elapsed 
times are 576.2 sec. and 432.5 sec., respectively. The two results are perfectly matched. Figure 
7 compares elapsed times for the SLE and the stiffness estimations between the old and new 
DLCMs. In the non-parallel, the time of stiffness estimation per an analysis step ranges from 
0.018 up to 0.126 sec. as shown in Fig. 7(a). The time logarithmically ascends as the step 
proceeds, corresponding to the increase of total number of cracks indicated by a red curve. The 
time of the SLE remains almost constant at 0.035 second. On the other hand, the parallel case 
shown in Fig 7(b) presents almost constant times of both the stiffness estimation and the SLE 
as 0.057 and 0.039, respectively. The latter is slightly elongated comparing to the non-parallel 
case because the number of equations (i.e., 3242) are too small to parallelize and time required 
for the overhead and the inter-unit communication may have canceled the merit of the 
parallelism. The former is certainly reduced, but still the merit is partially canceled by the 
overhead. 
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4.2 Example 2: Pushover of 50-story building 

The second example is a pushover analysis of 50-story flat-slab building (JICE [13]). The 
structure is 151.5 m-high and of 42.75 m-square plan, composed of 64 columns and eight inner 
walls as shown in Fig. 8(a) and Fig. 9. The concrete strengths range from 60 up to100 N/mm2 
(Table 1). The 685 N/mm2-class steels are used for the longitudinal reinforcements and 980 or 
1275 N/mm2-classes for the shear reinforcements. The columns and walls are modeled by 
269,888 hexahedral elements and the flat slabs by 63,616 four-node quadrilateral elements. The 
degrees of freedom are 1426633, which was too large to compute by the old DLCM. 

-300

-200

-100

0

100

200

300

-4 -3 -2 -1 0 1 2 3 4 5

S
he

ar
 f

o
rc

e
 (

kN
)

Drift (%)

Test

FEM

0

1

2

3

4

5

6

7

8

-4 -3 -2 -1 0 1 2 3 4 5

C
ra

ck
 w

id
th

 (
m

m
)

Drift (%)

Test

FEM

(a) Shear force-drift relationships (b) Width of major flexural crack

Figure 6: Relationships between shear force, drift and crack widths of Beam B6
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Table 1: Structural specifications of 50-story building 

Story f'c (N/mm2) 
Column Wall 

Size (mm) ρt (%) ρw (%) Thickness (mm) ρt (%) ρw (%) 
1-5 100 950 0.74 0.53 950 0.74 1.11 

6-10 90 950 0.62 0.53 950 0.74 1.11 
11-20 80 900 0.62 0.56 850 0.62 0.70 
21-35 70 850 0.51 0.44 750 0.51 0.79 
36-50 60 800 0.41 0.44 750 0.51 0.79 

 

In the analysis, the gravity is input by the initial five steps, then the drying shrinkage strain for 
910 days shown in Fig. 8(b) by 100 steps. The building is then monotonically pushed up to a 
total drift of 2.3% by 123 steps. The displacements are applied by tournament-like trusses to 
maintain ratios of story shear force even after the peak load (Fig. 9). The ratios are determined 
according to the initial eigenmode and the maximum force ratio at the 50th story is 5.27. 

Figure 10 shows the relationships between base shear and total drift. The dotted line represents 
an analysis from which the drying shrinkage is excluded. The results indicate that the drying 
shrinkage reduces the maximum base shear by 4.0% and the initial stiffness by 6.8%. 
Distributions of maximum crack widths are shown in Fig. 9(a). The shrinkage induces cracks 
from the first up to the 10th stories and the widths range from 0.11 mm up to 0.79 mm. At the 
final step, an extremely large width of 130.5 mm is induced at the first story while the width is 
only 0.05 mm in the 50-th. Figures 9(b), (c) and (d) show crack propagations of the inner walls 
at the first and the second stories. Vertical shrinkage cracks appear after the shrinkage (Fig. 
9(b)), then shear and flexural cracks are induced (Fig. 9(c)) and finally large deformation results 
in the compression softening indicated by the red color. 

Figure 10(b) shows the profiles of elapsed times and number of cracks. Similar to the beam 
example, the time for SLE per a step is almost constant at 16.7 sec. On the other hand, the time 
for stiffness estimations present significant variations. The initial peak (896.0 sec.) corresponds 
to the simultaneous occurrence of the drying shrinkage cracks while the second peak (545.8 
sec.) the shear and flexural cracks. The total elapsed time by the new DLCM is 267057 sec. (= 
3.1 days). The old DLCM is impossible to compute this model, but a time for non-parallel 
computation of the SLE of the same size is approximately five times that of the parallelized. 
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5 CONCLUSION 

The Discrete-Like Crack Method (DLCM), which had originally been made in computers of 
single-core CPU, is fundamentally redeveloped and parallelized. The algorithm of new DLCM 
based on the theory of bond redistribution perfectly eliminate the order-dependency and gain 
high affinity for parallelism. The new DLCM enables an analysis of a large-scale structure such 
like a 50-story building of approximately 1.4 million degrees of freedom, which was impossible 
to compute by the old DLCM. The new DLCM still contains many non- or unoptimized parallel 
loops, whose parallelization and optimization are under progress. The authors' ultimate 
objective, however, is not the computational speed-up but the rational life-cycle assessment of 
RC structures by means of the engaging and promising methodology; the Bond in Concrete. 
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ABSTRACT 

For pultruded GFRP high tensile strength values can be achieved. These values are much higher 
than for reinforcing steel. Due to the anisotropic properties and the low modulus, the efficient 
force transfer of the tensile loaded GFRP rebar into the concrete is challenging. For the different 
cases two application-related anchorage and verification concepts are presented.  

For thermally insulated concrete facades the GFRP fastener Isolink® is anchored vertically in 
thin reinforced concrete slabs. In addition to the proofs for the short-term failure of the concrete 
cone, the composite failure of the concrete corbels or material proofs for GFRP, further proofs 
for the long-term resistance under exposure have to be performed. Based on a European 
Technical Assessment (ETA) for Isolink®, various properties and results are presented.  

Combar® is used in the Schöck Isokorb® for thermal breaks of balconies. Here, in particular, 
the force transmission in the overlapping between GFRP and reinforcing steel on the ceiling 
side as well as on the balcony side has to be designed. Together with Institute of Construction 
Materials (IWB) Stuttgart, Schöck Bauteile GmbH has carried out extensive investigations in 
order to define a uniform evaluation procedure for an ETA. The findings of the joint 
development work and the results of FE studies that analyse the special load-bearing behaviour 
in the tensile area are presented. 

1 INTRODUCTION 

In the course of global efforts to avoid CO2 emissions, thermal insulation of the entire building 
envelope is becoming increasingly important in the construction sector. Load-bearing thermal 
insulation products, such as the Schöck Isokorb® and Isolink®, have been an established 
building standard for decades and make a significant contribution to reducing thermal bridges. 
Continuous product optimizations, such as the joint development work with IWB Stuttgart, 
generate a progressive fusion of the initially conflicting core requirements 'load-bearing' and 
'insulation'. On the other hand, assessments on national and European have been set up. An 
European Assessment Document (EAD) for GFRP point anchors has been developed together 
with the Technical University of Kaiserslautern and with the German technical authority DIBt. 
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2 THERMAL INSULATION ELEMENTS WITH GFRP TENSION BARS FOR 
CANTILEVER BALCONIES 

The introduction of the GFRP rebar in the Isokorb® for cantilever balconies (see Figure 1) in 
2016 was a significant milestone. In addition to an improved ecological balance, the use of 
glass-fibre reinforced plastic in particular increased the thermal insulation properties by up to 
30 % compared to the steel solution. The minimised heat loss by using an insulation element 
compared to a fully concreted, wrapped balcony slab is shown qualitatively in Figure 2 and 
Figure 3. 

 

Figure 1: Isokorb® CXT Typ K 
with Combar®  

 

Figure 2: Increased heat 
loss in wrapped 

construction 

 

Figure 3: Minimised heat 
loss by using Isokorb® 

 

In addition to the thermal characteristics, the structural characteristics of the GFRP rebar and 
its effectiveness to transfer forces into the concrete are particularly important since they 
constitute the primary load transfer path in the structural connection. The bending moment and 
shear force are required to be transferred from balcony to the interior slab through the Isokorb 
element (see Figure 4). Across the cross section of the Isokorb, the bending tension, bending 
compression and shear force are introduced into the floor slab by means of the GFRP tension 
bars, concrete compression bearings and inclined shear force bars respectively. For the tension 
chord, this means that the tensile force is first introduced into the GFRP rebar and then 
transferred to the reinforced concrete on the slab side. 

 

Figure 4: Schöck Isokorb® design detail 

 

The bond between concrete and GFRP involved here requires more detailed investigation, since 
the design rules for steel reinforcement cannot be directly adapted. In particular, the 
comparatively low modulus of elasticity of GFRP (60,000 MPa) under tension leads to a locally 
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increased bond stress initiation at the beginning of the embedded length. This in turn leads to 
an early pull-out failure and thus to a smaller average bond stress. The influence of the modulus 
of elasticity on the uniform bond resistance under pure bond pull out is illustrated in Figure 5. 
The results are based on FE-simulations carried out on confined specimens under confined 
conditions resulting in pure bond failure in each case without any influence of concrete splitting. 
The maximum bond stress to be transferred is therefore fundamentally limited compared to 
steel reinforcement due to the lower modulus of elasticity. In reality, however, the splitting 
failure of the concrete plays a significant role. This effect is exemplified in Figure 5 
("fib_PO+SP") for B500B reinforcing steel by applying the bond equation according to fib-
MC-2010 [1]. A generalized definition of combined bond and splitting characteristics of GFRP 
rebars (as in case of steel) is not rational, since manufacturer-specific properties, such as the 
geometry of the ribs, play a significant role. 

 

Figure 5: Average normalised bond stress as a function of the normalised bond length lb/phi 

 

For a safe and economic design of the anchorage, the description of the main influencing 
variables according to Table 1 is decisive. The geometric constraints resulting from the 
installation situation of the insulation element (see Figure 4) must also be taken into account. 
They have a significant influence on the concrete splitting failure. 

Table 1: Influencing parameters for the assessment of the bond behaviour of GFRP and 
geometric features 

Influence parameters Product-related installation situation 

 bar tension 
 bar diameter 
 bar spacing 
 anchorage length 
 concrete cover/edge distance 
 concrete strength 
 rib geometry (fR) 
 durability GFRP 

 low concrete cover (26 mm) 
 no confining transverse reinforcement 
 load transfer close to the edge of the insulation 

joint 
 full splice in one plane 
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2.1 Previous design approach according to DIBt approval Z-15.7-320  

With the introduction of abZ Z-15.7-320 [2] for the Schöck Isokorb® CXT type K with 
Combar® tension bar, a first approach for the design of the anchorage was presented. 
Accordingly, a conservative strain limit is applied to the GFRP rebar, which limits the bar strain 
to approximately εf ≤ 3,5‰. The resulting allowable design stress is σfd,lap ≤ 209 MPa. 

For dimensioning the anchorage length, the rules for lap joints from EN 1992-1-1/NA [3] are 
used and these are also combined with the established design values of the permanent bond 
stress fbd,f according to abZ Z-1.6-238 [4].  

𝑙 𝛼 ∙
𝜙

4
∙
𝜎 ,

𝑓 ,
𝑙 ,  (1) 

 

This approach provides conservative lap lengths of the GFRP rebars, although comparatively 
short bar lengths due to strain limitation. This results in uneconomical reinforcement quantities 
of the lapped, connecting steel reinforcement, which cannot be fully utilized due to the limited 
lap length. It can also be noted that most of the influencing parameters listed in Table 1 are not 
included in equation (1). In addition, the concrete splitting failure of the overlap is simplified 
and combined with the failure from permanent loading under exposure. However, these two 
failure modes are not directly related. 

2.2 Development of combined pull out and splitting model  

In the joint development project with IWB Stuttgart, a rationalized design concept for 
development and anchorage of GFRP rebar is being pursued. The objective of the project is to 
develop a working model for realistic assessment of combined bond and splitting resistance in 
the case of GFRP reinforcements in concrete. fib-MC-2010 [1] presents the use of this model 
framework for design of anchorage and splices for steel reinforcement. Such model 
development for GFRP rebars shall facilitate an economic product design and shall have the 
potential to extend to a variety of structural applications. The GFRP anchorage is required to 
be verified independently irrespective of the existing steel reinforcement, so that the planner 
only has to provide the slab reinforcement resulting from the moment to be transferred. Thus, 
the amount of reinforcement and the planning effort can be significantly optimized. 

For post-installed rebars, a framework for obtaining combined bond and splitting model has 
been introduced in EAD 332402-00-0601 [5]. The use of this model in design is explained in 
TR-069 [6]. An attempt to extend and adapt this concept to GFRP rebars is being considered 
for the first time as part of this development project.  

Equation (2) presents a mathematical representation of the combined bond and splitting 
resistance τRk,sp [5]). The exponents sp1, sp2, sp3, sp4 and lb1 are required be evaluated by 
means of multiple regression analysis on the basis of test data obtained from a well-defined test 
program in accordance with EAD 332402-00-0601 [5] (discussed further in Section 2.3). The 
pure bond pull out resistance is considered as an upper limit to the combined bond and splitting 
resistance as shown in equations (3) and (4). Reductions for cracked concrete and sustained 
loads are required to be taken into account and determined from the specified tests. The 
influence of transverse pressure can be assumed based on the provisions in fib-MC-2010 [1]. 
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𝜏 , 𝜂 ∙ 𝐴 ∙ ∙ ∙ ∙ 𝑘 ∙ 𝐾 ∙ ∙ 𝛺 ,    

𝐴     characteristic fitting factor for the exponents sp1, sp2, sp3, sp4 

𝑐    maximum between clear concrete cover and half of the spacing from the closest   
    neighbouring reinforcing bar 

𝑐    minimum between clear concrete cover and half of the spacing from the closest   
    neighbouring reinforcing bar 

𝑓     nominal cylinder compression strength of concrete 

𝑘     factor for the effectiveness of transverse reinforcement 

𝐾    normalized ratio to consider the amount of transverse reinforcement crossing a   
    potential splitting surface (see MC 2010 [1]) 
𝑙     anchorage length of the rebar 

𝜙    nominal diameter of the rebar 

𝜂     coefficient for bond condition (see TR-069 [7])  

𝛺 ,    factor for transverse pressure in concrete 

(2) 

for 𝟕𝝓 𝒍𝒃 𝟐𝟎𝝓:  𝜏 , 𝜏 , ∙ 𝛺 ∙ 𝛺 , ∙ 𝜓  

𝜏 ,   characteristic bond resistance for uncracked concrete (see EAD 330499-01-0601   
    [8]) 

𝛺 ,    factor for transverse pressure in concrete 

𝛺    factor for influence of cracked concrete on resistance to combined pull-out and   
    concrete failure 

𝜓    factor to account for the effect of sustained loads on the bond strength 

(3) 

for 𝒍𝒃 𝟐𝟎𝝓:    𝜏 , 𝜏 , ∙ ∙ 𝛺 ∙ 𝛺 , ∙ 𝜓  (4) 

 

The product specific combined bond and splitting model in EAD 332402-00-0601 [5] is largely 
based on the bond model framework of the fib-MC-2010 [1] for normal reinforcing steel. A 
comparable approach involving similar influencing model parameters can be found in the 
current draft of prEN 1992-1-1 [9] and is shown in equation (5). However, the anchorage length 
is determined directly in the process. 

𝑙 𝑘 ∙ 𝑘 ∙  𝜙 ∙ ∙ ∙ ∙
,

10𝜙  

𝑘     factor for calculating the design anchorage length 

𝑘    accounting for casting effects on bond conditions 

𝜎    design value of the reinforcing steel stress at the cross section 

(5) 

2.3 Test concept 

In EAD 332402-00-0601 [5], specific test series are required to calibrate the bond stress 
equation according to equations (2) – (4). To determine the exponents for the GFRP tension 
bar, the test types can be adapted as far as possible. In addition, complex tests for the 
determination of the long-term bond stress (time-to-failure tests) have to be carried out. Table 
2 provides an overview with assignment of the partial terms or influence parameters to be 
calibrated in each case.  
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Table 2: Overview of the test types with associated calibration parameters 

 Test setup Description 

P
u

ll
-o

u
t 

re
si

st
an

ce
 

 

Proof of the pull-out resistance 

On basis of EAD 330499-01-0601 [8] 

 influencing variables to be calibrated: 
- 𝜏 , : uncracked concrete 
- 𝛺 : cracked concrete (Δw = 0,3 mm) 

B
on

d
-s

p
li

tt
in

g 
b

eh
av
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ur

 

 

Beam-End Tests 

On basis of EAD 332402-00-0601 [5] 

 influencing variables to be calibrated: 
- 𝑠𝑝1: concrete strength 
- 𝑠𝑝2: rebar diameter 𝜙 
- 𝑠𝑝3: concrete cover 
- 𝑠𝑝4: side concrete cover cmax/cmin 

 

 

Splitting specimen with minimal concrete cover 

On basis of EAD 332402-00-0601 [5] 

 influencing variables to be calibrated: 
- 𝑙𝑏1: anchorage length lb 

A
p

p
li

ca
ti

on
 in

fl
u

en
ce

s 

 

Time to Failure Tests 

 measured failure loads distributed between 0 to 
8800 h 

 defined permanent load with start at the 
ascending branch of the load-deformation curve 

 key parameters to be tested: 
- C20/25, C50/60 
- temperature: 20 – 80 °C 
- influence of moisture  
- different rebar diameters 𝜙 

other:  bond conditions (position of the rebar during concreting) 
 freeze/thaw conditions 
 high alkalinity and sulphurous atmosphere 
 verification on large-scale test specimens following EAD 050001-00-0301 [10] 

 

The presented testing and dimensioning concept is currently being evaluated and further 
developed in cooperation with IWB Stuttgart in an extensive series of tests. The results and 
experience gained could form the basis for an European assessment document in order to 
establish a standardised verification procedure for GFRP rebars across manufacturers. 

𝝉𝑹𝒌,𝒖𝒄𝒓 

𝜴𝒄𝒓 

𝝍𝒔𝒖𝒔 

  𝜂 ∙ 𝑨𝒌 ∙
𝒔𝒑𝟏

∙
𝒔𝒑𝟐

∙
𝒔𝒑𝟑

∙
𝒔𝒑𝟒

⋯  

  
…

…

𝒍𝒃𝟏
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2.4 Finite element analysis 

Finite element studies using MASA were carried out to obtain preliminary insights on the 
splitting behaviour of the concrete and the bond stress distribution as applicable for GFRP 
rebars. For calibrating a suitable bond-slip behaviour of the bond zone (see Figure 6), data from 
RILEM pull-out tests was used. Based on this, splitting specimens and beam-end tests were 
modelled in FE (see Figure 7 and Figure 8) and the results were checked by accompanying 
laboratory tests. 

The crack development as well as the absolute test loads showed reasonable agreement with 
the test results. On the basis of the calibrated FE-model, extensive parameter studies were 
started in order to optimise the bar geometry in terms of splitting behaviour.  

 

Figure 6: Modelled GFRP 
rebar (blue) with defined 

bond zone (pink) 

 

Figure 7: Splitting specimen 
with GFRP rebar close to 

the edge 

 

Figure 8: Beam-end 
specimen with large cmax 

 

In order to check the transferability of the results from the single bar to the bar group, a large-
scale specimen was modelled in the next step. Figure 9 shows the specimen consisting of a 
balcony slab that is connected to a bearing-mounted ceiling slab by means of a separating 
element with two GFRP rebars. In addition, a common slab reinforcement was modelled. 
Again, reasonable agreement with the results of the laboratory tests could be observed. 

 

Figure 9: Simulation of the GFRP rebar group in a large-scale specimen 

 

Through several iteration loops, it was finally possible to develop a bar geometry that meets the 
demanding conditions in the area of unconfined anchorage and reduces splitting of the concrete 

cross section 
balcony side 
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to a minimum. The new rebar is currently running through the verification procedure presented 
in order to calibrate the bond equation accordingly and to verify the concept. 

3 GFRP FASTENER FOR CONCRETE FACADES 

To place non-standardised construction products on the harmonised European market, 
European technical approval (ETA) is required. To issue a European technical approval for a 
construction product by a technical assessment body (TAB), the assessment basis is defined by 
a European assessment document (EAD). The assessment documents are valid for one type of 
construction product and are applied to all products of that type. 

For the evaluation of GFRP connectors for use in sandwich and element walls made of concrete, 
an EAD was prepared by the German technical assessment body DIBt and coordinated with the 
other European bodies. The resulting EAD 330387-00-0601 “Glass fibre reinforced plastics 
(GFRP) connectors for use in sandwich and element walls made of concrete” which covers 
straight GFRP sandwich connectors with round, quasi round or rectangular cross-sections.  

The sandwich connectors are intended to be used to connect cover layers to structural layers of 
sandwich walls with 3 layers and element walls. The facing and load-bearing layers are made 
of cracked and non-cracked compacted normal weight concrete of strength classes in the range 
C20/25 to C50/60. The sandwich connectors are exposed to tensile, compressive, shear and 
bending forces during their service life. The target service life of the connectors is 50 years. 
Furthermore, the anchor must withstand surface temperatures between +65 °C and -20 °C and 
a maximum long-term temperature of +40 °C. 

3.1 The experimental programme of the EAD 

The experimental programme defined in the EAD is shown in Table 3. Tests under compression 
and tensile forces as well as under combined shear and bending load are defined. Static load 
capacities are determined as a reference. In each case, a distinction is made between tests to 
determine the structural resistance to concrete failure and GFRP failure. Influences from fatigue 
and creep are determined via functional tests. 

Shear and bending stresses are decisive factors. Permanent tensile forces can also arise from an 
inclination of the wall. As a result of the daily and seasonal temperature changes, the sandwich 
connectors are subjected to cyclical stresses which also can lead to fatigue. 
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Table 3: Overview of the experimental tests from EAD 330387-00-0601 [11] 

N° 
Tests according to the following 

sections 
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Remarks 

GFRP failure under compression load 

C1 Buckling    max.  5 
restraint at the ends of the 

connector 

Concrete failure under compression load 

C2 Punching C20/25 max. min.   5 
min. concrete cover in direction 

of load 

GFRP failure under tension load 

N1 Short time behaviour      5 Reference tests 

N2 Failure under sustained load C50/60 min. min.   10 
60 °C, in alkaline environment, 

confined tests 

N3 Failure after cyclic shear deformation C50/60 max. max. 
max. 

wmax/hD 
 5 shear deformation 

Concrete failure under tension load 

N4 
Concrete cone or pull-out failure,  
low strength concrete 

C20/25 min. min.   5 unconfined tests 

N5 
Concrete cone or pull-out failure,  
high strength concrete 

C50/60 min. min.   5 unconfined tests 

N6 
Concrete cone or pull-out failure,  
cracked concrete 

C20/25 min. min.   5 unconfined tests, w = 0.3 mm 

N7 
Concrete cone or pull-out failure, low 
strength concrete after cyclic shear 
deformation 

C20/25 min min. min.  5 shear deformation  

N8 
Concrete cone or pull-out failure, low 
strength concrete after cyclic tension load 

C20/25 min min.   5 
longitudinal deformation  

with 0.6 x NRk 

GFRP failure under shear load 

V1a 
Bending or interlaminar shear failure C50/60 max. max. 

min. 
max. 

 5 no thermal insulation 

V1b  5 with roller bearing 

V2 Failure under sustained load C50/60 max. max. 
min. 
max.  10 

60 °C, 
in alkaline environment 

V3 
Interlaminar shear failure after cyclic shear 
deformation 

C50/60 max. max. min.  5 shear deformation 

Concrete failure under shear load 

V4a 
Pry-out failure C20/25 min. min. min. 

 5 no thermal insulation 

V4b  5 with roller bearing 

V5 
Pry-out failure after cyclic shear 
deformation 

C20/25 min. min. min.  5 shear deformation 

 

3.2 Temperature effects on precast concrete sandwich panels 

External walls are exposed to changing temperatures during their service life. While the inside 
temperature is kept constant depending on the type of use, the outside temperature in particular 
varies. A distinction is made between seasonal temperature changes and temperature changes 
depending on the time of day. 
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Due to the upright or freely suspended support of the facing layer and the position of the 
connectors, different temperature shifts of the connectors result. Figure 10 shows the tempe-
rature deformation of the connectors w depending on the type of support. See also Metelli [12].  

 

 

Figure 10: Deformation of the connectors due to the temperature difference  

between the layers depending on the type of support according to DAfStb 615 [13] 

 

𝑤 𝛼 ∙ ∆𝜗 ∙ 𝑆 
𝛼     coefficient of thermal expansion of the concrete of the facing layer 

𝑆    distance of the connector from the deformation resting point of the facing layer 

(6) 

 

The deformation w of the sandwich connectors occurs cyclically during the lifetime as specified 
in Table 4. The same systematic is known from balcony elements (see EAD 050001-00-0301 
[10]). 

Table 4: Deformation spectrum for consideration of cyclical temperature loads 

Number of cycles Associated deformations 

100 7/7 ∙ w 

2.000 6/7 ∙ w 

20.000 4/7 ∙ w 

 

The temperature gradient in the facing layer causes warping of the facing layer. The shear-
elastic coupling of the facing layer by the connectors and the insulation material causes a 
bending moment load on the facing layer. The connectors are therefore subject to cyclically 
acting tensile and compressive forces which must be permanently transferred. The forces due 
to the temperature gradient and their resulting coving are shown in Table 5. 

The height of the temperature gradient is based on numerical investigations by Utescher [14] 
on different sandwich wall cross-sections. DAfStb 615 [13] recommends a temperature 
gradient of 5 K for the facing layer. 

For cyclic loading due to temperature changes, this is done using function tests. The load case 
temperature difference between the layers, is done by cyclic shear tests. For the load case 
temperature gradient in the facing layer, it is done using cyclic tensile tests. The consideration 
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takes place according to EAD in the series N3, N7, N8, V3 and V5. After the functional tests, 
the residual load capacity of the connectors is tested and compared with the reference without 
preload. 

 

Figure 11: Slab bearing effect of the sandwich wall element under the influence of the 
temperature gradient in the facing layer, internal forces according to Utescher [14] 

 

Table 5: Characteristic resistances under different loads 

Essential characteristic Abbrev. 
Concrete strength 

class 
Thickness of 
insulation hD 

Overall embedment depth 
in concrete hnom 

60 mm 100 mm 

Resistance to GFRP failure 
under compression load 

NRk,GFRP,D C20/25 – C50/60 
250 mm 31,5 kN 

350 mm 17,2 kN 

Resistance to concrete 
failure under compression 
load 

NRk,c,D C20/25 – C50/60 60 – 350 mm 20,4 kN 

Resistance to GFRP failure 
under tension load 

NRk,GFRP C20/25 – C50/60 60 – 350 mm 14,9 kN 

Resistance to concrete failure 
under tension load (uncracked 
concrete) 

NRk,c,ucr 
C20/25 

60 – 350 mm 
10,8 kN 25,5 kN 

C50/60 19,0 kN 42,4 kN 

Resistance to concrete failure 
under tension load (cracked 
concrete) 

NRk,c,cr C20/25 – C50/60 60 – 350 mm 6,1 kN 

Resistance to GFRP failure under 
shear load 

VRk,GFRP C20/25 – C50/60 
60 mm 2,5 kN 

140 mm 1,5 kN 

Resistance to concrete failure 
under shear load 

VRk,c C20/25 – C50/60 
60 mm 2,5 kN 

140 mm 1,5 kN 

Maximum acceptable shear 
deformation 

wmax C20/25 – C50/60 
60 mm 2,0 mm 

100 mm 5,0 mm 

temperature 
gradient in the 

facing layer 

ΔT = 5
EITS, EATS → Ꚙ 

ΔT 

a 

NA,ΔT 

NA,ΔT 

mvs,ΔT 

NA,∆T = 
αT ∙ ∆T ∙ Ec,VS ∙ hV

2

8 ∙
a

b
 + 

b

a

 

mvs,∆T = 
αT ∙ ∆T ∙ Ec,VS ∙ hV

2

12
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4 CONCLUSION 

Two verification methods for GFRP rebars were presented, targeting different applications. The 
complex bond model for the use as a reinforcing bar in thermal insulation elements is currently 
still under development. If the model is validated, it can be adapted to other applications. This 
could be a first approach to regulate the overlapping of GFRP reinforcements (with each other 
or with reinforcing steel bars) within the scope of an approval to guarantee increased freedom 
and safety in design. The verification procedure including proofed test methods for the GFRP 
rebar as a facade anchor is already regulated by a dedicated EAD. Here an analysis of all 
detailed actions is already known and accepted. The tested material could pass all tests with 
good results (see Table 5) showing that GFRP anchors are a good choice to connect multi-layer 
concrete sandwich walls.  
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ABSTRACT 

Column Shoes are fastening components used to create cost-effective stiff connections between 
precast concrete columns and foundations or between precast columns and other columns. 
Precast concrete columns show many competitive advantages, including speed of construction, 
smallest tolerances, high fire resistance, and high quality. European Technical Assessments 
(ETA’s) based on common understanding within the test procedures simplify designers’ work, 
because the same design rules and methods, essentially a common design language, are valid 
and can be used all over Europe, and they are also widely accepted outside of Europe.  

There is no one-to-one correspondence between the mechanical resistance of a column shoe as 
delivered and the mechanical resistance of a column shoe connection. A connection is subjected 
to various action effects like axial force, shear force, and bending moment in different 
combinations, and the stiffness of the connection also has an impact on the behavior and the 
design of the column. It is impossible to determine the mechanical resistance or stiffness of a 
column shoe connection as a set of values determined according to different standards and 
guidelines. Therefore, these properties must be determined experimentally.  

To further evaluate the load bearing behavior of column shoe connections in comparison to 
cast-in-situ columns, a research project using finite element analysis of both systems has been 
conducted in collaboration with University of Stuttgart. The results of the FE calculations 
confirm the test results. Thus, such FE-models are perfectly suited to support the development 
of future column shoe systems both quickly and efficiently.  

The evaluations of the test results as well as different FE simulations are shown and explained 
in the paper in detail. Furthermore, it is shown that the load bearing behavior, as well as the 
deformations of a precast column containing column shoes systems do not differ from the 
behavior of cast-in-situ columns of the same dimensions and reinforcement layout. 

1  INTRODUCTION 

Bolted precast column connections have been used in northern Europe since the 1980s, and in 
the late 1990s bolted connections technology with precast columns also came to central Europe. 
The so-called column shoe is one essential component of bolted connections with precast 
columns (Fig. 1a). Column shoe connections are used to provide cost-effective solutions for 
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moment-resisting stiff connections between precast concrete columns and foundations, or 
between precast concrete columns. The system consists of column shoes and corresponding 
anchor bolts. Column shoes are cast into the precast concrete column whereas anchor bolts are 
cast into the foundation or another column. On the construction site the columns are erected on 
the pre-levelled washers and nuts of the anchor bolts, adjusted to the correct vertical position 
and fastened to the bolts (Fig. 1b). The open joint underneath the column and recesses is grouted 
using non-shrink grout and whose strength increases according to execution specifications, 
before the column is loaded by other structures. In the final operation stage, after the grout has 
reached the designed strength, the connection acts as a monolithic reinforced-concrete structure.  

Although precast technology offers many advantages for column connections compared to 
monolithic in-situ concrete constructions, there are no design rules for bolted column 
connections in standards and codes. This also applies, for example, to the current European 
design standard EN 1992-1-1 [4], which contains no such rules. The advantages of bolted 
connections and precast technology include: 

- industrial production of the elements indoors,  
- faster construction,  
- high quality and low tolerances, better recycling,  
- no bracing in the assembly phase, 
- improved work safety. 

  

Figure 1a): Bolted column connection 
with column shoe and anchor bolts 

Figure 1b): Erection of column connection with 
column shoe and anchor bolts 

 

Although precast technology offers many benefits for column connections compared with 
monolithic cast-in-place structures, design standards and codes have not provided any design 
rules for bolted column connections. This lack of rules is visible for example in current 
European design standard EN 1992-1-1 [4]. The benefits of bolted connections and precast 
technology include indoor working, faster construction, high quality, accurate tolerances, better 
waste recycling, no bracings at the erection stage and improved occupational safety. 
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2 EXPERIMENTAL INVESTIGATIONS 

There is no one-to-one correspondence between the mechanical resistance of a column shoe as 
delivered and the mechanical resistance of a column shoe connection. A connection is subjected 
to various action effects like axial force, shear force and bending moment in different 
combinations, and the stiffness of the connection also has an impact on the behavior and the 
design of the column. It is impossible to determine the mechanical resistance or stiffness of a 
column shoe connection as a set of values determined according to different standards and 
guidelines. Therefore, these properties must be determined experimentally. 

The EAD [1] summarizes the required tests and related test set-up and gives guidance on the 
evaluation of the test results. The values determined in this way can then be used with the design 
method specified in TR 068 [2]. 

The following tests are mandatory according to EAD: 

- Bending Resistance Tests 
- Bending Stiffness Tests 
- Shear Resistance Tests 
- Fire Resistance investigations 

2.1 Bending resistance (BR) tests 

The target of the Bending Resistance (BR) tests is to show, that the BOLDA® column shoe 
connection has at least a resistance equal to the bending resistance of a monolithic cast-in situ 
column (Figure ).  

 

Figure 2: Bending Resistance (BR) test arrangement  

2.2 Bending stiffness (BS) tests 

In general, the design of column-to-column or column-to-foundation connections with column 
shoes follows the design principles given in EN 1992-1-1 [4] for monolithic columns with 
continuous reinforcement. The stiffness of columns and the moment-deflection behavior 
respectively is considered in EN 1992-1-1 [4] by different buckling factors k or buckling 
lengths. Therefore, within these tests it is verified (Figure 3), whether the same assumptions 
apply for column shoe connections as for cast-in situ columns. 

 

Figure 3: Bending stiffness (BS) test arrangement and zones and sub-zones 

120



   
 

With column shoe connections (column A in Figure 4), different stiffness zones must be 
considered along the column length and compared with cast-in situ columns (column B in 
Figure 4). Within Zone 1, columns with column shoe connections do not differ from cast-in situ 
columns since the existing reinforcement is identical. In Zone 2, the flexural stiffness of column 
A with column shoes is much higher compared with column B due to the overlapping of the 
anchor bars of the column shoe with the existing reinforcement of the column. In contrast, 
column B is designed with continuous reinforcement in Zone 2 according to EN 1992-1-1 2004, 
even though in practice spliced reinforcement would be more common. 

In Zone 3, the flexural stiffness of column A is lower compared with column B, mostly due to 
the reduced effective concrete section at the bottom of the column. Further reduction of the 
stiffness is caused by the eccentric structure of the column shoes. The schematic location of the 
measuring points along the length of the column is shown in Figure 3 and Figure 4. 

With cantilevered columns, the stiffness of the column shoe connection plays the most 
important role compared with other statical systems. The behavior of cantilevered columns is 
extremely sensitive to geometrical nonlinearity and therefore considerably influenced by the 
stiffness. Any negative effect caused by a flexible connection will be amplified within such 
system. 

 

Figure 4: Different stiffness zones and sub-zones (Zi) of cantilever columns 

2.3 Shear resistance (S) tests 

In the shear tests (Figure 5), it is assumed that the maximum shear forces are caused by a 
horizontal load at a certain distance from the foundation level, such as a vehicle impact. The 
maximum shear resistances obtained in the tests are compared with the theoretical values of 
two acting columns shoes. The theoretical resistances are determined according to EN 1993-1-
8 [5] considering both the base plate of shoe and the anchor bolt.  
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Figure 5: Shear (S) test arrangement 
 

2.4 Evaluation of test results 

2.4.1 Bending resistance  
The observed bending resistance moment Mobs and related failure modes of the column shoe 
connections are summarized in Table 1. In two tests, compression failure of the concrete and/or 
grout was observed. This means, that the ultimate capacity of the column shoe was not reached, 
and the bending resistance moment is higher than the value given in Table 1. For this reason, 
these two tests will be disregarded in the further evaluation. 

Table 1: Evaluation of the Bending Resistance Tests, results from [6, 7] 
Test fgr b = d d1 fbolt.y Asp Mt ηd0 Mobs Mobs/( ηd0Mt) Failure 

mode 
 MPa mm mm MPa mm2 kNm - kNm -  
B30-BS.2 [6] 53.2 310 50 803 561 209.8 1.00 215.7 1.03 Bolt 
B30-B [6] 49.9 310 50 803 561 208.5 1.00 220.2 1.06 Bolt 
B30-BS.2 [7] 48.2 380 50 918 561 311.3 1.00 330.2 1.07 Bolt 
B39-B [6] 49.2 420 60 855 976 485.3 1.00 453.8 - Concrete 

compression 
B39-B [7] 48.2 420 60 894 804 486.5 1.00 497.3 1.03 Bolt/column 

shoe 
B52-B [6] 49.9 580 70 964 1758 1214.6 1.00 1084.9 - Concrete 

compression 
B52-B [7] 40.9 580 70 890 1479 1214.6 1.00 1343.8 1.11 Bolt/column 

shoe 
B52-BS.2 [7] 43.5 580 70 890 1479 1218.9 1.00 1322.3 1.09 Bolt/column 

shoe 
Mean value mm 1.07  

Standard deviation sm 0.032  
Characteristic value (unknown standard deviation) mk = mm - kn·s 

Statistical factor according to EN 1990 [3]:  kn = 2.18 
1.00  

 

The theoretical bending resistance Mt has been calculated according to EN 1992-1-1 [4], 
considering the measured material properties for compressive strength of the concrete and the 
grout, yield strength fyk of the reinforcement steel and yield strength fbolt.y of the anchor bolts. 
According to EAD [1], the comparison of test results with the theoretical values mk = 
[Mobs/(ηd0·Mt)] contains a bending resistance factor ηd0 ≤ 1.0 used for the design of the test 
specimen. This value was taken as ηd0 = 1.0. 
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The evaluation shown above clearly confirms that the load bearing behavior of the column with 
BOLDA® column shoe connection is equal compared with the behavior of a monolithic column.  

2.4.2 Bending stiffness (BS) tests 
Two bending stiffness tests have been carried out using BOLDA® 30 (M30) and BOLDA® 52 
(M52) Column Shoes. The strains on the top and the bottom along the column axis have been 
determined by the measured differential displacement as given in Figure 3. The bending 
stiffness of the column shoe connection is evaluated comparing the residual deflections 
determined in the tests with column shoe connections and monolithic columns – see Figure 6. 
The subzones in Figure 6 are identical to the one shown in Figure 3 and Figure 4. 

 

a) Column A with 
Column Shoes 

b) Column B (monolithic) 
with continuous 
reinforcement 

c) Moment distribution 
along column axis 

Figure 6: Procedure for stiffness comparison 
 

The bending moment in each subzone and the related stiffnesses in the middle of each subzone, 
as well as the maximum bending moment at the bottom of the column, are summarized in Table 
2. The location of the subzones is as following (compare Figure 3, Figure 4 and Figure 6): 

- Subzone 1 is identical to Zone 3 = column shoe connection zone 
- Subzones 2-5 are in the column shoe zone (Zone 2), whereas subzone 6 is located in the 

mixed zone at the end of the column shoe. The stiffness for subzone 6 is calculated using 
the mean value of measured deformations within subzone 5 and subzone 7. 
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- Subzone 7 is outside the column shoe zone (= Zone 1). In this area, the reinforcement 
layouts of column A and B are identical and lead to equal stiffnesses. The stiffness for 
this subzone is calculated using the mean value of measured deformations of measuring 
points 11 to 18 (Figure 3). 

 

a) Columns A (BOLDA® 30) and B  b) Columns A (BOLDA® 52) and B 
Figure 7:  Evaluation of test results, relative bending stiffness of subzones in % 

 
The maximum deflections at the top of the column vshoe and vref are calculated from the relative 
subzone stiffnesses and additionally shown in Table 2. 

Figure 7 shows the percentage distribution of the bending stiffness along the column axis related 
to the bending stiffness of the undisturbed region (subzone 7). In Zone 2, the stiffness of precast 
column A is for both sizes of BOLDA® column shoes significantly higher compared with the 
cast-in situ columns. In Zone 3, the relative stiffness of precast column A is smaller than the 
value obtained for column B. Nevertheless, the higher stiffness of Zone 2 will compensate the 
lower stiffness in Zone 3. 

The calculated deflection at the top of the columns based on the measured deformations are 
vshoe = 164.9 mm (BOLDA® 30) and vshoe = 261.6 mm (BOLDA® 52). These values are around 
13.4% lower (BOLDA® 30) and 4.9% (BOLDA® 52) higher than the corresponding reference 
values vref of the cast-in situ columns. According to EAD [1], the ratio is limited to vshoe/vref ≤ 
1.05. Therefore, the requirements are fulfilled and a factor kL = 1.0 can be used in the design of 
the precast column connections according to EN 1992-1-1. 
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Table 2. Comparison of bending stiffnesses in different subzones and calculated deflections at 
the top of the columns 

 BOLDA 30 BOLDA 52 
Subzone i Mi Column A Column B Mi Column A Column B 
  (EI)i (EI)’i  (EI)i (EI)’i 
 kNm [MNm2] [MNm2] kNm [MNm2] [MNm2] 
7 60.5 4.69 4.69 384.7 101.36 101.36 
6 123.1 9.65 6.00 784.9 131.51 114.56 
5 129.1 13.14 5.90 823.9 147.17 113.32 
4 136.8 13.05 5.88 871.3 162.73 112.78 
3 144.6 12.22 5.71 918.6 169.71 111.62 
2 152.3 9.22 5.15 966.0 190.58 109.74 
1 160.1 3.24 5.03 1013.3 43.56 104.12 

1.0 · Mt.0 163.9 1037.0 
Deflection vshoe vref  vshoe vref 

[mm] [mm]  [mm] [mm] 
164.9 190.4  261.6 249.3 

vshoe/vref 0.866  1.049 
 
2.4.3 Shear resistance (S) tests 
Two shear resistance tests using BOLDA® 30 and BOLDA® 52 have been carried out. The 
results are given in Table 3. The measured shear resistances Vu,test have been converted to Ve,i 
taking into account the ratio of nominal to actual steel strength (fu/fu,test). The values obtained 
are compared with the theoretical value Vt,i. 

Table 3. Comparison of the results of the shear tests with the theoretical values. 
Test Vt,i Vu,test fu fu,test fu/fu,test Ve,i = (fu/fu,test)·Vu Ve,i/Vt,i 

 kN kN MPa MPa - kN - 

B30-S [1] 198.6 346 800 889 0.90 311.3 1.57 

B52-S [1] 561.5 1176.7 800 1059 0.76 894.3 1.59 

 
The comparison in Table 3 clearly shows that the requirement Ve,i/Vt,i ≥ 1.0 is fulfilled. 
Therefore, a value ks = 1.0 can be used in the shear design according to EN 1992-1-1 [4]. 

2.5 Accompanying Finite element calculations 

To further evaluate the load bearing behavior of column shoe connections in comparison to 
cast-in situ columns a research project using finite element analysis of both systems has been 
conducted in collaboration with University of Stuttgart [8, 9]. Two systems applying BOLDA® 
30 and BOLDA® 52 as well as HPKM® column shoe connections have been investigated as 
well as the associated cast-in situ (monolithic) models. The test set-up for the bending stiffness 
tests acc. to Figure 3 including the measuring points according to the previous section have 
been adopted for both column shoe connections as well as monolithic cast-in situ systems. 
Details on the material parameters used within the are given in [8, 9]. 
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The non-linear finite element program ATENA® can simulate the real structural behavior 
including concrete cracking, crushing, and reinforcement yielding. The software has been 
extensively validated on experimental data and international round robin prediction analysis.  

Within the FE-model, the concrete (foundation, column, and mortar) and steel (shoe plates, 
bolts and nuts, loading/support plates) were modelled as solid elements whereas the 
reinforcement (longitudinal bars and transverse stirrups, anchor bars) are modelled as 1D-beam 
elements with axial degree of freedom. The contact areas between reinforcement and concrete 
as well as the contact areas between different solid elements are described with a bond model. 
Figure 8 a) shows the complete system of solid elements and Figure 8 b) shows the 
discretization of the longitudinal and stirrup reinforcement and Figure 8 c) shows the details of 
the FE-model of the column shoes. 

 

a) Solid elements of column, foundation, and loading/support plates 

 

b) 1D-bar elements of the reinforcement 

 

c) FE-model for the column shoe 
Figure 8:  Finite Element Model of the complete system with the individual components 

 
Figure 9 show the calculated load/moment-deflection curves of the column-foundation-system 
with BOLDA® 30 compared to the monolithic system. The deflections are given for the loading 
point in the column- and foundation-area as well as for the position of the transducer close to 
the joint between column and foundation (compare Figure 3). In Figure 10 the crack 
development at different load steps is shown.  
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Connection with BOLDA® 30 
Failure load:   Pu = 188 kN 
Failure moment: Mu = 244,4 kNm 

Monolithic connection 
Failure load:   Pu = 184 kN 
Failure moment: Mu = 239,2 kNm 

  

  

Figure 9: Load/Moment-Displacement behavior – Connection with BOLDA® 30 compared 
to monolithic connection [8] 

 
Connection with BOLDA® 30 Monolithic Connection 

50 % of ultimate load 

  
80 % of ultimate load 

  
About reaching ultimate load 

  

Figure 10: Crack pattern [8]  
 
In general, the deflections increase linearly with increasing loading up to ca. 85% of the ultimate 
load. With further loading, the deflections increase over proportional with increasing load. This 
is mainly caused by progressive cracking as well as exceeding the yield strength of the 
reinforcement. Failure load of the connected and the monolithic system differ only slightly by 
ca. 2%. Within the linear area, the deflections of the monolithic system are ca. 15% larger than 
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the calculated values of the column shoe system (compare Figure 9). This difference is 
significantly increasing after passing the yield load.  

The ultimate stage of the column shoe system is characterized by yielding of the PPM® bolts 
(Figure 11 a)). At this stage, the stress in the reinforcement outside of the column shoe area is 
in the range of s ≤ 500 MPa. Within the monolithic system, at ultimate failure load the maximum 
stresses occur within the reinforcement in the column area between end of foundation and 
loading point (see Figure 11 b)).  

      

a) column shoe system         b) monolithic system 
Figure 11: Stress distribution within the anchor bolts, column shoe and reinforcement at 

failure, BOLDA® 30 [8]  
 
Figure 12 and Figure 13 show the corresponding results for the calculations using BOLDA®52. 
In total, the results of the calculations confirm the above-mentioned findings and correlations 
regarding failure load, failure mode, and deflections  

Connection with BOLDA® 52 
Failure load:   Pu = 658 kN 
Failure moment: Mu = 1118,6 kNm 

Monolithic connection  
Failure load:   Pu = 646 kN 
Failure moment: Mu = 1098,2 kNm 

  

  

Figure 12: Load/Moment-Displacement behavior – Connection with BOLDA® 30 compared 
to monolithic connection [8] 
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The ultimate state of the column shoe system is characterized by yielding of the reinforcement 
outside the column shoe area (Fig. 14 a)). In this state, the stresses in the reinforcement outside 
the column shoe area are larger than 500 MPa. This behavior differs from the previously 
presented results for the column shoe BOLDA® 30. The failure shifts from the anchor bolt to 
the bending area of the column. For the monolithic system, the maximum stresses at failure 
load occur along the entire bending area of the column (see Figure 14 b)). 

Connection with BOLDA® 52 Monolithic Connection 
50 % of ultimate load 

  
80 % of ultimate load 

  
About reaching ultimate load 

  

Figure 13: Crack pattern [8]  
 

 

a) column shoe system           b) monolithic system 
Figure 14: Stress distribution within the anchor bolts, column shoe and reinforcement at 

failure, BOLDA® 52 [8]  
 

The bending moment in each subzone and the related stiffnesses in the middle of each subzone 
as well as the maximum bending moment at the bottom of the column are calculated according 
to the procedure described in the previous section.  

Figure 15 show the distribution of the bending stiffness along the column axis related to the 
bending stiffness of the undisturbed region (subzone 7). In Zone 2, the stiffness of precast 
column A is for both sizes of BOLDA® column shoes significantly higher compared to the cast-
in situ columns. In Zone 3, the relative stiffness of precast column A is smaller than the value 
obtained for column B. Nevertheless, the higher stiffness of Zone 2 will compensate the lower 
stiffness in Zone 3. 

The calculated deflection at the top of the columns based on the measured deformations are 
vshoe = 77 mm (BOLDA® 30) and vshoe = 172 mm (BOLDA® 52). These values are ca. 39% 
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(BOLDA® 30) and 24% (BOLDA® 52) lower than the reference values of the cast-in situ 
columns. Therefore, the results of the FE calculations confirm the available test results. 
Furthermore, the presented FE models are highly suitable to support the development of future 
column shoe systems in a fast and efficient way, as they can be used to reliably perform detailed 
parameter studies.   

 

a) BOLDA® 30           b) BOLDA® 52 
Figure 15: Evaluation of FE results for columns A and B – relative bending stiffness of 

subzones in %  
 

Further comparisons of the moment-deflection behavior of tests including BOLDA® and 
HPKM® column shoe connections with corresponding FE-calculations are shown in Figure 16. 
In these Figure, the moment-deflection behavior of monolithic foundation-column system are 
included as well. The results can be summarized as following: 

- Good correspondence between measured and calculated ultimate moment 
- Good correspondence of stiffness of tests and FE-calculations, especially in the relevant 

linear range of the load-defection curves 
- The stiffness of the column shoe system is larger than the stiffness of the monolithic 

systems. Consequently, the displacements/deformations of the column shoe system are 
smaller than the displacements/deformations of the monolithic systems. 

Therefore, the results of the FE calculations confirm the test results. Further, such FE-models 
are perfectly suited to support the development of future column shoe systems both quickly and 
efficiently. In addition, detailed parameter studies can be carried out. In addition, the numerical 
calculations offer the advantage that the failure mechanism can be clearly identified and the 
stresses in the existing reinforcement but also in the column shoe can be continuously 
determined. 
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a) BOLDA® 30             b) HPKM® 39 
Figure 16: Moment-deflection behavior– comparison of test results with FE-results for 

column shoe and monolithic systems [8, 9] 
 

3 CONCLUSIONS 

The evaluations of the test results in the sections above clearly indicate that the design methods 
for column shoe connections given in the EAD [1] are valid for BOLDA column shoes. 
Furthermore, it has been shown that the load bearing behavior and deformations of a precast 
column containing BOLDA column shoes do not differ from the behavior of monolithic cast-
in-situ columns of the same dimensions and reinforcement layout. 

The results of the numerical calculations confirm the experimental results. The presented 
investigations show that finite element calculations are well suited to support the development 
of future column shoe systems quickly and efficiently. With proper modelling and suitable 
material parameters, realistic results can be obtained, and detailed parameter studies can be 
carried out. In addition, the numerical calculations offer the advantage that the failure 
mechanism can be clearly identified and the stresses in the existing reinforcement but also in 
the column shoe can be continuously determined. 

The numerical calculations carried out and their evaluations confirm that finite element 
calculations are certainly suitable for supporting and supplementing the experimental 
investigations required in the EAD. Corresponding additions to the EAD [1] are currently being 
discussed within EOTA and will be part of the EAD in the future. 
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ABSTRACT 

In the past decades, there has been an increasing effort to describe the local bond behavior with 
a bond stress-slip model. Such bond models are often used in studies of long bond lengths, 
numerical calculations and crack width determination. Local bond behavior is usually 
investigated experimentally in pull-out tests with short bond lengths equal to or less than 5 times 
the bar diameter ds, recording the pull-out force and bar slip. Therefore, existing bond models, 
like the approach of fib Model Code 2010, are mainly based on data determined outside the 
bond zone. Distributed optical fiber sensing opens up the possibility to get an insight of the 
processes within the bond zone during testing. 

Current investigations at Technische Universität Dresden focus on the bond behavior and the 
bond stress distribution for ribbed bars with bond lengths from 1·ds up to 60·ds under various 
loading conditions. The test program includes systematic investigations of the influence of the 
bond length on the ultimate bond stress testing pull-out, beam-end and tensile tie specimens as 
well as the targeted use of distributed optical fiber sensing. Therefore, the hair thin sensors are 
applied directly on the pull-out bar and enable quasi-continuously strain reading along the bond 
length. Based on the local resolution of the strain, conclusions about the local force transmission 
between reinforcement and concrete at different load levels or after a certain load duration can 
be drawn. Hence, already with a bond length of 2·ds, non-linear distributions of the bond 
stresses and local peaks in front of the ribs could be observed.  

This article deals with the experimental and instrumental setup, test results and the procedure 
of evaluation. Furthermore, it will be discussed how distributed optical fiber sensing can help 
to derive a local bond stress-slip model. 

1 INTRODUCTION 

1.1 Bond stress distribution and influence of bond length 

As early as 1905, Bach [1] determined the decrease in the length-related bond resistance τult 
with increasing bond length on the basis of tests with plain steel bars. Bach saw the cause of 
this behavior in the elasticity of the pull-out bar. As the tensile force decreases, the strain along 
the embedded bar also decreases. The assumption of a uniform distribution of the bond stress 
along the bond length is therefore not applicable for longer bond lengths. Mörsch [2] found a 
plausible explanation for this phenomenon. Figure 1 middle shows the tension stress σs of the 
bar and the bond stress distribution along the bond length for different load stages. The local 
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bond stress maximum successively shifts from the loaded to the unloaded end of the bond length 
as the load reaches the bond resistance of the embedded bar. Close to the load limit (Stage III), 
the load is mainly transmitted by the rear part of the bond length. Areas closer to the loaded end 
are already damaged, but can still transfer minor load due to friction between the bar and 
concrete. Depending on the local slip, each point within the bond length is at a different bond 
stress state. Consequently, the mean value calculated under the assumption of a uniform 
distribution is smaller than the local maximum. Therefore, the average bond stress decreases 
with increasing bond length. 

   
Figure 1: Typical bond stress to slip curve (left), bond stress distributions at different loading 
stages according to [2] (middle) and results derived from strain gauges by Mains [3] (right) 

 
These findings were confirmed by the investigations of Mains for ribbed bars [3]. By means of 
strain gauges distributed along the pull-out bar of long test specimens, Mains could reveal the 
non-uniform distribution of bond stresses for different load levels (Figure 1 right). From there 
on, the magnitude of the local bond stress maximum and at which slip it occurs was of interest. 

To record local behavior between reinforcement and concrete in experiments, bond tests with 
short bond lengths are usually carried out. According to Model Code 2010 [4] it is possible to 
consider an average local bond to slip relationship for short bond lengths. For the definition of 
a short bond length the magnitude of lb ≤ 5·ds has been established in scientific practice, which 
is in accordance with the standard for the pull-out test by RILEM [5].  

  
Figure 2: Influence of short bond lengths on ultimate bond stress from [6] (left) and [7] 

(right) * tested at T = -60°C 
 
Nevertheless, the experimental results of [6] and [7] (Figure 2), for example, indicate that the 
length-related bond stress continues to increase even for shorter bond lengths. Therefore, the 
bond stress is not uniformly distributed along the bar even for a bond length of 5·ds, and thus 
the bond behavior cannot be considered local.  
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An accurate description of the local bond-slip relationship allows to derive generally valid 
statements about the bond behavior of ribbed reinforcing steel in concrete for any bond length 
by means of theoretical approaches. One of those is the differential equation of the sliding bond 
by Martin [8] (eq. 1).  

𝑑𝑑2𝑠𝑠(𝑥𝑥)
𝑑𝑑𝑥𝑥²

=
𝜏𝜏(𝑥𝑥) ∙ 𝑢𝑢𝑠𝑠
𝐸𝐸𝑠𝑠 ∙ 𝐴𝐴𝑠𝑠

−
𝜏𝜏(𝑥𝑥) ∙ 𝑢𝑢𝑠𝑠
𝐸𝐸𝑐𝑐 ∙ 𝐴𝐴𝑐𝑐

 (1) 𝜏𝜏(𝑥𝑥) = 𝜏𝜏(𝑠𝑠(𝑥𝑥)) (2) 

In addition to the closed solution by using special approach functions for τ(x), equation (2) can 
also be solved by stepwise integration. This requires a local bond to slip relationship like the 
approach according to MC2010 [4], which is based on the research by Eligehausen et al. [9]. 
As a conclusion from the results of 125 pull-out tests with a bond length lb = 5·ds and two 
normal strength concretes they introduced recommendations for a bond model for different 
boundary conditions. In contrast to this, the investigations of Huang & al. [10] revealed much 
higher bond stresses than expected by the bond model of MC2010. Based on their results of 28 
pull-out tests with a bond length of 2,5·ds, they introduced a linear approach to describe the 
maximal bond stress in case of pull-out failure for normal and high strength concrete. Figure 3 
shows the equations and parameters of both models for good bond conditions and well confined 
concrete. 

 

𝜏𝜏(𝑠𝑠) =

⎩
⎪
⎨

⎪
⎧
𝜏𝜏𝑢𝑢𝑢𝑢𝑢𝑢 ∙ (𝑠𝑠 𝑠𝑠1⁄ )𝛼𝛼;                           𝑠𝑠 ≤ 𝑠𝑠1
𝜏𝜏𝑢𝑢𝑢𝑢𝑢𝑢                                               𝑠𝑠1 < 𝑠𝑠 ≤ 𝑠𝑠2
𝜏𝜏𝑢𝑢𝑢𝑢𝑢𝑢 − �𝜏𝜏𝑢𝑢𝑢𝑢𝑢𝑢 − 𝜏𝜏𝑓𝑓� ∙ �

𝑠𝑠 − 𝑠𝑠2
𝑠𝑠3 − 𝑠𝑠2

�
𝜏𝜏𝑓𝑓                                                  

𝑠𝑠2 < 𝑠𝑠 ≤ 𝑠𝑠3
𝑠𝑠3 < 𝑠𝑠

 

 Parameter     Model Code           Huang et al.  
  NSC HSC 
s1 [mm] 1.0 1.0 0.5  
s2 [mm] 3.0 3.0 1.5 
s3 [mm] cli cli cli 
α 0.4 0.4 0.3 
τult 2.5 ∙ �𝑓𝑓𝑐𝑐𝑐𝑐 0.45·fcm 0.45·fcm 
τf/τult 0.40 0.40 0.40 

Figure 3: Equations and parameters of the local bond-slip relationships by [4] and [10] 
 
However, Martin suggests a step size of one rib spacing for that, which corresponds to roughly 
0.6·ds for common rebar. On the other hand, the step size should be equal to the bond length in 
the experiments on which the associated local bond law is based on. Hence, existing bond 
models are not sufficiently accurate to meet Martin's specification. 

Local bond to slip relationships are often used to calculate the crack width for different loading 
situations. Rohling [11], for example, calculated the increase in crack width under permanent 
load using the bond-oriented crack theory by Krips [12]. The input parameters for these 
calculations were derived from the results of pull-out tests with a bond length of 5·ds. However, 
Rohling points out, that the quality of these calculations depends on how accurately the local 
bond law represents the actual conditions in the structural element. This applies in the same 
way for numerical investigations of bond behavior like [13]. 
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1.2 Principles and application of optical fiber sensors for the bond behavior 

In order to obtain the distribution of the steel strain along an embedded bar, strain gauges are 
one option, like Mains showed [3]. However, they can only be applied at discrete spacing of 
several centimeters and affect the bond properties when attached to the surface of the bar. This 
problem could be avoided with the invention of Fiber-Bragg grating sensors at the end of the 
last century. For this purpose, optical fibers were provided with several consecutive Bragg 
gratings, whereby the refractive index was altered intentionally. When laser light passes 
through the fiber core, the light is reflected at the gratings and the backscatter can be assigned 
locally on the basis of the frequency. A change of elongation of the fiber core, caused by 
external force or temperature change, leads to compression or stretching of the frequency range. 
This change can in turn be used to determine the change in length between the Bragg gratings. 
Anyway, the individual gratings or measuring points have a spacing of several millimeters and 
are not suitable for recording the local bond behavior. Nevertheless, these sensors can be used 
to measure strain curves and detect cracks in larger components [14]. 

For few years now, distributed optical fiber sensing is offering the possibility of quasi-
continuous measurement of strain values at intervals of less than one millimeter. The glass fiber 
used is both the measurement sensor and transmission medium. Instead of integrated Bragg 
gratings, natural variations of the refractive index, caused by geometric differences and 
imperfections in the fiber core, are used to determine the strain based on the Rayleigh 
backscattering. Distributed optical fiber sensors (DOFS) have already been successfully applied 
in reinforced concrete for crack detection and strain measurements in concrete, [15] and [16].  

         

  
Figure 4: Crack pattern and steel strain curves (left) and comparison of the crack position 

determined by DOFS and DIC (right) [15] 
 
Berrocal et al. [15] carried out six 3-point bending tests on beams with dimensions 
900x100x150 mm, where two reinforcing bars were equipped with strain gauges and DOFS. 
Furthermore, digital image correlation (DIC) was used as an additional measurement method. 
With a spatial resolution of the fiber sensor of 0.625 mm between measuring points, they could 
detect the strain distribution along the rebar and thus localize cracks. The crack positions 
obtained by DOFS were in good agreement with measurements of the DIC. In addition, they 
proposed a method for estimating crack widths based on the strain curves provided from DOFS. 
The calculated crack widths match also well to the values recorded with the DIC system. 
Another study from the same authors deals with the long-term performance of DOFS in 
reinforced concrete members [17]. Under both cyclic and sustained loading, they found no loss 

136



of measurement accuracy after a period of 96 days. Therefore, this measurement method is also 
suitable for real long-term applications and for the monitoring of structures. Despite this state 
of knowledge, it is not yet certain how exactly DOFS responds to strong local or time-related 
changes of strain. If this is known, local failure criteria may be detected and local bond stress-
slip relationships, independent of the bond length, can be derived. 

2 EXPERIMENTAL METHODS 

2.1 General 

The main aim of the investigations is to find a local bond relationship that is valid for the 
shortest possible bond length and thus provides a basis for calculations for long bond lengths 
and crack widths. The distribution of the bond stress along the bar is essential for this. To obtain 
this information, DOFS are applied to the pull-out bar for various bond length. The test program 
includes static tests with different bond lengths as well as tests with long-term loading (Table 1). 
The reason for this is that it is also intended to investigate how bond creep affects the 
distribution of strains and the slip growth. Furthermore, these tests are to be used to draw 
conclusions about the crack width development under long-term loading. 

Experimental investigations of bond behavior are performed with pull-out tests (PO) and beam-
end tests (BE) for bond lengths from lb = 1 to 10 times of the bar diameter ds. In addition, the 
crack width development under long-term loading is investigated on tension tie specimens (TT) 
with a length of 960 mm. Three normal strength concretes with the classes C20/25, C35/45 and 
C50/60 are tested in connection with Ø16 reinforcing bars made of BSt 500B (fyk = 500 MPa). 

Table 1: Experimental test program; Number of long-term tests in brackets 

Type of 
concrete 

Test 
type 

Bond length lb in ds 
1 2 3 4 5 7,5 10 60 

C20/25 
PO 3(3) 3(3) 3(3) 
BE 3(3) 3(3) 3(3) 
TT (4) 

C35/45 
PO 4 3(3) 24+3 3 3(3) 3 3(3) 
BE 4 3(3) 3 3 3(3) 3 3(3) 
TT 3(3) (6) 

C50/60 
PO 3(3) 3(3) 3(3) 
BE 3(3) 3(3) 3(3) 
TT (4) 

All bond tests to date have been carried out with the C35/45 after a minimum age of 56 days. 
Some material tests were conducted with an age of 28 days, but revealed very little differences 
to the results of older samples. Table 2 shows the mean concrete properties with an age range 
of 28 to 224 days and the quantity of material tests. 

Table 2: Concrete properties in MPa and quantity of tests 
Concrete fc,cube100 fc,cyl fct,sp,cube100 fct,fl fct Ecm 
Quantity 68 9 41 6 6 9 
C35/45 67.3 54.7 4.4 4.9 3.3 38700 
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The pull-out tests are configured according to the specifications by RILEM [5] with 200 mm 
cubes and a cover of 92 mm (c = 5.75·ds), but with a lead length of 80 mm and the different 
bond lengths as mentioned. Unlike the pull-out test, there is no defined standard for the beam-
end test and the specimen’s dimensions. The ASTM Guideline A944-10 [18] provides some 
guidance on the principles of this test setup, but recommends dimensions that are inappropriate 
for the specific purpose of this examination. The used beam-end specimen was designed in 
dependence on the guideline, but was also modified. The chosen geometry for a bond length of 
lb = 3·ds is shown in Figure 5. 

 
Figure 5: Configuration of beam-end specimen for a bond length lb = 3·ds 

 
Plastic tubes with Ø25 mm are used to adjust the bond length. The concrete cover was set to 
2·ds or 32 mm, what is within the range of construction practice range. But according to 
Vandewalle [19] a splitting failure is to be expected with concrete covers of less than 2.5·ds. To 
prevent this sudden failure, transverse reinforcement in the form of Ø6 stirrups with a spacing 
of 48 mm, respectively Asv/(sv·ds) = 3.7%,  is placed around the bond zone. The two longitudinal 
bars Ø12 ensure the load transfer within the specimen in case of transverse cracking. The two 
Ø8 bars are used exclusively for assembly purposes of the stirrups. In addition, the arrangement 
of the ribs starts always with the beginning of an inclined rib, shown in the bond zone detail of 
Figure 5. All static tests are performed path-controlled. 

2.2 Selection and application of distributed optical fiber sensors 

To obtain useful data from DOFS, it is first of all important to choose a suitable fiber type with 
respect to the study target. For use in larger components, there are various sensors available, 
which are provided with different sheaths and jackets to protect the fiber core. However, these 
lead to the transmission of strain being smeared and thus a sensor diameter of several 
millimeters. Much more suitable for small-scale tests are optical fibers with a coating of 
polyimide, acrylate or nylon, which have a diameter of only 150 to 250 µm.  

It has to be mentioned that acrylates and nylon are relatively soft coating materials, which 
negatively affect the transfer from sensor surface to fiber core. Polyimide, on the other hand, 
has high stiffness and transfers strain best from the outside to the inside of the sensor. Another 
factor in this context is the type of adhesive used to attach the fiber. Barrias et al. [20] 
investigated the performance of different adhesives in combination with polyimide coated 
fibers. They found that cyanoacrylate, which is also commonly used for strain gauges, is the 
most suitable for application of optical fibers.  

To test the sensitivity of the sensors, fibers with polyimide and acrylate coating were bonded 
with cyanoacrylate to a rebar Ø16. For this purpose, the fibers were attached to both 
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longitudinal ribs of the bar over a length of approx. 60 mm, and redirected in between with a 
loop. The bar was loaded up to σs = 400 MPa, respectively a mean strain of εs ≈ 1900 µε. 
Figure 6 shows the strain curves for the different types of coating. The sensor with the acrylate 
coating only achieves a strain of approx. 1300 µε in both measuring zones. Accordingly, the 
required lead-in length is greater than 30 mm to achieve the actual strain of the bar. In contrast, 
with the polyimide coating this value is well reproduced. 

  
Figure 6: Strain curves for optical sensors with polyimide and acrylate coating (left) and 

actual cross-sectional area for reinforcing bar Ø16 (right) 
 
However, at the transition from strainless fiber to a deformed component, a lead-in length of 
approx. 6 mm is still required (see Figure 6 detail). In the plateau area, a repeating sequence of 
strain variations with an interval of about 20 mm can be seen. The reason for these variations 
are differences in the cross-sectional area of the bar due to the ribs. Using a 3D scan of a rebar, 
the change in the actual cross-sectional area along the bar was determined. Instead of the 
nominal area of As = 201 mm², this value varies between 202 and 208 mm² and thus influences 
the local strain. 

Furthermore, the mean strain of the two measuring ranges differs by about 100 µε. It is usually 
not possible to load a rebar with only an axial force. Due to production-related pre-deformations 
of the bar and not absolutely accurate load application, the bar is always subjected to slight 
bending. The influence of the axial force N and an axial eccentricity of ex on the strain at the 
surface of a bar is described by equation 3. 

𝜀𝜀𝑠𝑠(𝑁𝑁, 𝑒𝑒𝑥𝑥) =
4 ∙ 𝑁𝑁

𝜋𝜋 ∙ 𝑑𝑑𝑠𝑠2 ∙ 𝐸𝐸𝑠𝑠
∙ �1 ±

8 ∙ 𝑒𝑒𝑥𝑥
𝑑𝑑𝑠𝑠

� (3) 

Regardless of the axial force, the deviation of the strain at the edge of the cross-section for 
ds = 16 mm and an eccentricity of ex = 1.0 mm is ± 50%. To take account of this effect, it is 
advisable to apply the optical sensor not only to one side of the bar in bond tests, but also to the 
opposite side. 

For the determination of stresses, the exact value for the Young's modulus Es is also important. 
The value of 200 GPa used for the design is not correct for this, since it implicitly takes into 
account variations in geometry. Properly, the Young's modulus of a rebar matches that for steel 
and is Es = 210 GPa, which was confirmed by a test on a cylindrical turned rebar. 
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3 RESULTS 

3.1 Preliminary tests 

Another topic deals with the question, where to apply optical sensors to the specimen. In the 
case of bond tests, the distribution of steel strain is of primary interest. But also, information 
about strain states in the surrounding concrete can be useful in regard on hoop tensile stresses 
and splitting cracks. To answer this question, 24 pull-out tests with a bond length of lb = 3·ds 
and different positions of a polyimide coated sensor have been carried out. For the first 
configuration a sensor was redirected several times outside the bond zone so that it was applied 
along both sides of the two longitudinal ribs. Therefore, the sensor passes through the bond 
zone four times. The sensor was applied to the bar over a length of the bond length and 
additional 20 mm before and after actual bond zone. This enables the sensor to detect the strain 
of the bar in front of the bond zone. Within the measuring range, the sensors are covered with 
a thin layer of silicone. This prevents bonding with cement paste and protects against 
mechanical exposure due to the concrete. Furthermore, the thin polyimide coating is not alkali-
resistant, thus the sensor fiber must be isolated from the alkaline environment in the concrete. 
Outside the measuring range, the hair-thin sensors are protected with tubes (see Figure 7). 

      

Figure 7: Positions for sensor application (a); along longitudinal ribs (b); grooves through 
inclined ribs (c); in surrounding concrete by means of support frames (d) 

 
Other positions in the cross-section became accessible by grooves. To measure the strain 
distribution in the center of the cross section, a groove 8 mm deep and 1 mm wide was made 
from one side. The sensor was placed in the groove and by redirection also at the longitudinal 
ribs. The results at the cross-section edges showed large differences due to bending effects, but 
the mean value of both had good agreement with strain measured in the center. In one 
configuration, grooves were sawn through the inclined ribs (see Figure 7 c). The sensor passing 
through the ribs detected strain peaks at intervals of about 10 mm, which is consistent with the 
spacing of the inclined ribs (see Figure 8). 

Due to the known position of the ribs (see Figure 5), it can be revealed that high strains were 
measured in front of the ribs and that the strain decreases in the region of the ribs. The strain 
distribution along the longitudinal rib in comparison is relatively smooth. It can be concluded 
that the strain distribution within the cross-section is not uniform and that high local strains 
occur due to the force transmission by the ribs at the side faces. Another option is to place the 
sensors in fine grooves in the longitudinal ribs. This barely affects the bond properties, but 
creates a clean application surface for the sensor. Compared to the arrangement along the 
longitudinal ribs, fewer strain reading anomalies (SRAs) were detected with this configuration. 
Bado et al. [21] also came to this conclusion. It can be assumed that the roughness of the surface 
along the longitudinal ribs makes it difficult to bond the sensor on the bar evenly, and that the 
inclined ribs that run out cause local stress peaks. Thus, more SRAs may occur. 

at long. ribs
through incl. 
ribs
center
groove at 
long. rib

a b c d 
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Figure 8: Strain distribution for different cross-sectional positions 

 
The behavior of the surrounding concrete is also of interest. DOFS could help to determine 
stresses in the circumferential direction and detect cracks. For this purpose, sensors were 
experimentally placed at a distance of 1·ds to the bar by means of support frames in helix form 
(see Figure 7 d).  Unfortunately, the sensors were no longer functional at the beginning of the 
test, which was probably due to an alkali attack on the glass fiber. 

As a consequence of the preliminary tests, for all further tests the bars are provided with grooves 
in both longitudinal ribs and a sensor fiber is placed in them so that it passes through the bond 
zone twice. The position of the sensor in relation to the bond length is determined with 
millimeter precision for both measuring ranges before concreting by means of ice spray and a 
stencil with a small gap. 

3.2 Bond stress distribution for short bond lengths 

Mörsch's approach of a load-dependent distribution or redistribution of the bond stress was 
confirmed for long bond lengths by means of strain gauges. To which extent this also applies 
to short bond lengths and whether there is a generally valid local failure criterion is the subject 
of the investigations with DOFS. Figure 9a shows the mean steel strain distribution of both ribs 
along the bar within the bond zone and outside of it for a bond length lb = 32 mm (2·ds). 

In addition to the good agreement with the calculated strain and the almost constant courses 
ahead of the bond area, values up to 300 µε, which is equivalent to a force F ≈ 12.6 kN, were 
still observed at the end of the bond length at 32 mm. The sensor does not indicate a strainless 
state until about 7 mm beyond this point. It can be assumed that, due to the high strain 
differences over the short bond length, there is a dislocation of the measured values in 
comparison to the strain curve in the bar. This effect was already observed at the beginning of 
the application length of the sensor to the bar (Figure 6).  

If the measured values of different load levels are related to the corresponding strain before the 
bond zone, relative strain curves are obtained (Figure 9b). It can be seen that the strain 
distribution changes with increasing load. For example, after 24 mm at a load of 0.30·Fult, 
approx. 20% of the initial strain and thus force was still measured. This value increases 
continuously up to 60% for Fult. Hence, there is a redistribution of bond stress. By local 
derivation of the strain curves and application of equation 4, the bond stress distributions for 
different load levels are obtained (Figure 9c). 

-400

0

400

800

1200

1600

2000

2400

-16 -8 0 8 16 24 32 40 48

St
ra

in
 [µ

ε]

Position [mm]

0.2 Fult
0.4 Fult
0.6 Fult
0.8 Fult
1.0 Fult

Fult = 63.3 kN

0.2·Fult
0.4·Fult
0.6·Fult
0.8·Fult
1.0·Fult

Sensor through inclined ribs
-400

0

400

800

1200

1600

2000

2400

-16 -8 0 8 16 24 32 40 48

St
ra

in
 [µ

ε]

Position [mm]

0.2 Fult
0.4 Fult
0.6 Fult
0.8 Fult
1.0 Fult

Fult = 63.3 kN

0.2·Fult
0.4·Fult
0.6·Fult
0.8·Fult
1.0·Fult

Sensor along longitudinal rib

141



   
 

  

  
            

Figure 9: Strain distribution for different load levels (a), relative strain distribution (b),    
bond stress distribution along bond length (c) and force-slip curves for single ribs and bond 

zone (d)  
 

𝜏𝜏(𝑥𝑥) =
∆𝐹𝐹(𝑥𝑥)
∆𝐴𝐴𝑀𝑀

=
∆𝜀𝜀(𝑥𝑥) ∙ 𝜋𝜋

4
∙ 𝑑𝑑𝑠𝑠2 ∙ 𝐸𝐸𝑠𝑠

𝜋𝜋 ∙ 𝑑𝑑𝑠𝑠 ∙ ∆𝑥𝑥
=
𝑑𝑑𝑠𝑠 ∙ 𝐸𝐸𝑠𝑠

4
∙
∆𝜀𝜀(𝑥𝑥)
∆𝑥𝑥

 (4) 

Also in this curves, the individual four steel ribs can be identified due to local peaks. Up to a 
load of about 0.50·Fult, the distribution is characterized by the maximum peak at 6 mm and 
more or less  uniform stress transmission beyond 12 mm. With further load increase, local peaks 
appear more clearly also in the rear area and at 0.90·Fult, the front peak begins to decrease, 
which is equivalent to the failure of the first concrete key. At the time of maximum loading Fult, 
also the second concrete key started to collapse and the force is transmitted mainly by the two 
rear ribs. Further increase of the slip results in a decrease of the required pull-out force and a 
local bond stress of almost 90 MPa is reached in front of the third inclined rib (see dashed lines). 
For even bigger slip values, the concrete fails also at this point. The reason why the third 
concrete key has three times the load-bearing capacity than the first one is due to the influence 
of the bond breaker, as described in more detail in [13] and [22]. The concrete at the beginning 
of the bond zone cannot properly form compression struts, and a cone-type failure occurs there.  

Because of the different bond action along the bar due to the rib arrangement, it is less 
reasonable to speak of a universally valid local bond stress. Integrating the bond stress curves 
section by section for the four pairs of ribs, the forces per rib pair are obtained depending on 
the load level. Figure 9 d shows the force to slip courses for every rib pair, the summation of 
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them and the relationship between applied force and slip. Firstly, the force based on the DOFS 
values shows good agreement with the applied load. Once again, the first pair of ribs has the 
lowest load-bearing capacity and fails relatively brittle at a slip of 0.2 mm. The failure of the 
next pair occurs before reaching Fult and is also characterized by a significant decrease of 
resistance. In contrast, the rear ribs retain their load-bearing capacity up to a slip of approx. 
2.5 mm before shear-off failure occurs and thus govern the overall bond behavior of the test. 
The third pair of ribs shows a resistance of approx. 22 kN, which the last pair cannot reach 
because the ribs are already partly outside the bond zone.  

4 CONCLUSION AND OUTLOOK 

The aim of this paper is to show the potential of distributed optical fiber sensors (DOFS) in 
bond tests. Compared to strain gages and fiber Bragg gratings, DOFS are characterized by 
minimal disturbance for the bond behavior and the fine measurement resolution of 0.65 mm. In 
24 preliminary pull-out tests with a normal strength concrete, the suitability of fiber types and 
their application to the pull-out bar were investigated. DOFS was shown to be able to detect 
even minor variations in cross-sectional area and local strain peaks due to the inclined ribs. 
Based on the quasi-continuous strain measurement along the bar, even for a short bond length 
of lb = 2·ds, a redistribution of the bond action for higher loads could be revealed. By deriving 
the strain curves, it was possible to determine the distribution of force transmission as a function 
of location and load. Force-slip relationships were established for individual rib pairs and the 
influence of rib position in the bond zone was discussed. In addition, it was demonstrated how 
DOFS can contribute to determine local failure criteria and bond to slip relationships. 

As part of the further test program the influence of the bond length and concrete stiffness on 
the bond stress distribution will be investigated. The question of whether local failure criteria 
of long bond lengths are similar to those of short bond lengths will be clarified. Furthermore, 
the effect of long-term loading on the local bond behavior will be investigated. Finally, 
statements on the influence of bond creep on the time-dependent development of crack widths 
will be derived and compared with test results of tension tie specimens. 

5 ACKNOWLEDGEMENTS 

The presented studies are funded by the German Federal Ministry for the Environment, Nature 
Conservation, Nuclear Safety and Consumer Protection on a decision by the German Bundestag 
(BMUV, project No. 1501601). In addition, a thank goes to the Otto-Mohr-Laboratory, 
Technische Universität Dresden, for carrying out the test and the good cooperation.  

REFERENCES 

[1] Bach, C. (1905), “Versuche über den Gleitwiderstand einbetonierten Eisens“,
Mitteilungen über Forschungsarbeiten 22, pp. 1–41.

[2] Mörsch, E. (1920), “Der Eisenbetonbau”, Konrad Wittwer, Stuttgart.
[3] Mains, R. M. (1951), “Measurement of the distribution of tensile and bond stresses

along reinforcing bars”, Journal of the American Concrete Institute, Vol. 23, pp. 225–
252.

[4] fib Bulletin 65 (2012), “Model Code 2010 – Final draft, Volume 1”, Federation
international du béton (fib), Lausanne, Switzerland.

143



[5] RILEM (1970), “Essais portant sur l’adhérence des armatures du béton”, Matériaux et
Constructions, Vol. 3, No. 3, pp. 169–178.

[6] Müller, F. P. and Eisenbiegler, W. (1981), “Ermittlung der Verbundspannungen an
gedrückten einbetonierten Betonstählen“, Deutscher Ausschuß für Stahlbeton, Vol. 319,
Beuth Verlag, Berlin.

[7] Rostasy, F. S. and Scheuermann, J. (1987), “Verbundverhalten einbetonierten
Betonrippenstahls bei extrem tiefer Temperatur“, Deutscher Ausschuß für Stahlbeton,
Vol. 380, pp. 43–105, Beuth Verlag, Berlin.

[8] Martin, H. (1973), “Zusammenhang zwischen Oberflächenbeschaffenheit, Verbund und
Sprengwirkung von Bewehrungsstählen unter Kurzzeitbelastung”, Deutscher Ausschuss
für Stahlbeton, Vol. 228, Beuth Verlag, Berlin.

[9] Eligehausen, R., Popov, E. P. and Bertero, V. V. (1983), “Local bond stress-slip
relationships of deformed bars under generalized excitations”, Earthquake Engineering
Center, University of California, Berkeley.

[10] Huang, Z., Engström, B. and Magnusson, J. (1996), “Experimental and analytical
studies of the bond behaviour of deformed bars in high strength concrete”, De Larrard,
F. (Ed.), 4th International Symposium on Utilization of High-strength/High-
performance Concrete, Proceedings of Symposium, Paris, France, 29th – 31st May
1996, Paris, pp. 1115–1124.

[11] Rohling, A. (1987), “Zum Einfluss des Verbundskriechens auf die
Rissbreitenentwicklung sowie auf die Mitwirkung des Betons auf Zug zwischen den
Rissen“, Doctor Thesis, Technische Universität Braunschweig.

[12] Krips, M. (1985), “Rißbreitenbeschränkung im Stahlbeton und Spannbeton“, Doctor
Thesis, Technische Hochschule Darmstadt.

[13] Zobel, R. (2018), “Verbundmodellierung von Beton- und Spannstahl unter Querzug“,
Doctor Thesis, Technische Universität Dresden.

[14] Kenel, A., Nellen, P., Frank, A. and Marti, P. (2005), “Reinforcing Steel Strains
Measured by Bragg Grating Sensors”, Journal of Materials in Civil Enineering, Vol. 17,
No. 4, pp. 423–431.

[15] Berrocal, C. G., Fernandez, I. and Rempling R. (2021), “Crack monitoring in reinforced
concrete beams by distributed optical fiber sensors“, Structure and Infrastructure
Engineering, Vol. 17, No. 1, pp. 124–139, doi:10.1080/15732479.2020.1731558.

[16] Speck, K., Vogdt, F., Curbach, M. and Petryna, Y. (2019), “Faseroptische Sensoren zur
kontinuierlichen Dehnungsmessung im Beton“, Beton- und Stahlbetonbau, Vol. 114,
pp. 160–167.

[17] Fernandez, I., Berrocal, C. G. and Rempling R. (2021), “Long-term performance of
distributed optical fiber sensors embedded in reinforced concrete beams under sustained
deflection and cyclic loading”, Sensors, Vol. 21, No. 19, https://doi.org/10.3390/
s21196338.

[18] ASTM (2015), “A944-10 Standard test method for comparing bond strength of steel
reinforcing bars to concrete using beam-end specimens”, ASTM international, West
Conshohocken, USA.

[19] Vandevalle, L. (1992), “Theoretical prediction of the ultimate bond strength between a
reinforcement bar and concrete”, CEB, Riga Technical University (Eds.), Bond in
concrete: International conference bond in concrete from research to practice - Vol. 1,
Proceedings of conference, Riga, Latvia, 15th - 17th October 1992, pp. 1/1-1/8.

[20] Barrias, A., Casas, J. R. and Villalba, S. (2019), “Distributed optical fibre sensors in
concrete structures: Performance of bonding adhesives and influence of spatial
resolution”, Structural Control Health Monitoring, Vol. 26, No. 3, e2310.

144



[21] Bado, M. F., Casas, J. R., Dey, A. and Berrocal, C. G. (2020), “Distributed Optical
Fiber Sensing Bonding Techniques Performance for Embedment inside Reinforced
Concrete Structures”, Sensors, Vol. 20, 5788, pp. 1–23, doi:10.3390/s20205788.

[22] Koschemann, M. and Curbach, M.(2021), “Bond stress distribution of ribbed steel bars
in reinforced concrete with short bond length under various loading conditions”,
Gatuingt, F. and Torrenti, J.-M. (Eds.), 13th fib International PhD Symposium in Civil
Engineering,  Proceedings of Symposium – 2021 Session, Paris, France, 21st – 22nd
July 2021, pp. 176–183.

145



Bond in Concrete 2022 
Bond, Anchorage Detailing 
Stuttgart 25th – 27th July 2022 

Concrete breakout failures in rebar end anchorages 

Vinay Mahadik1*, Jan Hofmann1, Giovacchino Genesio2, Akanshu Sharma3 

1Institute of Construction Materials, University of Stuttgart, Stuttgart, Germany 
2Hilti Entwicklungsgesellschaft mbH, Germany  
3Purdue University, Lyles School of Civil Engineering, West Lafayette, USA 

*Corresponding Author Email: vinay.mahadik@gmail.com

ABSTRACT 

Concrete cone breakout failure based on the tensile behavior of concrete is duly considered in 
design and analyses of fastening systems. The design of end anchorage in reinforcement bars 
is largely empirical in nature, and typically based on combined bond and splitting actions 
resulting in the rebar anchorage zone. The mechanics of end anchorage of rebar involves 
transfer of tension forces in the rebar to the end anchorage zone. Such mechanical state is similar 
to that considered in concrete cone breakout theory. Thus it is intuitive that the concrete cone 
breakout theory applies to concrete failures in case of rebar end anchorages. Nevertheless, a 
direct consideration of concrete breakout failure for rebar end anchorage zones in general is 
missing in the present day RC design practice. Concrete failures are however indirectly 
precluded using the detailing practices that have evolved over years of research. 

This paper attempts to visualize the behavior of rebar end anchorage zone in reinforced concrete 
frame connections in the light of the concrete cone breakout theory. To this end the available 
experiments on different types of RC connections are evaluated from the perspective of 
concrete cone breakout theory. Column foundation connections, wall-foundation connections 
and beam-column connections are considered in this study. The study shows that concrete cone 
theory in its present form is able to assess concrete failures resulting in the case of rebar end 
anchorage zones in column foundation joints. The concrete cone theory is observed to provide 
significantly conservative assessment of concrete failure in the case of beam column 
connections and slab wall connections. A need for further research in to improvement of the 
assessment model of the concrete cone theory for a more general application is highlighted in 
this study. 

1  INTRODUCTION 

In reinforced concrete (RC) construction, end anchorages of reinforcement in connection region 
are considered in the framework of conventional RC design [1–3]. In this framework, typically 
splitting effects in the plane containing the tension rebars resulting from the bond pull out 
behaviour is considered as the critical mechanism [3,4] in the design of the anchorage zone. 
Concrete failures are considered depending on the mechanical state based on shear failure 
theories. In beam column joints, the joint shear theory is typically used for assessment and 
design of concrete failures. In slab column joints, punching shear theory is typically used for 
addressing the critical concrete failures in the end anchorage region. 
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The assessment and design of anchorages of embedded parts (plates with headed studs or anchor 
channels) and post installed anchors is covered in the framework of fastening technology 
[1,5,6]. In fastening technology, different possible failure modes for the anchorage zone are 
considered. The concrete breakout theory is used for assessment of resistance of the base 
material under tension loads. The end anchorage of a reinforcing bar requires an anchorage of 
tension forces of rebars in the base member, and hence it is a case similar to that relevant for 
fastenings subjected to tension loads. It is hence intuitive, that the concrete failure theories from 
conventional RC practice and the concrete breakout theory from fastening technology should 
converge for rebar end anchorages. This paper is an attempt to obtain perspectives on the 
capability of the concrete breakout model to realistically assess the concrete failures resulting 
in the case of rebar end anchorages. To this end, studies on column foundation joints (CFJ), 
slab wall joints (SWJ) and beam column joints (BCJ) reported in the literature are evaluated in 
the light of the concrete breakout theory. 

2 CONCRETE BREAKOUT FAILURE IN REBAR ANCHORAGE 

Following the development of the concrete capacity design (CCD) approach [7] for evaluation 
of concrete failures for fastenings in concrete subjected to tension and shear load, the models 
have been adopted in the current design practice in EN 1992-4 [5] and Chapter 17 of ACI 318 
[1]. For the purpose of assessment of capacity of rebar anchorages under tension load, the 
expression (1) provides the state-of-the-art capacity under concrete breakout failure [8] 
expressed in terms of the mean or average resistance. EN 1992-4 [5] used similar expression in 
terms of characteristic values for evaluation of concrete breakout resistance. The expression in 
ACI 318 [1], however does not account for the factor 𝜓𝜓𝑚𝑚,𝑁𝑁 considering influence of bending 
compression on concrete breakout capacity. 

 𝑁𝑁𝑅𝑅𝑚𝑚,𝑐𝑐 = 𝑁𝑁𝑅𝑅𝑚𝑚,𝑐𝑐
0 ⋅ 𝐴𝐴𝑐𝑐,𝑁𝑁

𝐴𝐴𝑐𝑐,𝑁𝑁
0 ⋅ 𝜓𝜓𝑠𝑠,𝑁𝑁 ⋅ 𝜓𝜓𝑟𝑟𝑟𝑟,𝑁𝑁 ⋅ 𝜓𝜓𝑟𝑟𝑐𝑐,𝑁𝑁 ⋅ 𝜓𝜓𝑚𝑚,𝑁𝑁 [N] (1) 

 where: 

 𝑁𝑁𝑅𝑅𝑚𝑚,𝑐𝑐
0 = 14.6 ⋅ �𝑓𝑓𝑐𝑐𝑚𝑚 ⋅ ℎ𝑟𝑟𝑒𝑒1.5 …is the basic breakout resistance of a single bonded 

 anchor in non-cracked concrete [N] 

 𝑓𝑓𝑐𝑐𝑚𝑚 is mean cylinder strength of concrete [MPa] 

 ℎ𝑟𝑟𝑒𝑒 is the straight anchorage length [mm] 

 𝐴𝐴𝑐𝑐,𝑁𝑁
0 = �2𝑐𝑐𝑐𝑐𝑟𝑟,𝑁𝑁�

2 = �𝑠𝑠𝑐𝑐𝑟𝑟,𝑁𝑁�
2
 is the reference projected area of a single anchor 

(rebar), with 𝑠𝑠𝑐𝑐𝑟𝑟,𝑁𝑁 = 2𝑐𝑐𝑐𝑐𝑟𝑟,𝑁𝑁 = 3ℎ𝑟𝑟𝑒𝑒 

 𝐴𝐴𝑐𝑐,𝑁𝑁  is the projected area of group of anchors (rebars)  

 𝜓𝜓𝑠𝑠,𝑁𝑁 = 0.7 + 0.3 𝑐𝑐
1.5ℎ𝑒𝑒𝑒𝑒

≤ 1 is the reduction factor to account for the influence of 

vicinity of edge (edge distance, c) on stress distribution 

 𝜓𝜓𝑟𝑟𝑟𝑟,𝑁𝑁 is the shell spalling factor to account for dense reinforcement. Not 
applicable (=1) for discussions in the scope  of this paper 
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 𝜓𝜓𝑟𝑟𝑐𝑐,𝑁𝑁 is a reduction factor to account for the eccentricity of loading w.r.t. the 
anchor arrangement. Not applicable (=1) for discussions in the scope of this paper 

  𝜓𝜓𝑚𝑚,𝑁𝑁 = 2.0 − 𝑧𝑧
1.5ℎ𝑒𝑒𝑒𝑒

≥ 1 is an increase factor to account for beneficial effect of 

moment loading (bending compression) on the concrete breakout resistance 

 = 1 𝑐𝑐 ≤ 1.5 ⋅ ℎ𝑟𝑟𝑒𝑒 or bending is accompanied with axial tension or 𝑧𝑧 ≥ 1.5 ⋅ ℎ𝑟𝑟𝑒𝑒 

 𝑧𝑧 is the internal lever arm between the tension and compression forces 

 While the concrete cone breakout model was developed for localized concrete failures in the 
case of fastenings in concrete construction, attempts to consider the influence of the related 
failure in rebar end anchorages have been made in ACI 318 [1], EOTA TR069 [9] and fib Model 
Code [3]. 

ACI 318 [1] recognizes the potential of concrete breakout failure in the case of closely spaced 
headed reinforcing bars. Criteria for preclusion of concrete breakout failure are provided (see 
Figure 1). Concrete breakout failure is assumed not to occur if a minimum straight anchorage 
length of d/1.5 is available or if confining stirrups are provided in the joint core. Failing to meet 
the criteria requires a consideration of concrete breakout failure as a possible governing failure 
mode. 

 

Figure 1: Concrete breakout consideration in ACI 318 [1](a) Minimum anchorage length 
criteria and (b) Preclusion by confining reinforcement and STM 

 

fib Model Code [3] acknowledges the possibility of concrete cone type failure (see Figure 2) in 
the case of closely spaced hooked bars anchoring a predominant tension force. The situation is 
typical for reinforcement end anchorages in RC connection which are required to anchor tension 
force resulting from bending moments. Particular attention is drawn towards the effect of 
bending compression of the concrete cone resistance, while referring to the consideration of 
same as per fib Bulletin 58 [6].  

 

(a) 
Min. Anchorage length criteria

(b) 
Confining reinforcement and STM
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Figure 2: Concrete breakout failure consideration in fib Model code [3] 

3 INSIGHTS FROM STRUCTURAL STUDIES 

Two different mechanical situations of rebar end anchorage zone are considered in the scope of 
the discussions in this paper. Column foundation joints (CFJ) or similarly wall foundation joints 
(WFJ) result in a mechanical state where the tension rebar finds itself in a compression zone of 
the foundation in vicinity of the column-foundation interface (see Figure 3a). Beam column 
joints (BCJ) or similarly slab wall joints (SWJ) are characterized by a mechanical state in which 
the tension rebar of beam finds itself in the tensile zone of the column. Furthermore, 
concentrated joint shear stresses introduces joint shear distortion in the rebar end anchorage 
zone (see Figure 3b). The joint shear theory has been reported [8,10–12] to realistically assess 
the concrete failure in the case of BCJ. Particular attention has been drawn [8,13] towards the 
significance of the mechanical state of the connection and its effects of the overall rebar end 
anchorage zone behavior. In the view of due considerations to concrete cone failure as a 
possible failure mode for rebar end anchorages, the paper attempts to consolidate insights on 
capability of concrete breakout theory to realistically assess concrete failures in the rebar end 
anchorage zone from structural studies on CFJ and BCJ/SWJ. 

 
Figure 3: Mechanical state: (a) column foundation joints, (b) beam column joints [13] 
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3.1 Column foundation joints 

Studies on column foundation joints with columns placed away from influence of any 
foundation edges [14,15] have demonstrated the capability of the concrete breakout model to 
realistically predict the concrete failures. A comparison of different anchorage types (cast in 
with hook, or straight and post installed) was included in these studies, and experiments on full 
scale column foundation joints under monotonic and cyclic loads were reported. A re-
evaluation of these studies [13] highlighted the influence of mechanical state resulting from the 
test set up on the anchorage behavior and raised a requirement for test program that could 
demonstrate transition between different failure modes possible within the rebar end anchorage 
zone. A proposal for such test program and expectations therefrom were presented based on FE 
analysis [16]. The details of the tests program on CFJ carried in this line, and demonstrating a 
transition between different failure modes possible in the rebar end anchorage zone have been 
reported [17]. Detailed evaluation of these experiments have been performed in the light of 
different assessment approaches [8]. In these studies, it has been shown that the concrete 
breakout model is capable of realistic assessment of the concrete failures in case of rebar end 
anchorages for column foundation joints with columns placed away from influence of any 
foundation edges. The studies also highlight that considering the effect of bending compression 
on the concrete breakout is crucial for a realistic prediction of the concrete failures. 

 
Figure 4: Concrete breakout failure for (a) straight post installed anchorage and (b) cast-in 

anchorage with bent-in hooks [17] 

The study [8,17] draws attention towards the manner in which concrete breakout manifests in 
different anchorage types (post-installed straight verses with bent-in rebars as seen in Figure 
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4). The concrete breakout failure observed for straight anchorages with post installed rebar 
systems with high bond strength show a degradation in the post peak capacity along with 
significant pinching of the hysteresis loops. In the case of cast in anchorage with bent in hooks, 
however, the post peak degradation is not observed because of the detailing. For such cases, a 
monotonic test would provide an incomplete perspective of steel yielding as a dominant failure. 
In cyclic experiments, however, clear cut pinching of the hysteresis behavior was observed. 
This pinching is characteristic of a brittle concrete dominant failure. The observed damage in 
the foundation clearly attributes the effect to concrete breakout failure. It is noted here that the 
ultimate load in the above two cases are comparable and also match with that evaluated using 
the expression (1). A comparison of test results with concrete breakout observed to be the 
dominant mechanism with the calculations performed using (1) is shown in Figure 5. Relevant 
test data from tests reported by Mahadik, et.al. (2021) [17], Herzog (2015) [14] and Tanaka and 
Oba (2001) [18] is used for the shown comparison. The comparison clearly highlights the 
potential of the concrete breakout model to realistically predict the concrete failures in the 
anchorage zone of column foundation joints. 

 

Figure 5: Test data on CFJ with concrete breakout failures versus calculations [8] 

3.2 Beam column or slab wall joints 

As mentioned earlier, beam column (and slab wall) joints are typically characterized by 
concentrated joint shear stresses which result in a shear failure in the joint region in cases where 
no confining reinforcement are available (case of non-seismically detailed joints). For 
evaluation of joint shear failure, BCJ subassemblies as shown in Figure 3b are used. A BCJ 
subassembly comprises of column length equal to the storey height and beam length 
corresponding to half the span in the beam. For evaluation of anchorage zone behavior in the 
case of beam column joints, however, some different specimens are typically used. Figure 5a 
shown test set up for component specimens used for simulation of the end anchorage situation 
in the case of beam column joints. The specimen consists of a column stub in which the 
reinforcing bar is anchored. In the tests, the rebars are pulled out while applying the constraints 
as indicated in Figure 5a. These specimens have been used extensively for arriving at the 
provision of development length in [19]. In this paper, the study on 32 such specimens reported 
by Bashandy (1996) [20], is used as a representative of these specimen type for comparative 
discussions in the light of concrete breakout model.  
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Studies on cantilever slabs connected to walls in order to compare cast in anchorage (straight 
and with bends) with post installed rebar anchorages have been reported by Hamad (2006) [21]. 
The objective of these studies was to work towards demonstration of the capability of strut and 
tie model [22] to evaluate concrete failures in the rebar end anchorage zone. In this paper, the 
test data from these tests showing concrete failure is evaluated in the light of the concrete 
breakout model. 

 

Figure 6: Test set up used for (a) component specimens [20] (b) slab-wall joints [21], (c) full 
scale beam column joints [11,12] 

The manner in which the tests on component specimens and slab-wall joints were performed 
raises questions on whether or not the mechanical state in case of the full scale BCJ (see Figure 
6c and Figure 3b) is realized. Hence, tests on non-seismically detailed beam column joint 
subassemblies from literature which show joint shear failure are also included for discussions 
in this paper. 

Bashandy (1996) [20] investigated end anchorage of headed reinforcing bars using the 
component specimens. Specimens with and without confining stirrups in the joint core were 
considered in the investigations. The study reported two different failure modes: (i) joint shear 
characterized with a diagonal joint shear crack and (ii) side blowout failure. Although the crack 
pattern observed in these study resemble typical concrete cone breakout cracks, interestingly, 
an evaluation of these experiments in the light of concrete breakout theory could not be found. 
A detailed evaluation of these specimens is presented in [8]. This paper discusses the findings 
in brief. 

For each of the 32 specimens, the concrete cone breakout capacity is calculated using (1). Since 
the study deals with headed rebars, the coefficient of 16.8 was used in place of 14.6 in the 
expression of the basic cone capacity. EN 1992-4 [5] recommends the use of factor 𝜓𝜓𝑚𝑚,𝑁𝑁 = 1 
for all cases characterized with edge vicinity (applicable in the present case). Nevertheless, 
calculation of concrete cone capacity using the available  expression for 𝜓𝜓𝑚𝑚,𝑁𝑁 is performed in 
addition to the case of 𝜓𝜓𝑚𝑚,𝑁𝑁 = 1. This is done in order to extrapolate the effect of bending 
compression validated in CFJ to BCJ connections. A comparison of the observed test peak load 
with the calculated values is presented in Figure 6. The test loads are observed to be on an 
average more than 2 times the concrete cone capacity calculated using  𝜓𝜓𝑚𝑚,𝑁𝑁 = 1. Even with 
consideration of the effect of bending compression like in the case of CFJ, the test loads were 
still 2 times of the concrete cone capacity. This clearly shows that the current concrete breakout 

(a) (b) (c)
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model provides significantly conservative estimates of the failure loads, and hence a 
requirement of concrete cone failure for these connections will be consequently conservative. 

 

 

Figure 7: Tests results [20] of component specimens versus concrete breakout model [8] 

An evaluation of the slab wall joints [21] in the similar lines is presented in Figure 7. The rebar 
tension force corresponding to failure load observed in the tests was evaluated from the 
equilibrium of internal stresses resulting from the bending moment at the interface section. The 
total rebar tension force is compared with concrete breakout capacity calculated using (1) for 
the cases with 𝜓𝜓𝑚𝑚,𝑁𝑁 = 1 and 𝜓𝜓𝑚𝑚,𝑁𝑁 as considered for CFJ in Figure 7. For all the test cases, the 
evaluated concrete breakout resistance using (1) indicates that concrete breakout should be 
dominant for all these cases. It is seen that the concrete breakout model provides conservative 
estimates of the concrete failure capacity. Similar conclusions were also made in reported 
discussions [23].  

 

Figure 8: Test results from slab-wall joints [21] versus concrete breakout model [8] 
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The data available on non-seismically detailed BCJ is also used in the present investigation for 
shedding light on the capability of concrete breakout model for realistic assessment of concrete 
failures in RC connections. A total of 11 cyclic tests from literature are considered. In all tests 
the failure was characterized by pronounced diagonal cracking in the joint panel resembling a 
shear or a breakout mechanism. This includes specimen T0 reported by El-Amoury (2002) [24], 
specimens JT1-1, JT2-1, JT3-1, JT4-1, JT5-1 and 2D pre-1970 reported by Genesio (2012) [11] 
and Sharma (2013) [12] and specimens no. 2, 4, 5 and 6 reported by Clyde (2000) [25].  

 

 

Figure 9: Test results from full scale beam column joints versus concrete breakout model [8] 
 

Each test provided two peak load values (+ve and -ve loading). Thus a total of 22 data points 
for peak loads are considered in this comparison. The considered database includes straight 
anchorages (2 data points) and 20 data points with bent anchorages. In bent in anchorages, 15 
data points corresponded to 90° bent-in hook, 4 data points corresponded to 180° bent hook and 
1 data point with 90° bent-out hook. Axial load was absent for 6 out of 11 specimens. Thus 12 
data points correspond to no axial load and 10 data points are characterised with a column axial 
load. In this evaluation and discussion, straight anchorages are identified as CIS and all bent 
anchorages are identified as CIH, and a yes/no indication of axial load is used. A comparison 
of the observed total rebar tension force with the concrete cone capacity calculated using (1) is 
presented in Figure 8. The calculation is made using 𝜓𝜓𝑚𝑚,𝑁𝑁 = 1 as recommended by EN 1992-
4 [5] and also by assuming the effect of bending compression in the case of CFJ applicable for 
BCJ. The comparison clearly shows that the current concrete breakout model provides 
significantly conservative estimates of the concrete failure loads in most cases. It is interesting 
to observe that the prediction of the concrete breakout model is significantly more conservative, 
when the axial load on the column is present. This is reasonable considering the fact that this 
additional confinement of the anchorage zone is not considered by the concrete breakout 
formulation. 
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4 CLOSING REMARKS AND CONCLUSION 

This paper provides perspectives on the capability of the concrete breakout model to provide 
realistic estimate of the failure capacity in case of concrete dominant failures in rebar end 
anchorages. The reported studies on column foundation joints with columns placed away from 
influence of any edges show that the current concrete breakout model is capable of realistic 
assessment of the concrete failures. The consideration of effects from bending compression in 
the concrete breakout model have been found to be crucial for a realistic assessment. It was 
highlighted that concrete breakout failure manifest for cast in anchorages with bends as well, 
and are not just limited to straight or headed anchorages. However, the manner in which the 
concrete failure manifests was shown to be different in the two cases. 

For beam column joints and specimens representing beam column joints, the current concrete 
breakout model is found to be significantly conservative. There is a need to evolve the model 
for a more generalized application in RC connections. It is essential to introduce the effect of 
connection mechanics in a more calibrated manner into the concrete breakout framework. 
Perspectives in this line are further developed in [8]. It is nevertheless noted here, that the use 
of the current concrete breakout model is particularly relevant for straight anchorage length 
design for RC column foundation joints, since its ommission may lead to breakout failure in 
the foundation. A consideration of the model in its present form for RC beam column joints 
will result in significantly conservative estimates in contrast to more realistic assessments 
provided by joint shear models in the conventional RC practice. 
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ABSTRACT 

Behavior of RC elements can be significantly impaired by inadequate lap-splicing of their longi-
tudinal reinforcement. Since an accurate theory-based estimation of bond stress along lap-splices 
is difficult to formulate, modern Design Codes still rely on semi-empirical models. According to 
Model Code 2010 background data (fib Bulletin No 72 [1]), it was highlighted that there is a need 
for additional tests on specimens with longer lap-splices in areas with moderate values of shear 
force and transverse reinforcement. Twenty (20) tests on beam-like specimens with such chara-
cteristics under monotonic loading are presented. The test results will be compared with the 
predicted values of some key design models for determining tension lap strength, focusing mainly 
on the influence of three parameters: a) lap arrangement (face-parallel or face-perpendicular, 
spaced or in contact, tied or not), b) lap length (15 to 30 db: bar diameters), and c) degree of 
passive confinement, offered by the concrete cover and the internal transverse reinforcement 
(stirrups) present within the lap length. Conclusions regarding the tensile stress developed by the 
lapped reinforcements, as well as the observed failure modes and cracking patterns are made. 

1  INTRODUCTION, 

The draft revision of EN 1992 [3], to be released in 2023, is based on a semi-empirical model 
proposed by Eligehausen & Lettow [15]. This well-established model has already been included 
in Model Code 2010 [6]. In the MC2010 background data (fib Bulletin No 72 [1]), it was 
highlighted that there was already a need to supplement bond strength databases with tests on 
specimens with longer lap-splices in areas with moderate values of shear force and transverse 
reinforcement. This recommendation aims at improving earlier design code expressions (e.g. 
that of Model Code 1990 [2]) which were based on databases that predominantly contained 
bond strength tests on unconfined bars with short bond lengths. 

To this end, an experimental program, designed specifically to fulfill this need, has already been 
carried out at the Laboratory of Reinforced Concrete of the National Technical University of 
Athens/Greece. Within the same framework, an extensive literature review and comparison of 
the available design models is also performed. In this paper, a short comparison of the key 
available semi-empirical design models is made, along with a short commentary of the major 
affecting parameters. In addition, the test results from the first two series of this experimental 
program are presented and correlated with the predictions of these design models. 
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It is worth noting, that the 2nd Test Series presented in this paper, has already been published 
before, see Chronopoulos et al. [8], along with other parts of this program, [9], [10] and [11]. 

2 SHORT DISCUSSION ON DESIGN MODELS 

A first generic observation is that over time researchers have proposed more detailed expressions, 
with individual coefficients and exponents applied to each parameter. This is rather evident in the 
expression of Eligehausen & Lettow [15], which is far more detailed that the one suggested by 
Orangun et al. [13]. Contrary to that, earlier attempts relied on a simple theory-based expression 
to which a few more generic experimental correction coefficients were applied. In general, there 
is also a common understanding on the way that lap-length, concrete cover and transverse 
reinforcement affect the bond strength. Regarding the lap length and the concrete cover, all design 
models use the relevant parameters in the practically the same form: available lap length to bar 
diameter ratio (lb/db) for the lap length influence, and the minimum concrete cover to bar diameter 
ratio (cmin/db) and the maximum to minimum concrete cover (cmax/cmin) for the passive 
confinement’s influence due to concrete. Regarding the transverse reinforcement, there is a 
general agreement that it is based on the reinforcement area that crosses the potential splitting 
crack planes. However, there are two main differentiations: a) In earlier models (e.g. Orangun et 
al [13] or Zuo & Darwin [14]), the total reinforcement area within the bond length is considered, 
compared to Eligehausen & Lettow [15], where Ktr is calculated based on the number of stirrup 
legs within the stirrups’ spacing (s). This may lead to further differentiations between estimations 
when the stirrups’ spacing is not constant all along the bond length e.g. lap splices longer that the 
critical regions of columns. b) Eligehausen & Lettow [15] first introduced an effectiveness 
coefficient km, which quantifies the fact that poorly detailed and arranged transverse 
reinforcement may offer no enhancement at all (km can take values as low as zero). 

 
Figure 1: Comparison of the influence of Ktr, cmin, cmax and lb to the total lap force according 

to various design models. actuator 
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In Figure 1 here above, a short parametric investigation of the influence of various design 
parameters is presented. The diagram is produced for the case of the BH1 specimen, for the 
following conditions: Rr=0.056 (typical for B500C rebars with db>12mm), db=14mm, 
fc=22MPa, fyt= 380MPa, ld=25db, cmin=21mm, cmax=34.5mm, Ktr=2.01%. According to this 
investigation, it can be observed that there is a trend in increasing the total strength of lap 
splices, suggesting that older design approaches were rather conservative (see e.g. differences 
between Orangun et al. [13] and Eligehausen & Lettow [15]). The more recent studies of 
Mancini et al. [18] and Vollum & Goodchild [19] performed a more comprehensive reliability 
analysis of the same expression, along with a separation of the available database into a stress 
range closer to modern reinforcement yield strengths (400 to 500 MPa). They argue that a 
design model with moderately lower total lap strengths (compared to the Eligehausen & Lettow 
[15] model) might be more appropriate, considering the reliability requirements of EN 1990. 
Even so, this model is still less conservative that the design provisions of Model Code 2010 [6]. 

3 EXPERIMENTAL PROGRAM 

3.1 Scope 

The tests presented are part of a broader experimental program investigating the influence of 
lap-splices placed in the critical regions of earthquake resistant RC members. In this paper, the 
first two test series are discussed, which included speciments tested only under monotonic 
loading and were designed to investigate: a) the influence of the lap length, the lap arrangement 
and the passive confinement (by concrete cover and transverse reinforcement) to the maximum 
tensile stress of the lapped bars, and b) the failure modes and crack patterns. 

In further detail, the 1st Series was designed mainly to investigate the effect that different types 
of lap-splice arrangements have on the lap strength and the cracking pattern. To this end, four 
types of specimens were designed and tested, each with a different combination of the two 
possible arrangements: a) either in contact or spaced (up to a center-to-center spacing of 4db) 
and b) placed horizontally or vertically (face-parallel or face-perpendicular, respectively). All 
other characteristics of the specimens, e.g. lap length, concrete cover, transverse reinforcement, 
etc. were practically the same. 

The 2nd Series was designed mainly to check and verify the widely accepted rule that a lap 
length of approx. 30db is adequate to ensure yielding of the reinforcement, but practically no 
ductility. This value is almost equal to loy,min (=0.3dbfs,y/√fc), which is proposed by Biskinis & 
Fardis [20], Biskinis [17] and Fardis [21] and was adopted by EPPO [7]. The lap length (30db 
and 15db) and the transverse reinforcement (see Table 1) were the main parameters of this test 
series. 

It is worth noting that the results of these tests on “inadequate” (shorter than 30db) lap-splices 
were used for the design of the other two test series of this program, which were tests on either 
“adequate” (longer than 30db) or retrofitted “inadequate” specimens under fully reversed cyclic 
actions. In this sense, their results were crucial in determining an adequate lap-splice 
performance under monotonic loading, which served as a “benchmark” for evaluating the 
results of the cyclic tests. Furthermore, it is worth noting that the number of specimens used in 
this study is not enough to ensure statistical validity. However, based on the consistency of the 
test results, this study is well justified, as the conclusions made are mainly qualitative, rather 
than quantitative. Furthermore, these test results can be added to existing databases of such 
tests, see e.g. Biskinis [17] and Fardis [21]. 
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3.2 Test arrangement, loading, specimens and materials 

All specimens were tested as a single-span element loaded at mid-span, see Fig. 2, with pinned 
supports at both ends. For the 1st Series, a single point load was applied using a special pinned 
load application device that allowed for free rotation inside the loading plane. For the 2nd Series, 
two equal point loads were applied at equal distances from the middle of the span. A 
displacement-controlled load actuator (servo-mechanism) was used. The specimens were in 
general loaded with a constant rate until failure. The main geometrical and mechanical 
characteristics of these specimens are presented in Tables 1 and 2. 

 
Figure 2: Test arrangement for both test series (left: 1st Series, right: 2nd Series). 1, 2: Strong 
and stiff reaction frame fixed on massive RC floor. 2: Test specimen. 3: Single or double point 

load. 4: MTS load actuator 

 
Figure 3: Reinforcement arrangement details - 1st Series. Left: Cross sections. Right: Top two 

figures: Plan view of top (tensile) reinforcement. Next two figures: Side view of top and 
bottom reinforcement. Bottom figure: Side view of transverse reinforcement. 
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For all spliced specimens, two identical laps were arranged towards both ends (see Fig. 3 and 
4). Considering this, all lap-splices were under a constant shear force combined with a gradient 
bending moment. These loading conditions were chosen so that they simulate the common case 
of the bottom half of a column in a moment resisting frame, where the lap-splices are placed 
close to the column base. In this way, real-life applications of lap-splices in construction works 
can be investigated. 

 
Figure 4: Reinforcement arrangement details –2nd Series. Left: B30 – Side and top view of 

reinforcements. Right: B15 – Side and top view of reinforcements.reinforcement. 
 

Table 1: Geometrical and mechanical properties – Section and reinforcement 
 1st Series 2nd Series 
b/h (mm) 250/200 150/300 
d/d1/d2 (mm) 172/28/25 264/36/35 
Clear concrete cover - c / 
Cover to longitudinal bars - 
c΄ (mm) 

15/21 
top/bottom: B30/30Ø: 22/30 / B15/15Ø: 
24/30 
side: B30/30Ø: 10/18 / B15/15Ø: 10/16 

Longitudinal bars (B500C) As1 = (1+2)Ø14 
As2 = 2Ø8 

As1 = 2Ø12 
As2 = 2Ø10 

Transverse bars Asw = (2)Ø6 / SAE1008 B30/30Ø: Asw = (2)Ø8 B500C 
B15/15Ø: Asw = (2)Ø6 S220 

fcc (mean value, MPa) 22,0 Original tests: 28,5 / After repair: 31,0 

Ec (mean value, MPa) 25.250 Original tests: 27.250 / After repair: 
28.000 

fct,sp (mean value, MPa)  2,6 Original tests: 2,1 / After repair: 2,3 
fct (mean value, MPa) 2,9 Original tests: 3,3 / After repair: 3,5 
Longitudinal reinforcement 
- fsy/fst & εu (MPa, %, 
B500C) 

Ø14 & Ø8 
fsy/fst ≈ 540/660 εu ≈ 10,5 

Ø12 & Ø10 
fsy/fst ≈ 580/685 εu ≈ 10,5 

Transverse reinforcement - 
fsy/fst & εu (MPa, %) 

Ø6 - SAE 1008 
fsy/fst ≈ 380/450 εu ≈ 8,5 

Ø8 - B500C / fsy/fst ≈ 580/685 / εu ≈ 10,5 
Ø6 - S220 / fsy/fst ≈ 280/420 εu ≈ 14,5 
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Table 2: General characteristics and description of 1st and 2nd Series specimens 

# Name Loading Lap 
length 

Lapped bar 
spacing 

Lapping 
arrangement 

Axial 
load 

Repair/ 
Strengthening 

1st Test Series 
1 BC1 

Si
ng

le
 P

oi
nt

 L
oa

d 
/ M

on
ot

on
ic

 NA NA NA 

NA NA 

2 BC2 
3 BH1T 

25∅ 

1∅ 
(in contact) horizontal 

4 BH1.1 
5 BH1.2 
6 BH4.1 4∅ 

(not in contact) 7 BH4.2 
8 BV1T 1∅ 

(in contact) vertical 
9 BV1.1 
10 BV1.2 
11 BV3.1 3∅ 

(not in contact) 12 BV3.2 
2nd Test Series 

13 B30.1 

Tw
o 

po
in

t l
oa

d 
/ 

M
on

ot
on

ic
 

30∅ 

1∅ 
(in contact) horizontal NA 

NA 14 B30.2 
15 B15.1 15∅ 16 B15.2 
17 B30.1W 30∅ Welding of failed 

lap-splices 
18 B30.2W 
19 B15.1W 15∅ 20 B15.2W 

4 TEST RESULTS AND DISCUSSION 

The test results are presented in Table 3, where: δy is the mid-span displacement at yield (mm), 
Vmax is the maximum shear resistance (kN), δ@Vmax is the mid-span discplacement at Vmax, δu 
is the mid-span discplacement at failure (80% of Vmax), and μδ is equal to δu/δy. 

Table 3: 1st and 2nd Test Series – Shear force and displacement at mid-span 
1st Test Series 2nd Test Series 

Specimen δy Vmax δ@Vmax δu μδ Specimen δy Vmax δ@Vmax δu μδ 
BC1 10.1 43.4 63.7 79.8 7.9 B30.1 5.0 34.9 5.0 NA NA 
BC2 9.8 41.9 53.3 59.8 6.1 B30.2 5.4 34.4 5.4 NA NA 

BH1T NA 30.5 6.7 NA NA B15.1. NA 16.3 2.2 NA NA 
BH1.1 NA 33.6 7.8 NA NA B15.2 NA 18.3 2.5 NA NA 
BH1.2 NA 31.3 6.7 NA NA B30.1W 5.2 30.2 5.2 NA NA 
BH4.1 NA 26.0 5.7 NA NA B30.2W 5.7 32.7 5.7 NA NA 
BH4.2 NA 29.2 6.3 NA NA B15.1W NA 15.1 2.3 NA NA 
BV1T NA 29.5 8.7 NA NA B15.2W NA 19.7 2.4 NA NA 
BV1.1 NA 29.7 10.1 NA NA 
BV1.2 NA 28.9 9.0 NA NA 
BV3.1 NA 26.6 10.1 NA NA 
BV3.2 NA 30.7 8.8 NA NA 
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4.1 Discussion on developed tensile stress at lapped rebars 

4.1.1 Arrangement of lap-splices 

Table 4 includes maximum shear force Vmax, maximum bending moment Mmax, tensile 
reinforcement force Fs (=Mmax/z), tensile strain εs (measured) and force Fs,cont (=EAsεs) for the 
middle continuous rebar, tensile force of the two corner lapped bars Fs,laps (=Fs-Fs,cont) and 
tensile stress developed at each lap σs,lap (=Fs,laps/2As), for each specimen of the 1st Test Series. 
In four specimens, the strain gauges failed, so εs was assumed equal to the minimum available 
values for the same specimen type (values in brackets). The inner lever arm z was calculated 
for each bar, since BV specimens developed a lower lever arm than BH specimens. In Table 4, 
zlap values correspond to the inner lever arm of the lap-splices. Two assumptions were made for 
the vertical lap-splices: a) total lap-splice force acting at the middle of the lap-splice spacing, 
or b) the more realistic approach of using the lower bar lever arm, since the force is transferred 
by these bars (see also Fig. 3). 

Table 4: 1st Test Series – Maximum tensile stress at lap-spliced rebars 

Specimen Vmax 

(kN) 
Μmax 

(kNm) 
zlap 

(mm) Fs (kN) εs (%) Fs,cont 

(kN) 
Fs,laps 

(kN) 
σs,lap 

(MPa) % fy 

BH1T 30.5 28.2 156.4 180.4 NA (2.4) 73.9 106.5 346.2 64% 
BH1.1 33.6 31.1 156.4 198.7 NA (2.4) 73.9 124.9 405.8 75% 
BH1.2 31.3 29.0 156.4 185.1 2.4 73.9 111.3 361.6 67% 
BH4.1 26.0 24.1 156.4 153.8 1.8 55.4 98.4 319.7 59% 
BH4.2 29.2 27.0 156.4 172.7 1.9 58.5 114.2 371.2 69% 

Inner lever arm at the middle of lap-splice spacing 
BV1T 29.5 27.3 156.0 174.9 NA (2.4) 73.9 101.1 328.4 61% 
BV1.1 29.7 27.5 156.0 176.1 2.4 73.9 102.3 332.3 62% 
BV1.2 28.9 26.7 156.0 171.4 2.9 83.1 88.3 286.9 53% 
BV3.1 26.6 24.6 155.2 158.5 2.7 83.1 75.5 245.2 45% 
BV3.2 30.7 28.4 155.2 183.0 NA (2.7) 83.1 99.9 324.6 60% 

Inner lever arm at lower bars 
BV1T 29.5 27.3 155.6 175.4 NA (2.4) 73.9 101.5 329.9 61% 
BV1.1 29.7 27.5 155.6 176.6 2.4 73.9 102.7 333.8 62% 
BV1.2 28.9 26.7 155.6 171.8 2.9 83.1 88.7 288.3 53% 
BV3.1 26.6 24.6 154.0 159.8 2.7 83.1 76.7 249.2 46% 
BV3.2 30.7 28.4 154.0 184.4 NA (2.4) 83.1 101.3 329.2 61% 

 

As an average, horizontal lap-splices developed greater tensile forces (67% fy) than the vertical 
ones (57% fy), even considering the lower arm. This difference can’t be attributed to the passive 
confinement, since vertical lap-splices had similar or even better confinement conditions than 
the horizontal ones (see Table 5 & 6). The shear forces acting along the lap length can’t explain 
the difference in performance, since according to Lukose et al. [16] the vertical legs of the 
stirrups should be able to offer a better confinement to the vertical lap-splices rather than the 
horizontal ones. Considering the above, and excluding the possibility of a statistical error (due 
to the relatively small number of samples), the current literature can’t explain this difference.  

Contact lap-splices were also superior (64% fy) to spaced ones (58% fy), partly due to the 
interlock of the rebinforement ribs. The spaced lap-splices also exhibited more cracks (see Fig. 
4 and 8), especially in the large unreinforced concrete region between the two bars, which led 
to a faster deterioration of the concrete and lower bond strength. Another possible reason could 
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be that in these tests, all contact lap-splices were placed inside the stirrups corners, while for all 
spaced lap-splices, one bar was placed further away where stirrup legs are less effective (see km 
values suggested by Model Code 2010 [6]). Contrary to expectations, tied lap-splices didn’t 
perform better (63% fy for BV1T and BH1T) than simple contact lap-splices (65% fy). 

4.1.2 Lap length 

In general, specimens with 30db lap-lengths were able to develop almost full yielding of their 
lapped reinforcements. This was not the case for the rest of the specimens, with lap lengths 
equal to 15db and 25db, with a clearly inferior response and failing before yielding of the lapped 
bars. The results were compared with the predictions of Eligehausen & Lettow [15] in terms of 
the mean tensile stress of the lapped bars. All the conditions for applying the Eligehausen & 
Lettow [15] expression are satisfied, except for at least one transverse leg placed within the 
splice and less than 3db from the two ends of the lap-splice. A more direct and design-oriented 
approach proposed by Fardis [21] will also be used. In this method, the available yielding 
moment My of the cross section (without considering the lap-splices) is reduced by multipying 
it with the ratio of the available lap length lo to the minimum lap length for yielding loy,min 
(=0.3dbfs,y/√fc). 

Fig. 5 shows the correlation of the experimental to predicted ratio of the lap-splice force (Fs,lap) 
and yielding moment (My), respectively. In the left side, the prediction of Eligehausen & Lettow 
[15] (Exp. [1]) and Vollum & Goodchild [19] (Exp. [2]) are used, while in the right side, the 
more direct approach of Fardis [21]. The data are plotted against two parameters: a) the 
available lap length to bar diameter ratio (lb/db) and b) the available lap length to minimum lap 
length for yielding ratio (lo/loy,min). The predicted Fs,lap values have been calculated as follows: 
a) for Exp. [1], Fs,lap=fstmπdb

2/4, and b) for Exp. [2], Fs,lap=fbmπdblo and km=12. 

fstm = 24.2(fc)0.25(20/db)0.20(lb/db)0.55(cmin/db)0.33(cmax/cmin)0.10[1+10Ktr]       (1) 

fbm = 2.8(fc/25)0.45(20/db)0.36[(cmin/db)0.25(cmax/cmin)0.10+kmKtr]          (2) 

  
Figure 5: Experimented/Predicted comparison – Left: lap-splice force Fs,lap with lap-length to 

bar diameter ratio (lb/db) – Right: yielding moment ratio (My,exp/My,pred) with available lap 
length to minimum lap length for yielding (lo/loy,min) 

 
The predicted My values were calculated using a tensile stress equal to fylo/loy,min, and the 
relevant My expression by Biskinis [17] and Fardis [21]. It is worth noting that for the specimens 
of this study, both expressions of Eligehausen & Lettow [15] and Vollum & Goodchild [19] 
significantly overestimate the tensile stress of the spliced reinforcements. This is clearly shown 
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in Fig. 5 where the experimental values of Fs,lap can be as low as 50% of the predicted values. 
It is important to remind that both expressions rely on the assumption that a splitting failure 
will occur. The lo/loy,min ratio seems to be a better estimate, at least for the tests of this study. 

4.1.3 Transverse reinforcement and concrete cover 

Table 5 shows the values of Ktr according to the expression of Eligehausen & Lettow [15] and 
the total sum of the area of stirrups within the lap length ΣAtr,tot. It needs to be mentioned that 
Vollum & Goodchild [19] use quite similar expressions for calculating the influence of passive 
confinement. Any difference between their predictions is not related to the passive confinement 
and shall be attributed to the different calibration done by Vollum & Goodchild [19]. In 
addition, in the last two columns of the relevant table the values of σtot,y and σtot,1‰ are also 
included. These two stresses represent the transverse force that the stirrups can develop over 
the lap length. The two stresses are calculated in the same way, as a constant plain stress acting 
over an area equal to lodb, using the expression σtot=Fs,tr/(lodb), where Fs,tr=ΣΑtr,totσsw. The 
difference between σtot,y and σtot,1‰ lies in the assumed stress for the stirrups. For σtot,y full 
yielding of transverse reinforcement is assumed (σsw=fsy), while for σtot,1‰ the stress 
corresponding to a stirrup hoop strain of 1‰ is assumed (based on previous experimental 
studies performed by the author, see Chronopoulos et al. [9] and [10]). 

  Table 5: 1st and 2nd Test Series – Transverse reinforcement 
Series Specimen Ktr ΣAtr,tot (mm2) σtot,y (MPa) σtot,1‰ (MPa) 

1st BH1, BH4, BV1, BV3 2.01% 113.2 (4 legs Ø6) 8.78 4.62 
2nd B30 4.65% 301.8 (6 legs Ø8) 40.52 13.97 
2nd B15 3.95% 113.2 (4 legs Ø6) 14.67 10.48 

 

This research tends to conclude that the most appropriate way of assessing the impact of 
transverse reinforcement is through the effective clamping force it can offer. From the 
parameters shown in Table 5, this force is better expressed by σtot,1‰. The assumption of a hoop 
strain of the transverse reinforcement of 1‰ needs to be further investigated, as the value 
proposed here can be biased and valid only for members with similar characteristics to the 
specimens of this study. However, it needs to be highlighted that this value is in line with the 
value proposed by Priestley et al. [22] and included in EN 1998-3 [4], based on a relevant model 
regarding the available clamping force offered to a slipping lap-splice, due to the activation of 
the internal and external (e.g. FRP jacket) transverse reinforcement.  The coefficient Κtr (used 
by Model Code 2010 [6]) seems to be in good correlation with σtot,1‰, as opposed to the total 
area ΣAtr,tot or the stress calculated based on the yielding strength of the stirrups σtot,y. In the 
relevant expression, Ktr is multiplied by an efficiency factor km, which is the same (=12) for all 
specimens of this study, since all spliced bars were placed inside the corner of a stirrup. It is 
worth noting that based on EN 1992-1-1 [3] the influence of transverse reinforcement is 
considered using the total area of ΣAtr,tot, reduced by a minimum value of ΣAtr,min equal to 25% 
of the cross section of the largest lapped bar. Based on EN 1998-1, ΣAtr,min can reach values 
equal to 100% of the cross section of the largest lapped bar. 

In the Final Text of Model Code 2010 [6], Ktr has an upper limit of 5%, which in the Final Draft 
[5] was 4%. For the cases of specimens B30 (Ktr=4.65%) and B15 (Ktr=3.95%), this smaller 
limit value would have practically nullified the difference. Comparing the differences between 
the Final Draft [5] and the Final Text [6] of Model Code 2010, it can be observed that the 
findings of this study (and of the previous one, see Chronopoulos et al. [2]) are in the right 
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direction. Indeed, the influence of transverse reinforcement has increased with a series of 
revisions, some of which are: the km factor was increased to 12 instead of 8, the kd factor to 20 
or 10 instead of 15 or 7.5, the maximum value of Ktr to 5% instead of 4%, etc. 

Table 6 shows the different values of minimum and maximum concrete cover for each type of 
specimen. The factors as per Model Code 2010 [6] and EN 1992-1-1 [3] provisions are included 
in the last two columns. Model Code 2010 [6] uses the product of (cmin/db)0.25 (cmax/cmin)0.1, 
while EN 1992-1-1 uses the factor 1/α2 (α2 affects the bond stress; hence, the need to consider 
the multiplicative inverse). Both codes seem to be in good correlation with each other. 

Table 6: 1st and 2nd Test Series – Concrete cover reinforcement 
Series Specimen cmin cmax db cmin/db cmax/db MC2010 EC2 

1st BH1 21 34.5 14 1.50 2.46 1.16 1.08 
1st BH4 13.5 21 14 0.96 1.50 1.04 1.00 
1st BV1 21 41.5 14 1.50 2.96 1.18 1.08 
1st BV3 21 41.5 14 1.50 2.96 1.18 1.08 
2nd B30 18 33 12 1.50 2.75 1.18 1.08 
2nd B15 16 35 12 1.33 2.92 1.16 1.05 

 

4.2 Discussion on damage evolution and failure modes 

Regarding the crack patterns, this study is in good agreement with the relevant available 
literature, see Tepfers [12]. All specimens failed by developing a major shear crack at both ends 
of the lap-splices near the load application area. At the same time, longitudinal splitting cracks 
appeared along the lapped bars, initially within the plane of the lap-splices, and then 
perpendicular to it (Fig. 8). For spaced lap-splices, and for large displacemens, cracks at an 
angle of about 45° to the direction of the original cracks also appeared. Fig. 8 below shows a 
visual representation of the morphology of the cracks, only due to splices (not e.g due to 
bending), along with some typical photos for each type of lap-splice arrangement. 

 
Figure 8: Crack patterns for each specimen type of the 1st test series 
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At the end, a mixed failure was observed, a kind of splitting induced pull through, leaving clear 
imprints of the bar ribbed surface on the concrete matrix. Specimens B15 (lo=30db) failed with 
fully developed longitudinal cracks on all three faces (one top/tension face and two side faces). 
On the contrary, specimens B15 (lο=15db) and all 1st Series specimens (lο=25db) failed with 
partially developed longitudinal splitting cracks, mostly on the two side faces and not on the 
top/tension face. The failure mechanism of B30 specimens was almost identical and much more 
stable than that of the other specimens. 

5 CONCLUSIONS 

A comparison of the available semi-empirical design models for lap-splices shows that although 
there is a general consensus on the main parameters affecting lap strength (lap length, concrete 
cover, transverse reinforcement, etc.), their predictions are not that well correlated and can lead 
to conflicting observations and conclusions. Background data from the most recent design 
codes (see fib Bulletin No 72 [1]) have highlighted that the available databases used to calibrate 
these semi-empirical models still have to be enriched with more tests. This paper presents the 
results from a relevant experimental program on specimens with inadequate lap lengths (15 to 
30db), with moderate to high passive confinement by concrete cover (approx. 1.0 to 3.0db) and 
transverse reinforcement (Ktr values up to 4.65%), as well as different lap arrangement (contact 
or spaced, face-parallel or –perpendicular). 

According to the tests results, it seems that the expression of Eligehausen & Lettow [15] for fstm 
still needs further calibration. The terms that have the biggest influence are the ones for the 
available lap length and for the contribution of transverse reinforcement. Changes during 
development of Model Code 2010 [6] provisions and the differences with EN 1992-1-1 [3] 
show that the influence of transverse reinforcement is a subject that is still under discussion and 
requires further investigation. A further calibration and reliability analysis done by Mancini et 
al. [18] and Vollum & Goodchild [19] offered a slightly modified expression for fstm that 
exhibits a better correlation with this study’s test results. An even better fit is achieved with the 
use of the lo/loy,min ratio proposed by Fardis [21]. As a final note, the best lap arrangement seems 
to be face-parallel (horizontal and perpendicular to the loading plane, for the present test setup) 
contact lap-splices. In this study, specimens with such arrangements exhibited greater bearing 
capacity and developed fewer and more limited cracks. 

 

REFERENCES 

[1] fib Bulletin No 72. Bond and anchorages of embedded reinforcements – Background to 
the fib Model Code for Concrete Structures. Report by Federation international du 
beton, Lausanne, 2014. 

[2] fib Model Code for Concrete Structures 1990. Federation international du beton, 
Lausanne, 1990. 

[3] Eurocode 2. Design of concrete structures (EN 1992-1-1). Brussels: European 
committee for standardization; 2004. 

[4] Eurocode 8. Design provisions for earthquake resistance of structures (EN 1998-1 & EN 
1998-3). Brussels: European committee for standardization; 2005 

[5] fib Model Code for Concrete Structures 2010 – Final Draft. Federation international du 
beton, Lausanne, 2012. 

168



   
 

[6] fib Model Code for Concrete Structures 2010 – Final Text. Federation international du 
beton, Lausanne, 2013. 

[7] KANEPE – (Greek) Code of Structural Interventions (2nd Revision). Earthquake 
Planning and Protection Organization of Greece; 2017.  

[8] Chronopoulos P, Trezos C, Chronopoulos M. Behaviour of RC elements with 
inadequate lap-splices, before and after upgrading by welding of reinforcement. Brescia, 
Italy: 4th International Symposium “Bond in Concrete” Proceedings; 2012. 

[9] Chronopoulos P, Tassios T. Retrofitting of RC columns with inadequate lap-splices by 
means of external confinement. Istanbul, Turkey: 2nd Conference on “Smart 
Monitoring, Assessment and Rehabilitation of Civil Structures” Proceedings; 2013. 

[10] Chronopoulos P, Astreinidis E, Giokaris S. Experimental behaviour of externally 
confined concrete columns with inadequate lap-spliced rebars under fully reversed 
cyclic loading. Stockholm, Sweden: 19th  IABSE Conf. on “Challenges in Design and 
Construction of an Innovative and Sustainable Built Environment” Proceedings: 2016. 

[11] Chronopoulos P., Chronopoulos M. Comparison of bond behaviour models for lap-
splices confined by transverse reinforcement. Crete, Greece, 7th ECCOMAS Thematic 
Conference on “Computational Methods in Structural Dynamics and Earthquake 
Engineering” Proceedings; 2019. 

[12] Tepfers R. A theory of bond applied to overlapped tensile reinforcement splices for 
deformed bars. Publication 73:2, Chalmers University of Technology, Goteborg, 
Sweden: 1973. 

[13] Orangun CO, Jirsa JO, Breen JE, A reevaluation of test data on development length and 
splices. ACI Structural Journal. 1977; 74(3): 114-122. 

[14] Zuo J, Darwin D. Splice Strength of Conventional and High Relative Rib Area Bars in 
Normal and High-Strength Concrete. ACI Structural Journal, 2000: 97(4); 630-641. 

[15] Eligehausen R, Lettow S. Formulation of application rules for lap-splices in the new fib 
Model Code, Task Group 4.5 “Bond Models” of the fib (federation international du 
Beton), Stuttgart; 2006. 

[16] Lukose K, Gergely P, White RN. A study of lapped splices in RC columns under severe 
cyclic loads. National Science Foundation Report 81-11, 222 pp. 1981. 

[17] Biskinis D. Resistance and deformation capacity of concrete members, with or without 
retrofitting. University of Patras, Greece: Doctoral Degree Thesis; 2007. 

[18] Mancini G, Carbone VI, Bertagnoli G, Gino D. Reliability-based evaluation of bond 
strength for tensed lapped joints and anchorages in new and existing reinforced concrete 
structures. Structural Concrete. 2018; 19(3): 904–17. 

[19] Vollum R, Goodchild C. Proposed EN 1992 tension lap strength equation for good 
bond. Structures. 2019; 19: 5-18. 

[20] Biskinis D, Fardis M. Effect of lap-splices on flexural resistance and cyclic deformation 
capacity of RC members. Beton- und Stahlbetonbau. 2007; 102(51): 51-59. 

[21] Fardis M. Seismic design, assessment and retrofitting of concrete structures. Springer - 
Geotechnical, Geological and Earthquake Engineering. 2009; 8. 

[22] Priestley MJN, Seible F, Calvi M. Seismic design and retrofit of bridges. New York: J. 
Wiley and Sons Inc.; 1996. 

169



Bond in Concrete 2022 
Bond, Anchorage Detailing 
Stuttgart 25th – 27th July 2022 

Nonlinear spring modelling approach for the evaluation 
of tension loaded anchorages in cracked concrete  

Boglárka Bokor1*, Akanshu Sharma2, Jan Hofmann3

1fischerwerke GmbH & Co. KG, Waldachtal, Germany 
2 Purdue University, Lyles School of Civil Engineering, West Lafayette, IN, USA 
3 University of Stuttgart, Institute of Construction Materials, Stuttgart, Germany 

*Corresponding Author Email: boglarka.bokor@fischer.de

ABSTRACT 

The design of anchorages according to current standards in fastening technology is limited to 
strict boundaries. The main reason for the limitations can be attributed to the semi-empirical 
and force-based nature of the design provisions, which are generally sufficient for the design 
of non-structural connections. Furthermore, unless otherwise proven, the concrete is assumed 
as cracked and all the anchors are assumed to be intercepted by a crack. In reality, depending 
on various factors, only some of the anchors might be intercepted by a crack. This paper gives 
an overview of a new nonlinear spring modelling approach for the realistic evaluation of tension 
loaded anchor groups in case of concrete cone failure in cracked and uncracked concrete. The 
concept is based on the assumption that within an anchor group, anchors resist the tension 
forces, while the compression forces are transferred directly by the base plate to the concrete. 
Nonlinear tension-only springs are used for modelling the anchor behaviour, whose 
characteristics depend on the anchor type and size as well as the concrete condition. A tributary 
area approach takes into account the influence of spacing and edge distance, while the influence 
of eccentricity and base plate stiffness is automatically accounted for through non-linear 
analysis. The base plate and attachments are modelled using finite shell elements to realistically 
consider the stiffness conditions. The accuracy of the model is validated against a vast number 
of experimental results on diverse anchor groups. In this paper, the validity of the model in 
cracked concrete is shown on tension loaded anchor groups consisting of post-installed bonded 
anchors. Example calculation is presented to demonstrate the procedure of the proposed spring 
model. It is shown that with the nonlinear spring model, the behaviour of anchorages with the 
actual crack pattern (all or only some anchors in crack) can be realistically considered. 

1  INTRODUCTION  

1.1 Drawbacks of the current design provisions 

The current design recommendations for tension loaded anchorages given in the codes and 
guidelines such as EN 1992-4 [1], ACI 318-19 [2], fib Bulletin 58 [3] are limited in scope to 
rectangular anchor groups with a maximum of three anchors in a row and a requirement to have 
a sufficiently stiff base plate is given. A detailed explanation or provision on ensuring a 
sufficiently stiff base plate is not given, only qualitative guidelines are provided. Furthermore, 
several influencing parameters such as the influence of loading eccentricity, vicinity of concrete 
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edge, cracked concrete condition and the combination thereof, which are accounted for with 
ψ−factors, are not considered with sufficient accuracy, and may lead to conservative but in 
certain cases to unconservative design solutions [4][5][6]. This is due to the semi-empirical 
nature of the force-based design approaches, which rely on available test data [8][9]. The 
existing test database is mostly based on investigations on single anchors and on anchor groups 
of regular rectangular configurations with maximum three, but mostly two anchors in a row. 

1.2 Considerations about cracked concrete condition 

According to the current design approaches, the cracked or uncracked concrete condition must be 
determined by the design engineer. If the crack initiation in the concrete member cannot be ruled 
out in the anchorage zone, all anchors are assumed to be intercepted by cracks and the design of 
the anchor group must be carried out for cracked concrete condition. It is not possible to differen- 
tiate between anchorages, where all or only certain anchors are located in cracks due to the 
assumptions made in the current design such as all anchors should have the same stiffness within 
a group. For anchorages, the concrete cone resistance in cracked concrete (static crack width of 
0.3 mm) is considered as 70% of the corresponding anchorage resistance in uncracked concrete, 
with all the other parameters remaining same. Not just the resistance, but also the stiffness is 
assumed to decrease by the same amount for all anchors and therefore, the relative stiffness of 
the anchorage does not change. This assumption of considering all the anchors intercepted by a 
crack is deemed conservative according to the current forced-based design philosophy.  

 
                                               a)                       b)                    c) 
Figure 1. Quadruple anchor group with different crack pattern loaded in concentric tension 

a) design case, b) normal case, c) most unfavourable case 

However, due to the geometric and/or reinforcement detailing of the anchorage base (structural 
member) for anchorages with multiple anchor rows, it is possible that not all the anchors of the 
group are intercepted by cracks. This might lead to significant difference in the stiffness of the 
anchors of the same group (anchors not intercepted by a crack having stiffer response than the 
anchors intercepted by a crack). The difference in the stiffness of the anchors undergoing equal 
displacements causes the anchors in uncracked concrete to be loaded more than the anchors in 
cracked concrete, which in certain conditions might result in a group resistance that is lower 
than the resistance obtained assuming all the anchors intercepted by a crack. Note that the 
anchor resistance and stiffness ratio of cracked and uncracked concrete is highly dependent of 
the anchor type, size and embedment depth. Very large and deeply embedded headed bolts 
might have only negligible reduction in both resistance and stiffness, whereas post-installed 
anchors of small size and embedment depth can have reduction factors of 0.3-0.7 depending on 
the installation parameters and crack width. Anchorages with different crack pattern has been 
studied with limited experimental, analytical and numerical investigations on quadruple anchor 
groups with applying the tension load concentrically on a stiff base plate and varying the crack 
pattern according to Figure 1 ([10], [11], [12], [13]). However, no tests were found, where the 
load was applied with eccentricity or/and a flexible base plate was used. Considering only cases 
from the literature, where the anchor spacing of the quadruple groups was equal to the critical 
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anchor spacing (3·hef), it was found that assuming all anchors in cracks is conservative because 
the ultimate load of the group was higher than four times the ultimate load of one single anchor 
in cracked concrete. However, when only three out of four anchors were in cracks (Figure 1c), 
the group resistance was smaller than four times the capacity of a single anchor in crack. In this 
case, assuming all the anchors in cracked concrete would yield unconservative results. This can 
be attributed to the unsymmetric stiffness and consequently loading condition. The ultimate load 
of anchor groups in cracked concrete is strongly influenced by the number of anchors located in 
cracks and by the load-displacement behaviour of the anchors in cracked and uncracked concrete. 
The influence of crack pattern might be even more pronounced in case of larger anchorages, in 
particular in the case of groups with a single anchor row having multiple anchors. 

1.3 Concept 

In order to overcome the restrictions of the current design provisions, the calculation and design 
of anchorages should follow displacement-based approaches. A displacement-based approach 
for calculation of anchorages requires the direct consideration of the stiffness and deformations 
of the baseplate and the anchor stiffness thus enabling the consideration of different anchor 
stiffness values within a group for the individual anchors (e.g. anchors in cracks are assigned 
lower stiffness values). This way considering arbitrary base plates and loading positions without 
the requirement of a rigid base plate, or rectangular anchor pattern is possible. A generally 
applicable nonlinear spring model for evaluation of tension loaded anchor groups was 
developed and verified within the framework of the dissertation of Bokor, 2021 [5][6]. 

 

Figure 2. Concept of the nonlinear spring model for tension loaded anchorages 

The concept of the model is based on the assumption that within an anchor group that is 
subjected to tension and/or bending moment, the anchors resist the tension forces, while the 
compression forces are transferred by the base plate to the concrete. The proposed spring model 
includes the following components: anchors, base plate and additional attachments such as 
stiffeners, and contact between concrete and the base plate. The anchor tensile behaviour is 
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modelled using non-linear tension-only springs (based on idealisation form of the load-
displacement curves obtained from the tension tests on the anchors), the contact between the 
base plate and concrete is modelled using compression-only springs and the base plate and 
attachments are modelled using finite shell or solid elements (see Figure 2). The concrete as 
anchorage ground is not modelled discretely in the spring modelling approach. This makes the 
modelling relatively simple and timesaving. The concrete tensile behaviour in case of concrete 
cone failure of the anchors is considered by the anchor spring characteristics. More details about 
the modelling are given in [5][6]. 

In this model, the idealized load-displacement curves obtained from the single anchor tests can 
directly be used as the anchor springs for failure modes, where the anchors response is not 
influenced by neighbouring anchors or a close edge such in case the of as steel failure or 
concrete cone failure with anchor spacing larger than the critical spacing. For concrete cone 
failure mode, where the anchorage behaviour is influenced by the neighbouring anchors 
(spacing is smaller than the critical spacing) or vicinity of concrete edge (edge distance is 
smaller than the critical edge distance), the anchor spring characteristics must be modified 
accordingly (see red curve in Figure 1). These influences are taken into account by a tributary 
area approach, which is verified by a large number of experiments [6][7]. The concept of the 
tributary area approach proposed in [5][6] is explained in Figure 3.  

 

Figure 3. Tributary area approach proposed by Bokor [5,6] to account for neighbouring 
anchors and vicinity of concrete edge on the anchor spring characteristics used in the 

nonlinear spring model 

After modelling the anchor group appropriately and assigning the tension-only springs and the 
compression-only springs, a displacement-controlled non-linear static analysis is performed 
(using e.g., secant stiffness method for numerical stability). As output of the nonlinear analysis 
the load-displacement curve of the anchor group, load-displacement curves of individual 
anchors, deformed shape of the base plate and the stresses developed in the base plate can be 
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read. Moreover, a step-by-step performance check for every component of the model is available. 
Typical results of the model are shown in Section 2. Note that the nonlinear spring model for 
concrete cone failure mode is capable of extension to use for calculation of anchor groups failing 
due to combined pullout and concrete cone failure, which is the most common failure mode of 
bonded anchors. However, this requires the modification of the tributary area approach used in 
the model, and is behind the scope of this paper. In this research, the anchor installation 
parameters were chosen in a way that in all cases a full size concrete cone could develop. 

1.4 Anchor spring characteristics 

The anchor stiffness is a product specific parameter that depends mostly on parameters such as 
anchor and product type, anchor size, embedment depth, concrete condition, and the 
combination thereof. It has a big influence on the load distribution among anchors of a group 
and on the anchorage performance. Anchor stiffness values can be obtained through evaluation 
of load-displacement curves from tension tests on the corresponding anchors or can be provided 
by anchor manufacturers. Among all anchor types, bonded anchors are considered to have 
relatively high stiffness values. However, the stiffness value of a bonded anchor system 
(adhesive mortar + steel rod) depends not only on the mortar stiffness (kadhesive) but also on the 
steel rod stiffness krod (= Esteel·Arod/hef) that decreases (for a given anchor diameter) by 
increasing hef. Furthermore, the stress distribution is nonlinear over the embedment depth and 
depends i.a. on the adhesive mortar stiffness and strength. Therefore, for very stiff mortars, with 
increasing embedment depth, the stiffness of the bonded anchor system might increase. These 
considerations show the importance of considering the material and installation parameters 
when calculating anchor forces.  

Besides the mentioned parameters, the stiffness of a single anchor depends on the concrete 
condition (cracked or uncracked). Furthermore, within an anchor group, due to the anchor 
configuration, crack spacing and loading condition, all anchors might not be intercepted by the 
crack and therefore have different stiffness. The stiffness of the anchor group depends highly 
on the crack pattern. However, the actual crack pattern is not necessarily known and therefore, 
conservatively, the worst possible crack pattern and its influence on the group behaviour should 
be considered in the calculations. This is possible by using the nonlinear spring modelling 
approach because the load-displacement behaviour, and consequently, the stiffness 
characteristics of each individual anchor within the group can be considered explicitly. For that, 
the spring characteristics have to be modified (decreased) for those anchors located in cracks 
(see Figure 4).  

 

Figure 4. Spring properties for an anchor group of 1×2 configuration with one anchor in a 
crack, one anchor in uncracked concrete 
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If test results in cracked concrete are available on single anchors, the corresponding load-
displacement curves can be idealized as proposed in [6] and the stiffness values can be derived. 
Another way to determine the spring characteristics for the anchors in cracked concrete is to 
take the spring characteristics in uncracked concrete as basis and consider a reduction in 
resistance and stiffness based on the recommendations from the literature [1][6][8][15][17].  

When the characteristics of anchors in uncracked concrete are modified, the cracked concrete 
condition should be accounted for by reducing the failure load and the stiffness according to 
(see Figure 5). For static cracks of limited crack widths (typically less than 0.3 mm), the 
concrete cone resistance of the anchors reduces by ca. 30% compared to the concrete cone 
resistance of the anchors in uncracked concrete. Therefore, for such cases αN can take the value 
of 0.7. Based on the evaluation of the tests from [6] on bonded anchors using a high strength 
epoxy mortar and 12.9 steel threaded rod of size M12 and embedment depth of 60 mm, it seems 
reasonable to assume that the stiffness of anchors in this size range in cracked concrete is 
approximately 50% lower than the stiffness of anchors in uncracked concrete. However, the 
actual values of reduction in stiffness may vary from one product and size to another. The 
typical values of the stiffness of anchors in cracked concrete lie within 30 % to 70 % of the 
stiffness in uncracked concrete [15][17]. 

 

Figure 5. Scaling of the idealised curve of a single anchor accounting for cracked concrete  

The tributary area, which is assigned to the individual anchors, is assumed to remain the same 
as earlier (Figure 5). This is based on the considerations of the CCD Method [9], where the 
cracked concrete condition is simply accounted for by 0.7 factor on the group capacity. 
Furthermore, experimental investigations were performed by the author on single anchors and 
anchor groups of different configurations to verify the assumptions. The corresponding test 
results are reported [6]. Once the spring characteristics for the individual anchors of a group are 
ascertained as explained above, the springs for cracked and uncracked concrete can be assigned 
to the group. A simple example is given in Figure 4, where one anchor of a 1×2 anchor group 
is placed in the uncracked part of the concrete and the other anchor is intercepted by a crack. In 
this case, the tributary area for the individual anchors is the same due to symmetry reasons, 
whereas the resistance load and stiffness of the anchor located in a crack is 30 and 50 % lower, 
respectively. Although the external tension load is applied concentrically on the group, the 
different stiffness conditions and load-displacement behaviour of the two anchors result in an 
eccentricity of internal forces. This behaviour is automatically accounted for during the 
calculation by the displacement-controlled non-linear static analysis. 
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2 CALCULATION OF ANCHOR GROUPS AND VERIFICATION OF THE 
SPRING MODEL FOR CRACKED CONCRETE 

Test results on anchor groups installed in cracked concrete from [6] are taken to show the 
calculation using the nonlinear spring model and to verify it for cracked concrete. The tests 
series R6-ncr, R6-cr, G61, G62R, G62, G63, G64, G65, G66, G67 and G68 from [6] aimed to 
investigate the influence of the crack pattern, and the superposed influence of crack pattern and 
loading eccentricity on the load-displacement behaviour of anchorages. The tests were 
performed on bonded anchors (Epoxy τ > 30 N/mm2) with steel threaded rod of size M12, and 
strength class 12.9. The embedment depth and anchor spacing were chosen as hef = 60 mm and 
s = 120 mm, respectively. The mean measured concrete compressive (cube 150 mm) strength 
fcc,m was 23.0 N/mm2. The tests included concentric and eccentric tension tests away from the 
concrete edge and relatively thick bases plate of dimensions 400 mm×120 mm×50 mm were 
used. The crack width was set as ∆w = 0.3 mm. Extensive description of the testing, test setup, 
concrete specimen, anchor installation in cracked and uncracked concrete are given in [6]. 

Calculation example 

Test results of a 1×3 anchor group that is subjected to eccentric tension load are compared with 
the results obtained from the spring model [6]. In both series G65 and G66, one anchor 
(anchor 1) out of three was installed in a crack as they are shown in Figure 6. In the case of 
series G65, the tension load was applied between the outer anchor located in the crack and 
middle anchor. In series G66, the tension load was applied between the middle and outer 
anchors in the uncracked part of the specimen. 

a) b)  
Figure 6.  Anchor group configuration and tributary areas for series a) G65 and b) G66 (Red 

X denotes the loading point) [6] 

The load-displacement curves, along with the idealised curves of the corresponding single 
anchor tests in uncracked (R6-ncr) and cracked (R6-cr) concrete were taken from Bokor, 2021, 
Section 8.3.3.1 [6] to derive the nonlinear spring characteristics (see Figure 7). The test results 
show a decrease in load-bearing capacity (-31%) as well as in stiffness (-50%) for the single 
anchors due to cracked concrete condition, which is considered by the spring characteristics in 
Table 1.  

To obtain the spring characteristics for the individual anchors of the group, the load-
displacement data pairs are scaled down based on the tributary area available for the 
corresponding anchors using the reduction factor Ac,N

i /Ac,N
0  and keeping the stiffness unchanged 

as explained in Figures 3-5 and Eqs.1-4.  

176



   
 

Ac,N
0 = (3 ∙ hef )2 = (3 ∙ 60 mm)2 = 32400 mm2 (1) 

Ac,N
1 = Ac,N

3 = (3 ∙ hef ) ∙ (1.5 ∙ hef + 0.5 ∙ s) = 27000 mm2   (2) 
Ac,N
2 = (3 ∙ hef ) ∙ s = 21600 mm2   (3) 

NRm,c
1 = NRm,c

3 = NRm,c
0 ∙ Ac,N

1 Ac,N
0� = 23.1 kN for uncracked concrete (4) 

NRm,c
2 = NRm,c

0 ∙ Ac,N
2 Ac,N

0 = 18.5 kN�  for uncracked concrete (5) 
 
These spring characteristics (Table 1, Anchors 1, 2, 3) are assigned to the corresponding 
individual anchors of the group in the corresponding nonlinear spring model. Then, the load is 
applied, and a nonlinear static analysis is performed in displacement control until the desired 
displacement. Form the outputs of the nonlinear analysis, the load-displacement curve of the 
groups and the ultimate loads are discussed (Figure 8 and Table 2). 

 

Figure 7. Idealised load-displacement curves of single anchors in cracked (R6-cr) and 
uncracked concrete (R6-ncr) [6] 

 
Table 1 Spring characteristics for single anchors and individual anchors of anchor groups 

G65 and G66 in uncracked and cracked concrete 

Salient 
points 

 Load  
NRm,c

i
A-F 

[kN] 

Stiffness  
k1-k4 

[kN/mm] 

Displacement  
δA-F  

[mm] 

 Load  
NRm,c

i
A-F 

[kN] 

Stiffness  
k1-k4 

[kN/mm] 

Displacement  
δA-F  

[mm] 
  

 

Reference single anchor in uncracked c.  Reference single anchor in cracked c. 
A  0.0 0.0 0.00  0.0 0.0 0.21 
B  22.2 191.8 0.12  15.3 82.1 0.50 
C  27.8 116.3 0.24  19.2 38.6 0.63 
D  27.8 78.1 0.36  19.2 30.6 3.25 
E  5.6 2.4 2.30  3.8 1.2 3.25 
F  0.0 0.0 2.30  0.0 0.0 0.21 
                 Anchors A1 and A3 in uncracked c.  Anchors A1 and A3 in cracked c. 
A  0.0 0.0 0.00  0.0 0.0 0.00 
B  18.5 191.8 0.10  12.8 82.1 0.17 
C  23.1 116.3 0.20  16.0 38.6 0.41 
D  23.1 78.1 0.30  16.0 30.6 0.52 
E  4.6 2.4 1.91  3.2 1.2 2.71 
F  0.0 0.0 1.91  0.0 0.0 2.71 
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Salient 
points 

 Load  
NRm,c

i
A-F 

[kN] 

Stiffness  
k1-k4 

[kN/mm] 

Displacement  
δA-F  

[mm] 

 Load  
NRm,c

i
A-F 

[kN] 

Stiffness  
k1-k4 

[kN/mm] 

Displacement  
δA-F  

[mm] 
                 Anchor 2 in uncracked c.  Anchor 2 in cracked c. 
A  0.0 0.0 0.00  0.00 0.0 0.00 
B  14.8 191.8 0.08  10.22 82.1 0.14 
C  18.5 116.3 0.16  12.77 38.6 0.33 
D  18.5 78.1 0.24  12.77 30.6 0.42 
E  3.7 2.4 1.53  2.55 1.2 2.17 
F  0.0 0.0 1.53  0.00 0.0 2.17 

 
In the case of test series G65 and G66, only one outer anchor was intercepted by a crack. 
However, the load was applied with an eccentricity of e = s/2 close to the crack in series G65 
and far from the crack in series G6, respectively. The results showed that it makes a big 
difference whether the eccentricity of the load is away or close the anchor, which is intercepted 
by a crack. For the same value of load eccentricity, the measured mean ultimate load for the 
group loaded with eccentricity close to the crack (series G65) was obtained as 33.8 kN, while 
the mean failure load for the group loaded with eccentricity away from the crack (series G66) 
was 44.3 kN (see Figure 8a, Table 2). This means that the concrete cone capacity of the anchor 
group was 25% lower when the eccentricity was applied close to the crack. This is due to the 
fact that the cracks in concrete cause a disruption of the stress field, which leads to reduced 
failure loads [19] and thus, if the load application is closer to the anchor intercepted by a crack, 
the resistance of this most-loaded anchor is limited and the tension force transfer in this area is 
reduced. The resistance of the anchors, which are in uncracked concrete cannot be fully utilised  
because the ultimate group capacity is reached before the anchors with higher capacity would 
reach their ultimate loads. On contrary, in series G66, the most loaded anchors were in 
uncracked concrete and consequently, the influence of the crack was less pronounced 
(Figure 8b, Table 2).  

a) b)  
 

Figure 8. Load-displacement curves obtained from tests on anchor groups and the result of 
the spring model: a) series G65 and b) series G66 [6] 

The findings of the tests were also reflected in the results obtained by the nonlinear spring 
model. The comparison of the load-displacement curves shows a very good agreement of results 
in terms of ultimate load and curve progression as it can be seen by the good match of the red 
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curves in Figures 8a and b. The crack pattern and loading eccentricity were only considered in 
the nonlinear spring model by assigning the corresponding anchor spring characteristics for the 
anchors A1-A2-A3 as cracked – uncracked – uncracked and by applying the load eccentrically. 
The nonlinear analysis enables the consideration of different, and changing stiffness conditions 
within the group and therefore, no additional reduction factors for cracked concrete and 
eccentricity were required. These discussed cases show that the nonlinear spring model for 
concrete cone failure is capable of considering the actual crack pattern, the influence of 
eccentric loading and their superposition. 

Verification of further anchorages 

Within the framework of the same test program, further tests were performed on 1×3 anchor 
groups (28 tests) to investigate the influence of the crack pattern, and the superposed influence 
of crack pattern and loading eccentricity on the load-displacement behaviour of anchorages. 
The tested crack pattern and point of load application (marked by the symbol ‘x’) are given in 
Table 2 along with the results from experiments and spring model. The results of the spring 
model are in good agreement with the experimental results (mean value of Nu,m,test/Nu,spring model 
corresponds to 1.00) confirming that the nonlinear spring model for concrete cone failure is 
capable of considering the actual crack pattern, the influence of eccentric loading and even their 
superposition for the investigated cases. Further details of the test results and verifications for 
cracked concrete can be read in [6] 

Table 2. Verification of the model: anchorages of rectangular and non-rectangular 
configurations in cracked concrete  

Test series 
ID 

Test type Measured mean 
ultimate load 

Ultimate load obtained 
from spring model 

 

  Nu,m  Nu,spring model Nu,m /Nu,spring model 

  [kN] [kN] [-] 

R6-ncr Ref. single 
uncracked 

27.8 27.8 - 

R6-cr Ref. single 
cracked 

19.2 19.2 - 

G61  58.4 62.6 0.93 

G62R  43.1 44.1 0.98 

G62  58.0 59.1 0.98 

G63  41.0 43.9 0.93 

G64  55.3 49.5 1.11 

G65  33.8 35.2 0.96 

G66  44.3 44.3 1.00 

G67  47.4 47.4 1.00 

G68  36.6 32.1 1.14 
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3 SUMMARY AND CONCLUSION 

This paper shows the validity of the nonlinear spring model for tension loaded anchorages in 
cracked concrete [5][6]. The concept of the model and the required modifications for 
consideration of cracked concrete condition are explained. An example calculation is presented 
to demonstrate the procedure of the nonlinear spring model in cracked concrete. Further results 
are given and referred to, to verify that with the nonlinear spring model, the behaviour of 
anchorages with the actual crack pattern (all or only some anchors in crack) can be realistically 
captured. In general, the paper points out the importance of considering the nonlinear anchor 
behaviour to account for a realistic force distribution among the anchors of the group and the 
importance of following displacement-based approached in the fastening technology. With this, 
different stiffness conditions can be considered for the neighbouring anchors of a group and 
anchor force redistributions are possible based on the stiffness conditions among the adjacent 
anchors and the base plate.  
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ABSTRACT 

This paper presents the results of numerical modeling of experimentally investigated reinforced 
concrete bars subjected to uniaxial tension. The experimental research was conducted in 1990 
at the University of Sarajevo on six prismatic elements 15/65/292 cm that were reinforced with 
smooth or ribbed reinforcement with geometric reinforcement ratio of 0.52% or 1.13%. 
Numerical analysis was performed in 2D employing DIANA 10.4 finite element analysis 
program. Concrete was modeled with membrane elements using Total Strain Rotating Crack 
Model and JCSS Probabilistic Model Code based on Random Field method. The reinforcement 
was modeled with line truss or beam elements assuming von Mises plasticity. The interface 
between reinforcement and concrete was taken according to bond-slip model from fib Model 
Code for Concrete Structures 2010. Total Strain model of concrete resulted in symmetrical 
cracking pattern strongly influenced by the layout of transverse steel bars which was not 
observed in experiments. Heterogeneous nature of concrete was better described using JCSS 
model. It resulted in more realistic stiffness, localization pattern and force-displacement 
relationship using random field option where strength parameters are stochastically distributed 
over the integration points. Truss elements are better suited for smaller bar diameters, while 
beam elements should be used for larger reinforcement diameters where bending stiffness 
cannot be neglected. The test results of elements with smooth reinforcement bars could not be 
reproduced with existing constitutive models for bond-slip behavior.  

1  INTRODUCTION 

The common assumption when modeling reinforced concrete by the finite element method is 
that reinforcement is completely embedded in concrete, which means that the bond between 
reinforcement and the surrounding concrete is perfect. Unlike embedded reinforcement, bond-
slip reinforcement has independent degrees of freedom and can move relative to the concrete 
element in which it is located. This paper aims to investigate the cracking behavior of 
experimentally tested reinforced concrete prismatic bars subjected to direct tensile loading 
when bond-slip reinforcement is implemented in the finite element model, as well as 
comparison with the experimental results. The experimental research was conducted in 1990 at 
the Institute for materials and structures of the Faculty of Civil Engineering, University of 
Sarajevo [1]. The main goal of the experimental campaign was to assess the behavior of 
reinforced concrete elements subjected to direct tensile loading. Numerical modeling was 
performed recently [2] in DIANA 10.4 by employing the Total Strain Rotating Crack Model 
[3] and JCSS Probabilistic Model Code [4]. The bond is one of the essential properties of

182

mailto:senad.medic@gf.unsa.ba


   
 

reinforced concrete. However, due to numerous influences, the relationship between bond and 
slip can only be determined experimentally [5]. On the other hand, nonlinear finite element 
analysis should be incorporated in the design to keep up with the software development. To set 
up, perform and check NLFEA, experiments have to be analyzed to prove the safety concept 
and show the reliability of advanced nonlinear approaches [6, 7]. This contribution is divided 
into four parts. The constitutive behavior of assumed materials is shortly explained first. Then, 
a description of the experimental setup and numerical model is provided. The results of FE 
analysis and comparison with the experimentally observed behavior is tackled next. The main 
points and conclusions are summarized at the end. 

2 CONSTITUTIVE LAWS 

Finite element method is a numerical tool for obtaining an approximate solution of complex 
engineering problems. Material nonlinearity is introduced to the FE model by implementing 
constitutive laws that cover nonlinear uniaxial compression and tension of concrete, yielding 
of reinforcement, and bond-slip. An essential requirement for proper calculation of the 
softening model which exhibits cracking is a regularization method based on crack bandwidth 
to reduce mesh dependency. In this paper, concrete was modeled using the Total Strain Rotating 
Crack Model (T-S model) and JCSS Probabilistic Model Code with Random Field method. 
Von Mises criterion with isotropic hardening was used to describe the behavior of reinforcing 
steel, while the bond-slip law was assumed according to fib Model Code for Concrete Structures 
[8].  

2.1 Total Strain Rotating Crack Model for concrete 

Total Strain Rotating Crack Model assumes that concrete behaves as a linear-elastic material in 
tension until the first crack appears. Rotating crack means that the stress-strain relationship is 
defined according to the main directions of the strain vector. The exponential softening curve 
and the parabolic compression curve shown in Fig. 1 are used to describe the behavior of 
concrete in tension and compression. The finite element mesh objectivity with respect to 
computed inelastic dissipation is enforced by using the mesh-dependent softening modulus. 
Hence, the area under the curve is equal to the value of the corresponding fracture energy 
divided by the finite element width [3].  

  
a) b) 

Figure 1: Uniaxial behavior of concrete in T-S model: a) exponential softening curve in 
tension, b) parabolic curve in compression 
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2.2 JCSS Probabilistic Model Code with Random Field method for concrete 

The stochastic distribution of concrete parameters according to [4] is based on the assumption 
that the material parameters are not constant values over the entire element area. Therefore, the 
Random Field generator in DIANA randomly assigns parameter values on the element at the 
chosen correlation length using log-normal distribution. The correlation length is the length at 
which material has the same characteristics. It is challenging to determine it in practice because 
the scatter of the parameters in experimental investigations is significant. The random-field grid 
overlaps the finite element mesh. It is recommended that the element size of the random-field 
grid is 2-4 times smaller than the correlation length for concrete properties. For the JCSS 
Probabilistic Model Code in DIANA, a T-S model is used internally with a linear softening 
curve in tension and plastic yielding in compression (Fig. 2). 

  
a) b) 

Figure 2: Uniaxial behavior of concrete in JCSS model: a) linear softening in tension, b) 
yielding plateau in compression  

 

2.3 Bond-slip reinforcement 

Classical von Mises plastic yielding criterion with isotropic hardening is used to describe the 
behavior of reinforcing steel. Reinforcement is usually fully embedded in the concrete element, 
and by default, displacements and strains of reinforcement and element are fully coupled [9]. 
Concrete and reinforcement strains are equal in structural parts where reinforcement is 
subjected to compression and in uncracked regions subjected to tension. In the cracked regions, 
the tensile forces in the crack are transferred by the reinforcement bars. Due to the relative 
displacement, bond stresses develop between reinforcement and concrete. This behavior can be 
modeled with a bond-slip mechanism where the relative slip of reinforcement and concrete is 
described by the interface element with zero thickness. The basic criterion for the quality of 
bond is the ratio between shear traction and relative slip, which is called a bond-slip law. 
DIANA offers several predefined curves to describe the bond-slip law. This paper uses a bond-
slip function shown in Fig. 3 [8]. A table consisting of various parameters can be used to 
determine the relevant stress-slip curve, depending on which failure mode is being investigated, 
i.e., pull-out or splitting failure. Bond-slip reinforcement can be modeled using truss or beam 
elements. A uniaxial stress condition is assumed for truss elements, and no shear or bending is 
considered. Beam elements can be used for steel bars with larger diameter or bars passing 
through heavily cracked concrete zones, where shear and bending is included. It is noted that 
bond-slip law for smooth reinforcement is not available in [8], so this case was not considered 
in numerical models. 
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Figure 3: Bond stress-slip relationship for monotonic loading  

 

3 EXPERIMENTAL SETUP AND NUMERICAL MODELS 

Experimental testing was performed on six prismatic elements b/h/l = 15/65/292 cm with steel 
plates 35/65/375 mm welded to the reinforcement and connected with the actuators at specimen 
ends (Fig. 4a). The central area 200 cm long was the measuring length. Three elements denoted 
with MG-x were reinforced with smooth reinforcement mesh MAG 500/560. Two elements 
denoted with MR-x were reinforced with ribbed reinforcement mesh MAR 500/560. Finally, 
one element denoted with RA-1 was reinforced with ribbed reinforcement bars RA400/500. 
The geometric reinforcement ratio was 0.52% or 1.13%. Crack formation (Fig. 4b), spacing and 
width, and element elongation with gradual increase of imposed displacement were monitored 
during experiments. A detailed presentation of the experimental results, as well as the results 
of mechanical testing of materials used in experiments can be found in [1]. A typical 
reinforcement layout is shown in Fig. 5 for the model RA-1.  

  
a) b) 

Figure 4: Test setup: (a) element testing device (b) crack distribution for model MR-1 
 
Numerical analysis was performed for two specimens: the first reinforced with 2x13Ø5 mm 
(MR-1, ribbed reinforcement mesh), the second reinforced with 2x7Ø10 mm (RA-1, ribbed 
bars). Only a measuring length of 200 cm was discretized to simplify the numerical models. 
Steel plates and additional reinforcement through which the tensile force was introduced are 
omitted. Concrete was modeled as a membrane element 65x200 cm with thickness t = 15 cm, 
while the reinforcement bars and meshes were modeled as line elements. Concrete was first 
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modeled using the T-S model and then using JCSS with Random Field method, while the bond-
slip law was assumed for reinforcement. The bond-slip reinforcement was defined either as a 
truss or a beam element. It is important to note that in all models, the tangential stiffness of 
interface elements for transverse reinforcement was taken as zero. The normal stiffness was 
calculated as Kn = 100ꞏE/he (E – Young’s modulus of concrete, he - element size). In addition 
to the normal stiffness of longitudinal reinforcement Kn, the tangential stiffness of interface 
elements was assumed as Kt = Kn/1000 [9]. 

 

Figure 5: Reinforcement layout for model RA-1 

All the line reinforcement elements are restrained at the end-nodes against translation in the 
global x and y-directions. The reinforcement element through which the load is applied is 
restrained at the start-node. This restraint is tied to other longitudinal reinforcement elements 
using master-slave kinematic constraint. The load is incrementally applied at the right end as a 
prescribed displacement of 0.01 mm in the global x-direction. (Fig. 6a). The finite element mesh 
with 61x192 elements is the same for each model. The element size was chosen after 
recommendations he = h/60 given in [10] (Fig. 6b). The parameters of the T-S constitutive 
model are given in Table 1. In addition to the listed parameters, the JCSS model for concrete is 
defined with parameters listed in Table 2. The properties of reinforcement for model RA-1 are 
provided in Table 3 and Table 4. 

  
a) b) 

Figure 6: Numerical model: (a) geometry, support conditions and loading, (b) mesh density 
61x192 with element size 10.8x10.8 mm 

186



Table 1: Parameters of Total Strain Rotating Crack Model 

Linear material properties 
Young’s modulus 33133 N/mm2 

Poisson’s ratio 0.2 
Mass density 2370 kg/m3

Total strain-based crack model 
Crack orientation Rotating 

Tensile behaviour 
Tensile curve Exponential 

Tensile strength 2.27 N/mm2

Mode I fracture energy Gf
I 0.139 N/mm 

Crack bandwidth Rots
Poisson’s ratio reduction Damage based 

Compressive behavior 
Compression curve Parabolic 

Compressive strength 36.6 N/mm2

Compressive fracture energy Gc 34.75 N/mm 
Reduction of the compressive strength  

due to lateral cracking 
Vecchio and Collins [11] 

Stress confinement Selby and Vecchio [12] 

Table 2: Parameters of JCSS Model 

Type of concrete Ready mixed 
Standard deviation of compressive strength σ 6 N/mm2 

JCSS Random field definition parameters 
Random field generator Covariance matrix decomposition method

Number of steps in global X 100 
Number of steps in global Y 10 

Covariance type Squared exponential 
Distribution Log-normal

Threshold value 0 
Correlation length variable 

Table 3: Bond-slip parameters for longitudinal reinforcement for model RA-1 

Von Mises plasticity model 
Young/s modulus 221656 N/mm2 

Hardening function Plastic strain-yield stress 
Hardening hypothesis Strain hardening 
Strain-stress diagram 0.0000 554.1400 0.1098 713.4000 

Hardening type Isotropic hardening 
Bond-slip interface 

Normal stiffness modulus 306790 N/mm3 
Shear stiffness modulus 306.79 N/mm3 

Bond-slip interface failure model CEB-FIB 2010 bond-slip function 
Maximum shear stress τmax 15.12 N/mm2 

Ultimate shear stress τf 6.05 N/mm2 
Linearized initial slip section s0 0.1 mm

Relative slip section s1 1 mm
Relative slip section s2 2 mm
Relative slip section s3 5 mm

Exponent α 0.4

187



   
 

Table 4: Bond-slip parameters for transverse reinforcement for model RA-1 

Von Mises plasticity model 
Young/s modulus 221656 N/mm2 
Nonlinear model No nonlinearity 

Bond-slip interface 
Normal stiffness modulus 306790 N/mm3 
Shear stiffness modulus 0 N/mm3 

Bond-slip interface failure model No failure 

4 RESULTS 

The load-displacement curve represents the relationship between displacement and reaction 
force at the master node. The diagrams determined by nonlinear analyses were compared 
against the experimentally obtained response described in [1]. It is noted that the experimental 
curves were obtained under force control (which was dictated by the available testing 
apparatus). In contrast, the curves from nonlinear analyses were obtained by imposing 
displacements. Displacement control produces a stable response when the numerical model 
enters the softening branch. First, the results of the nonlinear study of the specimen MR-1 with 
a ribbed reinforcement mesh and geometric reinforcement ratio of 0.52% are shown (Fig. 7). 
Reinforcement is modeled using truss bond-slip elements. It can be seen that there is a certain 
difference in the initial stiffness, while the stiffness in the cracked state is modeled correctly. 
At the onset of cracking, a decrease in tensile force is expected in addition to reduction of 
stiffness. However, this was not noticed. The loading program was applied up to the maximum 
displacement of 7 mm, which corresponds to the yield stress of reinforcement (709 N/mm2 was 
measured using the tensile testing machine). In contrast, the experiment was not executed until 
the plastic yielding and was stopped at approx. 4 mm.  

 
Figure 7: Comparison of load-displacement curves for MR-1 

Fig. 8 shows the comparison of experimental and numerical crack patterns where a good 
matching can be observed regarding the shape and number of cracks. The mean crack spacing 
in the numerical model is approx. 180 mm, while the average crack spacing in the experiment 
is approx. 200 mm (close to the minimum thickness of the member t = 150 mm). The mean 
value of the crack width in the numerical model equals 0.35 mm for load step 53 (5.3 mm, the 
stabilized crack pattern), while the average crack width in the experiment was approx. 0.39 mm. 
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a) 

 
b) 

Figure 8: Crack pattern for MR-1: a) crack spacing for step 53 (5.3mm) of nonlinear 
analysis, b) schematic crack distribution after experimental testing 

Nonlinear analysis was performed on an element with ribbed reinforcement bars (marked as 
RA-1 with the mean yield strength 554 N/mm2) and a geometric reinforcement ratio of 1.13%. 
The longitudinal reinforcement is defined as truss bond-slip element and transverse 
reinforcement as beam bond-slip element. The load-displacement curve is shown in Fig. 9.  

Figure 9: Comparison of load-displacement curves for RA-1 

It can be noticed that the numerically obtained initial stiffness and the stiffness in the cracked 
state match well with the experimental curve. Fig. 10 shows the crack pattern at the end of 
nonlinear analysis and direct tensile test. It can be seen that the shape and number of cracks agree 
well with the experiment (8 cracks). The mean crack spacing in the numerical model and the 
experiment is approx. 250mm. The mean value of the crack width in the numerical model for the 
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load step that indicates the stabilization of the crack pattern is approx. 0.16 mm, while the average 
crack width in the experiment was 0.13 mm. Additionally, in Fig. 11, one can see the distribution 
of stress Sxx in the longitudinal reinforcement, and in Fig. 12, the bond stress is displayed. 

 
a) 

 
b) 

Figure 10: Crack pattern for RA-1: a) crack spacing for step 53 (5.3mm) of nonlinear 
analysis, b) schematic crack distribution after experimental testing 

 

Figure 11: Longitudinal stress Sxx in reinforcement bars. 

 

Figure 12: Bond stress. 

Transverse bars enhance the bond and cause stress increase in the main reinforcement at welds. 
Hence, the layout of transverse bars affects the crack pattern. It can be noticed in Fig. 12 that 
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the sign of bond stress is changing approximately at the locations of transverse bars. Based on 
the previous analysis results, it can be concluded that truss elements are better suited for smaller 
bar diameters (MR-1). In contrast, beam elements should be used for larger reinforcement 
diameters where bending stiffness cannot be neglected (RA-1). In reality, the crack pattern is 
random, while the crack distribution in the numerical models is symmetrical.  

Two additional models were made to obtain a more realistic crack pattern. The influence of the 
stochastic distribution of concrete parameters was examined with the JCSS Probabilistic Model 
Code. The impact of correlation length and random distribution of parameters were analyzed. 
Table 5 shows the variation of correlation length for MR-1 and RA-1. 

Table 5: Variation of correlation length for models MR-1 and RA-1 

Model MR-1-1 (JCSS) and 
RA-1-1 (JCSS) 

MR-1-2 (JCSS) and 
RA-1-2 (JCSS) 

MR-1-3 (JCSS) and 
RA-1-3 (JCSS) 

Correlation length (mm) 10 5 2.5 
 

Fig. 13 shows the load-displacement curves from different nonlinear analyses of RA-1 (JCSS 
and T-S) compared against the experimental response. Similar results were obtained for MR-1. 
The initial stiffness and the stiffness in the cracked state are modeled quite accurately. The first 
crack appears at the same load level, and the ultimate load-bearing capacity is expectedly 
unchanged. Unlike the T-S model, there is a clear decrease in the tensile force when the first 
crack appears for the JCSS models. The stochastic distribution of parameters is also visible in 
the crack pattern, where JCSS models show a more realistic, asymmetrical distribution of cracks 
(Fig. 14). 

 

Figure 13: Load-displacement curve for nonlinear analyses of RA-1 
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Figure 14: Crack pattern at the final load step of nonlinear analysis for RA-1 (JCSS) 

5 CONCLUSION 

This paper presents the results of experimental and nonlinear numerical analyses of two 
reinforced concrete elements exposed to direct tension. Numerical modeling was performed 
using two constitutive models for concrete and defining reinforcement as truss or beam bond-
slip elements. In the case of the reinforced element under tensile loading, transverse stiffness 
of the interface element should be assumed zero. In this manner, realistic distribution of axial 
force on longitudinal reinforcement is achieved. Transverse bars enhance the bond and cause 
stress increase in the main reinforcement at welds. Hence, the layout of transverse bars affects 
the crack pattern. When using bond-slip reinforcement, smaller bar diameters result in a better 
response when modeled as truss elements, while larger bar diameters behave better as beam 
elements. It can be seen that the use of stochastic distribution of concrete parameters 
significantly influences the load-displacement curve, where a more pronounced decrease in 
tensile force is obtained at the onset of cracking. The application of the JCSS concrete model 
provides a more realistic crack pattern and better suits the heterogeneous nature of concrete. 
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ABSTRACT 

Lap splices are presently an inevitable consequence of reinforced concrete (RC) construction 
and can contribute to brittle failure if located near critical sections of structural members. 
Methods exist to estimate the strength of lap splices, but there is currently no simple method to 
account for the presence of lap splices in longitudinal reinforcement when estimating the 
deformability of a structural member.  Deformability is arguably a more important metric when 
considering conditions that require structural toughness such as blasts, earthquakes, and 
differential settlement.  

To investigate the deformation capacity of structural walls with longitudinal lap splices at their 
bases, twelve large-scale specimens were tested at Purdue University’s Bowen Laboratory. 
Eight specimens were tested under four-point bending and four specimens were tested as 
cantilevers under constant axial force and cyclic reversals of lateral displacement. Data from 
these tests are examined and an approximate relationship between wall drift and longitudinal 
reinforcing strain is established.  The approximate drift-strain relationship is paired with 
estimates of splice strength and measured steel stress-strain properties to produce lower-bound 
drift capacity estimates.  

To improve deformability, lap splices should not be used at the base of reinforced concrete 
walls.  Where lap splices are used near the bases of walls, evidence from this study indicates 
splices should be designed to exceed the yield stress of the reinforcing bars by a margin 
commensurate with the expected strains. For that purpose, using increased cover and transverse 
reinforcement with details that properly confine the spliced bars is more effective than increases 
in splice length. 

1 EXPERIMENTAL PROGRAM 

A total of 12 specimens were tested: eight under four-point bending (referred to as “beams”) 
and four as cantilevers under constant axial force and cyclic reversals of lateral displacement 
(referred to as “walls”).  The tests were designed to study the effects of splice length, concrete 
cover, transverse reinforcement details, and steel material properties on deformability. This 
paper summarizes the results and analyses for these tests and offers an approximate method to 
estimate drift capacity given dimensions and material properties of a structural member with 
lap splices.  
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Beam nominal dimensions are summarized in Table 1 (Specimen IDs begin with “WB”), and 
typical cross sections and elevations of beams are depicted in Figure 1a and b. Beams had 10-
in (250 mm) thick and 48-in (1220 mm) tall rectangular cross sections, with a total length of 36 
ft (11 m). Steel reinforcing details selected to replicate boundary elements of thin rectangular 
structural walls.  Longitudinal reinforcement comprised two rows of two No. 8 (No. 25) bars 
subjected to tension and two No. 8 (No. 25) bars subjected to compression. Longitudinal bars 
in tension had lap splices centered at the midspan of each beam.  Lap splice lengths ranged from 
50 to 80 bar diameters (db). Clear cover to the transverse reinforcement was either 0.75 or 1.5 
db. Clear spacing within spliced longitudinal bars ranged from 1 to 2.25 db. Beams were cast on 
their side in a single 10-inch (250 mm) lift and then rotated 90 degrees about their longitudinal 
axes to position lap splices at the top of beams during testing. 

Table 1: Nominal specimen dimensions 

 
 

 
a) 

 
b) 

Figure 1: Beam a) cross sections and b) elevation 
 

Wall nominal dimensions are summarized in Table 1, and typical cross sections and elevations 
of walls are depicted in Figure 2a and b, with an overall image of the wall test setup shown in 
Figure 2c. Walls had 10-in. (254 mm) thick and 84-in. (2134 mm) long rectangular cross 
sections and a clear height from top surface of foundation to point of application of load of 33 
ft (10 m). Steel reinforcing details were selected to replicate boundary elements of thin 
rectangular structural walls with symmetric cross sections.  Longitudinal boundary element 
reinforcement comprised three rows of two No. 8 (No. 25) bars. Longitudinal bars had lap 
splices beginning just above the top surface of the foundation and extending up into the wall.  
Lap splice lengths ranged from 40 to 90 db. Clear cover to the transverse reinforcement was 
either 0.75 or 1.5 db. Clear spacing within spliced longitudinal bars was 1 db. Walls were cast 
in 2 stages: first, the portions of walls extending above their foundations were cast on their side 
in a single 10-inch (250 mm) lift to avoid top-casting effects. During this stage, boundary 

Minimum

Height Thickness Bar Diam. Splice Length Clear Spacing Detail  Area Bar Diam. Spacing Clear Cover cover

Span h b db ls cL Type Atr db,tr s cs cb

ft (m) in (mm) in (mm) in (mm) db in (mm) in2 (mm2) in (mm) in (mm) in (mm) in (mm)

WB60U0 14 (4.3) 48 (1219) 10 (254) 1 (25) 60 2.25 (57) III 0.11 (71) 3/8 (10) 6 (150) 0.75 (19) 1.63 (39)

WB60U1 14 (4.3) 48 (1219) 10 (254) 1 (25) 50 2.25 (57) IV 0.11 (71) 3/8 (10) 6 (150) 1.5 (38) 1.63 (39)

WB60U2 14 (4.3) 48 (1219) 10 (254) 1 (25) 60 1 (25) IV 0.11 (71) 3/8 (10) 6 (150) 1.5 (38) 1 (25)

WB60U3 14 (4.3) 48 (1219) 10 (254) 1 (25) 60 1 (25) IV 0.11 (71) 3/8 (10) 6 (150) 1.5 (38) 1 (25)

WB60U4 14 (4.3) 48 (1219) 10 (254) 1 (25) 60 1 (25) IV 0.11 (71) 3/8 (10) 6 (150) 0.75 (19) 1 (25)

WB60U5 14 (4.3) 48 (1219) 10 (254) 1 (25) 60 1 (25) III 0.11 (71) 3/8 (10) 6 (150) 0.75 (19) 1 (25)

WB80U1 14 (4.3) 48 (1219) 10 (254) 1 (25) 80 1 (25) IV 0.2 (129) 1/2 (13) 12 (300) 0.75 (19) 1 (25)

WB80U2 14 (4.3) 48 (1219) 10 (254) 1 (25) 80 1 (25) IV 0.2 (129) 1/2 (13) 12 (300) 1.5 (38) 1 (25)

W60U 33 (10) 84 (2134) 10 (254) 1 (25) 60 1 (25) IV 0.11 (71) 3/8 (10) 6 (150) 1.5 (38) 1 (25)

W80U 33 (10) 84 (2134) 10 (254) 1 (25) 90 1 (25) IV 0.2 (129) 1/2 (13) 12 (300) 1.5 (38) 1 (25)

W60C 33 (10) 84 (2134) 10 (254) 1 (25) 40 1 (25) V 0.2 (129) 1/2 (13) 6 (150) 0.75 (19) 1 (25)

W80C 33 (10) 84 (2134) 10 (254) 1 (25) 60 1 (25) V 0.2 (129) 1/2 (13) 6 (150) 0.75 (19) 1 (25)

Longitudinal ReinforcementOverall Dimensions

Specimen 

ID

Transverse Reinforcement
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element reinforcement that would extend into the foundation protruded out of the formwork. 
Walls were then rotated 90 degrees about their longitudinal axes, transported to a temporary 
frame, tilted upright into their testing positions, and transported to the test setup. The foundation 
reinforcing cage was then constructed around the exposed longitudinal bars, and the exposed 
bars were cast integrally with the rest of the foundation. 

a) 
 

b) 
 

c) 

Figure 2: Wall a) cross sections, b) elevation, and c) overall view 

 

2 MATERIAL PROPERTIES 

Nominal material properties are listed in Table 2. Target concrete compressive strength was 5 
ksi (34.5 MPa) and nominal reinforcement grades were either Grade 60 or Grade 80. 

Table 2: Steel yield stresses (fy) and concrete compressive strengths (f’c) 

 
 

Measured concrete compressive strengths were obtained from the mean of three tests of 6 x 12 
in. (152 by 305 mm) concrete cylinders cast and cured under the same conditions as their 

Specimen fy,nom f'c,nom fy f'c

ID ksi (MPa) ksi (MPa) ksi (MPa) psi (MPa)

WB60U0 4 60 (414) 5 (34.5) 60 (414) 5400 (37.2)

WB60U1 5 60 (414) 5 (34.5) 71 (490) 5750 (39.6)

WB60U2 5 60 (414) 5 (34.5) 71 (490) 6000 (41.4)

WB60U3 5 60 (414) 5 (34.5) 71 (490) 6200 (42.7)

WB60U4 5 60 (414) 5 (34.5) 71 (490) 5500 (37.9)

WB60U5 5 60 (414) 5 (34.5) 71 (490) 5800 (40.0)

WB80U1 7 80 (552) 5 (34.5) 93 (641) 5300 (36.5)

WB80U2 7 80 (552) 5 (34.5) 93 (641) 5250 (36.2)

W60U 6 60 (414) 5 (34.5) 70 (483) 5400 (37.2)

W80U 7 80 (552) 5 (34.5) 93 (641) 6050 (41.7)

W60C 6 60 (414) 5 (34.5) 70 (483) 5600 (38.6)

W80C 7 80 (552) 5 (34.5) 93 (641) 5950 (41.0)

Steel 

Heat

Nominal Measured
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respective specimens.  Concrete compressive strengths 𝑓  are shown in Table 2 and ranged 
from 5.2 to 6.2 ksi (36 to 43 MPa) for beams and from 5.4 to 6.1 ksi (37 to 42 MPa) for walls. 

Measured steel stress-strain curves were obtained for all steel heats. Reinforcement was Grade-
60 or Grade 80, with measured yield stresses ranging from 60 to 92 ksi (410 to 630 MPa) for 
beams and 70 to 92 ksi (480 to 630 MPa) for walls.  Table 2 lists yield stresses (averaged from 
three coupons) for each steel heat used for longitudinal boundary element bars. Yield stress was 
determined using the intersection of the measured stress-strain curve with a line with slope of 
29000 ksi (200 GPa) and initial offset of 0.2% strain. Yield strain was then determined by 
dividing the determined yield stress by 29000 ksi (200 GPa). All bars met mechanical 
requirements specified by ASTM A706/A706M-16. Grade-60 longitudinal reinforcement used 
in beams (labelled as Steel Heats 4 and 5) did not have a well-defined yield plateau. Grade-80 
longitudinal reinforcing steel (Heat 7) and Grade-60 longitudinal boundary element steel in 
walls (Heat 6) had well-defined yield plateaus. Transverse reinforcement matched the grade of 
longitudinal reinforcement used in each specimen, with yield stresses ranging from 69 to 89 ksi 
(480 to 610 MPa). 

3 TESTING 

Beams were loaded in four-point bending as shown in Figure 1b, subjecting top of beam cross 
sections to tension and bottom of beam cross sections to compression. Load was applied at a 
single point to each cantilevered overhang 10 ft (3 m) from either roller support. The chosen 
loading formed a region of nearly constant moment between beam supports of 14 ft (4.27 m). 
Load was applied using four 30-ton (267 kN) through-hole hydraulic jacks, two at each 
cantilevered end, anchored to the lab strong floor using post-tensioning rods. The two jacks at 
either end were connected in parallel to a hand-operated hydraulic pump. Load was applied 
monotonically until lap splice failure occurred.  Testing progressed with increments of load up 
to yield and then increments of displacement until failure, with pauses between each increment 
for observation and data collection. Applied load and vertical displacements at load application, 
midspan, and 40 in. ( 1.01 m) from midspan were monitored and recorded every second. 
Figure 3a shows the measured load-midspan deflection curve for WB60U4. 

 
a) 

 
b) 

Figure 3: Load deflection curves for a) beam WB60U4 and b) wall W80C 
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Walls were tested as cantilevers under constant axial force and cyclic reversals of lateral 
displacement.  Wall foundations were post-tensioned to the laboratory strong floor with a total 
force of 2000 kips (8900 kN) and were flanked by post-tensioned blocks to prevent lateral 
movement.  An axial load totaling 400 kip (1780 kN) was applied at the top of each wall by 
three rows of two 1-1/4-in. (32 mm) post-tensioning bars tensioned by 60-ton (534 kN) through-
hole hydraulic jacks connected in parallel to a manually-controlled manifold. Load was 
transferred from jacks to top of walls using three rectangular HSS sections. Total axial load 
(including self-weight and equipment weight) was estimated to be 434 kips (1930 kN), 
approximately 10% of the product of nominal concrete strength and gross cross-sectional wall 
area. Axial load was maintained within 5% of the target axial load throughout testing. 

Lateral load was applied using two 110-kip (489 kN) hydraulic actuators operating 
synchronously and secured in parallel to the laboratory’s strong wall using a load transfer plate 
and post-tensioning rods. Load was transferred from actuators to walls using rectangular HSS 
flanking either side of walls secured with two rows of four 1-in. (25 mm) threaded rods. The 
distance from the top surface of the foundation to the line of application of the load was 33 ft 
(10 m). Lateral bracing was provided at 10, 21, and 30 ft (3, 6.4, and 9.1 m) from the top of the 
foundation. 

Two loading protocols were selected for wall tests. Testing of W60U and W80U followed a 
protocol based on methods described in FEMA 461, where walls were cycled twice at each 
increasing target displacement as detailed in Table 3a.  Testing of W60C and W80C subjected 
walls to a wind loading protocol before continuing with incremented target displacements, as 
detailed in Table 3b. Axial load, lateral load, foundation rotation, and displacements at 0.08, 7, 
15, 23, and 33 feet (0.02, 2.13, 4.56, 7.01, and 10.1 meters) were monitored and recorded every 
second.  Figure 3b shows the load-displacement curves of W80C, measuring displacement at 
the point of application of load. 

Table 3: Loading protocols used for a) W60U and W80U and b) W60C and W80C 

a) 

 

b) 

 
 

4 TEST RESULTS AND DATA ANALYSES 

Table 4 summarizes results for beams and walls. Means of the loads applied at beam ends and 
total lateral load applied to walls by actuators are reported. Reported deflections correspond to 
midspan deflection relative to supports for beams and deflection at the line of application of 

Target Displacement Number

Drift Ratio in (mm) of cycles

0.15% 0.59 (15) 2

0.20% 0.79 (20) 2

0.30% 1.19 (30) 2

0.40% 1.58 (40) 2

0.60% 2.38 (60) 2

0.80% 3.17 (81) 2

1.00% 3.96 (101) 2

1.25% 4.95 (126) 2

1.50% 5.94 (151) 2

2.00% 7.92 (201) 2

2.50% 9.9 (251) 2

N*δy Target Displacement Target Displacement Number

Drift Ratio in (mm) Drift Ratio in (mm) of cycles

0.15 0.10% 0.40 (10) 0.15% 0.59 (15) 500

0.4 0.30% 1.19 (30) 0.35% 1.39 (35) 500

0.75 0.50% 1.98 (50) 0.65% 2.57 (65) 75

1.2 0.80% 3.17 (81) 1.00% 3.96 (101) 5

1.5 1.00% 3.96 (101) 1.25% 4.95 (126) 2

1.2 0.80% 3.17 (81) 1.00% 3.96 (101) 5

0.75 1.00% 1.98 (50) 0.65% 2.57 (65) 75

0.4 0.30% 1.19 (30) 0.35% 1.39 (35) 500

0.15 0.10% 0.40 (10) 0.15% 0.59 (15) 500

1.25% 4.95 (126) 1.50% 5.94 (151) 2

1.50% 5.94 (151) 2.00% 7.92 (201) 2

2.00% 7.92 (201) 2.50% 9.9 (251) 2

2.50% 9.9 (251) 3.00% 11.88 (302) 2

W80CW60C
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load for walls.  Reported drift ratios correspond to reported deflections divided by half the 
center span for beams and clear height for walls. Lap splices in beams failed at drift ratios 
ranging from 1.2 to 3.3%, and lap splices in walls failed at drift ratios ranging from 1.9 to 2.5%. 

All specimens developed deformations beyond yielding of the reinforcing steel.  Beam tests 
resulted in abrupt failure of longitudinal lap splices and bursting of concrete along the splice 
length. Figure 4a shows splice failure in WB60U3.  Before splice failure, beams exhibited some 
damage and spalling due to compressive stresses just inside supports, most apparent in beams 
WB60U1, WB60U2, and WB60U3. Beams WB60U0 and WB60U5 had transverse 
reinforcement terminating in 90-degree hooks (identified as Type III in Table 1) and exhibited 
splitting cracks that began perpendicular to the axis of bending. These cracks were observed to 
turn at the tops of the beams to circumvent the transverse reinforcement, as shown in Figure 4b 
and c. Figure 5a and b show splice failures for walls W60U and W80C, which had 60-db lap 
splices. As shown in Figure 5b, walls also exhibited some damage to concrete and some bar 
buckling due to compressive stresses, but all tests resulted in a loss in load-carrying capability 
due to splice failure in some or all the spliced longitudinal reinforcement.  

Table 4: Peak loads, estimated bar stresses, deflections, and drift ratios 

 
 
 

 
a) 

 
b) c) 

Figure 4: a) WB60U3 Splice failure, and b) an illustration and c) an observation of splitting 
cracks circumventing Type III transverse reinforcement details in WB60U5 

Specimen Peak Inferred Peak Peak Peak

ID Load Bar Stress, fs displacement Drift

kip (kN) ksi (MPa) in (mm) %

WB60U0 84 (374) 81 (558) 1.86 (47) 2.2

WB60U1 92 (409) 89 (614) 2.53 (64) 3

WB60U2 96 (427) 92 (634) 2.74 (70) 3.3

WB60U3 98 (436) 94 (648) 2.67 (68) 3.2

WB60U4 100 (445) 94 (648) 2.11 (54) 2.5

WB60U5 92 (409) 86 (593) 1.18 (30) 1.4

WB80U1 111 (494) 105 (724) 1.42 (36) 1.7

WB80U2 104 (463) 100 (689) 1.09 (28) 1.3

W60U 124 (552) 85 (586) 7.4 (188) 1.9

W80U 140 (623) 105 (724) 7.92 (201) 2

W60C 120 (534) 83 (572) 7.92 (201) 2

W80C 154 (685) 115 (793) 9.90 (251) 2.5
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a) 

 
b) 

Figure 5: Splice failure of a) W60U, and b) W80C 

Peak bar stresses resisted by the lap splices before failure (fs) were inferred from measurements 
using “sectional” or “moment-curvature” analysis given specimen dimensions and material 
properties and considering peak applied loads, self-weight, and equipment weight.  Inferred 
peak bar stresses ranged from 81 to 105 ksi (560 to 720 MPa) in beams and from 83 to 115 ksi 
(570 to 810 MPa) in walls (Table 4). 

5 A METHOD TO ESTIMATE DRIFT CAPACITY 

The following steps produce drift capacity estimates for walls with lap splices at their bases: 

1) Estimate splice strength given lap splice geometry and material properties. 
2) Estimate maximum steel tensile strain (εmax) given the estimated splice strength. 
3) Assign εmax to the splice end with the largest applied tensile forces. 
4) Assume a modified curvature profile given εmax and lap splice length (ls). 
5) Calculate corresponding drift given the assumed curvature profile and an estimate of 

the ratio of shear deformations to flexural deformations. 

This method involves estimates of splice strength, curvature distribution, and material 
properties, so the results produced from this method should be used with caution.  That is: due 
to the variability of the estimates used (specifically splice strength and steel stress-strain curve 
estimates), this method should only be used to produce reasonable lower-bound drift capacity 
estimates.  

5.1 Splice Strength Estimates 

Given material properties and dimensions of a lap splice, splice strength (𝑓 ) can be estimated, 
albeit with large uncertainty. Methods proposed by Pollalis [1]; Fleet [2], and methods derived 
from splice-length equations in ACI 408R-03 [3] and ACI 318-19 [4] were compared in Table 
5 for the test results from this study. As shown in Table 5, splice strengths estimated using the 
method proposed by Pollalis [1] provided the mean closest to 1 and smallest coefficients of 
variation (CV).  Simplified versions of this splice equation are: 
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𝑓 𝑝𝑠𝑖 1100 
𝑙
𝑑

𝑓 . 𝑐
𝑑

. 2
3

1

1.5
𝜑 𝐴 𝑁
𝑁 𝑑 𝑠 ∗ 𝑓 ,

  (1)

𝑓 𝑀𝑃𝑎 320 
𝑙
𝑑

𝑓 . 𝑐
𝑑

. 2
3

1

1.5
𝜑 𝐴 𝑁
7𝑁 𝑑 𝑠 ∗ 𝑓 ,

  (2) 

Where: 

Variable Units (SI) Description 
l  in (mm) Splice length 
d  in (mm) Bar diameter 
f   psi (MPa) Concrete Compressive strength 

c  in (mm) Minimum cover from: 1) center of developed bar to concrete edge or  
2) ½ the distance between adjacent developed bar centers 

φ   Transverse reinforcement effectiveness factor: 0 (ineffective/no 
confinement), ½ (partial confinement, Type III), or 1 (effective 
confinement, Type  IV and V). Reinf. types are illustrated in Fig. 1 and 2 

A  in2 (mm2) Area of a single transverse reinforcing bar 
N *  Number of transverse reinforcement legs crossing a potential splitting plane 
N *  Number of bars being developed along a potential splitting plane 

s in (mm) Spacing of transverse reinforcement 
f ,  ksi (MPa) Nominal yield stress of longitudinal reinforcement 

*The potential splitting plane that produces the smallest ratio of 𝑁 /𝑁  should be used 

 

Table 5: Comparison of inferred splice strengths / splice strength estimates for this study 

  
 

Simpler expressions can replace Equation 1, but reliability of drift capacity estimates 
correlates with reliability of splice strength estimates. Drift capacity estimates for stresses 
beyond yield are especially sensitive to discrepancies between estimated and actual strengths. 

5.2 Steel Stress-Strain Profiles 

If measured stress-strain profiles are available, they should be used to correlate estimated 
splice strength and reinforcing strain for stresses beyond yield. From Wight and Sozen [5]: 

“The use of one-directional loading stress-strain relationship to convert the recorded 
strains into stresses is not strictly correct because the bar has been cycled into the 
inelastic … However, at the maximum deflection for each cycle the strain in the bar is 
well beyond the yield strain so the magnitude of the error incurred using this 
procedure is quite small” 

Design Equation Mean min max std CV

Pollalis 1.02 0.9 1.08 0.05 0.05

Fleet 0.91 0.75 1.04 0.09 0.1

ACI 408‐03 1.08 0.88 1.34 0.15 0.14

ACI 318‐19 0.84 0.58 0.93 0.1 0.12
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In lieu of measured profiles, a simple and approximate upper-bound stress-strain profile (used 
by Pollalis [1]) is preferred because: 

1) It is impossible to know in advance the material properties of steel used in buildings   
2) It is rare to have a single heat of steel used throughout an entire building 
3) Upper-bound stress-strain profiles lead to lower strain estimates corresponding to 

splice strength estimates, which produce lower-bound estimates of drift capacity 
4) The stress-strain relationship is sensitive to loading history 

Figure 6 shows measured stress-strain profiles for the included tests. Points marked on each 
profile correspond to Figure 6a) inferred peak bar stresses or Figure 6b) estimated splice 
strengths using the Equation 1. The strains indicated by these points will be used as εmax when 
estimating drift capacity of the tested specimens.  The discrepancies between the points on the 
two subfigures highlight the sensitivity of estimated strain to estimated splice strength.  

 
a) 

 
b) 

Figure 6: Measured stress-strain profiles with points (■ for beams and ▲ for walls) 
corresponding to 𝜀  for a) inferred peak bar stresses and b) estimated splice strengths 
 

5.3 Curvature Profiles 

Flexural deformations contribute the largest portion of total deformations when considering 
cantilevers with aspect ratios exceeding 3:1. When estimating the drift capacity of cantilevers 
with single concentrated loads and lap splices at their bases, an initial linear (pre-yield) or 
bilinear (post-yield) curvature profile should be assumed and later modified to account for lap 
splice presence.  Initial linear profiles begin with zero curvature at the point of application of 
load and increase linearly to a curvature corresponding to the minimum of: 1) yield strain or 
2) strain at estimated splice strength. For walls exceeding longitudinal yield stresses, an 
additional assumed profile is added to account for a region of plasticity at the wall base. The 
second linear profile begins with zero curvature at an assumed height of one-quarter the wall 
height (ℎ /4) and increases to peak curvature (corresponding to estimated tensile strain less 
the yield strain) at the wall base. Figure 7a shows the initial assumed curvature profile.  To 
account for increased stiffness within lap splices, the Figure 7a is then modified with regions 
of zero curvature inside the splice.  To account for development of spliced bars, linear profiles 
are assumed beginning at splice ends (with curvatures corresponding to the unmodified 
curvature at the splice ends) and decreasing to zero curvature at a distance equal to the smaller 
of 15db or ls/3 extending into the splice. For simplicity of calculation (and to account for 
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deformations often referred to as “slip”), a similar profile is assumed for development of bars 
embedded in the foundation with peak curvature at the base of the wall and zero curvature the 
same distance (the smaller of 15db or ls/3) into the foundation.  Figure 7b shows the modified 
profiles that account for lap splice presence. The chosen modifications approximate surface 
deformations observed, and the resulting profiles can be used to estimate flexural deflections 
of similar structural members. Similar curvature profiles can be derived for beam tests 
subjected to 4-point bending. The modified curvature profiles can then be normalized with 
respect to the maximum strain expected in longitudinal steel if a constant depth to neutral axis 
is assumed, resulting in this expression for flexural deflection: 

∆  
𝜀
1 𝑘 𝑑

∗ 𝛿   (3)

Where: 

 

 
a) 

 
b) 

Figure 7: Illustrations of a) initial curvature profile and b) curvature profile modified for lap 
splice presence and "slip" (not to scale) 

 

Variable Units (SI) Description 
∆  in (mm) Deflections due to flexure 

ε  in/in (mm/mm) Longitudinal reinforcing strain corresponding to maximum moment 
1 k d in (mm) distance from centroid of bars in tension to the neutral axis (taken as 

0.8d for walls and 0.85d for beams from this test series) 
𝛿  in2 (mm2) Deflection calculated as the moment of the area within a unit 

curvature profile obtained by dividing the curvature profile in Figure 
7b by 𝜑  
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5.4 Drift Capacity Estimates 

Total deflection (and by extension, drift capacity) can be estimated given flexural (and “slip”) 
deflections calculated from Equation 3 (∆ ) and the expected ratio of shear (∆ ) and flexural 
(∆ ) deflections as shown in Equation 4: 

∆  ∆ ∗ 1 ∆𝑣 ∆𝑓⁄   (4)

For regions of constant moment, the contribution to deflection from shear can be assumed to 
be zero.  From mechanics [6], the ratio of shear deflection to flexural deflections ∆ ∆⁄  for 
linear, homogenous cantilever walls of rectangular cross section with height ℎ  and cross-
sectional length 𝑙  can be estimated as ∆ ∆⁄ 3 4⁄ 1 𝜈 𝑙 ℎ⁄ .  Measurements of 
surface deformations from this study suggest a nearly 1:1 relationship between ∆ ∆⁄  and 
𝑙 ℎ⁄  which remained nearly constant for the duration of the tests [1].  In the presented 

method,  ∆ ∆⁄ 𝑙 ℎ⁄  will be used to account for shear deformations, although 
additional research should be conducted to study walls with different geometries and varying 
amounts of transverse reinforcement. Relating total deformation and maximum steel strain, 
the equation becomes: 

∆  ∆ ∗ 1
∆
∆

 
𝜀
1 𝑘 𝑑

∗ 𝛿 ∗ 1
𝑙
ℎ

  (5)

Drift Capacity estimates can be obtained by dividing Equation 5 by the total displacement by 
either the wall height (ℎ ) or half the center span for beams.  Table 6 and Figure 8 show drift 
capacities measured in the provided test series compared against the drift capacity estimates 
obtained from the method described in this paper.  Figure 8a estimates are produced from 
peak bar stresses inferred from measured peak forces, isolating the method for estimating drift 
capacity and demonstrating that the resulting estimates of drift capacity are reasonable.  
Figure 8b estimates incorporate both the method to estimate drift capacity and Equation 1 for 
splice strength. The combination of methods outlined in this paper serve to produce 
reasonable lower-bound estimates of drift capacity.  

Table 6: Measured and estimated drift capacities 

 
 

Measured Depth Yield Stress Yield Curvature

Specimen Drift d ls fy ϕy fs ϕmax Drift Error fs ϕmax Drift Error

ID Ratio in (mm) db ksi (MPa) 1/in (1/m) ksi (MPa) 1/in (1/m) Ratio ksi (MPa) 1/in (1/m) Ratio

WB60U0 2.20% 43.75 (1111) 60 60 (414) 5.6E‐5 (2.2E‐3) 81 (558) 9.2E‐4 (3.6E‐2) 2.1% ‐0.1 90 (621) 1.5E‐3 (5.8E‐2) 3.3% 0.5

WB60U1 3.00% 43 (1092) 50 71 (490) 6.6E‐5 (2.6E‐3) 89 (614) 7.4E‐4 (2.9E‐2) 1.9% ‐0.4 89 (616) 6.9E‐4 (2.7E‐2) 1.8% ‐0.4

WB60U2 3.30% 43.63 (1108) 60 71 (490) 6.5E‐5 (2.5E‐3) 92 (634) 8.7E‐4 (3.4E‐2) 2.0% ‐0.4 89 (616) 6.8E‐4 (2.7E‐2) 1.5% ‐0.5

WB60U3 3.20% 43.63 (1108) 60 71 (490) 6.5E‐5 (2.5E‐3) 94 (648) 9.6E‐4 (3.8E‐2) 2.2% ‐0.3 90 (621) 7.2E‐4 (2.8E‐2) 1.6% ‐0.5

WB60U4 2.50% 43.63 (1108) 60 71 (490) 6.5E‐5 (2.5E‐3) 94 (648) 1.0E‐3 (4.0E‐2) 2.3% ‐0.1 88 (606) 6.2E‐4 (2.5E‐2) 1.4% ‐0.4

WB60U5 1.40% 44.38 (1127) 60 71 (490) 6.4E‐5 (2.5E‐3) 86 (593) 5.9E‐4 (2.3E‐2) 1.3% ‐0.1 82 (566) 4.0E‐4 (1.6E‐2) 0.9% ‐0.4

WB80U1 1.70% 44.38 (1127) 80 93 (641) 8.5E‐5 (3.3E‐3) 105 (724) 8.1E‐4 (3.2E‐2) 1.3% ‐0.2 102 (701) 6.3E‐4 (2.5E‐2) 1.0% ‐0.4

WB80U2 1.30% 43.63 (1108) 80 93 (641) 8.6E‐5 (3.4E‐3) 100 (689) 6.2E‐4 (2.4E‐2) 1.0% ‐0.2 101 (700) 6.3E‐4 (2.5E‐2) 1.0% ‐0.2

W60U 1.90% 78.13 (1984) 60 70 (483) 3.8E‐5 (1.5E‐3) 85 (586) 5.6E‐4 (2.2E‐2) 1.7% ‐0.1 82 (569) 4.7E‐4 (1.8E‐2) 1.5% ‐0.2

W80U 2.00% 78 (1981) 90 93 (641) 5.1E‐5 (2.0E‐3) 105 (724) 4.6E‐4 (1.8E‐2) 1.1% ‐0.5 107 (736) 5.2E‐4 (2.0E‐2) 1.2% ‐0.4

W60C 2.00% 78.75 (2000) 40 70 (483) 3.8E‐5 (1.5E‐3) 83 (572) 4.9E‐4 (1.9E‐2) 1.9% 0.0 84 (576) 5.0E‐4 (2.0E‐2) 2.0% 0

W80C 2.50% 78.75 (2000) 60 93 (641) 5.1E‐5 (2.0E‐3) 115 (793) 7.7E‐4 (3.0E‐2) 2.3% ‐0.1 107 (736) 5.2E‐4 (2.0E‐2) 1.7% ‐0.3

fs  = Estimated Splice Strengthfs  = Inferred Peak Bar Stress
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a) 

 
b) 

Figure 8: Measured drift ratios plotted against capacities estimated using strains 
corresponding to a) inferred peak bar stresses and b) estimated splice strengths 

Two features are of note in these figures: 

1. Four points (WB60U1, WB60U2, WB60U3, and W80U) in Figure 8a deviate from the 
1:1 trend by more than 30%.  During testing, the listed beams experienced spalling 
and loss of cover in the compression region just inside beam supports which decreased 
the apparent depth of affected beams within those regions and contributed to increased 
curvatures. W80U experienced bar buckling and loss of cover to a similar effect due to 
larger spacing of transverse reinforcement relative to the other walls. 

2. There is a single point (WB60U0) in Figure 8b where the estimated drift capacity 
exceeds the measured drift capacity by more than 50%.  This discrepancy 
demonstrates the sensitivity of this method to splice strength estimates.  The estimated 
splice strength for WB60U0 was 91 ksi (630 MPa), while measured peak force 
corresponds to an inferred peak bar stress of 81 ksi (560 MPa).  An overestimate in 
splice strength by 12% led to drift estimates 50% larger than measured values. 

6 CONCLUSIONS 

Tests were conducted on eight beams and four walls to study the effects of lap splices on drift 
capacity.  The effect on drift capacity of splice length, reinforcing grade, concrete cover, and 
transverse reinforcement details were studied in the tests.  All tests resulted in lap splice 
failure and loss of load carrying capacity at drift ratios ranging from 1.3% to 3.3%. The most 
salient conclusions from the collected test data are: 

 Lap splice arrangement in wall boundary elements can lead to potential splitting 
planes both parallel and perpendicular to the axis of bending 

 Transverse reinforcement effectiveness depends on the ability of transverse 
reinforcement to arrest cracking in all potential splitting planes.  As shown in Figure 
4b and c, 90-degree hooks are not sufficient to fully arrest splitting cracks. 

 Even if designed to reach stresses exceeding the yield stress, Lap splices can fail in 
walls at drift ratios less than 2% 

Analyses of the obtained data suggest drift capacity of walls with lap splices is a function of: 
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 Expected splice strength (estimated using Equation 1) 
 Steel stress-strain properties (Figure 6), especially yield stress and strain hardening 
 Wall geometry and lap splice length (used for Equation 5) drift capacity estimates and 

Figure 7b assumed curvature profiles) 

Estimates of splice strength, reinforcing strain, and displacements outlined in this paper 
combine to produce lower-bound estimates of drift capacity. The drift capacity estimates 
obtained from Equation 5 are most sensitive to: 

 Splice strength estimates 
 Steel stress-strain approximations (especially post-yield) 
 Damage and failure modes that preclude splice failure 

Because the listed parameters have large uncertainties, it is recommended that lap splices be 
avoided where deformability is essential. 
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ABSTRACT  

The fib Model Code 2010 (MC2010) contains a semi-empirical formulation for the local bond-
slip relationship for both pull-out and splitting failure modes (derived from short pull-out tests), 
as well as a semi-empirical formulation of the steel stress that can be activated in the 
reinforcement as a function of the anchorage length (anchorage resistance derived from a large 
database of lapped joint and anchorage tests). Considering equilibrium and compatibility 
conditions, the anchorage strength can be calculated on the basis of the local bond-slip 
relationship. Using this approach with the bond-slip relationship of MC2010, the obtained 
anchorage strengths are not consistent with the anchorage resistance according to the same 
code. Recent works have shown discrepancies between measured local bond-slip responses and 
the proposal of MC2010. Within this frame, this paper presents an experimental programme 
consisting of pull-out tests instrumented with detailed measurement systems (digital image 
correlation and fibre-optic measurements). The results show the effect of the evaluated 
parameters in the local bond-slip relationship along the bar. The different local bond-slip 
responses can be explained by the crack development in the surrounding concrete.  

1 INTRODUCTION 

In reinforced concrete structures, the forces in an anchored bar are transferred to the 
surrounding concrete by bond forces at the interface between both materials. The rebar-to-
concrete interaction is a fundamental part of the structural response of reinforced concrete 
structures, both at serviceability and ultimate limit states. 

The physical phenomena related to bond are complex and the characterization of the interface 
response is challenging because of the highly nonlinear behaviour and the large number of 
influencing parameters, including: concrete strength, bar diameter, geometry of the bar surface, 
concrete cover, confinement reinforcement and confinement stresses. Moreover, the response 
at a local level is directly related to the internal cracking of concrete and the relative 
displacement between the two materials (δsc, slip corresponding to the difference between the 
concrete, δc, and steel displacements, δs, as shown in Figure 1b) [1]. For this reason, the bond 
response is typically described in a simplified manner by the local bond-slip relationship (see 
Figure 1a).  
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The differential equations defining the phenomenon summarized below can be derived based 
on the compatibility and equilibrium conditions of the differential element shown in Figure 1c, 
assuming an elastic behaviour of the reinforcement and neglecting concrete strains: 

sc
s c

d

dx

       (1)                      
4s bd

dx

 


    (2)                      
2

2

4sc b

s

d

dx E

 


    (3) 

where εs and εc refer to the steel and concrete strains, σs refers to the steel stresses, τb refers to 
the bond stresses, ϕ refers to the bar diameter and Es to the elastic modulus of the reinforcement 
steel. 

The developments in the last years of two detailed measurement systems have shown great 
potential to improve the understanding of the bond phenomenon. Digital Image Correlation 
(DIC) measurement systems can provide a three-dimensional displacement field over the 
tracked surface. Fibre-Optical Measurement (FOM) systems make possible the measurement 
of the strains along the length of steel rebars with high spatial resolution and acquisition 
frequencies. Recently, Cantone et al. [2] applied this technique to measure rebar strains in pull-
out tests, concrete tie tension tests and four-point bending tests, providing new detailed 
information about the load transfer and the deterioration of bond due to cyclic loading. 
Furthermore, both systems can be used simultaneously to measure the crack kinematics and the 
associated stress-state of the rebar as presented in the work of Mata-Falcón et al. [3]. 

 

Figure 1: Bond-slip relationship: (a) local law according to Model Code 2010 (fc = 38 MPa, 
cmin/ϕ = 1, cclear = 10 mm, Ktr = 0.01) [4]; (b) relative rebar-to-concrete slip definition; and 

(c) differential element. 
 

2 ANCHORAGE LENGTH AND STRESS DEVELOPMENT 

Present standards account for some of the aforementioned influencing parameters. Current 
Eurocode 2 (EC2:2004) [5] and SIA 262:2013 [6] propose the calculation of the anchorage 
length based on the estimated bond strength assumed to be constant along the development 
length. The bond strength considered in EC2:2004 is based on the expression of Model Code 
1990 [7,8], accounting for the effect of the casting conditions. In fib Bulletin 72 [9], the 
anchorage strength is calculated using an expression derived from a statistical study of a large 
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test database. The expression for the estimated mean value of the stress that can be developed 
in a bar (fstm) is given by Eq. 4. 

0.10.55 0.2 0.250.25

maxmin

min

25
54

25
cm b

stm m tr

f l cc
f k K

c  

                  
           

      (4) 

The expression is for good bond conditions and accounts for the effect of various parameters 
through factors limited due to the lack of empirical data or due to experimental observations: 
concrete strength (15 < fcm < 110 MPa), anchorage length (lb ≥ 10ϕ), minimum cover (0.5 ≤ 
cmin/ϕ ≤ 3.5), maximum cover (cmax/cmin ≤ 5) and the confinement generated by transverse 
reinforcement (Ktr ≤ 0.05). 

Model Code 2010 (MC2010) [4] proposes an anchorage length based on the bond strength, 
which is calculated using the characteristic values of the expression of fib Bulletin 72 under 
certain assumptions [9]. Moreover, MC2010 includes a local bond-slip relationship for 
monotonic loading based on the average response of short pull-out tests (typically lb = 5ϕ). The 
expressions are differentiated according to the bond conditions and the confinement. Elements 
in well-confined concrete (concrete cover ≥ 5ϕ and clear spacing between bars ≥ 10ϕ) undergo 
a pull-out failure with a more ductile response and a residual bond strength for large 
displacements. In unconfined conditions, or with insufficient confinement, splitting of the cover 
causes a sudden reduction of the bond stresses after the peak value, see Figure 1a. Additional 
factors are proposed in MC2010 to consider the influence of bar yielding, transverse stress, 
cyclic loading, creep, fatigue, longitudinal and transverse cracking.                                                                    

 

Figure 2: Effect of transverse cracking in the local bond-slip laws: (a) longitudinal variation 
of the reduction factor λ [4,7,10]; and resulting local bond-slip relationships for good casting 

conditions according to (b) MC2010 (cclear = 10 mm) [4] and (c) Kreller [11]. 
 

The effect of transverse cracking is considered by a reduction factor (λ) varying linearly from 
zero at the crack location to one at a distance of two bar diameters from the crack (Figure 2b). 
Figure 2a compares the reduction proposed in MC2010 with other similar factors proposed in 
the literature with linear [7] and exponential reductions [10]. Figure 2c presents a model 
proposed by Kreller [11], based on the experimental results of Eligehausen et al. [12]. In this 
model, the local bond-slip law for pull-out failure reaches the maximum and residual stresses 
for significantly lower slips. The response of bar sections located more than five diameters 
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away from the crack face is unaffected. Sections closer to the crack share the same ascending 
branch, but have different post-peak responses. Regions near the crack face (from 0 to 2ϕ) 
display a more brittle behaviour, similar to the unconfined response in MC2010. Bar sections 
between 2 and 5ϕ share the post-peak-plateau, softening stiffness and residual bond stress. 

Using a local bond-slip law and knowing the boundary conditions, Eq. 3 can be integrated to 
determine the distribution of bond stress, steel stress and slip along an anchorage. Assuming 
the MC2010 relationship, an analytical solution can be established for the homogeneous 
solution [13,14]. For other boundary conditions, the equation can be solved numerically, as 
proposed by other authors [15-18].  

Figure 3 compares the mean anchorage strength according to Eq. 4 with the envelope of the 
results from the numerical integration of the MC2010 local bond-slip laws for good and poor 
casting conditions and different concrete covers (assuming the correspondent splitting response 
for unconfined conditions or pull-out failure if c/ϕ ≥ 5ϕ). The numerical integration has been 
performed using the approach proposed by Alvarez [16] with an integration step of 0.1 mm and 
one iteration at each step. The effect of transverse cracking is neglected as it would only affect 
a short region compared with the total anchorage length. Consequently, the developed stresses 
for short anchorage lengths can be overestimated. In addition, the influence of bar yielding, 
potentially significant in the strain hardening regime, is not considered. It must be noted that, 
for poor bond conditions and covers ranging from 2 to 3.5ϕ, the local bond-slip relationship is 
the same because the maximum bond stress (limited to 1.25 (fcm)0.5) is reached. Therefore, the 
results from the numerical integration overlap as it can be observed in Figure 3b. 

The developed stresses for good bond conditions from the numerical integration are generally 
larger than according to Eq. 4 for anchorage lengths < 30-40ϕ. It can be observed that, assuming 
the bond-slip curve corresponding to a pull-out failure (c/ϕ ≥ 5), the anchorage strength is 
significantly higher than the values according to the limit case of Eq. 4 (c/ϕ = 3.5). The results 
of the numerical integration indicate that for long anchorages, the stresses that can be developed 
for good casting conditions (Figure 3a) are lower than for poor casting conditions (Figure 3b). 
This counterintuitive result is explained by the fact that, according to this model, splitting 
failures are governing and the related bond-slip relationship shows a sudden reduction of the 
bond strength after the peak which is attained for very small slips in the case of good bond 
conditions (see Figure 1a). For poor bond conditions, the peak slip is larger, so that bond 
stresses are activated over a longer portion of the bar, leading to larger anchorage strengths. 

 

Figure 3: Comparison of the stress development in an anchored bar according to the fib 
Bulletin 72 and the numerical integration of the local bond slip law for (a) good and (b) poor 

bond conditions (ϕ = 20 mm, fcm = 38 MPa, cmax/cmin = 5, cclear = 10 mm). 
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3 EXPERIMENTAL PROGRAMME 

An experimental programme has been conducted in the Structural Concrete Laboratory of the 
École Polytechnique Fédérale de Lausanne (Switzerland) to investigate the behaviour of 
anchored rebars in concrete and the influence of the different damaging mechanisms visible on 
the concrete surface in the rebar-to-concrete interaction.  

3.1 Specimens and test set-up 

The series consisted of four pull-out tests to evaluate the effect of the casting conditions and 
the type of failure in the stress distribution along the anchorage length. The tested bars, with a 
bonded length of 10ϕ, were cast in the top and bottom face of a concrete prism with a cross 
section of 0.2 x 0.4 m2. The bars were placed horizontally in the formwork before casting, 
parallel to the shortest dimension of the element. The clear cover (c) was 1ϕ and 3ϕ to study 
spalling and pull-out failure conditions. The compressive strength of the concrete at the time of 
the test (fcm) is indicated in Table 1. The reinforcement bars for the pull-out test consisted of 
B500B bars with a nominal diameter of ϕ20. The ribs of the rebar were composed of 4 lugs 
with bond index fR = 0.087 (according to [1]), average rib height hR =1.39 mm, clear rib spacing 
cclear = 7.65 mm and transverse rib flank inclination αR = 37º (according to [18]).  

Table 1: Main parameters of pull–out tests and anchorage capacity Fu 

Specimen ϕ [mm] c/ϕ [-] Casting fcm [MPa] Fu [kN] 
PC0101 

20 
3 

Top 40.6 93.7 
PC0103 Bot 39.5 115.1 
PC0106 

1 
Top 39.5 76.3 

PC0108 Bot 39.5 87.9 
 

The load was applied using a hydraulic jack through a hinge in order to minimize the potential 
bending moment transferred to the rebar. A steel frame was used to avoid the application of the 
reaction force in the vicinity of the rebar in the crack face, thus preventing any influence in the 
development of local punching mechanisms. A Linear Variable Displacement Transformer 
(LVDT) was used to measure the slip at the unloaded end of the bar. The setup is analogous to 
the one used by Moccia et al. [19]. The concrete surface parallel to the rebar was tracked with 
DIC and the strains in the reinforcement were measured using FOM. The fibres were placed at 
the opposite faces of the rebar as displayed in Figure 4a. 

3.2 Experimental results 

The observed effects of the concrete cover and of the casting conditions are in agreement with 
the trends observed in previous studies [1]. Table 1 shows that the anchorage capacity increases 
for larger covers and good casting conditions. The specimens with a cover of 1ϕ failed by 
spalling of the concrete cover. The specimens with a cover of 3ϕ displayed a splitting induced 
pull-out failure. A schematic representation of the failure modes is presented in Figure 4b 
(splitting cracks are defined in this paper as cracks perpendicular to the free surface, whereas 
spalling cracks are defined as cracks approximately parallel to the free surface). 

Figures 4c and 4e show for specimens PC0103 and PC0106 the crack pattern at the concrete 
surface when the anchorage capacity is reached (black) and the cracks developed in the post-
peak phase (magenta). The stress distributions along the rebar are represented in Figures 4d and 
4f at five load stages. The stress is calculated using the average of the two measured strains 
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assuming a linear elastic steel behaviour (Es = 200 GPa) and a moving average in the 
longitudinal direction of 2 times the rib spacing. Bond stresses are calculated using Eq. 2 for 
discrete elements 0.65 mm long (corresponding to the spatial resolution of the FOM) and a 
moving average in a distance of 2 times the rib spacing. The concrete displacement (δc) is 
calculated from the measured displacements of the surface of the concrete along the axis of the 
bar. The bar displacement (δs) is calculated from the slip at the unloaded end measured with the 
LVDT adding the integrated strains along the bar. The relative slip (δsc) is the difference 
between the two values. The opening of the splitting crack (wsplitting) is directly measured using 
the DIC data on the free concrete surface. The opening of the spalling crack (wspalling) is assumed 
to be equal to the out of plane displacement of the concrete cover along the bar axis.  

 

Figure 4: Pull-out test results: (a) optical fibre placement; (b) typical failure modes in pull-
out tests; cracking pattern obtained from DIC measurements for specimens (c) PC0103 and 
(e) PC0106; and distribution along the length of the element of steel stresses, bond stresses, 

slip and crack widths for specimens (d) PC0103 and (f) PC0106. 
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The experimental anchorage resistance is slightly higher than the estimation from Eq. 4 for 
good bond conditions (~5%) and ~20% higher for poor conditions (see Figures 4d and 4f). For 
higher loads, the stress profiles show an approximatively constant value over a distance of ~2ϕ 
from the loaded surface indicating an almost complete loss of bond stresses. This can also be 
appreciated in the bond stress distributions, where for low load levels bond, stresses are 
activated near the loaded end. As the load increases, bond vanishes near the loaded end and 
higher bond stresses are activated close to the unloaded end of the bar.  

The slip graph shows that the concrete displacement at the surface is negligible before the 
conical internal cracks [20] reach the cover, causing localized steps in the concrete displacement 
distribution. These cracks eventually lead to a concrete-cone breakout when they are near the 
loaded end of the bar as it can be seen in Figures 4c and 4e.  

The crack width plots show that the opening of the spalling cracks is considerably larger for the 
specimen with smaller cover than in the specimen with a cover of 3ϕ. The opposite trend can 
be observed for the splitting crack opening on the concrete surface that is larger for the specimen 
with a 3ϕ cover. However, the visible width at the cover may not correspond to the width at the 
bar. The splitting crack is affected by the conical cracks, as it can be seen in the crack opening 
reductions at the coincident points of both cracks. As the bar slides in the direction of the load, 
the two partially detached concrete blocks at either side of the splitting crack move outwards 
rotating in opposite directions, increasing the crack width at the loaded end of the bar and 
reducing the opening near the intersecting point of the two cracks. 

More detailed insight on the local response is presented in Figures 5a-d that represent the bond-
slip relationships for 6 sections located at different distances from the loaded end of the bar for 
the four tested specimens. The local relationship according to MC2010 and the measured 
average bond stress (calculated assuming a uniform distribution along the bar) as a function of 
the slip at the unloaded end of the bar are also represented for comparison (black curves). 
Concerning the average bond-slip relationship, the maximum bond stress is similar to the 
estimation of MC2010 for unconfined conditions (splitting failure according to MC2010). 
Nevertheless, the stress reduction of the measured response in the post-peak phase is much less 
brittle. The measured local laws show a steep reduction for points in the first 2 to 3ϕ from the 
concrete surface. In this region, the detachment of the concrete caused by the local punching 
mechanism reduces the local resistance. However, along the rest of the length of the bar, the 
local response is less brittle and can reach higher maximum bond stresses. The response of the 
bars for both bond conditions is stiffer than the predicted response according to MC2010, 
notably, for the bars in the top layer (poor bond conditions). This finding is consistent with that 
of Bado et al. [21] that determined the local bond-slip laws from tensile tests in reinforced 
concrete ties instrumented with FOM. The effect of the proximity to a transverse crack (in this 
case represented by the concrete face at the loaded end of the bar) on the local laws follows the 
trends of the model of Kreller [11] shown in Figure 2c. 

The evolution of the spalling crack at the bar as a function of the relative slip is illustrated in 
Figures 5e-f. There are a number of differences between both specimens with different concrete 
covers. The increase of the crack opening in the test with a cover of 1ϕ is more pronounced, 
reaching higher values for the same slip. Furthermore, after the maximum load is reached, the 
failure in spalling causes a drastic increase of the crack opening and the consequent load 
reduction. In the specimen with a cover of 3ϕ, the spalling crack continues to open after the 
peak mostly in the region affected by the local punching failure with a minor increase along the 
rest of the rebar length. Figures 5g-h present the development of the splitting crack width at the 
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concrete surface (measured with DIC) and an estimation of the opening at the bar surface 
(assuming a rigid body rotation of the cover, as shown in Figure 5i). For larger covers, the 
different sections display similar trends that stabilize after the peak force. Specimen PC0106 
shows a steep increase for the sections at 1 and 2ϕ from the loaded end caused by the opening 
of the crack without an increase of the slip due to the concrete cone breakout. Interestingly, for 
both covers, the estimation at the bar level along most of the anchorage length shows an increase 
of the crack width for small slips that eventually closes with further increase of the slip.  

 

Figure 5: Measured local bond-slip laws for specimens: (a) PC0103; (b) PC0108; (c) 
PC0101 and (d) PC0106. Measured spalling crack opening-slip curves for specimens: (e) 
PC0101 and (f) PC0106. Measured splitting crack opening-slip curves for specimens: (g) 
PC0101 and (h) PC0106 (dashed lines: no data available). (i) Schematic representation of 

the considered crack widths. 

214



   
 

4 RESULT DISCUSSION 

As already explained in Sections 1 and 2, the rebar-to-concrete interaction is strongly affected 
by the stress state and cracking of the concrete surrounding the reinforcement. In this section, 
the measured bond stresses are compared to the MC2010 bond-slip relationship for pull-out 
failure, where the bond stress is reduced accounting for the development of spalling and 
splitting cracks (parallel and perpendicular to the free surface) according to the approach 
proposed by Brantschen et al. [18].  

The model establishes a reduction of the bond strength proportional to the reduction of contact 
area as a consequence of the opening of a longitudinal crack in the vicinity of the ribs, see 
Figure 6a. The evolution of the contact area can be expressed as a function of the crack opening 
(w) and of the geometrical parameters (bond index and bar diameter) using a proportionality 
factor (κf) as described by Eq. 5. Additionally, the crack opening causes an increment of the 
slip due to the rib flank inclination (αR) as represented in Figure 6b. Assuming an ideal rib 
geometry with constant flank inclination, the gap generated for a certain crack width can 
assumed to become an additional slip, as given by Eq. 6.  
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Figures 6c-d present the measured bond-slip relationships for different bar sections (continuous 
lines) and the calculated relationships (dashed lines), using the MC2010 local bond-slip curve 
for pull-out failure under good casting conditions (grey) as reference. The reduction factor is 
calculated according to Eq. 5, on the basis of the combined effect of the measured spalling and 
splitting crack openings (considered as orthogonal components of a vector). The results capture 
the tendencies of the measured values at different locations in the region not affected by the 
concrete cone breakout. Some differences can be observed in the stiffness of the ascending 
branch of specimen PC0101 or the post peak response of specimen PC0106. For the regions 
within or neighbouring the local punching mechanism, the assumption of the MC2010 curve as 
reference may not be realistic.   

 

Figure 6: Effect of longitudinal cracks in the bond-slip response: (a) contact area reduction 
at the bar lugs due to the crack opening; (b) slip increment consequence of the gap generated 
by the crack opening; local bond-slip laws for specimens (c) PC0101 and (d) PC0106 (dotted 

lines: no data available). 
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5 CONCLUSION AND OUTLOOK 

This paper presents the results of an analytical and experimental investigation of the local bond- 
slip relationship and its effect on the anchorage strength of reinforcement bars. The anchorage 
strength based on the semi-empirical expression according to the fib Bulletin 72 [9] is compared 
with the numerical integration of the local bond-slip relationships proposed in MC2010 [4]. An 
experimental programme consisting of pull-out tests instrumented with detailed measurement 
systems was conducted to analyse the local response at the interface. The main findings of this 
research are summarized below: 

1. The numerical integration of the local bond-slip relationship of MC2010 leads to an 
overestimation of the anchorage strength for anchorage lengths between 20ϕ and 40ϕ, 
compared with the expression from the fib Bulletin 72. 

2. The numerical integration results suggest that the stress developed in long anchorages 
for unconfined conditions is larger for poor than for good bond conditions. This 
counterintuitive result is not consistent neither with the semi-empirical expression of fib 
Bulletin 72 nor with other code provisions. 

3. Concerning the pre-peak response, the measured local bond-slip relationships show a 
stiffer behaviour than the corresponding expressions according to MC2010. For the 
post-peak phase, the experimental results display a less brittle response with larger slips 
when the residual strength is reached.  

4. The reduction of the bond-slip curves along the different sections of the bar can be 
explained by the development of splitting cracks (parallel to the bar and perpendicular 
to the free concrete surface), spalling cracks (parallel to the bar and approximately 
parallel to the free concrete surface) and local punching mechanisms at the loaded end. 

Further research will focus on different anchorage lengths, larger covers to represent well-
confined conditions, different rib geometries and the combined action of two perpendicular 
cracks parallel to the bar to better understand the stress development along anchorages and to 
propose a local bond-slip relationship consistent with the proposed anchorage strength. 
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ABSTRACT 

Precast shear walls are widely used in high rise buildings. To facilitate easy transport, shear 
walls are made as segments and connected in the site. Thus, the shear wall segments are 
connected through bonding or anchorage elements on site. These connections are vulnerable 
and can cause severe weak links in the system. The precast segmental wall elements should 
provide adequate strength, capable of absorbing sufficient energy, ensure ductility, and 
maintain the continuity to ensure the integrity of the system. This paper describes the anchorage 
bond in precast walls with shear keys to join the precast shear walls, in both vertical and 
horizontal directions. The force transfer mechanism, shear and bond strength, bond area, 
configuration, size, and materials influence the efficiency of connecting system. This study 
understands the performance of prefabricated shear walls with shear keys under various loading 
conditions through experimental findings. The shear key in the connection with the wall 
elements improves the shear strength. Shear capacity increases the load carrying capacity 
normal to the connection. The capacity of double shear key interface is greater than the single 
shear key interface. The failure mode of the precast structural wall systems mainly depends on 
the shapes of the shear key.  

1  INTRODUCTION 

Figure 1: Advantages of Precast Construction 

In recent years prefabricated building systems have been widely encouraged in residential, 
industrial, high-rise buildings, sports, and office and public works buildings. The precast system 
has several advantages (Figure1): twice faster than monolithic construction, less labour 
intensive than conventional construction, less consumption of raw materials, eco-friendly, 
better design, reasonable quality control, no plastering is needed, and mass production with the 
same mould [1 - 3]. The precast system helps to construct rescue buildings or hospitals after 
extreme events like earthquakes, floods or pandemic situations within a short time. In most 
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seismic region, framed buildings with shear wall are mainly used due to their lateral strength, 
stiffness and energy dissipation as shown in Figure 2 [4 -7]. In high-rise buildings, shear walls 
primarily act as a flexural member to resist seismic forces in the in-plane direction and transfer 
them to the foundation. 
 
 
 
 
 
 
 
 

 

 

Figure 2: Lateral Load Deformation Characteristics of Shear Wall Building 

 

Precast shear walls are enormous in size, heavy in weight, and difficult to transport to the site 
from the casting yard. This issue might be solved by dividing wall panel into smaller segments. 
These smaller segments are assembled on-site by adopting suitable connection methods. An 
important aspect that governs the performance of the shear wall is the type of connection 
between panels. The seismic behaviour of the precast wall system mainly depends on the 
strength, stiffness, and deformation capacity of the connections. In the past earthquake, poor 
performance has been attributed to improper design of members and poorly built connections 
[8]. In 2012 Emilia Earthquake resulted in a failure of precast wall panel of industrial structures 
due to inadequate connection and incompatible panel-to-structure interaction that leads to 
lateral forces in connecting links which are not considered in design [9]. High economic losses 
occurred aftermath of the L'Aquila earthquake, where inefficient anchorage between the precast 
elements failed precast walls [10,11]. Several earthquakes such as the 2008 Wenchuan 
earthquake of China [12], 1999 Kocaeli earthquake of Turkey [13], 1988 Spitak earthquake of 
Armenia [14], 1994 Northridge earthquake of United States [15], 1979 Montenegro earthquake 
of Yugoslavia [16], 1976 Tangshan earthquake of China [17], 1976 Friuli earthquake of Italy 
[18], and 1977 Vrancea earthquake of Balcans [19] are showed that failures and damages in the 
precast buildings. The collapse mainly lies in the failure of connection and inadequate ductility 
of the precast system, leading to premature crushing of the system's concrete and inferior 
deformation capacity. Thus, the construction of the precast system and its connection  is still 
not discussed by the engineers. However, there is a history of precast panels satisfactorily 
behaviour, such as during the 7.2 magnitudes of the Kobe earthquake in Japan, in which most 
of the precast structures behaved well [20]. Prefabricated panels showed good performance 
during the 1977 Romania earthquake, 1979 Montenegro earthquake, 1988 Armenia earthquake, 
and the 1999 Turkey earthquake [21]. Connections are classified into two; wet and dry based 
on casting. Shear key connections may be used as wet or dry connections. The advantage of 
this shear key connection is interlocking which transfers the shear force between the panels. 
Previous studies observed that keyed surfaces have more shear strength than the plain surface 
connection. Shear key connections bond the male wall panels with female wall panels. It may 
be used as both vertical and horizontal connections in precast wall segments and segmental 
bridge construction. This paper reports on review of types and shapes of shear key connections 
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and their behaviour and various experimental setup used for testing prefabricated shear walls 
with shear key connection. 

2 SHEAR KEY CONNECTIONS 

Shear keys are the shear resisting parts in-built with the precast system to maintain integrity of 
the structural system (National Precast Concrete Association [22]). Generally, these 
connections transfer the force through shear, without any bending moment. Shear keys are 
primarily employed to stabilise the system against lateral loads such as earthquakes, wind loads, 
etc. Shear key connections are generally classified into two based on method of casting. 1. Dry 
shear key connection (Steel shear key, castellated shear key, welded or bolted connection 
Sullivan [23]), 2. Emulative type (wet shear key connection using wet concrete or grouted 
connection)  

 

 

 

 

 

 

 

 

Figure 3: Wet and Dry Connection 

 

The main functions of shear keys are  

1. Properly gripping or bonding the panels 
2. Holding in proper position 
3. Making the entire section effective 
4. Improving the shear resistance of connection 
5. Resist shear failure and avoid sliding effect 

This paper discusses the performance of wet and dry shear key surfaces, force transferring 
mechanism, shear bond strength, type of configuration and size of shear key. 

2.1 Performance of shear key surface 

Rizkalla et al. [24] demonstrated the performance of multiple shear key horizontal connections 
for shear wall in post-tensioned elevator. Connections were tested under various limit states 
such as before cracking, maximum load, and ultimate strength corresponding to a large slip. 
The cracking load corresponds to the initiation of diagonal crack; and the maximum load at the 
peak during the test; Ultimate shear resistance corresponds to a slip of 5 mm at connection as 

a) Female to female panel – wet connection b) Flat – wet connection 

c) Male to female panel – dry connection d) Dapped – dry connection 
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shown in Figure 4. The behaviour mainly depends on friction resistance at the dry pack and 
panel interface in plain surface connection.  
 
 
 
 
 
 
 

 

Figure 4: Load – Slip Behavior of Multiple Shear Key Connection 

 

2.1.1 Configuration of shear key 

Plain surface, small and large keyed surfaces as shown in Figure 5 are considered for this study. 
Both small and large size keys show virtually identical cracking behaviour. The observed 
differences in ultimate shear resistance of large and small shear key surface are very less for 
same normal load. Observed difference is only 4% for normal compression of 2 MPa and 1% 
for normal compression of 4 MPa as given in table 1. The presence of shear key surface 
evidently increases the shear resistance of the connection due to mechanical interlocking in the 
connection surface when compared with plain surface connection. Increase in ultimate shear 
resistance is observed by 23% and 36% for small and large shear key surface respectively at 
constant normal load. Different configurations showed insignificant effect on load deformation 
behaviour for constant normal load. 

 
 
 
 
 
 
 
 

Figure 5: Connection Configuration 
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Configuration Specimen 
code 

 Applied 
compression 

in MPa 

Ultimate shear 
resistance in kN 

Plain surface 1NK4  4 507 

Small  key 2SK2  2 419 

1SK4  4 622 

Large key 1LK2  2 418 

2LK4  4 688 

Table 1: Ultimate Shear Resistance of Different Connections 

2.1.2 Load normal to the connection surface 

When the load normal to the connection increases from 2 to 4 MPa, the shear strength also 
increases due to the confinement by the normal load is attributed this increment in shear 
strength.When the normal compressive load is increased by 2 times then the ultimate shear 
resistance is increased by 50 and 80 percent for large and small shear key surface respectively 
The shear resistance of the connection is directly proportional to the applied normal load, and 
the simple shear friction theory is not sufficient to describe the full performance of the 
connection. The shear capacity of the connection depends on shear frictional resistance Vf and 
resistance due to bearing Vb, along with the connection. 

Vcr = Vf + Vb                          (1) 
Vcr = µ σn (Ac-n tan ϴ) +  √𝑓  𝑓   𝜎  𝐴                (2) 
Vu = 0.2𝑓𝑔 Ack + 0.5 σn Ac                     (3) 

The proposed equations (2) and (3) are only applicable when the load combination causes the 
net compression along the horizontal connection length [24]. Where, µ - Friction coefficient, 
σn – Load normal to the connection surface, Ac – cross-section area normal to σn, fg – 
Compressive strength, ft -  Tensile strength of concrete, Ack – Area of concrete shear key, ϴ - 
the inclination of the shear key to the horizontal, n -  number of the shear key. Equation (3) 
shows the influencing parameter for the ultimate shear resistance of the connection. 

2.2 Force transferring mechanism and bond strength 

Zhang et al. [25] conducted double lapped push shear test on 15 specimens and studied the bond 
shear capacity of shear key interface, combined behaviour of the shear key and wet bond 
interface, and pure bond interface. The parameters studied were; shear bond strength, slip, and 
shear stress. Pultruded U-shaped Glass Fibre Reinforced Polymer is used as a shear key by 
cutting into the appropriate size as shown in Figure 6.  
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Figure 6: FRP Shear Key Details 

 

The Shear Bond strength 𝜏 𝐹/𝐴                   (4) 
𝐴 2 𝐿 𝐵                           (5) 

Where, 
F = ultimate shear capacity of the interface; and A = area of the bond zone. 

 Bfrp = width of the flange plate of the I-shaped FRP profile; and L= length of the bonding zone 
by Static Equilibrium condition, Shear Bond stress (τ) can be calculated by the following 
expression, 
 𝐸  𝐴  𝑑𝜀  2 𝑏  𝜏 𝑑𝑥                       (6) 

Where, Af = cross-section area of the I-shaped profile; Ef = Elastic modulus of the FRP profile; 
dεf = differential of the FRP Strain; dx = differential of the distance from the loading point; and 
bf = width of the FRP plate on the flange of the FRP profile.  

The slip is calculated based on the Bond slip theory by finding the difference between 
deformation in concrete and deformation in the GFRP profile. 

S = δFRP − δconcrete                        (7) 

Where, δFRP = compressive deflection in the FRP profile and δconcrete = compressive deflection 
in the concrete. The shear bond strength is influenced by several parameters such as bond 
length, concrete strength, and FRP Plate's stiffness. To reduce the flexural moment effect on 
the interface, the horizontal distance between support should be reduced and minimize the 
loading point. Fixed support is recommended for future research instead of hinged. The 
combined Shear Key - Wet Bond (SK - WB) interface had higher shear bond strength and 
maximum slip than the Pure SK and Pure WB interfaces. The Pure SK interface had higher 
shear bond strength and max slip than the pure wet bond interface similarly; the Double SK 
interface had higher Shear bond strength and max slip than the Single SK interface. More stress 
concentration is observed on the Pure SK interface than the other interfaces. Finally, the author 
recommended the combined double SK - Wet Bond interface for the FRP concrete hybrid 
structures. The ultimate shear load of single SK - WB is 3 times the no shear key and 2/3 of 
double SK WB. Double SK - WB is 4 times of no shear key as shown in figure 7. 
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Figure 7: Average Shear Load for Cracking and Ultimate 

 

2.3 Configuration and size of shear key 

Ibrahim et al. [26] tested dry shear key joints, reported that this connection behaviour mainly 
depends on the friction due to shear. AASTHO [27], MAST [28], PCI Handbook [29] 
recommend the value of friction coefficient; it primarily depends on smoothness, type of 
material, and concrete placement.  
 
 
 
 
 
 
 
 
 
 
 
 
 

 

Figure 8: Various Configurations of Shear Key 

 
Six different shapes of shear keys, such as trapezoidal (30, 45, 60 degrees), semi-circular, 
triangular and rectangular shapes studied as shown in Figure 8. A push-off test was conducted 
on the specimen, a hydraulic jack was used to apply the load, and LVDT was used to measure 
the slip at the interface. From the figure 9 the individual variation in trapezoidal shear key is 
less when compared with other configurations. All specimens with 30, 45, and 60 degrees 
exhibited same behaviour, and there is no significant difference in shear load-slip response that 
only influenced the failure mode.  
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Figure 9: Ultimate Shear Capacity for Various Configurations of Shear Key 

 

Triangular shear key experienced upward slipping during testing, which is due to the rotation 
of the upper panel to avoid the horizontal movement. Semi-circular shear key exhibited higher 
ultimate shear capacity due to even distribution of shear load at the joint interface. Ultimate 
shear capacity of semi-circular key is 36%, 16%, and 28% more than the triangular, composite 
rectangular and trapezoidal shear key respectively.  The failure mode such as shear-slip failure, 
shear splitting failure, and diagonal cracking failure mainly depends on the shapes of the shear 
key. Finally, the study suggested trapezoidal shear key (with 30, 45 degrees) to achieve better 
failure mode because only trapezoidal key exhibited similar behaviour during testing; even the 
ultimate shear capacity is less than the semi-circular key.  

3 VARIOUS LOADING CONDITIONS TO EVALUATE SHEAR BOND 
BEHAVIOUR OF SHEAR KEY CONNECTION IN PRECAST SHEAR WALL 

3.1 Direct shear method 

Horizontally connected wall panels aligned vertically for ease application of load as shown in 
figure 10. Two different compressive stresses of 2 and 4 MPa were applied normal to the 
connection; this compressive load resembles the dead load from the panel and post-tensioning. 
This normal compressive stress was kept constant throughout the test. The test specimen was 
loaded with Universal Testing Machine (UTM) and monotonically increasing shear load was 
applied along the centre line of the shear key connection. Post-tensioning is applied on each 
panel to avoid premature cracking, as shown in Figure 10. The average strain in the concrete 
panel and dry pack connection is measured for each load increment; in this test load increment 
of 100 kN was used. The load corresponds to the initiation of crack, Vcr, peak load (maximum 
load), Vm and ultimate shear resistance, Vu (the load corresponding to 5mm slip at the 
connection) were measured [24]. 
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Figure 10: Loading Setup - Direct Shear Method 

 

3.2 Double lap-shear test 

Feng et al. [30] proposed double lap shear test to study the relationship between bond shear 
strength, shear bond capacity and shear load slip. The schematic loading set-up is as shown in 
Figure 11. Symmetrical loading was applied. Eccentricity effect is encountered as a result of 
complexity involved in centering of the specimen. Hence, special consideration is needed while 
centering the specimen. A displacement meter was used to measure the displacements and a 
data acquisition system is used to measure the load. The compressive load is applied to the 
specimen through UTM.  Preload of 1.0kN was applied before starting the test to check the 
displacement and all other equipment reading. Steel plate was used to distribute the load 
throughout the FRP cross-section. Hinge support was used in the loading set-up. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 11: Loading Setup – Double Lap Shear Test 
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3.3 Push-off test 

The loading set-up is as shown in Figure 12; the lateral loading was applied through a hydraulic 
jack. The displacement at the male and female wall panel interface was measured using LVDT. 
This load cell and LVDT were connected to the data acquisition for recording the test results. 
The roller set-up on the top of the wall is to avoid the upward movement of the panel during 
the testing and 1MPa is applied on the top of the roller as confining pressure. Incremental 
horizontal load is applied and displacement value for every 1kN is recorded up to interface 
failure. In push-off test method (b) [31], the connection is aligned vertically and load was 
applied vertically with a help of actuator mounted on the loading frame, as shown in Figure 13. 

 
 
 
 
 
 
 
 
 
 

 

 

Figure 12: Loading Setup – Push – off Test (a) 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 13: Loading Setup – Push – off Test (b) 
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4 CONCLUSIONS                                                  

This paper summarizes the performance of wet and dry shear key connections in prefabricated 
wall panels and various loading set-up to estimate the shear resistance of prefabricated shear 
walls. 

1. The shear resistance of connection with the shear key surface is greater than the plain 
surface connection. In keyed surfaces, the shear resistance is improved by mechanical 
interlocking. Increase in ultimate shear resistance is observed to be 23% and 36% for 
small and large shear key surface respectively than the plain surface connection at 
constant normal load 

2. The load vs. slip response of connection in small and large size shear key seems to be 
same for a constant normal load. The variation in the ultimate shear resistance is only 
4% for normal compression of 2 MPa and 1% for normal compression of 4MPa. 

3. When increasing the normal compressive load, the connection's shear resistance 
increases due to confinement effect. When the normal compressive load increases by 
twice (from 2 MPa to 4 MPa) then the ultimate shear resistance increases by 50 and 80 
percent for large and small shear key surface respectively. Simple shear friction theory 
is not good enough to estimate the shear strength. More experimental and numerical 
study needs to be made available for better idea. 

4. Ultimate shear strength of the semi circular shear key is more and it is 36%, 16%, and 
28% greater than the triangular, composite rectangular and trapezoidal shear key 
respectively. 

5. Trapezoidal shear key of 30, 45 degrees slope show improved failure mode, even the 
ultimate shear capacity is less than the semi-circular shear key.  Only walls with 
trapezoidal shear key exihibit similar response, so it is practically feasible. Triangular 
and rectangular shear keys do not perform well. 

6. Failure mode of the wall system mainly depends on the type of connections used. Some 
specific guidelines regarding calculating the capacity of the shear key connection is 
needed. In this aspect, more experimental and numerical study is needed to draft the 
provisions by varying the configuration, size, numbers, materials and spacing of the 
shear key connection and normal compressive load. 

7. Various loading experimental set-up to study the bond shear behavior of the shear key 
connection in the prefabricated shear wall such as direct shear method, double lap shear 
test, and push–off test method have been discussed. 
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ABSTRACT 

Existing anchorages in concrete structures may need strengthening due to an increase in the 
applied load during its lifetime. In certain cases, due to limited dimensions of the structural 
member, the size of anchorages is also limited, and the standard design may not be enough to 
provide required load-carrying capacity. In such cases, a method to strengthen the anchorage 
may be needed. In the present work, it is attempted to develop a method for strengthening of 
anchorages against concrete edge failure under shear loads by using post-installed reinforcing 
bars.  

Shear tests were performed on bonded anchors (single and group) close to an edge without and 
with post-installed reinforcing bars. The main objective of the research was to investigate the 
influence of the post-installed reinforcement on the load bearing and load-displacement 
behaviour of the anchorages in case of concrete edge failure. Furthermore, the effect of the 
arrangement of rebars on the possible load increasing was also studied. The test parameters 
including anchor size, embedment depth, edge distance etc. were chosen in a way that in case 
of reference tests, concrete edge failure occurred. The reinforcement (ribbed steel) was installed 
in various positions. 

The test results show clearly that post-installed reinforcement can strongly enhance not only 
the load-carrying capacity but also the displacement behaviour of the anchorages. Furthermore, 
it is shown that not only the amount of reinforcement, but also its position or geometry has a 
strong influence on its effectiveness and thus on the increasing the load-carrying capacity of 
the anchorages. For low amount of reinforcement spaced close to the anchors, reinforcement 
yielding could occur. In case of relatively high amount of reinforcement or in case of large 
distance between the reinforcement and the anchor, strut failure could be observed. 

1  INTRODUCTION 

Anchorage’s systems such as cast-in (headed stud, anchor channel) or post-installed fastenings 
(e.g. metal-expansion-, undercut- or bonded anchor) subjected to shear loading may fail by 
anchor steel failure (with or without level arm), by concrete edge failure or by pry-out failure. 
Especially, anchorages close to an edge loaded towards the edge often failed by concrete edge 
failure, due to the low tensile strength of the concrete. However, in many structural applications 
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it is required to transfer high loads from the structure by relatively small edge distances to the 
concrete foundation, e.g. bridge equipment, supports, skyscrapers with prefabricated facade etc. 
To prevent concrete edge breakout and achieve high resistance even at small edge distances, 
according to the current standards ACI 318 [1] or guideline fib Bulletin 58 [2], anchor or 
supplementary reinforcement in the form of stirrups and edge reinforcement can be used for 
cast-in fasteners. However, the EN 1992-4 [3] also allows the use of existing cast-in 
reinforcement as supplementary reinforcement for post-installed fasteners if the position of the 
cast-in rebars are reasonably well known.  

The function of the anchor reinforcement can be characterized by a strut-and-tie model, given 
in EN 1992-4 [3] and depicted in Figure 1. Once the concrete cracks, the applied shear load 
(yellow arrows) on the anchor is transferred by compression struts (blue arrow) in the concrete, 
while the tensile forces (red arrows) are taken up by the stirrups and edge reinforcement. The 
effectiveness of the anchor reinforcement in case of shear loading is not only dependent from 
the distance between anchor and reinforcement but additionally strongly influenced due to the 
level arm between center of the applied load and center of the reinforcing bars (es in Figure 1). 
According to EN 1992-4 [3], the distance between anchor and anchor reinforcement should be 
equal or less than 0.75∙c1 to ensure that the reinforcement can be activated while the anchors 
are loaded. However, the ACI 318 [1] and fib Bulletin 58 [2] sets the maximum distance 
between anchor and anchor reinforcement at 0.5∙c1 and thus is more conservative. 

 

Figure 1. Strut-and-tie model for anchorages with supplementary reinforcement under shear 
loading acc. to EN 1992-4 (blue-strut; red-tie; yellow-loading) 

  

The positive influence of the anchor reinforcement on the load-bearing capacity of fastenings 
under shear loading perpendicular to the edge have been shown by various researchers in the 
past [4–16]. In particular, Randl and Kunz [4] investigated the influence of cast-in 
reinforcement on the shear loading behaviour of post-installed (metal expansion and bonded 
anchor) fastenings. They found significantly higher resistance in case of bonded anchors again 
concrete edge breakout failure with cast-in reinforcement, while in case of metal expansion 
anchor the increase in the shear capacity was marginal. Schmid [5] developed analytical model 
for predictions of the mean failure load for anchorages with supplementary reinforcement 
subjected to shear loading perpendicular to the edge. The model considers the capacity of the 
reinforcement through a contribution of the hook as well as contribution of the bond. Kuhlmann 
et al. [6] studied the behaviour of anchor groups consisting of headed studs installed in narrow 
concrete member (beam) with supplementary reinforcement under shear loading perpendicular 
to the edge. Based on the performed experiments, a so-called component model was developed, 
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which separately describes the different possible failure modes of the anchorage (concrete, 
reinforcement). The load-bearing behaviour of the anchorage is derived by adding the 
individual components. Sharma et al. [7–16] investigated the load-bearing behavior of headed 
stud anchorages with supplementary reinforcement in detail. A comprehensive research 
campaign on headed studs welded on steel plate (group) with supplementary reinforcement 
under tension loading as well as under shear loading towards the edge were performed [7–10]. 
On the basis of the results a new model for predict the load-carrying capacities of anchorages 
with supplementary reinforcement was developed [11–16]. Furthermore, the beneficial 
influence of supplementary reinforcement on the behavior and resistance of cast-in anchorages 
has been demonstrated by [17–19]. 

However, in all previous works listed before [4–16], only the influence of cast-in supplementary 
reinforcement were investigated. Nevertheless, due to recent advancements in adhesive product 
developments and design methods for post-installed reinforcement it is possible now to use in 
many applications post-installed reinforcing bars instead of cast-in-place reinforcement. The 
use of post-installed rebars has several benefits and allows more flexibility on the construction 
side. However, the studies focusing on the behavior of post-installed anchors strengthened 
using post-installed anchor reinforcement (pi-sr) are absent. The possible use and effectiveness 
of post-installed supplementary reinforcement for bonded anchorages subjected to tension 
loading have been shown by Vita et al. in [20, 21]. Further in [22], Vita et al. reported some 
results on single post-installed bonded anchors loaded in shear perpendicular to the edge 
reinforced with post-installed reinforcing bars as supplementary reinforcement. For the bonded 
anchor as well as for the supplementary reinforcement, an epoxy-based mortar with relatively 
high bond strength was used. The results show a significant increase not only in the load-bearing 
capacity but also in the displacement behavior for the anchors with post-installed reinforcement 
compared to the anchor capacity in unreinforced concrete. The load increase is mainly affected 
from the distance between anchor and supplementary reinforcement. The tests reported by Vita 
et al. [22] served as pilot project for this work.  

In this contribution, the authors have attempted to perform enhancing of post-installed 
anchorages (bonded anchorages) with post-installed supplementary reinforcement (pi-sr) 
against concrete edge failure under shear loading. The main objectives were to investigate the 
influence of the amount, number, and arrangement of the post-installed reinforcement on the 
ultimate load capacity, the load-displacement behaviour and the failure mode of the anchorages.  

2 EXPERIMENTAL INVESTIGATIONS 

In this work, shear tests on post-installed bonded anchors (single and groups) close to an edge 
and loaded in shear towards the edge without and with post-installed supplementary 
reinforcement were carried out. The test program, summarized in Table 1, was designed to 
investigate the influence of the amount, number as well as the arrangement of the 
supplementary reinforcement. Therefore, the diameter and the number of the reinforcement bars 
were varied. Furthermore, the reinforcement was placed in different way in case of tests on 
anchor groups. The installation parameters (anchor size, hef, c1, s) were determined in a way 
that in case of unreinforced shear tests (Reference), concrete edge breakout governed the 
failure. The effective embedment depth (hef) and the edge distance (c1) of the anchors were kept 
as hef=c1= 180 mm. The groups were made of 1x2 anchors placed parallel to the edge with a 
spacing smaller than the critical anchor spacing to have group effect (scrit > s=140 mm). 
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In general, the post-installed supplementary reinforcement was installed symmetrically on both 
side of the anchorage with constant concrete cover of c=50 mm. In case of test series with 2 
reinforcing bars, the distance between anchor and anchor reinforcement was a=50 mm. In the 
test series with 4 rebars, the distance of the rebar close to the anchor was a1=50 mm, while the 
outmost rebars had a distance to the anchor of a2=100 mm. The only exception was the test 
Series “S-G+4x10”, where two reinforcing bars between the anchor rods (inside) and two 
reinforcing bars outside of the anchor rods with similar distance of a=50 mm were installed. In 
each test series, three tests were carried out.  

Table 1: Test Program for anchorages with pi-sr under shear loading 

Series Anchor  

Con-
crete 

strength 
(fc,cube) 

Reinforcement 

Remarks 
Dia-
meter 

(ϕ) 

Num-
ber Area 

Distance to 
anchor  

(a) 
[MPa] [mm] [-] [mm2] [mm] 

S-S+0 Single 28.3 - - - - Reference 
S-S+2x8 Single 28.3 8 2 101 50 - 
S-S+4x8 Single 28.3 8 4 202 50/100 In a row 
S-S+2x10 Single 28.3 10 2 157 50  
S-S+2x12 Single 36.1 12 2 226 50 - 
S-S+4x12 Single 36.1 12 4 452 50/100 in a row 
S-G+0 Group 28.3 - - - - Reference 
S-G+4x8 Group 28.3 8 4 201 50/100 in a row 
S-G+4x10 Group 28.3 10 4 314 50/ 2 rebar inside /2 outside 
S-G+4x12 Group 28.3 12 4 452 50/100 in a row 

 

2.1 Test member and anchor installation 

For the performed shear tests normal strength concrete of C20/25 grade was used. The concrete 
slabs were unreinforced and designed in such a way that in each slab four tests could be carried 
out (120/120/50 L/B/H [cm]). The average cubic compressive strength of concrete at the time 
of the tests was for the first batch fcc,150,m = 28.3 MPa and for the second batch 
fcc,150,m = 36.1 MPa. 

For the bonded anchor, as well as for the post-installed reinforcement an injection mortar (FIS 
EM Plus from company fischer) with mean bond strength of approx. 35 MPa was used. This 
mortar was chosen because of its relatively high bond strength and while it is approved for both 
applications, for bonded anchors, as well as for post-installed reinforcing bars. For bonded 
anchor threaded rod with diameter of d=24 mm and a steel grade of 12.9 was used to avoid steel 
failure. For the post-installed reinforcement, normally ribbed reinforcing steel with a 
characteristic yield stress of 500 MPa was used. 

The bonded anchors and post-installed rebars were installed in a single work step acc. to [20, 
21]. Based on the findings in [20] it was shown that this installation procedure would have no 
effect on the effectiveness of the reinforcement if the bonded anchor had already been installed 
or even loaded (design load) prior to the installation of the rebars. This means that this type of 
enhancement could also be used on existing anchors, such as in strengthening applications for 
existing anchorages. 
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Figure 2. Schematic (left) and picture (right) from the installed bonded single anchor with 

post-installed supplementary reinforcement under shear loading (figure not to scale). 
 

The installation of the bonded anchor and the reinforcing bars were carried out according to the 
manufacturer's specifications [23, 24]. After drilling and cleaning the boreholes for the bonded 
anchor and for the rebars, first the bonded anchor was placed and immediately afterwards the 
reinforcement bars were installed. The outflowing mortar after the installation of the bonded 
anchor has been removed so that the surface remained flat. After required curing time, the shear 
test with usual test setup (chapter 2.3) was carried out. The reference tests were performed by 
simply installing and testing after observing the required curing time. Figure 2 shows a 
schematic overview of the installation (left) and a picture of installed anchor with post-installed 
reinforcement. 

2.2 Test setup and test procedure 

The shear tests were carried out in accordance with the ETAG 001, Annex A [25]. Figure 3 
shows the typical test setup used for the shear tests on the group of 1x2 anchor. This included 
a load cell (1), hydraulic cylinder (2), wide support (support distance ≥ 4∙c1) (3), connecting rod 
(4) with hinge in case of group testing, fixture steel plate (5) and displacement transducers 
(9,10). Between fixture plate and concrete surface, a Teflon sheet (7) with 2 mm thickness was 
used to minimize friction. To avoid lifting off of the concrete slab, it was clamped to the strong 
floor (11). The horizontal displacement of the anchor (6) in the direction of the applied load 
was measured with linear variable displacement transducers (LVDT) placed on the opposite 
side of the fixture plate (9). Furthermore, the crack width was also measured on both sides of 
the anchor with two LVDTs (10). The test setup for single anchors was identical. According to 
the expected load, the load ranges of the hydraulic cylinder and the calibrated load cell were 
chosen. The applied load, anchor displacements and the crack width opening were recorded at 
a frequency of 5 Hz by using the commercial data acquisition software DiAdem. The peak loads 
were reached within 1 to 3 minutes.  
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1) Load cell (not on pic.) 

2) Hydraulic cylinder (not 

on pic.) 

3) Support (≥4∙c1) 

4) Tension rod with hinge 

5) Fixture plate  

6) Bonded Anchor M24 

7) Teflon under 5) 

8) Post-inst. suppl. reinf. 

9) LVDT for anchor displ. 

10) LVDT for crack width 

11) Clamp base 

12) Fixture clamp base 

Figure 3. Typical test Setup used for shear test on 1x2 Groups with post-installed 
supplementary reinforcement 

 

3 TEST RESULTS AND DISCUSSION 

The main results of the shear tests on bonded anchors without and with post-installed suppl. 
reinforcement are summarized in Table 2. As seen in the test results, due to the introduction of 
post-installed supplementary reinforcement, a significant increase in the load carrying capacity 
of the anchorages under shear loading could be achieved. Even with a relatively small amount 
of reinforcement at the Series S-S+2x8 with only two reinforcing bars with diameter of 8 mm 
(101 mm2) was the increase in the load-bearing capacity 36% to compare to the unreinforced 
test series (S-S+0). The highest load increase with 2.14-time compared to the unreinforced 
reference tests was reached in the series S-S+4xd12, where four 12 mm rebars were positioned 
in a row. Not only the load-carrying capacity of the bonded anchor was increased by the 
presence of supplementary reinforcement but also the displacement of the anchor and the crack 
widths were positively influenced, resulting in more ductile behaviour of the anchorages. 
Furthermore, the coefficient of variation for the ultimate load was for all series less than 15%, 
which is accepted as the limit for concrete failure in fastening technology. Depending on the 
effectiveness of the supplementary reinforcement, the failure mode of the anchor changing from 
concrete edge failure (Reference Series), through a yielding of the reinforcement to strut failure. 
In the test series with groups (S-G-Series), similar behaviour as with single anchors can be 
observed: increased load bearing capacity and more ductile behaviour of the anchor.  

Figure 4 shows typical load-displacement curves obtained for the shear tests on single and 
anchor groups with post-installed supplementary reinforcement (different diameter: 2xd8, 
2xd10 and 2xd12) installed symmetrically on both side of the anchorages. To enable a direct 
comparison of the test results, test results obtained in unreinforced tests are also plotted for each 
case in Figure 4. These results show that even a relatively small amount of the anchor 
reinforcement (As,re = 101 mm2 for 2xd8) can significantly enhance the capacity of the 
anchorages loaded under shear towards to the edge.  
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Table 2. Test Results 

Series 

Mean 
ultimate load 

Coeff. of 
variation 

Relative 
increase in 
failure load 

Anchor 
displa-
cement 

Mean 
crack 
width 

Failure mode2) 

Vu,m cv (Vu) Vu,m/Vum,Ref δm (Vu) Δwm (Vu) [-] 
[kN] [%] [-] [mm] [mm] 

S-S+0 86.1 1.7 1.0 6.1 0.19 CE 
S-S+2x8 117.3 4.4 1.36 9.5 0.82 Yield 
S-S+4x8 128.3 2.7 1.47 7.4 0.81 Yield/Strut 
S-S+2x10 135.1 9.8 1.57 7.1 1.18 Yield/Strut 
S-S+2x12 160.91) 0.4 1.87 4.7 0.42 Strut 
S-S+4x12 184.31) 3.2 2.14 4.5 0.41 Strut 
S-G+0 113.3 10.1 1.0 2.9 0.30 CE 
S-G+4x8 150.1 4.8 1.32 4.9 0.59 Strut 
S-G+4x10 199.1 4.1 1.76 6.7 0.94 Strut+Pry-out 
S-G+4x12 160.3 3.7 1.41 5.8 0.46 Strut 
1) Values normalized on the compressive strength of the unreinforced test series with (fcc,Ref./fcc,Test,i)0.5  
2) CE: concrete edge failure, Yield: yielding of the reinforcement, Strut: strut failure, Pry-Out: Pry-out 
failure 

 

In addition to the increase in the peak load, the displacement, and the mean crack width at the 
failure load of the anchorages are also influenced positively, if the amount of reinforcement is 
increased. On the contrary, the initial stiffness of the load-displacement curves is quite similar 
for the series with and without reinforcement. This is understandable to the fact that the anchor 
reinforcement gets first activated, after the concrete cracks. Beyond this load level, the 
reinforcement has not significantly influence on the load-transfer mechanism of the anchorages. 

 

  
Figure 4. Load increase-displacement curves obtained from shear tests on single (left) and 

1x2 anchor groups (right) without and with post-installed supplementary reinforcement 
 

Figure 5 (b-d) shows typical failure patterns of the test series on anchorages with post-installed 
supplementary reinforcement, while Figure 5 (a) depicts common concrete edge failure of the 
test without reinforcement. In case of tests with 2 x 10 rebars, yielding of the reinforcement 
was reached which is confirmed by the fact that multiple cracking was observed on the concrete 
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surface as seen in Figure 5 (b). With higher amount of the anchor reinforcement, in case of the 
tests with 2 x 12 rebars, strut failure governed the failure mode. In case of anchor group with 
4 x 10 rebars installed symmetrically on the anchors, strut failure with secondary pry-out failure 
was observed. 

    
a) S-S+0: CE b) S-S+2x10: Yield c) S-S+4x12: Yield d) S-G+4x10:  

Strut+Pry-out 

Figure 5. Typical failure pictures obtained from shear test with pi-sr 
 

3.1 Influence of the amount of the reinforcement 

The influence of the amount of post-installed anchor reinforcement on the load-bearing capacity 
of bonded anchor against concrete edge breakout can be analysed on the basis of the performed 
test series with different amount of the reinforcement but identical geometry. Figure 6 depicted 
the load increase factor (Vu/Vu,m,Ref.) as a function of the cross-section area of the supplementary 
reinforcement (As,re) separated for single anchor and group anchorages as well as for different 
arrangements of the anchor reinforcement (e.g. 2 or 4 rebars). It can be clearly seen in Figure 6 
that the capacity of the anchorage increased with the increasing amount of the supplementary 
reinforcement. However, this increase was not proportional to the cross-section area of the 
anchor reinforcement, since beyond a certain amount of the reinforcement the failure mode 
would be governed by strut failure.  

In case of a single anchor (Figure 6, left side) strengthened with 2x8, 2x10 and 2x12 rebars led 
to a 1.36, 1.57, and 1.68-times higher load capacity than the corresponding unreinforced load. 
This indicates that the relative increase in the failure load (to the corresponding unreinforced 
mean failure load) is higher for the lower amount of the reinforcement than for the higher 
amount of the reinforcement. It can be explained by the fact that beyond a certain amount of 
the anchor reinforcement, the failure mode shifted from yielding of the reinforcement to the 
strut failure. While yielding of the anchor reinforcement strongly depends on the cross-section 
and of the reinforcement (amount), strut-failure is independent from that and influenced only 
from geometrical indications (c1, a). 

Similar load-bearing behaviour can be observed in case of the group tests. The highest increase 
in the failure load was measured in case of the test series with 4x10 reinforcing bars, installed 
with constant distance (a= 50 mm) to the anchor. This indicates again that the arrangement or 
position of the anchor reinforcement has a significant influence on the load-bearing capacity of 
the anchorages, which will be discussed in the next section. 
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Figure 6. Increase factors as function of the cross-section area of the post-installed 

supplementary reinforcement in case of single (left) and group shear tests (right) 
 

3.2 Influence of the number of the reinforcing bars 

The influence of the number of the reinforcing bar in the theoretical concrete edge breakout 
body for the load-bearing behaviour of single anchor is shown in Figure 7. Either two of four 
rebars were anchored in the concrete edge breakout body with a distance of a=50 mm (first line) 
and with a=100 mm (second line) from the anchor. It can be seen in Figure 7 that doubling the 
number of rebars from 2 to 4 does not result in a significant increase in the load-bearing capacity 
of the anchor. Similar behaviour for anchorages with cast-in supplementary reinforcement was 
reported and explained by Schmid [5].  

 

Figure 7. Load increase factors as function of the number of the reinforcing bars in the 
theoretical concrete edge breakout body 

 

Based on the numerical investigations Schmid [5] confirms that the load transfer in case of 4 
rebars is always mainly taken up by the adjacent reinforcement, while the outer reinforcement 
rows are only activated later. However, in case of anchor group, if the reinforcing bars installed 
between the anchor rods and are crossed orthogonally by the crack (e.g. Test Series S-G+410), 
the rebars can be activated simultaneously. Therefore, according to Schmid, the effectiveness 
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of the reinforcement is strongly dependent on its relatively location from the anchor and is taken 
into account by an effectiveness factor in the model. A similar behaviour could be confirmed 
here. 

3.3 Influence of the arrangement of the reinforcement 

As mentioned before, not only the amount of the anchor reinforcement but also their relative 
arrangement to the anchors has an influence on the load-carrying capacity of the anchorages if 
the failure is governed by strut failure. This influence can clearly be seen by comparing the test 
results of groups in the test Series S-G+4x10 and S-G+4x12 in Figure 4. Even with a smaller 
amount of the reinforcement in case of test Series S-G+4x10 (As,re=314 mm2 instead of 
As,re=452 mm2 ), higher relative increase in the load capacity can be reached, as seen in Figure 
4. Due to the constant distance (a=50 mm) for all four reinforcing bars placed on both sides of 
the anchors, they can be activated simultaneously, which lead to four stable struts with identical 
strengthening factor instead of 2 struts (Serie S-G+4x12). This behaviour was also mentioned 
by Schmid [5]and Sharma et al. [8] in case of cast-in-place supplementary reinforcement. 

4 COMPARISON OF TEST RESULTS WITH EXISTINGS MODELS 

The model given in EN1992-4 [3] for calculation of the resistance of anchorages with 
supplementary reinforcement (cast-in) is on the basis of the strut-and-tie model in Figure 1. In 
particular, the model considers only bond- or yielding of the reinforcement as possible failure 
mode as summarized in Figure 8 on the left. Thus, for relatively small amount of the 
reinforcement these approaches underestimate the failure load of the anchorages while in case 
of high amount of the reinforcement, the model overestimates the possible increase in the peak 
load. Based on new test results [7–10] Sharma et al. developed a new approach [11–15] for the 
calculation of the failure loads of anchorages with supplementary reinforcement, summarized 
in Figure 8 on the right. It has been shown in several papers [11–15] that the model proposed 
by Sharma et al. captures very accurately the load-bearing behaviour of anchors with 
supplementary reinforcement and provides not only the failure loads realistically but also the 
failure modes. 

To compare the test results with existing model approaches, the predicted mean failure loads 
were calculated in accordance with the equations given in Figure 8 with following 
modifications based on the tests:  

• only straight bars, therefore considered no hook resistance 
• bond strength of used epoxy mortar was used instead of the design bond strength for 

cast-in reinforcement 
• reinforcing bars are not enclosed the surface reinforcement 
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Figure 8. Comparison analytical models for supplementary reinforcement according to EN 

1992-4 [3]and Sharma et al. [14] 
 

According to EN 1992-4 to take into account the eccentricity between applied shear force and 
the axis of the reinforcement, the resistance of the reinforcement was calculated as follows: 
VRm=NRm/x , where x is the influence factor and can be calculated as: x=(1+es/z), see in Figure 
1.  

Figure 9 shows the mean failure loads of the different test series (Left: single, right: anchor 
groups) with supplementary reinforcement normalized to the mean failure load of the same tests 
in unreinforced concrete as a function of the cross-section are of the reinforcement. In addition, 
the prediction failure loads in accordance with EN 1992-4 [3] and Sharma et al. [14] (modified) 
are shown as well. On average the obtained mean failure loads of single anchors increase up to 
2, while the failure loads of groups increases by a factor of 1.8. In contrast to the test results, 
EN 1992-4 predicts up to app. 200 mm2 no increase of the failure load, because the calculated 
resistance of the reinforcement is lower than the concrete resistance. However, in case of high 
amount of reinforcement over 400 mm2, EN 1992-4 [3] overestimates the failure loads because 
the model considers no upper limit to the capacity enhancement due to reinforcement. The mean 
failure loads calculated according to the model by Sharma et al. [14] are in good agreement 
with the obtained test results for single anchors as well as for group anchorages. Therefore, it 
seems reasonable to say that the model given by Sharma et al. [14] is also suitable with some 
modification to use for prediction the failure loads for post-installed anchorages strengthen with 
post-installed supplementary reinforcement.  
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Figure 9. Mean failure loads of single (left) and anchor group (right) tests with post-installed 
supplementary reinforcement normalized to mean failure load in unreinforced concrete as a 

function of cross-section area of the reinforcement 
 

5 CONCLUSION 

In the present work, shear tests on anchorages towards to the edge without and with post-
installed anchor reinforcement were reported and evaluated. The main aim was to investigate 
the influence of the post-installed anchor reinforcement on the concrete edge breakout 
resistance, the displacement behaviour of the fasteners. The test program included unconfined 
tension tests on single anchors and on 1x2 anchor groups. Based on the described and detailed 
evaluation of the performed tests, following conclusions can be summarized: 

1) The results and the evaluation of the performed tests show clearly the enhanced load-bearing 
behaviour against concrete edge breakout of the bonded single and anchor groups loaded under 
shear toward to the edge with post-installed supplementary reinforcement compared to the 
unreinforced tests. Due to the presence of the post-installed reinforcement, significantly higher 
displacements and crack widths at the peak load were observed which lead to more ductile 
failure of the anchorages. In particular, the changes in the failure mode from concrete edge 
(quasi-brittle concrete failure) to yielding of the reinforcement (ductile failure) lead to highest 
displacement and greatest crack width in the performed test campaign.  

2) The maximum possible relative increase in the shear load is limited by the strut failure [8]. 
Until this point, the relative increase in the ultimate load is governed by the failure modes of 
either yielding of the reinforcement or pull-out of the reinforcing bars. However, in all 
performed shear tests, no pull-out of the anchor reinforcement was observed which can be 
explained by the fact that post-installed reinforcing bars have higher bond properties as 
conventional cast-in reinforcement and therefore require a significantly reduced bonding 
length. 

3) By evaluating test series with identical amount of the reinforcement, but different 
arrangement of the reinforcing bars, the influence of the relative position of the reinforcement 
to the anchorages (a/c1), have an influence on the load-bearing behavior of anchorages with 
anchor reinforcement.  
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4) The comparison of the test results with existing model approaches (with modifications) has 
shown that the model of Sharma et al. [14] can be suitable for the prediction of the failure loads. 
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ABSTRACT 

Evaluation and design guidelines in Europe (EADs 330087 and 330499) and North America 
(ACI 318-19 Chapter 17, and ACI 318-11 Appendix D) require that bonded anchors and post-
installed rebars (PIRs) for concrete be installed in concrete having a minimum age of 21 days 
at the time of installation. Bonded anchor manufacturers currently publish bond strengths that 
are based on concrete which has achieved its 28 day-compressive strength and has cured for a 
minimum of 21 days. Concrete that is less than 21 days old is considered early age (i.e., green) 
and may influence the performance of bonded anchors and PIRs. Occasionally, waiting a 
minimum of 21 days to install this type of products is not feasible, often due to scheduling and 
jobsite logistics. 

This paper presents a database of confined tension tests on PIRs in young age (< 21 days from 
casting) low strength concrete (C20/25) conducted at CSTB. Test results show a reduction of 
bond strength because of early installation. A total of 100 tests on two PIR products were 
conducted (50 tests/product). 20 more tests were conducted on a cast-in rebar in the same 
concrete batch to investigate the same phenomena on a reference sample. The tests were 
conducted at four different ages of young age concrete (3, 7, 14 and 21 days). These tests 
focused on the impact of two parameters on the evolution of the bond strength: 

1. Influence of installation at different young ages and testing after the cure time tcure specified
by the manufacturer.

2. Influence of installation at different young ages and testing at different cure times (tcure, tcure

+ 3 days, tcure + 7 days and tcure + 14 days).

The results are analyzed and discussed. Conclusions are drawn and recommendations for 
evaluation and design are given. 

1  INTRODUCTION, 

Post-installed rebars (PIRs) are increasingly used in construction due to simplicity of their 
installation and ability to load them after relatively short cure times of the adhesive. Their 
evaluation in Europe (governed by EAD 330087-01-0601 [1]) and in North America (AC308 
[2]) qualifies them for design as cast-in rebars according to EN 1992 [3] and ACI 318 [4] 
respectively. Spieth has investigated the behavior of post-installed bonded rebar connections 
compared to that of cast-in rebars [5]. Recent research has allowed to develop improved bond-
splitting evaluation and design methods according to EAD 332402-00-0601 [6] and EOTA TR 
069 [7] respectively. However, the previously mentioned guides limit the utilization of PIRs to 
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concrete with at least 21 days of age. The properties (e.g., compressive and tensile strength) of 
concrete less than 21 days old develop progressively passing through different states from the 
initial mixing to a stable state. 

Concrete is relatively weak in tension. Its tensile strength is often neglected in some reinforced 
concrete design models. However, when it comes to PIRs and adhesive anchor systems, their 
tensile behavior, is linked to the tensile strength of concrete. The correlation between tensile 
and compressive strength of concrete for mature concrete (more than 21 days old) has allowed 
the direct use of compressive strength as the most used variable for the prediction of the tensile 
resistance of such systems. The concrete tensile strength is often not reported and replaced by 
a proportion of the compressive strength. The tensile strength of concrete has been widely 
characterized by the tensile splitting test [8] and the three (or four) point bending test [9]. 
Barraclough [10] investigated tensile and compressive behavior of early age concrete (from 1 
to 21 days old) and concluded that the tensile strength of concrete increases at a lower rate than 
compressive strength (with curing age of concrete). 

Occasionally, waiting a minimum of 21 days to install PIRs and adhesive anchors is not 
feasible, often due to scheduling and jobsite logistics. ATC [11] and DeWALT [12] have 
investigated the behavior of their PIR systems in young age concrete (from 7 to 21 days of age). 
However, these results correlate between concrete age and bond strength reduction factor 
directly, with recommendation to use actual concrete compressive strength at the time of 
installation for design. 

This research presented in this paper aims to investigate the development of bond strength of 
PIR systems in young age concrete (from 3 to 21 days old). Characterization tests (compressive 
and tensile strength) were conducted in parallel up to 28 days of age. These tests allow direct 
correlation between concrete strength and the bond strength of the PIR system. Additionally, 
cast-in rebars (CIRs) were tested in the same concrete batch to investigate the same 
phenomenon (influence of concrete age and properties) as reference samples on usual rebars. 

A test program was conducted using a local ready-mix concrete company to provide low-
strength concrete (C20/25). Series of confined tension tests were performed at different ages 
(3, 7, 14 and 21 days of age) on a medium size rebar (12 mm). Results were exploited to 
investigate the reduction factor due to concrete age and cure time of the adhesive. 

2 TEST PROGRAM 

The test program included several series of five confined tension tests conducted on 12 mm 
rebars according to EAD 330087-01-0601 [6] (Table 1). The embedment depth was selected to 
ensure pull-out failure. The tested PIR products consisted of a hybrid adhesive (urethane 
methacrylate) and an epoxy-based adhesive, referred to as Adhesive 1 and Adhesive 2 
henceforth. The PIR products were expected to yield higher bond strength than the CIR sample. 
Therefore, different embedment depths were chosen for the PIR and CIR samples. An 
embedment depth of 5 to 6 times the diameter of the rebar was selected for the PIR product, 
whereas the CIR samples were installed with embedment depths from 10 to 12 times the 
diameter of the rebar. 
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Table 1: Test program 

Product 
Installation time 

after casting 
(days) 

Cure time tcure of the 
adhesive at the 

moment of testing 

Concrete age at 
the moment of 

testing 

Number of 
tension tests 

Post-installed 
rebar product 

3 

tcure 3 days + tcure 5 
tcure + 4 days 7 days + tcure 5 

tcure + 11 days 14 days + tcure 5 
tcure + 18 days 21 days + tcure 5 

7 
tcure 7 days + tcure 5 

tcure + 7 days 14 days + tcure 5 
tcure + 14 days 21 days + tcure 5 

14 
tcure 14 days + tcure 5 

tcure + 7 days 21 days + tcure 5 
21 tcure 21 days + tcure 5 

Cast-in rebar - 

3 days 5 
7 days 5 
14 days 5 
21 days 5 

Total 70 
 

The test program was conducted in two concrete batches using two different adhesives. The 
steel rebars consisted of FE500 ribbed steel size 12 mm bars. The same batch of rebars was 
used for all tests. 

The test program included the following characterization tests: 

• Compressive strength on cubes (150 × 150 × 150 mm3) according to EN 12390-3 [13] 
• Tensile splitting strength on cylinders (∅ 160 mm – L 320 mm) according to EN 12390-6 

[14] 

These tests were conducted on concrete ages of 3, 7, 14, 21 and 28 days. 

3 TEST RESULTS AND DISCUSSION 

3.1 Concrete strength 

The concrete consisted of low strength C20/25 concrete with a W/C ratio of 0.71. The used 
cement was Calcia CEM II/B-LL 32.5 R CE CP2 NF (Technocem) provided from Couvrot 
factory in France. A maximum aggregate size of 22.5 mm was used (in compliance with ACI 
355.4 and ASTM C33 for tests on adhesive anchors). 

3 samples were tested for each concrete age. Figure 1 and Figure 2 show the variation of the 
concrete compressive strength (on cubes) and the tensile splitting strength with concrete age. 

The compressive strength increases with concrete age and seems to stabilize at 28 days. 
However, the tensile strength evolves at a different rate from 3 to 14 days, followed by a 
relatively small drop from 14 to 28 days. 
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Figure 1: Cube compressive strength of concrete vs. concrete age 

 

Figure 2: Tensile splitting strength of concrete vs. concrete age 

 

3.2 Bond strength of cast-in rebars in young age concrete 

The aim of these tests is to have a cast-in rebar (CIR) sample as reference for comparison of 
tests on PIRs. The results are presented in Table 2 and Figure 3. A clear increase of bond 
strength of the CIR samples can be observed with concrete age. The bond strength is reduced 
by 45% at 3 days of age, 27% at 14 days of age and 7% at 14 days of age, compared to that at 
21 days of age. 
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Table 2: Test results of CIR samples vs. concrete age 
Batch 1 results 

Test 
Concrete 

age d hef Nu,t τu,t τu,m CoV(τ) Ratio1 
day mm mm kN N/mm² N/mm² 

1 3 12 135 23,03 4,53 

      
2 3 12 135 26,53 5,21 
3 3 12 135 22,49 4,42 
4 3 12 135 26,24 5,16 
5 3 12 135 27,28 5,36 

  4,93 8,72% 55% 
1 7 12 130 23,70 4,84 

      
2 7 12 135 34,45 6,77 
3 7 12 145 44,75 8,19 
4 7 12 145 40,30 7,37 
5 7 12 130 37,86 7,73 

  6,98 18,69% 77% 
1 14 12 138 45,01 8,65 

      
2 14 12 140 50,00 9,47 
3 14 12 139 40,64 7,76 
4 14 12 135 40,50 7,96 
5 14 12 138 42,85 8,24 

  8,41 8,09% 93% 
1 21 12 130 31,33 6,39 

      
2 21 12 130 41,08 8,38 
3 21 12 135 45,23 8,89 
4 21 12 130 49,57 10,11 
5 21 12 120 51,08 11,29 

  9,01 20,52% 100% 
Batch 2 results 

Test 
Concrete 

age d hef Nu,t τu,t τu,m CoV(τ) Ratio 
day mm mm kN N/mm² N/mm² 

1 3 12 145 23.72 4.34 

      
2 3 12 140 24.98 4.73 
3 3 12 130 26.68 5.44 
4 3 12 145 21.11 3.86 
5 3 12 130 23.48 4.79 

  4.63 12.65% 56% 
1 7 12 135 39.24 7.71 

      
2 7 12 130 36.26 7.40 
3 7 12 140 28.87 5.47 
4 7 12 135 36.23 7.12 
5 7 12 140 31.68 6.00 

  6.74 14.22% 85% 
1 14 12 130 30.31 6.18 

      2 14 12 130 28.53 5.82 
3 14 12 130 27.72 5.66 
4 14 12 130 31.75 6.48 

                                                 
1 Ratio = bond strength at the tested age / bond strength at 21 days of age  
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5 14 12 130 32.23 6.58 
  6.14 6.52% 75% 

1 21 12 135 37.10 7.29 

      
2 21 12 140 50.20 9.51 
3 21 12 130 37.36 7.62 
4 21 12 130 41.68 8.50 
5 21 12 135 45.39 8.92 

  8.23 10.84% 100% 

 
Figure 3: Bond strength of CIR samples vs. concrete age 

 

3.3 Bond strength of post-installed rebars in young age concrete 

3.3.1 Installation at young age + tcure 

The aim of the tests presented in this section is to simulate installation on site with direct loading 
after the minimum cure time defined by the manufacturer to evaluate the ultimate pull-out 
strength of the specimen immediately after minimum cure time. The results are presented in 
Table 3 and Figure 4. The PIR product presents an increase of bond strength from 3 to 7 days, 
followed by a decrease from 7 to 14 days and finally an increase from 14 to 21 days. The overall 
bond strength of the product varied within ± 5% of the bond strength at 21 days of age. 

 
Figure 4: Bond strength of PIR samples vs. concrete age (loaded immediately after tcure) 
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Table 3: Test results of PIR vs. concrete age (loaded immediately after tcure) 
Batch 1 – Adhesive 1 

Test 

Concrete 
age at 

installation 

Concrete 
age at 
testing 

d hef Nu,t τu,t τu,m CoV(τ) Ratio 

day day mm mm kN N/mm² N/mm² 
1 3 3 12 60 30.91 13.67 

      
2 3 3 12 62 29.24 12.51 
3 3 3 12 63 27.54 11.60 
4 3 3 12 60 28.69 12.68 
5 3 3 12 61 27.08 11.78 

  12.45 6.63% 95% 
1 7 7 12 62 36.67 15.69 

      
2 7 7 12 63 31.16 13.12 
3 7 7 12 65 30.35 12.39 
4 7 7 12 62 31.14 13.32 
5 7 7 12 63 34.87 14.68 

  13.84 9.58% 105% 
1 14 14 12 60 25.83 11.42 

      
2 14 14 12       
3 14 14 12 61 30.73 13.36 
4 14 14 12 62 30.7 13.13 
5 14 14 12 61 28.94 12.58 

  12.63 6.87% 96% 
1 21 21 12 65 33.23 13.56 

      
2 21 21 12 60 31.86 14.09 
3 21 21 12 63 30.81 12.97 
4 21 21 12 60 28.41 12.56 
5 21 21 12 60 28.63 12.66 

  13.17 4.90% 100% 
Batch 2 – Adhesive 2 

Test 

Concrete 
age at 

installation 

Concrete 
age at 
testing 

d hef Nu,t τu,t τu,m CoV(τ) Ratio 

day day mm mm kN N/mm² N/mm² 
1 3 3 12 63 46.84 19.72 

      
2 3 3 12 62 41.97 17.96 
3 3 3 12 62 39.71 16.99 
4 3 3 12 63 43.76 18.42 
5 3 3 12 64 42.61 17.66 

  18.15 5.63% 102% 
1 7 7 12 63 35.52 14.96 

      
2 7 7 12 62 44.52 19.05 
3 7 7 12 63 40.16 16.91 
4 7 7 12 65 41.91 17.10 
5 7 7 12 62 35.49 15.18 

  16.64 9.98% 94% 
1 14 14 12 61 43.32 18.84 

      2 14 14 12 61 41.93 18.23 
3 14 14 12 62 43.61 18.66 
4 14 14 12 61 37.63 16.36 

252



   
 

5 14 14 12 61 46.2 20.09 
  18.44 7.32% 104% 

1 21 21 12 62 38.02 16.27 

      
2 21 21 12 62 43.48 18.60 
3 21 21 12 60 41.96 18.55 
4 21 21 12 61 43.21 18.79 
5 21 21 12 62 38.32 16.39 

  17.72 7.18% 100% 

3.3.2 Installation at young age + variable tcure 

The aim of the tests presented in this section is to simulate installation on site, at a certain 
concrete age, and loading after tcure immediately, at 7 days, 14 days and 21 days of age. The 
results presented in Table 4 and Figure 5 show the evolution of bond strength of samples 
installed at a certain age, with only the concrete age (or cure time) varying with time. For 
example, 20 PIRs were installed at 3 days of age and were tested as follows: 5 samples after 
tcure, 5 samples at 7 days of age, 5 samples at 14 days of age and 5 samples at 21 days of age. 
The same applies for the curves PIR_7d and PIR_14d. 

Table 4: Test results of PIR samples vs. concrete age (loaded after different tcure) – Adhesive 1 
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day day hour mm mm kN N/mm² N/mm² 
1 3 3 20 12 60 30,91 13,67 

      
2 3 3 20 12 62 29,24 12,51 
3 3 3 20 12 63 27,54 11,60 
4 3 3 20 12 60 28,69 12,68 
5 3 3 20 12 61 27,08 11,78 

  12.45 6.63% 95% 
1 3 7 113 12 65 31,58 12,89 

      
2 3 7 113 12 67 34,76 13,76 
3 3 7 113 12 64 31,28 12,96 
4 3 7 113 12 64 32,26 13,37 
5 3 7 113 12 65 39,04 15,93 

  13.78 9.08% 105% 
1 3 14 288 12 67 36,82 14,58 

      
2 3 14 288 12 66 41,85 16,82 
3 3 14 288 12 65 35,5 14,49 
4 3 14 288 12 66 39,97 16,06 
5 3 14 288 12 66 42,32 17,01 

  15.79 7.62% 120% 
1 3 21 456 12 67 33,85 13,40 

      
2 3 21 456 12 65 36,67 14,96 
3 3 21 456 12 63 25,00 10,53 
4 3 21 456 12 65 35,00 14,28 
5 3 21 456 12 61 39,00 16,96 

  14.03 16.79% 107% 
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1 7 7 17 12 62 36,67 15,69 

      
2 7 7 17 12 63 31,16 13,12 
3 7 7 17 12 65 30,35 12,39 
4 7 7 17 12 62 31,14 13,32 
5 7 7 17 12 63 34,87 14,68 

  13.84 9.58% 105% 
1 7 14 185 12 65 38,26 15,61 

      
2 7 14 185 12 65 36,52 14,90 
3 7 14 185 12 66 38,91 15,64 
4 7 14 185 12 65 39 15,92 
5 7 14 185 12  - -  -  

  15.52 2.78% 118% 
1 7 21 365 12 63 35,94 15,13 

      
2 7 21 365 12 65 36,19 14,77 
3 7 21 365 12 65 40,75 16,63 
4 7 21 365 12 64 41,14 17,05 
5 7 21 365 12 64 26,36 10,93 

  14.90 16.26% 113% 
1 14 14 - 12 60 25.83 11.42 

      
2 14 14 - 12  - - -  
3 14 14 - 12 61 30.73 13.36 
4 14 14 - 12 62 30.7 13.13 
5 14 14 - 12 61 28.94 12.58 

  12.63 6.87% 96% 
1 14 21 192 12 61 26.92 11.71 

     
2 14 21 192 12 61 31.25 13.59 
3 14 21 192 12 60 28.13 12.44 
4 14 21 192 12 62 31.05 13.28 
5 14 21 192 12 63 34.16 14.38 

  13.08 7.93% 99% 

 
Figure 5: Bond strength of PIR samples vs. concrete age (loaded after different tcure) – 

Adhesive 1 
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Table 5: Test results of PIR samples vs. concrete age (loaded after different tcure) – Adhesive 2 
T
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day day hour mm mm kN N/mm² N/mm² 
1 3 3 20 12 63 46.84 19.72 

      
2 3 3 20 12 62 41.97 17.96 
3 3 3 20 12 62 39.71 16.99 
4 3 3 20 12 63 43.76 18.42 
5 3 3 20 12 64 42.61 17.66 

  18.15 5.63% 102% 
1 3 7 113 12 62 43.68 18.69 

      
2 3 7 113 12 62 42.16 18.04 
3 3 7 113 12 62 42.02 17.98 
4 3 7 113 12 63 42.03 17.70 
5 3 7 113 12 62 38.49 16.47 

  17.77 4.59% 100% 
1 3 14 288 12 62 46.6 19.94 

      
2 3 14 288 12 63 42.53 17.91 
3 3 14 288 12 63 43.31 18.24 
4 3 14 288 12 63 46.07 19.40 
5 3 14 288 12 62 28.95 12.39 

  17.57 17.16% 99% 
1 3 21 456 12 62 49.4 21.14 

      
2 3 21 456 12 61 50.2 21.83 
3 3 21 456 12 62 39.35 16.84 
4 3 21 456 12 64 51.54 21.36 
5 3 21 456 12 62 42.83 18.32 

  19.90 11.03% 112% 
1 7 7 17 12 63 35.52 14.96 

      
2 7 7 17 12 62 44.52 19.05 
3 7 7 17 12 63 40.16 16.91 
4 7 7 17 12 65 41.91 17.10 
5 7 7 17 12 62 35.49 15.18 

  16.64 9.98% 94% 
1 7 14 185 12 67 47.42 18.77 

      
2 7 14 185 12 67 44.43 17.59 
3 7 14 185 12 67 49.85 19.74 
4 7 14 185 12 67 43.98 17.41 
5 7 14 185 12 67 30.23 11.97 

  17.10 6.37% 96% 
1 7 21 365 12 67 52.82 20.91 

      
2 7 21 365 12 65 50.19 20.48 
3 7 21 365 12 64 45.21 18.74 
4 7 21 365 12 66 42.26 16.98 
5 7 21 365 12 63 43.11 18.15 

  19.05 8.58% 108% 
1 14 14 20  12 61 43.32 18.84       
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2 14 14 20  12 61 41.93 18.23 
3 14 14 20  12 62 43.61 18.66 
4 14 14 20  12 61 37.63 16.36 
5 14 14 20  12 61 46.2 20.09 

  18.44 7.32% 104% 
1 14 21 192 12 62 40.95 17.52 

   
2 14 21 192 12 62 44.74 19.14 
3 14 21 192 12 63 45.57 19.19 
4 14 21 192 12 61 45.83 19.93 
5 14 21 192 12 61 40.37 17.55 

  18.67 5.77% 105% 

 
Figure 6: Bond strength of PIR samples vs. concrete age (loaded after different tcure) – 

Adhesive 2 
Test results show that loss of bond strength due to young age for samples installed at 3 days 
and at 7 days follows the trend of the tensile splitting strength shown in Figure 2. The drop of 
bond strength could be due to the sudden drop of tensile strength from 14 to 21 days. However, 
the curve corresponding to samples installed at 14 days (PIR_14d) shows small (even 
negligible) evolution of bond strength. This could be linked to the fact that the compressive and 
tensile strength evolution is quasi-stable between 14 and 21 days of age. 

4 CONCLUSIONS 

The bond strength of two post-installed rebar (PIR) products (adhesives) was evaluated in 
young age C20/25 concrete (from 3 to 21 days of age). Tests on cast-in rebars (CIRs) were 
conducted in parallel in the same concrete batch to serve as reference samples and to assess if 
the same phenomena occur for usual cast-in rebars. The following parameters were investigated 
experimentally by a total of 140 confined tension tests: 1) Influence of installation at young age 
and loading after minimum cure time, and 2) Influence of installation at young age and loading 
after variable cure time. The test results led to the following conclusions: 

• The PIR samples experienced less pronounced loss of strength due to young age compared 
to CIR samples. 

• The bond strength of the 2 PIR products (adhesives) tested after minimum cure time at 
different concrete ages (3, 7 and 14 days) remained within ± 10% of the reference bond 
strength at 21 days of age. Therefore, the bond strength of the tested products is much less 
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affected by young age properties of concrete and seems to be within an acceptable variation 
of the expected bond strength at 21 days. 

• The bond strength of the PIR product tested after different cure times at different concrete 
ages was found to be a function of the concrete tensile splitting strength. A decrease of bond 
strength with cure time can be expected due to insufficient maturity of the tensile strength. 

The research presented in this paper focused on the ultimate pull-out capacity of one type of 
PIR product in young age concrete, compared to that of CIR samples. More research is needed 
on other types of adhesives for product differentiation purposes and in a higher concrete class 
(e.g., C50/60). Also, since creep is an important phenomenon that occurs at young age, another 
identified perspective is to address the influence of creep of PIR products in young age concrete 
as a function of young age. 
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ABSTRACT 

The future Eurocode 2 (prEN1992-1) is under preparation and some details are already 
published. It has been a strong wish, that new materials like fibre reinforced concrete or non 
metallic reinforcement are introduced in this design code. The main issue in design of 
embedded FRP reinforcement is the differing modulus of elasticity. In addition, there are some 
material specific properties like the linear elasticity and the different long-term behaviour which 
have to be considered. This all has been done for most design cases. Here the different bond 
and anchoring behaviour is addressed. 

The main failure modes are splitting as well as pull out. 

Especially for dense reinforcement in laps and end anchoring sections which are under higher 
loads a safe limit has been defined to avoid splitting.  

For less dense reinforcement the approach for steel reinforcement has been modified and 
calibrated by a database with more than 120 lap splice tests. It could be shown that the 
ModelCode2020 as well as the prEN1992-1 2020 D7 approach can be adopted till a certain 
bond length. The main difference is that the transition to degressive behaviour is modified to a 
smaller value.     

Another difference in the bond clauses is that the pullout is not treated as a concrete property 
only. While the maximum bond strength the concrete can manage is known and is only weakly 
time dependent, the bond behaviour of fibre reinforced reinforcement is a function of time, 
temperature, stress, geometry and material of the bar surface. 

Here has to be shown that the designed anchorage or lap splice length does not lead to a long 
term failure. The author explains different possibilities to fill this gap with test methods and 
discusses the clauses at different examples. 

1  INTRODUCTION, 

There is a wide range of FRP-materials for the internal reinforcement of concrete. Main 
difference is the material and the way of manufacturing. While in the choice of materials a 
combination of 50-75% of mostly unidirectional high strength fibres with a resin is used, for 
the bond a much greater spectrum of manufacturing concept has found the way into the market. 
Here manufacturers chose concepts like sanding, indentations, geometrical grooves as well as 
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combinations of the different possibilities. Nevertheless, all rebars available on the market show 
a bond strength for the commonly tested bond lengths not far from the one of reinforcing steel. 
For longer lengths the knowledge gets is somewhat reduced. The same issue can be stated for 
the long-term resistance of bond. For this paper a review of the available literature for long 
embedment length as well for long term loading has been performed. 

2 GENERAL BOND CLAUSE 

In the current Eurocode 2 EN1992-1 [1] the general bond clause is defined by the following set 
of equations. It has to be stated that for standardized reinforcing steel with a defined rib 
geometry and a defined projected rib area fR the basic design bond strength is defined mostly 
by the concrete strength.  

                     (1) 

Additional influence in this well-known clause has the size (if greater than 32mm) and the 
quality of the concrete i.e. weak or good bond condition. 

The basic required anchorage length, lb,rqd, for anchoring the force σsd in a straight steel bar is 
defined in the known equation (EC2, 8.3)  as: 

                     (2)  

In the present code so a constant bond stress over the whole bond length is considered. 

(3) 

                (4) 

 

For different applications as end anchoring (lbd) or lap splice (l0) different factors can be applied, 
to take into account the different geometrical and mechanical conditions of bond. The factors 
a1…a6 are fixed in tables with national determined parameters. All factors are taken as 1 for no 
positive effect. That means if no further information is known or considered, the most 
conservative embedment length is calculated. This is different for the lap splice where different 
factors greater than one can be applied for different diameters and percentages of the lap. 

In fib model Code 2010 [2] for the first time a full parametric bond clause has been introduced. 
In fib bulletin 72 [3] the background of these parameters is widely explained and discussed. In 
this project extensive bond tests with concrete steel have been performed all over the world 
using the beam end test, direct tension tests as well as standard pullout tests according RILEM 
RC6 [4].  
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          (5) 

 

To determining anchoring length i.e. development length, tests with less idealized bond 
behaviour like the beam end test, where the test section is not under compression load, are taken 
into account and deliver more accurate predictions than the standard pull out test.  

From this more scientific background a somewhat simplified and adjusted equation has been 
developed for the prEN1991-1  

          (6) 

In the enquiry version the ns has been taken as 1 for bar stress less than 435 MPa. For higher 
values a value of 1,5 is defined. This exponent takes into account, that longer bond lengths are 
less effective than shorter lengths. In earlier drafts of the prEN1991-1 ns was taken as 1,5 for 
the whole range of stress. To simplify this equation for “normal” reinforcement steel and to 
bring some more safety into short embedment lengths a value of 1 has been proposed ns for ssd 
smaller than 435 MPa. This means till the embedment length is proportional to the stress to be 
anchored till a value of 435 MPa. For higher stresses the length increases overproportionate.   

3 FRP REBAR BOND BEHAVIOUR  

For FRP reinforcing bars totally different anchoring concepts with different bond behaviour are 
used. In some guidelines a minimum bond strength is defined. But it can be stated that for the 
different surface preparations different bond slip curves are expected and achieved: [5] 

 

Figure 1: different surface preparations of FRP rebars 
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In the following figure the different failure behaviour of some other rebars is shown in a simple 
pullout test. It could be shown, that the bar which looks most like a conventional steel rebar 
shows a totally different failure behaviour. Instead of a shearing off of the concrete corbels the 
bar ribs are sheared off. For a better stability the rib base of the ribs has been broadened and the 
rib angle is decreased. Indeed, the rib was much more stable in this case. But another 
unfavourable failure mode came now to the fore. Splitting can be handled with confinement 
through bigger concrete cover. But this is not the aim of FRP reinforcement which seems to 
need nearly no concrete cover through its corrosion resistance. In the following rebars have 
been developed, with a bond behaviour not far from concrete steel.    

 

Figure 2: Different geometries with different failure behaviour 

 

As these different surface geometries can cause totally different failure modes, they also cause 
different bond stress/slip laws for these different cases. It must be stated, that these geometries 
are no longer on the market, but different applications have been made which are still under 
service. In addition, new or modified bars are introduced with different surface preparations.   

Another point is he question if the bar is pulled out of the concrete through sustained or dynamic 
loads. What is the load which can be sustained for a lifetime? Can this be tested by a 
smaller/shorter specimen? Do we have a constant load over the whole length of the embedment 
length? Are there sections where the bond is overloaded? Are these overloaded or failed 
sections playing a role for the safety of the embedment length. If not a zipper like failure cannot 
be excluded. This last question can be called “robustness” of bond.    

4 BOND CLAUSE FOR FRP REINFORCEMENT   

There was the strong demand to use a similar approach for FRP reinforcement as for steel 
reinforcement. This was difficult for the old linear bond law with a constant design bond stress 
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fbd over the whole embedment length. As now a parametric nonlinear approach has been chosen 
for steel reinforcement, the parameters have to be adjusted, only. 

4.1 Influence of the single parameters 

In a detailed analysis performed by Caspari at the TU Kaiserslautern for three different GFRP 
materials as well as for B500 concrete steel the influence of concrete strength, concrete cover, 
bond length, confinement and confining pressure have been researched. As test specimens beam 
end as well as standard RILEM pull out specimens with 5 d length had been used [5]. The first 
question which have been researched is the influence of the concrete strength. For these tests 
the maximum bond stress for a 5 diameter length is seen as a criterium. All tested materials 
including the standard steel reinforcement steel show increasing bond strength with increasing 
concrete strength in the range which is described in MC2010 [2] as well as in the prEN1992-1. 
It seems, that the increase is somewhat smaller for higher strength concrete. Possible reasons 
can be the smaller perpendicular modulus as well as the smaller shear resistance of the resin.  

  

 

Figure 3: Influence of the concrete strength on bond strength 

 

A similar test series has been performed with the different materials in a beam end test setup 
researching the influence of the concrete cover. This is depicted in the following figure. It seems 
that the influence of the concrete cover is similar or somewhat greater than for concrete steel. 
In addition, it seems that the old approach from the recent Eurocode 2 on a2 (a2 was not defined 
to be different than 1 in Germany) defines a better description for all materials including 
reinforcing steel than in the current draft of the standard.     

 

Figure 4: Influence of the relative concrete cover c/dm 
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The next series shows the influence of the diameter. This series is performed using three 
different diameters in the smaller range 8-16mm. This smaller range gives a little less 
information as for concrete steel is already used a smaller rib area fr. The surface preparation is 
is also reduced for GFK 1 and 3. For bigger diameter a similar behaviour is expected. The 
reference diameter in model code is 25mm and 20mm for prEN1992-1. Here a planned tests 
series with bars in bigger diameters, which is already planned at this time, can give more 
information.    

 

Figure 5: Influence of the bar diameter on the maximum bond strength 

 

The most interesting influence to determine the embedment length from the issue of design is 
the influence of the bond length. Here the functional interaction between longitudinal stiffness 
and the bond slip law in typical geometrical situations is important. This influence is shown in 
the next figure for steel and the three FRP rebars used in this study. For smaller embedment 
lengths up to 14 times the diameter all curves show a good fit with the equation proposed in 
prEN1992-1.  

 

Figure 6: Influence of the bond length between 5 and 14 ds 

 

Another important conclusion for detailing can be drawn from beam end tests with a different 
degree of confinement. All FRP rebars show better performance with more perpendicular 
reinforcement. This effect is even bigger than for concrete steel. A possible reason for this 
behaviour is the somewhat higher splitting action, which can be converted into confinement or 
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perpendicular pressure through a higher perpendicular reinforcement. Reinforcement steel 
shows here a smaller effect as the splitting action is somewhat smaller. 

 

Figure 7: Influence of the perpendicular reinforcement 

 

The analysis of the different single parameters has shown that most influences are in the same 
range as for concrete steel. We see the same dependencies in the same directions, and it is a 
simple conclusion that the new non-linear parametric approach is “as it is” already better than 
the linear approach of “old” EN 1992-1 [1]. Now the question arises if this is the case also for 
longer embedment lengths and practical members in end anchoring or dense lap splice 
situations.  

4.2 Behaviour in full sized members 

This analysis is not done for the three types of reinforcement researched in the first part of the 
paper which was mostly performed by Caspari, but for all types of reinforcement described in 
available scientific papers and own tests. As end anchoring is less researched and much more 
difficult to test than lap splices, the author has put a focus on lap splices. As the prEN1992-1 
does not distinguish between these cases, all conclusions have been drawn from these tests. 
Therefore, a database of 128 tests from more than 15 papers has been set up.  

In the following diagram (figure 8) all results are depicted with the maximum bar stress against 
the embedment/splice length in the test. With the colour the different papers can be found. 
Generally, a trend the higher the bond length, the higher the transmission of forces can be stated.  
Due to the different products, conditions and concrete strength in the tests the scattering is high.  

In most test series for a certain geometry only one or two additional parameters are varied. So 
often for one length different results are to be seen. This is not only caused by the scattering of 
the tests but also because of the different surface geometries, concrete strength and additional 
conditions like perpendicular reinforcement, bar sizes, reinforcement ratio, slab or beam 
geometry and other influences.   
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Figure 8: Overview on all lap splice tests of the database 

 

The next diagram (figure 9) shows the data grouped into confined and non-confined tests. In 
addition, already a diameter, concrete strength and concrete cover compensation has been 
performed. In this special case the performance has been expressed as strain in the bar. From 
this diagram a strain limit could be defined for unconfined tests.  

Generally, the confined tests show a better behaviour. Higher stains can be withstood without 
or with later spalling of the concrete.   

 

Figure 9: Rated performance on all lap splice tests of the database 

 

In figure 10 all tests are shown together with different approaches. The black line shows the 
linear behaviour between embedment length and transferable load.  It could be shown that even 
more pronounced longer embedment lengths are less effective to increase the transferable load. 
In the last version of prEN1992-1 this linear curve is followed to a stress value of 435 MPa. 
After this point a transition to a nonlinear description (exponent 1,5) is proposed. 
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The green curve describes the approach used in the D4 version of prEN1992-1 for concrete 
steel. Here for lap splices a 1,2 times higher load must be taken into account. Even for the green 
curve many tests are lower than this limit.  

So, a further modification had to be proposed: This is a simple linear equation till a value of 
217 MPa which is the half of the transition value of reinforcement steel. The second part of the 
curve uses the same exponent as reinforcement steel for values greater than 435MPa. So only 
the transition stress value had been changed to form a safe and practical equation for the 
embedment/lap splice length. All other influence exponents described in the universal bond and 
splitting equation had been checked and left unchanged.  

 

       

Figure 10: Performance of lap splices and different approaches 

 

There is still another point to be addressed here: Long-term resistance of bond.  

If splitting does not occur the pullout (long term or short term) is the relevant failure mode. For 
this purpose, long term tests must be performed in wet concrete under sustained load for every 
specific product. A possible test setup is shown in figure 11. Important is that the load is 
constant over the time. This can be achieved here by a sufficiently soft spring setup, a lever arm 
construction or a hydraulic hollow piston. From these tests a long-term bond strength must be 
determined, which is the second condition for the bond. (Pahn and Caspari [5]) have shown that 
the values are different for each FRP rebar. Together with the long-term resistance of the bar a 
robustness of bond must be shown to exclude a zipper like failure mode under sustained loads 
(abZ 1.6-238 [6]) 
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Figure 11: Setup for bond tests under sustained load 

 

All clauses discussed here are valid only, if the bond stress is smaller than the long term bond 
strength.     

5 CONCLUSION 

It could be shown, that the known influences on the bond performance also hold true for FRP 
reinforcement. The performance can be described with the same modern approach as for 
reinforcement steel. Concrete cover influence is not perfectly included and described. Here 
product specific approvals or the old approach from current EN 1992-1 [1] can solve the 
problem. The modifications in prEN1992-1 for FRP in the Annex JA takes into account for the 
smaller modulus by making a transition to a under proportionate approach at a stress of 217 
MPa instead of 435 MPa. The higher spalling effect for FRP rebars is taken into account through 
a strain limit for unconfined splices and anchoring of 0.006. A second check, that the long term 
bond strength is not exceeded, has always to be performed        
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ABSTRACT 

This paper presents an experimental study on the bond strength and bond-slip behavior of ribbed 
Fe-SMA bars embedded in concrete. A total of 19 pullout tests were conducted on 16-mm Fe-
SMA bars embedded in concrete specimens fabricated with different levels of passive 
confinement. The bars had been pre-strained at 4% or 8% and were activated by resistive 
heating 28 days after concrete casting. Different activation temperature conditions were 
studied: 160℃, 300℃, and no heating. A limited number of pullout tests were also conducted 
on conventional steel bars for comparison. Pullout specimens with low confinement failed by 
splitting of concrete, while well-confined specimens presented pullout failures and higher bond 
strengths. Fe-SMA bars activated at 160℃ in well-confined specimens had a bond strength 
15% lower than that of the control steel bars and a very similar bond stress-slip response. The 
bond strength of Fe-SMA bars embedded in low-confined specimens was significantly reduced 
with heat activation. It is concluded that with sufficient passive confinement, the overall bond 
performance of the Fe-SMA bars is adequate and comparable to that of conventional steel bars. 

1  INTRODUCTION 

Reinforcing bars made of a novel iron-based shape memory alloy (Fe-SMA) provide new 
opportunities for the design and rehabilitation of concrete structures. Their shape-memory 
effect and lower cost as compared to other SMAs materials, such as nickel-titanium (Ni-Ti), 
make them suitable for self-prestressing structural applications (Cladera et al. [1]). Several 
research studies have been conducted on the use of this material for prestressing and 
strengthening concrete members, using strips (e.g. Shahverdi et al. [2], Michels et al. [3]) and 
ribbed bars (e.g. Shahverdi et al. [4]). Czaderski et al. [5] and Hong et al. [6]  studied the bond 
behavior of Fe-SMA strips embedded in grooves cut in concrete and filled with mortar, 
representing near-surface mounted (NSM) strengthening applications. Experimental research 
on the bond performance of ribbed Fe-SMA reinforcement was limited to one study on bars 
embedded in grouted grooves representing also NSM strengthening applications (Schranz et al. 
[7]). 

This paper presents an experimental study on the bond performance of ribbed Fe-SMA bars 
embedded in concrete. While their bond behavior in grouted grooves for NSM applications has 
already been studied, there was no specific bond data for prestressed concrete applications and 
strengthening solutions with concrete overlays. The present study comprises pullout tests on 
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specimens with different levels of confinement to investigate the bond strength and bond-slip 
response of these bars for both pullout and splitting failures. The tests also investigate the effects 
of the heat activation on bond. Finally, comparisons are made with the bond performance of  
conventional steel bars and anchorage length requirements are discussed. 

2 DESCRIPTION OF THE EXPERIMENTAL PROGRAM 

The experimental program comprised 19 pullout tests on Fe-SMA bars embedded in a concrete 
with an actual compressive strength of 45 MPa. Five pullout tests on conventional steel bars 
were also conducted for comparison purposes. Two types of specimens were considered:  
unconfined concrete specimens to study splitting bond failures, and concrete specimens 
confined with an external casing to study pullout failures.   

2.1 Fe-SMA bars 

The reinforcing bars were made with a Fe-17Mn-5Si-10Cr-4Ni-1(V,C) (numbers in mass %) 
alloy manufactured by re-fer AG (Michels et al. [8]). The bars have a diameter of 16 mm and a 
rib pattern similar to that of conventional steel bars, as shown in Fig. 1. The relative rib rea of 
the bars (projected rib area normal to bar axis divided by nominal bar surface between 
consecutive ribs) is 0.085. The measured tensile stress-strain response of the Fe-SMA is 
presented in Fig. 2. The bars present a similar stress-strain response as conventional steel, 
except that they do not exhibit a yield plateau. Their average modulus of elasticity is 173 GPa 
and their average yield stress is 396 MPa (determined using the 0.2% offset method).  

Figure 2 also presents the unloading curve and the heat-memory effect on strain recovery. Based 
on the conclusions and recommendations of Michels et al. [8] on the amount of pre-straining 
and heat to activate the bars, the present study considered two pre-strain levels of 4% and 8% 
and an activation temperature of 160℃. Activation was achieved by resistive heating by 
applying to the bar an electrical current with an intensity of 600 A (3 A per mm2 of bar section). 
Heat activation resulted in a strain recovery of 1%, as shown in Fig. 2.  

 

Figure 1: Fe-SMA and conventional steel bars 
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Figure 2: Tensile stress-strain response of Fe-SMA bars 

 

2.2 Test specimens and setup  

Two types of pullout specimens were fabricated, as shown in Fig. 3. The first type were 
conventional cubic specimens recommended by RILEM/CEB/FIP [9], with a bonded length of 
5 bar diameters (ϕ  and a side dimension of 10ϕ. The cubic specimens had no confining steel 
and were intended to study bond in situations with low passive confinement and failures 
governed by splitting. The second type were concrete cylinders confined with an external steel 
casing, with a bonded length of 5ϕ and a diameter of 10ϕ. The steel casing had a thickness of 
6 mm and was intended to avoid splitting failures. The confined specimens were aimed to study 
bond in situations with high passive confinement and failures governed by pullout.    

 

Figure 3: Pullout specimens 
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The preparation of the test specimens comprised the following steps: (1) pre-straining of Fe-
SMA bars, (2) casting of the pullout specimens, (3) heat activation of embedded Fe-SMA bars. 
In addition to the level of confinement, the experimental program studied the effects of the pre-
strain level and activation temperature. Most of the bar samples were pre-strained at 4%, but a 
few specimens were pre-strained at 8% to study if this additional strain had any effects on bond 
conditions. Two different activation temperatures (160℃ and 300℃) and no heat activation 
were considered to investigate possible detrimental effects of reaching high temperatures in a 
bar embedded in concrete.  

Unconfined and confined pullout specimens with conventional steel bars were also prepared 
for comparison purposes. The steel bars were made of U.S. Grade 60 complying with ASTM 
A615. They had a diameter of 16 mm and a relative rib area of 0.096. 

The pullout specimens were tested under monotonic loading using a load frame machine. A 
scheme of the test setup is presented in Fig. 4. During a test, the bar was pulled upward and the 
specimen reacted against a bearing plate attached to the loading frame. The pull force (𝑃  was 
measured with the frame load cell and two displacement transducers were used to measure the 
slip (𝑠  at the unloaded end of the bar. Additional details about the test program and setup are 
provided in Fawaz and Murcia-Delso [10]. 

        

Figure 4: Test setup 

 

3 EXPERIMENTAL RESULTS 

The results of the tests are analyzed in terms of the average bond stress (𝜏) along the bonded 
length of the bar. The average bond stress is obtained by dividing the pull force by the bonded 
surface of the bar as indicated in Equation 1. 
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𝜏
𝑃

5𝜋𝜙
 (1) 

The maximum average bond stress or bond strength (𝜏 ) obtained in the different tests are 
first presented and discussed. The bond-slip response of the bars is then analyzed in terms of 
the relations between the average bond stress and the slip at the unloaded end of the bars.   

3.1 Bond strength 

The bond strengths of the bars embedded in unconfined specimens are presented in Table 1. All 
the unconfined specimens with Fe-SMA bars presented splitting failures, except Specimen 1-1 
(no temperature activation) which failed by bar pullout. The average bond strength of the 
inactivated bars was 18.5 MPa or 2.7 𝑓 . The average bond strength decreased to 14.8 MPa or 

2.2 𝑓  when activating the bars at a temperature of 160℃, and to 7.9 MPa or 1.2 𝑓  for an 
activation temperature of 300℃. This strength reduction could be related to an early formation 
of an internal splitting crack during heating, and its subsequent propagation during load testing. 
Nevertheless, there was no external evidence of damage after the activation process. 

One of the conventional steel bars experienced a pullout failure after reaching 22.3 MPa 
(3.3 𝑓 ). For the other bar, the test was stopped at a bond stress of 24.8 MPa when the 
maximum capacity of the testing machine was reached. As shown, the bond strength of the 
inactivated Fe-SMA was about 20% lower than that of steel bars.  

Table 1: Bond strength of bars in unconfined specimens 

Specimen 
ID 

Bar 
Activation 

temperature 
Pre-strain 

level 
Bond strength  

(MPa) 

Average bond 
strength 
(MPa) 

1-1 
Fe-SMA No activation 4% 

19.1 
18.5 

1-2 17.9 

2-1 

Fe-SMA 160℃ 4% 

14.5 

14.8 2-2 17.2 

2-3 12.7 

3-1 

Fe-SMA 300℃ 4% 

7.3 

7.9 3-2 6.6 

3-3 9.9 

4-1 
Steel - - 

22.3 
- 

4-2 ≥ 24.8 (test stopped) 

 

The bond strengths of the bars embedded in confined specimens are presented in Table 2. All 
the bars exhibited pullout failures and presented higher bond strengths than the unconfined 
specimens. The effect of temperature activation on the bond strength of Fe-SMA bars is 
practically negligible in this case, as shown in Table 2. The bond strength of bars activated at 
160℃ was 22.0 MPa or 3.3 𝑓  , which is about 15% lower than that obtained for the 
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conventional steel bars. Also, the bond strengths of Fe-SMA bars pre-strained at 4% and 8% 
were practically identical.   

Table 2: Bond strength of bars in confined specimens 

Specimen 
ID 

Bar 
Activation 

temperature 
Pre-strain 

level 
Bond strength  

(MPa) 
Average bond 

strength (MPa) 

5-1 

Fe-SMA No activation 4% 

23.0 

22.5 5-2 22.5 

5-3 22.1 

6-1 

Fe-SMA 160℃ 4% 

20.1 

22.0 6-2 23.1 

6-3 22.6 

7-1 

Fe-SMA 300℃ 4% 

21.7 

20.3 7-2 18.9 

7-3 20.2 

8-1 
Fe-SMA 160℃ 8% 

22.9 
23.1 

8-2 23.3 

9-1 

Steel - - 

25.9 

26.7 9-2 25.7 

9-3 28.5 

 

3.2 Bond stress - slip curves 

Figure 5 presents the average bond stress versus unloaded-end slip relations for the unconfined 
specimens. All the Fe-SMA bars except Specimen 1-1 exhibited an abrupt failure after reaching 
the peak bond stress, related to the splitting mode. The increase of the activation temperature 
resulted not only in a reduced strength but also in a decrease of the bond stiffness, as depicted 
from the curves shown in Fig. 5a. The initial stiffness of the inactivated Fe-SMA bars is very 
similar to that of the conventional steel bars, as shown in Fig. 5b. The curves corresponding to 
the bars experiencing pullout (Specimens 1-1 and 4-1) have an overall similar shape, except for 
the bond strength which is lower for Specimen 1-1. 

Figure 6 presents the average bond stress versus unloaded-end slip relations for the confined 
specimens. As shown, all the bars present similar bond stress – slip curves. In all cases, the 
bond stress peaks at a slip of approximately 2 mm and a relatively stable residual bond 
resistance equal to approximately 30% of the bond strength is achieved at slips of between 15 
to 20 mm. Except for the difference in bond strength, the bond stress-slip curves of the Fe-SMA 
bars and steel bars are very similar. 
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(a) effect of activation temperature (b) comparison with steel bars 

Figure 5: Bond stress – slip relations for Fe-SMA bars in unconfined specimens 
 
 
 

  
(a) effect of activation temperature (b) effect of pre-strain level 

 
(c) comparison with steel bars  

Figure 6: Bond stress – slip relations for Fe-SMA bars in confined specimens 
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4 CONCLUSIONS 

This paper has presented an experimental study on the bond strength and bond-slip behavior of 
ribbed Fe-SMA bars. The results of pullout tests conducted on specimens with different levels 
of confinement have shown that these bars have a competent bond performance. The average 
bond strengths of Fe-SMA bars pre-strained at 4% and activated at 160℃ were 2.2 𝑓  and 

3.3√𝑓  for unconfined and confined specimens, respectively. These values are higher than the 
local bond strengths specified by fib Model Code 2010 [11] for conventional steel bars, which 
are 1.25√𝑓  for splitting failures in unconfined conditions and 2.5√𝑓  for pullout failures under 
good bond conditions. 

For confined specimens, the bond strength of the Fe-SMA bars activated at 160℃ was about 
15% lower than that of control specimens with conventional steel bars. This difference can be 
mainly explained by the lower relative rib area and slightly different rib pattern of the Fe-SMA 
reinforcement. For the unconfined specimens, the bond strength of inactivated Fe-SMA bars 
was 20% lower than that of steel bars. The bond strength of Fe-SMA bars in unconfined 
conditions was reduced by an additional 20% and 60% when activating the bars at 160℃ and 
300℃, respectively. This reduction could be attributed to an early formation of internal splitting 
cracks upon heat activation, but this effect deserves further investigation.  

In conclusion, the bond behavior of Fe-SMA bars is in general similar to that of conventional 
steel reinforcing bars. Based on the obtained bond strength and bond-slip responses, it is 
appropriate to calculate bond strength and anchorage length requirements using equations 
developed for conventional steel bars as long as sufficient passive confinement is provided. 
Nevertheless, care should be taken to avoid detrimental effects of overheating due to activation, 
by controlling the temperature and more importantly providing sufficient cover and transverse 
steel in anchorage and transfer regions.  

 

REFERENCES 

[1] Cladera, A., Weber, B., Leinenbach, C., Czaderski, C., Shahverdi, M., Motavalli, M. 
(2014), “Iron-based shape memory alloys for civil engineering structures: An 
overview”, Construction and Building Materials, Vol. 63, pp. 281–293. 

[2] Shahverdi, M., Czaderski, C., Motavalli, M. (2016a), “Iron-based shape memory alloys 
for prestressed near-surface mounted strengthening of reinforced concrete beams”, 
Construction and Building Materials, Vol. 112, pp. 28–38. 

[3] Michels, J., Shahverdi, M., Czaderski, C.(2017), “Flexural strengthening of structural 
concrete with iron-based shape memory alloy strips”, Structural Concrete, Vol. 19(3), pp. 
876–891. 

[4] Shahverdi, M., Czaderski, C., Annen, P., Motavalli, M. (2016b), “Strengthening of RC 
beams by iron-based shape memory alloy bars embedded in a shotcrete 
layer”, Engineering Structures, Vol. 117, pp. 263–273. 

[5] Czaderski, C., Shahverdi, M., Bronnimann, R., Leinenbach, C., Motavalli, M.(2014), 
“Feasibility of iron-based shape memory alloy strips for prestressed strengthening of 
concrete structures”, Construction Building Materials, Vol. 56, pp. 94–105. 

[6] Hong, K., Lee, S. (2018), “Evaluation of Fe-based shape memory alloy (Fe-SMA) as 
strengthening material for reinforced concrete structures”, Applied Sciences, Vol. 8 (5), 
730. 

277



   
 

[7] Schranz B, Shahverdi, M., Vogel, T., Czaderski, C. (2020),“Bond behaviour of ribbed 
near-surface-mounted iron-based shape memory alloy bars with short bond lengths”, 
Materials & Design. Vol. 191, pp. 108647:1-17. 

[8] Michels, J., Shahverdi, M., Czaderski, C., El-Hacha, R. (2018), “Mechanical Performance 
of Fe-SMA Ribbed Bars for Concrete Prestressing”, ACI Materials Journal, Vol. 115(6), 
pp. 877-886. 

[9] Rilem/CEB/FIP (1978),“Bond Test for Reinforcing Steel 2: Pull-out Test. 
Recommendation RC6”, Rilem, Bagneux, France. 

[10] Fawaz and Murcia-Delso (2020), “Bond behavior of iron-based shape memory alloy 
reinforcing bars embedded in concrete,” Materials and Structures, Vol. 53, pp. 114: 1-19. 

[11] fib (2013), “Model code for concrete structures 2010,“ International Federation for 
Structural Concrete (fib), Lausanne. 
 

278



Bond in Concrete 2022 
Bond, Anchorage Detailing 
Stuttgart 25th – 27th July 2022 

Experimental investigation of bond between SAS 
670/800 and EPSTAL steel bars and high-strength 
concrete in pull-out test - report and analysis of results 

Magda Kijania-Kontak*, Andrzej Winnicki1, 
1 Cracow University of Technology, Cracow, Poland 

*Corresponding Author Email: magda.kijania-kontak@pk.edu.pl

ABSTRACT 

The main aim of the paper is to present a detailed analysis of the bond between high-strength 
steel bars SAS 670/800 and high-strength concrete. The steel bars are characterized by an 
increased (relative to normal steel) yield point, which is 670 MPa. The present standard for 
reinforced concrete structures Eurocode EC2 [2] specifies design guidelines only for steel bars 
with the yield stress of not more than 600 MPa.  

The paper presents the results of experimental tests of the bond of SAS 670/800 and EPSTAL 
steel bars with the diameters of 22 mm and 25 mm for concrete C60/75. The tests were carried 
out using the pull-out method recommended by RILEM. Two anchorage sections with a base 
length of 5𝜙𝜙 and a reduced length of 2.5𝜙𝜙 were selected for analysis. The paper presents the 
relation between the size of the diameter, the length of the anchorage section and the way the 
bar is ribbed on the one hand and the value of the bond stress on the other. 

Based on the experimental studies of the properties of concrete and steel and the experimental 
pull-out tests, an analytical study was conducted to determine the stress value of bond using the 
formulae found in the available literature. 

1  INTRODUCTION 

The bond between concrete and reinforcing steel follows from the collaboration of the two. It 
is a mutual transfer of forces between reinforcing bars and concrete. The knowledge of this 
phenomenon enables precise determination of steel and concrete deformation. Hence, it is 
possible to determine the course of deformations and the cracking scenario of a reinforced 
concrete structure. Concrete cooperates with reinforcing steel bars when the deformations of 
both materials are equal (prior to cracking) and the following equation is fulfilled: 

εc = εs (1) 

If cracks appear in concrete, the above condition ceases to be true and both materials start to 
deform differently. The maximum resistance which counteracts displacement of the steel bar in 
concrete is called the bond. In the literature on the subject, this stage is also called the primary 
bond stress, and it occurs until adhesion between concrete and steel finally breaks the bond. In 
addition, there is the phenomenon of the secondary bond stress caused by wedging between 
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concrete and steel [5]. The limit between the primary and secondary bond stress is the beginning 
of the steel bar displacement relative to concrete. In fact, it is very difficult to precisely 
determine this limit or develop an adequate formula to calculate the value of stresses of the 
primary bond stress. 

There are three methods to determine the maximum bond stress. The first one is experimental 
research [1,7,9,10,13]. The second are analytical methods described in various publications on 
the subject [2,3,4,5,12], and the last is the numerical analysis [1,7,9,11].  

The paper presents the results of experimental investigations of the bond between the high-
strength concrete C60/75 and high-strength steel SAS 670/800 with a diameter of 22 mm and 
25 mm. This steel is characterized by an increased yield stress (of 670 MPa) and a specific 
ribbing of the bar, which is spiral. Results of tests using the ordinary steel EPSTAL B500SP 
are also presented for comparative purposes. The paper subsequently shows how the size of the 
diameter, the length of the anchorage section and the type of bar ribbing affect the value of 
bond stress. Finally, the obtained values of bond stress are compared with the guidelines 
included in the Eurocode EC2 [2], ModelCode 2010 [5] and fib bulletin 10 [4]. 

2 BOND PHENOMENON 

The issue of bond has been the subject of numerous studies since the first reinforced structures 
were built. The investigation has been focusing on both the bond phenomenon and the factors 
affecting it. Three most important factors can be distinguished: 

• Adhesion due to intermolecular attraction of two materials; 
• Steel friction against concrete caused by concrete shrinkage when drying; 
• The wedging mechanism caused by the steel ribs. 

The bond phenomenon is characterized by four stages of bond stress distribution depending on 
the bar displacement (Figure 1) e.g.[4]. Stage I - uncracked element, stage II - appearance of 
the first crack and stage III - first concrete crushing. In stage IV the bond breaks: IVa – a plain 
bar, IVb – a ribbed bar without confinement, and IVc – a confined ribbed bar. 

 
Figure 1: Local bond stress-slip law [4] 
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The research published in [8] shows that the scenario of destruction by splitting the concrete 
cover occurs when the bar cover is less than three diameters of the bar – the element without 
confinement, while destruction by the pull-out failure happens when the cover is greater than 
three bar diameters – the confined element. 

3 EXPERIMENTAL RESEARCH 

3.1 Description of experimental study 

The most popular method of bond testing is the "pull-out" method. This method is one of the 
two test methods recommended by [10]. The scheme of the position and the dimensions of the 
test specimens are shown in Figure 2. This study assumes that changes in deformations in steel 
along the length of the bar have a linear distribution (for the anchorage section of three to five 
bar diameters, the distribution of bond stresses is constant). Hence, the bond value may be 
calculated from a simple formula (2). It depends on force F, diameter of the bar 𝜙𝜙 and the length 
of the anchorage section ld. 

d

F
l

τ
πφ

=
              (2) 

The course of the test is as follows. A concrete cube should be placed in a cage. The cage is 
attached to the top of the machine. The lower section of the bar is "caught" by the vices located 
in the lower part of the machine. Two sensors should be attached stiffly to the upper section of 
the bar. The operation of the machine is controlled by a computer. During the test, the upper 
and lower parts of the machine move apart, causing the bar to be pulled out of the concrete 
cube. The force with which the machine pulls the bar is measured. Additionally, the 
displacement of the bar relative to the top surface of the concrete cube is measured by two 
sensors. The result of the bar displacement depending on the pull-out force is recorded by the 
computer. 

 
Figure 2: Diagram of position and dimensions of test specimens [10] 
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3.2 Bond test plan and preparation of specimens 

Specimens in the form of bars 22 mm and 25 mm in diameter, respectively, were prepared for 
the test. The size of concrete samples was 220x220x220 mm and 250x250x250 mm. Two types 
of samples were made with the SAS 670/800 steel bars and one with the EPSTAL B500SP steel 
bars to compare the results. 

In the specimens with the SAS bars, the standard anchor length of 5𝜙𝜙 and the reduced anchorage 
length of 2.5𝜙𝜙 were used. The specimens with the steel EPSTAL also used the anchorage length 
of 2.5𝜙𝜙. In specimens made off a regular ribbed steel bar and the high strength concrete, bars 
with the anchorage section of 5𝜙𝜙 could not be used because the steel would yield before 
breaking the bond between concrete and steel in the test. Therefore, in such specimens, the 
anchorage section must be shorter. 

The appropriate anchorage length was achieved using PVC pipes and a thick double-sided 
adhesive tape from Rollfix. The bar was wrapped with the tape to avoid concrete or cement 
paste getting into the PVC pipe. The use of double-sided tape has also made it possible to 
position the bar centrally in the sleeve. 

 

 
Figure 3: Implementation of the anchorage length and the rib pattern of SAS (upper)  

and EPSTAL (bottom) bars 
 
The correct density of the mixture in the moulds was ensured by using concrete vibrator. The 
top surfaces of all of the specimens were smoothed out. Then the molds were tightly covered 
with foil to avoid evaporation of water from the mixture. The specimens were taken out of the 
molds after 48 hours. The samples for material tests were placed in bathtubs filled with water 
and the specimens for bond test were placed on pallets, keeping the appropriate spacing between 
walls. Then they were tightly covered with geotextile and foil. Wrapping the samples with the 
mat was to ensure stable humidity of the samples. The mats were soaked with water every two 
days for the first 26 days after removing the specimens from the molds (the samples remained 
in the molds for 2 days), which allowed full 28 days of the samples curing. 
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4 PROPERTIES OF MATERIALS USED FOR TEST  

4.1 Steel 

The SAS thread bars produced in German SAH Stahlwerk Annahütte for use as reinforcement 
steel bars for reinforced concrete structures are available in the following four strength classes: 
SAS 450/520, 500/550, 550/620 and 670/800. This paper describes experimental studies using 
SAS 670/800 steel bars.   

For the bond tests, steel bars with the diameter of 22 mm and 25 mm were used. 12 samples 
with the length of 800 mm were prepared for each of the diameters and a static tensile test was 
carried out according to the Method B of the standard [6]. The research was carried out using 
the the Zwick-Roell Z1200 machine in the laboratory at the Faculty of Civil Engineering of 
Cracow University of Technology. 

     
Figure 4: Sample before test (left) and bar immediately after destruction (middle and right)   

 
Table 1 presents the average values of the test results, and Figure 5 shows the stress-elongation 
diagram for the tested bars. Symbol x denotes the mean value, s is the standard deviation and v 
– the coefficient of variation.   

Table 1: Characteristics of SAS 670/800 steel for diameters of φ22 mm and φ25 mm  

Properties of the material 𝜙𝜙22 mm 𝜙𝜙25 mm 
x s ν [%] x s ν [%] 

Young’s modulus Es [GPa] 194 5 2.54 194 5 3.87 
Contractual yield strength fyk [MPa] 725 15 2.11 736 15 1.86 

Tensile strength ftk [MPa] 853 6 0.67 856 6 0.66 
Maximum tensile force [kN] 324 2 0.67 420 2 0.66 

Elongation at maximum force [%] 6.17 0.23 3.65 5.96 0.21 3.58 
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Figure 5: Stress-elongation diagram for tested bars φ22 mm (upper) and φ25 mm (bottom) 

 

4.2 Concrete 

The ready-made concrete mixture was delivered by CEMEX POLSKA to the laboratory. The 
concrete class used for the study was approximately C60/75. The main components of the 
concrete mixture were sand, small basalt grit, water, cement and plasticizers. 

The bond tests were carried out after 56 days. Table 2 presents the average values of material 
properties of concrete tested after 28 and 56 days. 

Table 2: Results of concrete tests  
l.p. The name of the test After 28 days After 56 days 
1 Compressive strength of cylinders [MPa] 74.9 85.0 
2 Young's modulus of cylinders [GPa] 40.9 43.2 
3 Uniaxial tensile strength of cylinders [MPa] 2.9 2.6 
4 Bulk density [kg/m3] 2550 

5 RESULTS OF BOND TESTS 

Figures 6-8 and Table 3 present the results of experimental tests of the bond between the SAS 
670/800 and EPSTAL B500St steel bars and the high strength concrete. The pull-out force was 
recorded and the displacement (slip) of the bar relative to the concrete cube was measured. 
Samples with the diameter of 22 mm and the anchorage length equal to 5𝜙𝜙 were tested without 
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sensors measuring bar movements. The maximum force in these samples was so great that the 
specimens were destroyed violently and in an explosive manner. Leaving the sensors on the 
sample would damage them. The result of the test performed on these samples only shows the 
maximum pull-out force.  

It had been assumed prior to the test that it would be interrupted when the force dropped by 
70% or the machine traverse movement exceeded 25 mm.  

 
Figure 6: Stress-slip graph for specimens with SAS 𝜙𝜙22 bar 

with anchorage length equal to 5𝜙𝜙 
 

Table 3: Maximum value of bond stress for specimens with SAS 𝜙𝜙25 mm bar  
with anchorage length equal to 5𝜙𝜙 

Maximum value of bond stress for subsequent samples  [MPa] 
1 2 3 4 5 

30.09 38.54 38.59 37.28 36.69 
 

 
Figure 7: Stress-slip graph for specimens with SAS 𝜙𝜙22 mm (left) and 𝜙𝜙25 mm (right) bars 

with anchorage length equal to 2.5𝜙𝜙 
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Figure 8: Stress-slip graph for specimens with EPSTAL 𝜙𝜙22 mm (left) and 𝜙𝜙25 mm (right) 

bars with anchorage length equal to 2.5𝜙𝜙 
 
Table 4 summarizes the average values of bond stress for each type of sample. 

Table 4: Average values of bond stress for tested specimens 
Type of sample SAS ld=5𝜙𝜙 SAS ld=2,5𝜙𝜙 EPSTAL ld=2,5𝜙𝜙 

𝜙𝜙22 mm 𝜙𝜙25 mm 𝜙𝜙22 mm 𝜙𝜙25 mm 𝜙𝜙22 mm 𝜙𝜙25 mm 
𝜏𝜏max [MPa] 35.61 36.24 38.28 41.18 43.70 37.09 

 

The following observations could be made on the grounds of the conducted tests: 

• In all of the above graphs, it can be observed that more than half of the samples were 
destroyed by pulling the bar out of the concrete block – that is, as assumed in the test 
method. Two out of ten samples with an EPSTAL bar, none of ten samples with a SAS 
bar with the anchor length of 2.5𝜙𝜙 and eight out of five samples with a SAS bar with 
the anchor length of 5𝜙𝜙 were destroyed by splitting the concrete cube. The cover in 
these specimens was much larger than 3𝜙𝜙, and the RILEM method indicated that in 
those samples destruction should be by the pull-out failure. The authors of the paper 
conclude that this is due to the fact that high strength concretes are much more brittle 
than ordinary concretes. One of five samples with the specimens with SAS bars of 
25mm diameter and anchorage length equal to 5𝜙𝜙 were destroyed by pulling the bar out 
of the concrete cube.   

• At the end of the test, the specimens that had been destroyed by pulling the bar out of 
the concrete cube showed no damage in the form of crushing or cracks appearing on the 
surface. Moreover, no concrete damage was observed around the bar.  

• In Figures 7 and 8 it can be seen that samples with EPSTAL bars 𝜙𝜙22mm are 
characterized by a slightly better bond. The maximum average value of the bond stress 
was equal to 43.7 MPa for EPSTAL bars and 38.23 MPa for SAS bars. But in samples 
with bars 𝜙𝜙25mm the results are opposite. The samples with SAS bars achieved the 
average value of bond stress equal to 41.18 MPa and EPSTAL bars 37.09 MPa. The 
relative rib area for various bar types is 7,5% for SAS bars and 5,6% for EPSTAL bars. 

• It may be seen from Table 4 above that the size of the diameter does not affect the value 
of the bond stress. In one test the 22mm diameter EPSTAL bars achieved a better bond 
value then the 25mm diameter bars but in another test, to the contrary, 25mm diameter 
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SAS bars had higher values of bond stress then the 22mm diameter bars. It may also be 
noted that the differences in the results fluctuated within the range of 5-8 MPa.  

• Analyzing the results presented in the above table, it may also be noted that the shorter 
anchorage length of the bar, the greater the bond stress value. These values are higher 
by about 10-15%.  

Figures 9-10 show several pictures taken during and after the tests.  

    
Figure 9: Sample during test 

 

 
Figure 10: Bars and concrete cubes from samples which were broken by splitting cover 
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6 COMPARISON OF TEST RESULTS WITH STANDARD 
RECOMMENDATIONS 

The bond value can also be determined analytically. The Eurocode EC2 [2] specifies that the 
design value of the limit bond stresses fbd for reinforced steel bars is equal to: 

 bd 1 2 ctdf  = 2,25η η f             (3) 

In this formula, η1 is the coefficient depending on the quality of bond conditions and bar 
position during concreting, η2 – the coefficient depending on the diameter of the bar and fctd is 
the design value of the uniaxial tensile strength of concrete. 

Several changes have been introduced in the new version of the ModelCode 2010 [5]. 
Previously the bond was determined similarly to the Eurocode EC2 [2]. Now, this value 
depends on the compressive strength of the average concrete fcm. The formula for the maximum 
bond stress is as follows: 

b,max cmτ  = 2,5 f             (4) 

In the ModelCode 2010 [5], apart from the maximum value of the bond stress 𝜏𝜏max, a 
theoretical diagram of the relationship between the bond stress and the displacement (slip) 
of the bar is provided. Depending on the failure mechanism, the maximum value of the bond 
stress 𝜏𝜏 is equal to 𝜏𝜏max (pull-out) or 𝜏𝜏u,split (splitting). The parameters for determining the 
theoretical diagram are given in the ModelCode 2010 [5]. 

 

Figure 11: Theoretical diagram of relationship between bond stress  
and slip of bar, ModelCode 2010 [5] 

 
A similar graph but with the different values of the parameters was presented in the fib bulletin 
10 [4]. There the maximum value of the bond stress is given by Equation (5). However, it is 
noted in [4] that this value applies only to high- strength concrete. 

,max 0, 45b cmfτ =
              (5) 

Table 5 summarizes the results of the experimental tests along with the values of the bond stress 
determined on the basis of the formulae found in the current version of the Eurocode EC2 [2], 
ModelCode 2010 [5] standards and fib bulletin 10 [4]. These values were determined by 
substituting the mean tensile and compressive strength values in the pertinent equations. 
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Table 5: Average values of bond stress for tested specimens  
and values of bond stress determined using standard formulae 

Type of samples SAS ld=5𝜙𝜙 SAS ld=2,5𝜙𝜙 EPSTAL ld=2,5𝜙𝜙 
𝜙𝜙22 mm 𝜙𝜙25 mm 𝜙𝜙22 mm 𝜙𝜙25 mm 𝜙𝜙22 mm 𝜙𝜙25 mm 

𝜏𝜏max [MPa] 35.61 36.24 38.28 41.18 43.70 37.09 
𝜏𝜏max [MPa] Eurocode [2] 10.46 
𝜏𝜏max [MPa] ModelCode [5] 22.50 
𝜏𝜏max [MPa] fib bull. 10 [4] 39.50 

 

Analyzing the above results, it is clearly seen that the values of the bond stress determined from 
the experimental tests are much higher than those calculated by standard formulae from 
Eurocode EC2 [2] and ModelCode 2010 [5]. Only the value from fib bulletin 10 [4] gives 
similar value of the bond stress. Analyzing the above recommendations, it can also be noticed 
that they are not dependent in any way on the anchor length or diameter, and, therefore, the 
above table presents only one value for all tested samples.  

 

Figure 12: Comparison of test results of values of bond stress with theoretical diagram [4] - 
for specimens with SAS 𝜙𝜙22 mm bars with anchorage length equal to 5𝜙𝜙 

 
Figure 12 shows a comparison of the results of the experimental tests with the theoretical 
diagram of the relationship between the bond stress and the displacement (slip) of the bar. 
During the analysis of the figure, it can be noticed that the fib bulletin 10 [4] graph reflects the 
results of the experimental research very well. All the characteristic points of the graph s1, s2 
and s3 as well as τmax and τf match very well the results of the experimental tests. 

7 SUMMARY 

The research shows that a considerable number of the samples with anchorage length equal to 
5𝜙𝜙 (according to RILEM [10] guidelines) were destroyed by splitting concrete. In the samples 
that were destroyed by pulling out the bars, no destruction of the concrete specimen was 
observed. 
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The shape of the ribs did not affect the value of the bond stress. The EPSTAL steel bars samples 
demonstrated a better bond behaviour for 22mm diameter bars but in samples with 25mm 
diameter SAS bars had higher values of the bond stress.  

The size of the diameter did not affect the value of the bond stress. At times, the 22mm diameter 
bars displayed a better bond value, whereas at other times a better value was achieved by 25 
mm diameter bars.  

Comparing the values obtained from the experimental tests with the results computed by the 
standard formulae from the Eurocode EC2 [2] and ModelCode 2010 [5] it can be noticed that 
the experimental values are much higher - they are still by far on the safe side, and there is no 
reason for concern in the designing process. 

When analyzing the above results, it should be remembered that the pull-out method does not 
reflect unambiguously the work of a bending element. In the pull-out test concrete is 
compressed and steel is in tension. In bending elements, such as beams or slabs, both steel and 
surrounding concrete are in tension. In addition, in the pull-out test a short section of the 
anchorage of a bar prevents cracks, which leads to higher values of the bond stress. 
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ABSTRACT 

The 15,7 mm diameter strands are most commonly used in prefabrication of pretensioned 
concrete elements. These elements are widely casted on high-strength and high-performance 
concretes in order to allow prestress as early as possible. To investigate the concrete-steel bond 
between high performance concrete (HPC) and 15,7 mm diameter strands research program 
was developed in Cracow University of Technology. To realize the program, a special 
tensioning bed was constructed and the concrete specimens for tests were casted under 
tensioned strands. 

This study develops new methodology for quantifying the bond of the 15,7 mm prestressing 
steel strand in PC members based on the results of the experimental tests. The results made it 
possible to assess qualitative and quantitative influence of Hoyer’s effect on the concrete bond 
to the prestressing seven-wire strand. 

1 INTRODUCTION 

In prestressed concrete members, the bond of prestressing strand differs for different stages of 
prestress. The bond in the transfer zone depends on adhesion, friction, mechanical interlock and 
additionally is contributed by the Hoyer’s effect. A friction at the interface of prestressing strand 
and concrete is generated as the hardened concrete restrains the strand’s transverse expansion. 
Mechanical interlock depends on the strand condition, strand size and concrete quality. The 
Hoyer’s effect varies over time as it is affected by concrete creep and shrinkage, in turn, relate 
to concrete quality. 

There are limited experimental studies that investigated the influence of HPC on the bond 
stress-slip model of prestressing strand and the transmission length [1-4]. The slip distribution 
along embedded strand can be described by second order differential equation considering 
equilibrium and compatibility and assuming linear elastic material behaviour and a bond stress 
that only depends on slip. An analytical solution of this differential equation for the bond 
situation along the transmission length has been derived by Balázs [4] assuming a power 
function for this bond stress-slip relation. The bond stress was considered to be proportional to 
the square root of the concrete compressive strength at release of tensioning force. 

The assumption of an invariable bond-slip relation along the transmission length implies that  
a possible influence of strand transverse deformation on bond stress (Poisson effect) is not taken 
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into account. Den Uijl [5] found on the basis of bond stress-slip results from pull-out and push-
in tests that bond resistance is clearly influenced by the Poisson effect. Using pull-out tests is 
an efficient way to evaluate the strand bond resulted due to adhesion, friction and mechanical 
interlock in case of concrete specimen with untensioned strand. The Hoyer’s effect can also be 
evaluated but the concrete specimen with tensioned strand should be used. The embedment 
length should be longer than one pitch of the strand [5]. 

Several pull-out test setups have been developed. Standard Test for Strand Bond (STSB) 
method is performed by pulling an untensioned strand from a steel casing filled with mortar. 
The bond of prestressing strand can be computed using Eq. (1). 

,
pull

b STSB
emb

F
f

C l
=

⋅
  (1) 

The STSB bond test specimen consist of a 457 mm long, 125 mm diameter and 3 mm thick 
steel pipe and 150×150×6 mm steel plate. The STSB bond test records the pull-out force that 
corresponds to 2,5 mm of free strand end slip. Each STSB bond test consists of six or more 
individual test specimens: the average value from the six specimens becomes the “STSB Bond 
Test Value”. Value corresponding to 0,25 mm strand slip at the free end are also recorded. 
Morcous et al. [6] used the STSB bond test for 18 mm diameter strands in concrete. A Eq. (2) 
for predicting the STSB pull-out test value as function of concrete compressive strength was 
developed. The bond stress of 6,22 MPa was calculated for concrete mix with fly ash and silica 
fume addition (fci = 68,3 MPa). 

0,75(kN) 7,5 (MPa)ciSTSB f= ⋅   (2) 

fci – 1 day concrete compressive strength. 

The current design codes specify equations to calculate transmission length lt. The bond 
strength is derived from Eq. (3) by using the corresponding bond length lemb. 

p p
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  (3) 

ACI 318-19 [7] provide Eq. (4) to calculate transmission length. The computed bond strength 
of 3,02 MPa is adopted to formulation of this equation. 

1
20,7t pe bl f d= ⋅ ⋅    (4) 

EC2 [8] provides Eq. (5) to calculate the transmission length. 

1 2
pi

t
bpt

l
f
σ

α α φ= ⋅ ⋅ ⋅  (average value)  (5) 

The design values of the bond strength are shown in Eq. (6). 

1 1 ,bpt p ctd Rf fη η= ⋅ ⋅   (6) 
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For the plain seven-wire steel strand (α2 = 0,19; ηp1 = 3,2) with good bond condition (η1 = 1,0) 
and that is gradually released (α1 = 1,0), the bond strength in the transmission zone is computed 
as shown in Eq. (7). Design tensile value strength of concrete strength at time of release is given 
by Eq. (8). 

,3, 2b ctd Rf f= ⋅    (7) 

. .0,7 /ctd R ct ctm R cf fα γ= ⋅ ⋅   (8) 

fctm.R – average value of tensile strength at time of release. 

Dang at al. [9] based on their investigation concluded that STSB is a pull-out test that can be 
used to evaluate the bond of tensioned strand. In transfer zone at release the STSB bond strength 
should be increased of 25 %. The bond strength calculated based on the Eq. (7) are 5,45 and 
6,60 MPa for concrete compressive strength fci of 40 and 60 MPa respectively, used in presented 
investigation.  

2 EXPERIMENTAL STUDIES – RANGE OF INVESTIGATION 

In order to define bond stress-slip relations of high performance/high strength concrete (HPC) 
and tensioned plain seven-wire strand the experimental research carried out on pull-out 
specimens cross-section of 160×160 mm, reinforced with axially embedded steel strand. The 
program of this experimental research took into account the following factors having  
a substantial impact on describing these relation: 
− bond embedded length (lemb = 40, 80, 120, 240, 330 and 460 mm), 
− concrete compressive strength at release of tensioning force (fci = 40 MPa, fci = 60 MPa). 

The specimens were made from especially designed cement concrete composition, class 
C80/95. Concrete mix ingredients were: rapid hardening Portland cement 42,5, river sand  
(0÷2) mm, basalt aggregate (2÷8) and 8÷16) mm, silica fume, water and superplasticizer. 

Seven-wire prestressing steel strands class Y1860, with diameter of 15,7 mm, cross-section area 
of 150 mm2, and lay length of 249 mm were used in experimental investigation.  

The test specimens were made in several series. In each series standard samples ϕ150×300 mm 
long and 150×150×150 mm were collected to define concrete compressive strength and tensile 
strength, together with the modulus of elasticity under compression. All the specimens and 
standard samples, once cast, were curing for 24 (fci = 40 MPa) or 72 hours (fci = 60 MPa).  

3 TEST SPECIMENS FABRICATION 

To realise this experimental program, a special tensioning bed was constructed in the laboratory 
of the Institute for Materials and Building Structures, in which there is possible simultaneous 
tensioning of two strands using two tensioning jacks and one pumping engine. The photo of 
experimental stage is presented in Fig. 1.  

The following program of preparing concrete specimens on the bed was assumed: 
− simultaneous tensioning of two 15,7 mm diameter strands to a suitable force to obtain  

a value of about 200 kN before detensioning, with measuring of tensioning force in strands 
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using an HBM load cell located under the wedge anchorage at the active strand end with 
continuous data registration,  

− pouring of the concrete mix into the forms under tensioned strands, 
− concrete curing, 
− gradual prestressing force release using a resistance column and a hydraulic jack at the beam 

with screw anchorages, cutting the strands. 

 

 

Figure 1: Prestressing bed with HPC specimens casted under tensioned strands 
 

Proper bond embedment length in each specimen was achieved by bond breakers – PVC rigid 
tubes imposed on the strands before casting concrete (Fig. 2). 

 

Figure 2: Concrete specimens for tests 
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4 TEST PROCEDURE 

The specimens for test of bond stress-slip relation with axially embedded steel prestressing 
strand were placed in an especially designed steel frame (Fig. 3). A longer, lower strand section 
is chucked in gripping jaws of the testing machine Zwick-Roell Z1200. The force from the 
steering mechanism lifts the frame structure which transfers load on a concrete specimen by 
pressure on the bottom surface. The load was controlled by displacement with the loading rate 
of 0,01 mm/s. The force value was continuously registered, in a digital way. Relative 
displacement for given force was measured by a system of two arms of the incremental 
extensometer. Upper arms registered displacement of the free end steel strand, and lower arms 
registered displacement of aluminium angles glued to the concrete surface, with regard to their 
original location. The final value is relative displacement of two materials. The accuracy of the 
extensometer reading equals 0,12 μm. 

 

 

Figure 3: General view of the concrete specimen during testing 
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5 TESTS RESULTS 

All the specimens with tensioned strand embedment length from 40 to 460 mm were tested. 
Taking into consideration the force value-slip relation registered in electronic system for each 
testing specimen, the force value corresponding to loss of concrete adherence to the prestressing 
strand as well as several force value at the following slip value: 0,01; 0,0254; 0,1; 0,254; 1; 
2,54; 4; 6; 8 and 10 were chosen. 

The bond stress fb of high performance concrete to seven-wire prestressing steel strand of each 
size ϕ was calculated according to Eq. (9). The real circumference C of the strands was 
calculated with the computer method. The obtained values are very similar to those obtained 
from Eq. (10). 

b
emb

Ff
C l

=
⋅

  (9) 

where 4
3

C π φ= ⋅ ⋅   (10) 

The obtained bond stress average values of high performance concrete specimen with cross-
section 160×160 mm to untensioned and tensioned 15,7 mm diameter steel strand, in case of 
concrete compressive strength at release of 60 and 40 MPa are summarized in Table 1 and  
Table 2 respectively. The average maximum bond stress values as well as the maximum strand 
stress to the strand ultimate strength ratio for each embedment length are also listed. Moreover 
the bond stress difference for each embedment length are presented. 

Average values bond stress-slip relations of HPC to tensioned and untensioned 15,7 mm 
diameter steel strand for concrete compressive strength at release of 60 MPa and 40 MPa are 
presented in Fig. 4 and Fig. 5 respectively. The greatest increase of bond stress is visible for 
lemb = 40 mm whereas the least of all for lemb = 460 mm and for lemb = 120 mm in case of the 
specimen of fci = 40 MPa. It should be emphasized that the concrete specimens with untensioned 
strand embedment length of 40 mm were eliminated in previous investigation as unreliable size 
effect. It can be concluded that in case of short specimens, it means with embedment length 
equal to 40, 80 and 120 mm, the increase of pulling force is resulted from compression force 
and no due to the prestressing force. The fpmax/fpk ratio is equal no more than 0,30 (Table 1). In 
case of the specimen with lemb = 240 mm (the lay length 249 mm) analogous ratio are 0,593 and 
0,501 for specimens concrete compressive strength at release of 60 MPa and 40 MPa 
respectively. The effective strand stress in case of the specimen with tensioned strand 
embedment length of 330 mm the above mentioned strand stress ratio is at the level of strand 
stress at transfer of prestressing force (fpi = 0,70÷0,75 fpk). In case of specimens with embedment 
length of 330 mm the greatest increase of the bond stress is recorded at the stage of loss of 
concrete adherence. For slip value of 1 mm, the increase of bond stress in the concrete 
compressive strength specimen of 40 MPa and 60 MPa is 2,32 and 1,92 MPa respectively. 
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Table 1: Average values of bond stress of HPC to tensioned and untensioned 15,7 mm diameter steel strand  

s 
[mm] 

Average values of bond stress of HPC to tensioned and untensioned 15,7 mm diameter steel strand. Specimen cross-section 160 × 160 mm, fci = 60 MPa. 

fb,ave [MPa] Δfb,ave= fb,ave(T) - fb,ave(UT);  [MPa] 

lemb = 40 mm lemb = 80 mm lemb = 120 mm lemb = 240 mm lemb = 330 mm lemb = 460 mm lemb [mm] 

T UT T UT T UT T UT T UT T UT 40 80 120 240 330 460 240 and 
330 

adhesion 11,08 2,12 8,40 2,40 7,84 2,31 6,43 2,46 6,52 2,30 5,69 3,01 8,96 6,00 5,53 3,97 4,22 2,68 4,09 
0,01 11,22 2,21 8,63 2,77 7,95 2,70 6,51 2,57 6,61 2,36 5,75 3,97 9,01 5,86 5,25 3,94 4,25 1,78 4,09 

0,0254 12,17 2,48 9,80 3,07 8,12 2,94 6,76 2,70 6,71 2,51 5,95 4,15 9,69 6,73 5,18 4,06 4,20 1,80 4,13 
0,1 12,63 3,17 10,21 4,02 8,51 3,97 7,09 3,31 6,98 3,17 6,19 4,77 9,46 6,19 4,54 3,78 3,81 1,42 3,79 

0,254 12,99 4,73 1072 5,48 8,96 5,61 7,59 4,55 7,52 4,30 6,55 5,54 8,26 5,24 3,35 3,04 3,22 1,01 3,13 
1 12,72 5,97 11,23 7,44 9,62 7,43 8,55 6,48 8,50 6,18 7,36 6,71 6,75 3,79 2,19 2,07 2,32 0,65 2,19 

2,54 12,60 5,63 11,35 7,48 10,25 7,45 9,30 7,29 9,10 7,03 8,04 7,48 6,97 3,87 2,80 2,01 2,07 0,56 2,04 
4 12,56  11,58  10,69  9,84  9,43  8,27         
6 12,00  11,81  10,87  10,30  9,74  8,44         
8 11,31  11,49  10,76  10,49  9,97  8,55         

10 11,09 3,81 11,06 7,23 10,69 7,91 10,61 8,72 10,13 8,68 8,53 8,19 7,28 3,83 2,78 1,89 1,45 0,34 1,67 
fb ave,max 13,32 6,33 12,32 7,99 11,19 8,14 10,82 8,79 10,23 8,73 8,70 8,24 6,99 4,33 3,05 2,03 1,50 0,46 1,76 
fp,max/fpk 0,122 0,058 0,225 0,146 0,307 0,223 0,593 0,482 0,771 0,658 0,914 0,866        

 
Table 2: Average values of bond stress of HPC to tensioned and untensioned 15,7 mm diameter steel strand. 

s 
[mm] 

Average values of bond stress of HPC to tensioned and untensioned 15,7 mm diameter steel strand. Specimen cross-section 160 × 160 mm, fci = 40 MPa. 

fb,ave [MPa] Δfb,ave= fb,ave(T) - fb,ave(UT);  [MPa] 

lemb = 40 mm lemb = 80 mm lemb = 120 mm lemb = 240 mm lemb = 330 mm lemb = 460 mm lemb [mm] 

T UT T UT T UT T UT T UT T UT 40 80 120 240 330 460 240 and 
330 

adhesion 8,98 1,67 7,55  2,13 6,05 1,80 5,60 1,79 5,56 1,97 5,17 2,91 7,31 5,42 4,25 3,81 3,59 2,26 3,70 
0,01  9,17 1,67 7,74 2,30 6,12 1,83 5,66 1,81 5,59 1,99 5,19 3,65 7,50 5,44 4,29 3,85 3,60 1,54 3,72 

0,0254 9,29 1,82 8,19 2,51 6,33 2,01 5,79 1,91 5,68 2,14 5,24 3,84 7,47 5,68 4,32 3,88 3,54 1,40 3,71 
0,1 9,64 2,20 8,57 3,24 6,73 2,73 6,01 2,40 5,92 2,80 5,48 4,41 7,44 5,33 4,00 3,61 3,12 1,07 3,36 

0,254 10,21 2,75 9,29 4,43 7,50 4,11 6,44 3,54 6,32 3,89 5,88 5,08 7,46 4,86 3,39 2,90 2,43 0,80 2,66 
1 9,77 4,76 9,67 5,91 7,85 5,93 7,19 5,18 7,02 5,10 6,52 6,03 5,01 3,76 1,92 2,01 1,92 0,49 1,96 

2,54 8,64 4,87 9,30 5,82 7,45 5,96 7,62 5,58 7,52 5,48 7,00 6,50 3,77 3,48 1,49 2,04 2,04 0,50 2,04 
4 8,25  9,20  7,16  8,01  7,85  7,31         
6 7,83  9,00  7,04  8,54  8,11  7,54         
8 7,49  8,81  7,11  8,77  8,30  7,68         

10 7,31 3,10 8,59 5,51 6,95 6,14 8,88 5,99 8,53 6,50 7,72 7,03 4,21 3,08 0,81 2,89 2,03 0,69 2,46 
fb ave,max 10,75 5,12 9,87 6,38 8,00 6,39 9,15 6,09 8,98 6,54 7,92 7,09 5,63 3,49 1,61 3,06 2,44 0,83 2,75 
fp,max/fpk 0,098 0,047 0,180 0,116 0,219 0,175 0,501 0,334 0,677 0,493 0,833 0,745        
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Figure 4: Average values bond stress-slip relations of HPC (fci = 60 MPa) to tensioned (T) 
and untensioned (UT) 15,7 mm diameter steel strand  
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Figure 5: Average values bond stress-slip relations of HPC (fci = 40 MPa) to tensioned (T) 
and untensioned (UT) 15,7 mm diameter steel strand  
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6 DISCUSSION OF THE TEST RESULTS 

Each concrete specimen with tensioned strand was very precisely examined before and after 
testing. Free end strand cross-section was cut with accuracy this being so the external wires and 
central wire were kept in one plane. The displacement of the central wire in relation to the 
external wires was measured with digital caliper of 0,01 mm measuring accuracy, before and 
after testing. Based on the obtained results it was found two interface bond failure. The first one 
in that mutual displacement of the external wires and high performance concrete is measured 
with the extensometer in range to slip of 10 mm. The second interface is developed between 
the external wires and the central wire. The value of this displacement depends on the strand 
stress resulted due to pulling force and so the embedment length.  

In case of concrete specimens cross-section of 160×160 mm no cracks were observed on the 
external surface of testing member. The bond failure was explicit with loss of strand load 
capacity. The final slip average value of central wire in relation to the external wires was 5,204 
and 2,215 mm for concrete compressive strength at release 60 MPa and 40 MPa respectively, 
in case of specimen embedment length of 460 mm. It should be noted that these slip values 
were attained at the strand stress of 0,914·fpk and 0,833·fpk (Table 1 and Table 2). 

Table 3: The relative bond stress-slip relationship in relation to the HPC compressive 
strength and the square root of the compressive strength 

s 
[mm] 

15,7 mm diameter tensioned steel strand, lemb = 330 mm, specimen cross-section 160×160 mm 
fb,ave / fcm fb,ave / (fcm)½ 

fcm [MPa] average fcm [MPa] average 
40 60 40+60 40 60 40+60 

adhesion 0,139 0,109 0,124 0,879 0,8417 0,8604 
0,01 0,14 0,11 0,125 0,8838 0,8533 0,8686 

0,0254 0,142 0,112 0,127 0,898 0,8662 0,8821 
0,1 0,148 0,116 0,132 0,936 0,9011 0,9186 

0,254 0,158 0,125 0,142 0,9992 0,9708 0,9850 
1 0,175 0,142 0,159 1,1099 1,0973 1,1036 

2,54 0,188 0,152 0,170 1,1889 1,1748 1,1819 
4 0,196 0,157 0,177 1,2411 1,2174 1,2293 
6 0,203 0,162 0,183 1,2822 1,2574 1,2698 
8 0,207 0,166 0,187 1,3122 1,2871 1,2997 

10 0,213 0,169 0,191 1,3486 1,3078 1,3282 
 

 

Figure 6:  Influence of the HPC compressive strength on the relative bond stress-slip 
relationship, as obtained in tests with lemb = 330 mm tensioned 15,7 mm steel strand  
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Figure 7:  The square root of the HPC compressive strength and the relative bond stress-slip 
relationship, as obtained in tests with lemb = 330 mm tensioned 15,7 mm steel strand 

Taking into consideration the results of the bond stress-slip relationship obtained for specimens 
with embedment length of 330 mm it was examined the dependency of the relative bond stress 
fb/fc and fb/(fc)½. Influence of the HPC compressive strength and the square root of HPC 
compressive strength on the relative bond stress-slip relationship for 15,7 mm diameter 
tensioned steel strand is performed in Table 3, and demonstrated in Fig. 6 and Fig. 7. It can be 
concluded that the bond strength increases proportional to the square root of the compressive 
strength independently of the concrete compressive strength at release of tensioning force. 

Based on the average values listed in the last column of Table 3 it was established the bond 
stress-slip model for tensioned 15,7 mm diameter prestressing steel strand. The analytical 
expression of the bond stress-slip model for tensioned prestressing strand is adopted from 
Model Code for Concrete Structures 2010 [10]. The model was originally developed for 
nonprestressing reinforcement steel. The analytical investigation made by authors (Eq. 11) 
using this model displayed a good agreement with experience results for slip value equal and 
higher than s = 0,25 mm. It is the first approximation of the obtained experimental results. 

Proposed model for bond function: 

(2,54 mm)( )
2,54 mmb b

sf s f
α

⋅
 = ⋅ ⋅ 

   (11) 

where: 
fb(s) – bond stress; s – slip; α – coefficient, α = 0,08; 
fb(2,54 mm) – bond stress at slip value s = 2,54 m; fb(2,54 mm) = 1,182·( fc )½. 

7 CONCLUSIONS 

Based on the obtained results from the experimental investigations as well as from the 
numerical calculation, the following conclusions were drawn with respect to bond behaviour of 
the plain seven-wire tensioned steel strand in high performance concrete: 

− It can be concluded that modification of high performance/high strength concrete bond to 
the plain seven-wire prestressing steel strand model is needed. Strand cannot be taken as 
rigid element. Numerical model of the strand should consist of one central wire and six 
external wires. The performed experimental investigation confirms a very good bond 
strength of the external wires of the tensioned strand to high performance concrete. 
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− The embedment length of the prestressing steel strand in the concrete specimen used to 
evaluation of the bond stress-slip relation, should be longer than lay length of the steel 
strand. It seems the lemb = 330 mm is adequate in pull-out test method for evaluation the real 
bond strength at the strand stress of (0,7÷0,75)·fpk.  

− The experimental investigation demonstrated that the bond strength increases proportional 
to the square root of the compressive strength independently of the concrete compressive 
strength at release ranged from 40 to 60 MPa. Suitable calculation coefficients for 15,7 mm 
diameter tensioned steel strand are listed in the last column in the Table 3. 

− The average bond stress calculated at the time of the strand slip registered for concrete 
specimen fci = 60 MPa and fci = 40 MPa are 6,52 and 5,56 MPa respectively. It means 
increase of the bond strength equal to 4,22 and 3,59 MPa in relation to the specimen with 
untensioned strand (Hoyer’s effect).  

− The average bond stress calculated at the slip of 10 mm (0,76-0,67)·fpk are equal to 10,13 
and 8,53 MPa for fci = 60 MPa and fci = 40 MPa respectively and are considerable higher 
than those calculated under the standard Eq. (7). 

− The bond stress increase in relation to untensioned strand, corresponding to slip ranged from 
1 to 10 mm are almost constant at the level of 2,0 MPa and can be attributed to strand 
transfer deformation (Poisson effect). 

− The average bond strength of tensioned strand of 15,7 mm at slip 10 mm is 24 % greater 
than that for the untensioned. 
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ABSTRACT 

The objective of the present research is to examine the bond between reinforcing steel and self-
compacting concrete using direct pull-out tests. In particular, the top-bar effect is verified on a 
full-scale wall element obtained from a single casting point located at one of the edges of the 
formwork. The dimensions of the full-scale wall element are 2240×1600×160 mm. After 
casting and hardening, the wall element was cut into modular 160-mm cubic samples, each 
containing a 16-mm diameter rebar embedded perpendicularly to the direction of casting. The 
bars were later tested in the pull-out mode. A full-scale element consisted of 32 modular 
samples for bond testing, which were arranged throughout the height and length of the element, 
and the remaining 104 samples for SCC tests in terms of compression and splitting tension. The 
top-bar effect occurred across the entire element, and the bond strength decreased as the depth 
of the concrete layer under the rebar increased. Moreover, a tendency of reduction in bond 
strength was observed with an increasing distance between the rebar and the casting point up 
to the penultimate column. This phenomenon occurred in both the top and bottom bars. 
Nevertheless, the top-bar effect was hardly affected by the distance from the casting point. The 
top-bar effect is included in the design guidelines through an extension of the anchorage length 
of the rebars located in the upper part of the element. However, these guidelines are meant for 
ordinary concrete. Therefore, it is crucial to study the effect of the top bar in new-generation 
concretes, such as self-compacting concrete, which is increasingly used in construction sites. 
Testing bond in such materials may lead to formulation of improved or even new design 
guidelines for the construction of reinforced self-compacting concrete structures. 

1  INTRODUCTION 

The bond between reinforcing steel and concrete, as one of the most significant issues in 
reinforced concrete structures, ensuring the integrity of such composites, has been widely 
addressed by the international literature. The problems associated with the nature of the 
phenomenon and its failure mechanism, as well as the numerous factors affecting it, have been 
analysed. Nevertheless, bond has not been clearly defined in real structures, and even less so in 
structures based on increasingly common new generation concretes. The main aspects that 
influence bond performance are the surface texture and geometry of the rebars, as well as the 
quality of the concrete surrounding them [1,2]. The properties and homogeneity of concrete in 
the vicinity of rebars are reduced by three phenomena related to the casting process and 
incorrect compaction of the mix: segregation, settlement of fresh concrete, and bleeding. The 
issue of proper stability can lead to a weakened aggregate–cement paste interface and, 
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moreover, intensify the tendency to develop local microcracks that can reduce the mechanical 
properties of concrete. As bleeding may result in entrapment of water beneath the horizontally 
positioned rebar, it can subsequently increase the porosity of the concrete-steel interface. The 
settlement of fresh concrete can further diminish the effective projection of the concrete ribs, 
which induces a reduction in bond strength [3]. These phenomena are further enhanced by an 
increase in the position of the bar relative to the bottom of the form, resulting in lower bond 
stresses. In the literature, the reduction in the bond strength as a function of the concrete depth 
under horizontal reinforcing bars in deep concrete members is known as the top-bar effect and 
is compensated for in international standards by extending the anchorage length.  

The top-bar effect was first introduced in the ACI 318 standard in 1951 based on Clark 
investigations [4]. The reduction in bond stress in the top bar was estimated to be 0.7 times less 
than in the bottom bar. It was recommended that the anchorage length should be increased by 
43%. After years of extensive studies [5,6] the current version of ACI 318:2019 [7] proposes 
an increase of the development length of 30% for horizontal rebars or laps that have a concrete 
layer thicker than 305 mm (12 inches) below them. In the European building code EN 1992 [8], 
there is a distinction between good and poor bond conditions. Good bond conditions are 
considered to be those of a reinforcement having an inclination between 45° and 90° with 
respect to the horizontal surface or horizontal bars that are up to 250 mm above the formwork 
or at least 300 mm below the free surface during casting. All other locations are recognized as 
poor bond conditions and the bond strength is reduced by 30%; thus, the need to be 
compensated by an increase of the anchorage length of 43% with respect to the bottom bars. 

The unique composition of self-compacting concrete (SCC) results in a highly flowable and 
stable concrete with a proper passing and filling ability. Therefore, the described phenomena 
enhancing the top-bar effect are reduced in SCCs, primarily because of the elimination of 
vibration, but also due to the inclusion of a superplasticizer and a considerable share of fine 
particles. However, these phenomena still occur and can be particularly intensified in the 
absence of sufficient execution rigour in the production and casting of the mix. Regardless of 
the type of concrete, the top-bar effect is more pronounced with an increasing water-to-binder 
ratio. However, it was experimentally proven that for high elements, the top-bar effect is less 
pronounced in self-compacting concretes than in normally vibrated concretes (NVC) of similar 
strength parameters [9,10]. It was shown that elements manufactured using SCC have close to 
uniform bond conditions along their heights. In the case of small elements (300 mm) [11], the 
bond strength does not vary depending on the location of the bars along the height of a concrete 
element cast with SCC. However, in the case of 1.5-m-high elements [2] the decrease in bond 
strength between the upper and lower zones of the columns varies from 32% to 55% in SCC 
and from 60% to 74% in NVC. It should also be noted that as the compressive strength of 
concrete increases, these differences in concrete bond behaviour tend to reduce. 

Another major bond issue, resulting from the use of SCC, is the effect of the distance between 
the casting point and the tested sample. As the production technology of SCC elements requires 
the distribution of casting points in considerable distances to allow a free flow of the mix, beam 
and wall elements (up to certain spans) can be cast from a single point [12,13]. A phenomenon 
noted in horizontal elements was a descending slope of the final surface for significant distances 
from the casting point (up to 2.20 m), resulting in a reduction in the concrete cover of the rebar 
[14]. The average decrease in the normalized bond strength of the steel bars throughout the 
lengths of the samples was approximately 11% for distances from the casting point of up to 
1.40 m [15]. However, there are experiments in which no evident bond loss was observed for 
distances from the casting point of up to 1.60 m [16]. 
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Due to inconclusive results of existing research, in this article it was decided to undertake the 
subject of occurrence of the top-bar effect in full-scale wall elements made of self-compacting 
concrete, taking into account the distance of the rebars from the single casting point. In the 
literature, there are a limited number of experiments using full-scale elements, where the top-
bar effect seems to be most noticeable, regardless of the concrete type.  

2 MATERIALS AND METHODS 

2.1 Constituent materials 

Table 1 presents the composition of the SCC mix used in the experiments. It comprises blast 
furnace cement (CEM III/A 42.5N) with a strength class of 42.5 N/mm2 (normal early strength). 
The cement used had low hydration heat, was resistant to sulphates, and low alkali according 
to the requirements of the EN 197-1 standard [17]. Two gravel fractions (2 to 8 mm and 8 to 16 
mm) were added as coarse aggregates, while a natural sand fraction of 0 to 2 mm was used as 
fine aggregate. The desired fluidity of the composition was achieved using both a 
superplasticizer (polycarboxylic ether polymer) and a plasticizer in different amounts, related 
to the cement mass. The water-to-binder ratio was set at 0.37. The total content of the aggregate 
was 1 755 kg/m3. The dosing of the chemical admixtures was adjusted to obtain the proper flow 
properties of the SCC mix. 

Table 1. Composition of SCC mixture 
Ingredients Composition [kg/m3] 

Slag cement (CEM III) 450 
Water 160 

Sand (0-2 mm) 685 
Gravel (2-8 mm) 510 

Gravel (8-16 mm) 560 
Superplasticizer 4.95 

Plasticizer 2.25 

 
Investigations were carried out on elements with embedded 16mm diameter deformed 
reinforcing bars that were made with B500SP class reinforcing steel. The rebars met the 
requirements of EN 10080 [18]. The mean values of the mechanical parameters of the rebars 
are given in Table 2. 

Table 2. Mechanical parameters of the reinforcing bars (B500SP) 

Parameter Symbol Units Producer Limits Measured Values 
Average St. deviation 

Yield strength fy N/mm2 ≥500 558.1 6.8 
Tensile strength ft N/mm2 ≥575 653.2 11.4 

Ratio ft/fy – 1.15÷1.35 1.17 0.01 
Uniform elongation εu,k % ≥8.0 13.54 0.91 

 

2.2 Test elements 

In the investigation, a full-scale wall element with dimensions of 2240×1600×160 mm was used 
in the research. The full-scale wall element was designed to be divided into 160mm cubes 
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(Figure 1). This size of the cubes is suitable for pull-out tests using 16-mm bars. The dimensions 
of the basic module - 10d×10d×10d (where d is the bar diameter) - were recommended in the 
standards [18,19]. Three types of cubic specimens were taken out of the elements: samples “a” 
– intended for bond tests, samples “b” – concrete cubes with no embedded rebar (excluded from 
the study) and samples “c” – with embedded rebar and dedicated to different research (Figure 
1). A full-scale wall element consisted of 140 modular samples including 32 samples “a” 
dedicated to bond testing, which were arranged across the height and length of the element. The 
element was marked with division lines corresponding to columns labelled with capital letters 
from A to N and rows (layers) with numbers from 1 to 10. A casting point was located at one 
edge of the element within column A.  

The wall element was constructed by pumping concrete mix with a pumping speed of 1.0 l/s. 
The pumping hose was initially located approximately 0.5 m above the base of the form and 
was constantly lifted to maintain this distance to the top surface of the mixture being placed. 
During 3 days of concrete curing, the samples were kept in the same position under laboratory 
conditions and maintained by sprinkling of water. The formwork was then stripped and after 
21 days the wall element was cut into cube specimens with a circular saw for concrete. Pull-out 
tests were carried out after 28 days from the casting date. 

 

Figure 1: A schematic view of test wall element 
 

2.3 Compressive strength test procedure 

To evaluate changes in compressive strength across the height and the length of the full-scale 
wall element, all samples of columns without embedded rebars were tested (Figure 1) The 
compressive strength was determined according to EN 12390-3:2009 [20]. In total, 80 samples 
“b” from the full-scale wall element were tested in terms of compressive strength. 
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2.4 Bond test procedure 

Out of various method of bond testing, the pull-out test was employed. This is a primary method 
for the bond between the rebars and the concrete evaluation, given their various properties and 
types. The test involves the application of a tensile load to the bar anchored in a concrete block. 
Measured data refer to the load applied to the bar and the relative displacement between steel 
and concrete. It is assumed that the deformation is linear along the length of the bar, which is 
very advantageous, since the bond stress (τ) is then considered constant and given by equation 
1: 

τ = F/πdL            (1) 

where F is the load applied, d is the bar diameter, and L is the length of the bond section. The 
length of the bond section was adopted as 3d (48 mm) in the experimental program. Although 
the normative length is 5d, the bond forces in high-strength SCC would then be too high to 
observe a pull-out failure prior to steel yielding. The required length of the bond section was 
achieved using plastic tubes (PVC) inserted around the concrete-immersed part of the rebar. All 
cubic samples ‘a’ were subjected to the pull-out test, where the load was gradually exerted up 
to a point of bond failure. In total, 32 samples “a” were tested for bond strength. The resulting 
slip at the unloaded end of the bar was measured using two linear variable displacement 
transducers (LVDTs) operating in connection with a data collection piece of software.  

To compare bond properties throughout the wall element and estimate the top-bar effect, 
authors used the so-called ultimate bond stress τmax (bond strength) as an unambiguous quantity 
defined as the bond stress at the moment of bond failure [2,9,16]. 

3 RESULTS AND DISCUSSION 

3.1 Compressive strength 

The results of the compression tests are summarized in Table 3 and illustrated in Figure 2. 
Figure 2 shows an approximate map of the compressive strength distribution in the wall element 
in the form of a colour map and isolines created using the Kriging method in Surfer software. 
The Kriging method is an interpolation method based on geostatistics in which the interpolation 
error called the kriging variance is determined. The Kriging algorithm is effective because it 
can compensate for missing data in a set by giving those areas less weight in the overall 
estimation. It also allows for extrapolation outside the data area.  

Within the whole element, there is no explicit trend in relation to changes in compressive 
strength. The average compressive strength was 65.46 MPa with a coefficient of variation of 
10.7%. Therefore, there are significant deviations in compressive strength values that are 
related to the appearance of reduced strength zones. Such zones were observed in rows 3 and 
10 and within columns D and K. They could originate from structural defects in concrete, such 
as component segregation, local void formation, aggregate clusters, and insufficiently 
compacted regions, which are created, for example, by changes in the pumping speed of the 
mix. Additionally, in the highest row - 10 - there is the smallest scatter of results. Furthermore, 
within the top part of the element, there is a noticeable tendency of compressive strength 
decrease with increasing distance from the casting point.  
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It is worth noting that the average compressive strength of the control cubic specimens of 
150×150×150 mm taken from the mixture was 77.3 MPa, which confirmed the occurrence of 
the scale effect. 

Table 3: Compressive strength test results. 

Row 

Compressive strength fcc [MPa] 
Column 

Mean Cov. B D E G H J K M 
10 64.67 64.94 68.37 60.60 60.16 62.18 61.14 56.62 62.33 5.40% 
9 74.39 59.91 67.74 62.42 72.56 68.93 57.10 67.57 66.33 8.53% 
8 66.04 60.19 69.37 68.93 77.68 70.95 68.84 70.15 69.02 6.62% 
7 65.39 50.79 67.59 63.47 61.85 71.27 57.78 69.98 63.51 9.95% 
6 68.47 55.61 70.74 65.27 63.51 57.86 58.28 64.30 63.00 7.94% 
5 77.15 60.49 72.48 72.22 71.50 68.43 61.46 71.93 69.46 7.75% 
4 73.69 65.50 73.49 65.97 66.99 71.55 57.76 74.01 68.62 7.72% 
3 53.58 53.05 61.89 50.18 52.30 60.45 54.41 55.30 55.15 6.84% 
2 82.04 68.22 69.19 59.66 52.83 75.55 67.60 70.81 68.24 12.29% 
1 67.48 57.19 66.72 76.03 69.32 77.59 66.09 71.23 68.96 8.63% 

 

 

Figure 2: An approximate depiction of the compressive strength distribution in the wall 
element using the Kriging method 

 

3.2 Bond strength 

Table 4 summarizes the results of pull-out tests performed on samples "a" in terms of bond 
strength. All specimens indicated the pull-out bond failure mechanism. The bond strength 
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results ranged from 30.46 – 45.26 MPa, depending on the position of the specimen relative to 
the casting point. A decreasing trend in bond strength was observed with an increase in the 
concrete layer under the analysed reinforcing bar within the entire element. The smallest scatter 
of results was obtained for the outermost rows (1, 9, and 10), implying that the conditions at 
the lowest and highest bar positions are uniform throughout the wall length. 

Figure 3 visualizes an approximate map of the bond strength distribution in the wall element in 
the form of a colour map and isolines using the kriging interpolation method in Surfer software. 
It provided an estimation of bond strength values for the locations where the test was not 
performed, especially within samples "c", which were designated for other tests. 

Table 4: Bond strength of the rebars in the wall element. 

Row 

Bond strength τmax [MPa] 
Column 

Mean Cov. A C F I L N 
10 30.77 ‘c’ 31.71 30.46 ‘c’ 29.84 30.70 2.19% 
9 30.15 32.02 32.64 33.57 32.95 32.95 32.38 3.39% 
7 34.50 33.26 33.26 32.95 34.19 39.79 34.66 6.81% 
5 39.79 36.81 36.31 36.81 34.32 43.52 37.92 7.83% 
3 40.78 36.31 37.80 35.31 37.80 41.78 38.30 6.00% 
1 41.28 ‘c’ 45.26 40.78 ‘c’ 43.27 42.65 4.15% 

‘c’ – sample dedicated to different research 

 

 

Figure 3: An approximate depiction of the bond strength distribution in the wall element 
using the Kriging method 
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An analysis of the visualization of the resulting bond strength after interpolation and 
extrapolation (Figure 3) indicates that an increase in the bond strength values in the outermost 
columns is a notable phenomenon: columns A and N up to the height of the fifth and seventh 
rows, respectively. Consequently, the bond conditions in the middle layers of the wall element 
were less uniform, which also manifested itself in a higher scatter of the results of the pull-out 
test (Table 4). This is associated with the flow path of the concrete mix in the form during its 
pumping from the casting point within column A.  

Due to the casting point arrangement, within column A there is continuous intermixing and 
additional impact of the concrete mixture on the reinforcing bars, which contributes to the 
improvement of the steel-concrete interface. The higher the sample was located, the weaker the 
effect due to the phenomenon of settlement of the concrete mixture. The SCC mixture, after 
striking the bottom of the formwork within column A, spreads laminarly along the form in the 
direction of column N. Subsequently, it rises successively in the form, and its flow is more 
turbulent in nature, and within column N, due to the effect of the mixture rebounding against 
the face of the form, the mixture is remixed, thus improving the quality of the steel-concrete 
interface and, consequently, the steel-concrete bond. The phenomenon was observed up to a 
height of row 7, that is, approximately 1.1 m, and in higher zones it was no longer observed 
due to a smaller contribution of mixture mixing by rebound in favour of spreading along the 
upper layers. The effect disrupted the trend of reduction in bond strength with increasing 
distance from the casting point, which was pronounced up to the penultimate column. 

3.3 Effect of casting position (top-bar effect) 

A deterioration of the bond conditions in the top layer of the elements can be observed in the 
whole scope of the research. The top-bar effect is to be compensated for by taking into account 
the casting position factor. The casting position factor is understood as the coefficient that is 
used to multiply the anchorage length of the rebars located along the heights of the test elements 
in order to make their bond strength equal to the rebar located at the bottom of the formwork 
(R = tbottom/tx). Within columns C and L, where the samples "c" were located, the values of the 
bond strength of the samples in rows between 3 and 9 were related to the mean bond strength 
of row 1. The casting position factor varied between 0.99 and 1.45 depending on the location 
of the sample, while in row 10 it varied between 1.34 and 1.45. The highest casting position 
factor was observed in sample N10, that is, situated in the highest row and the most distant from 
the casting point. Similar values were obtained in in situ wall elements tests with a height of 
1.6 m and a span of 5 m, the distribution of the casting position factor near the casting point 
location was between 1.03 and 1.84 and was observed to increase with the surface settlement 
of the mixture [21]. The findings align in part also with studies on columns of 1.6 m using NVC, 
HPC and HPSCC [22], where the casting position factor for bond strength was 2.13, 1.58 - 1.19 
and 1.6 - 1.17, respectively, for each type of concrete. The ranges of values resulted from the 
compositions of the mixtures, which differed in the addition of silica fume. Furthermore, it is 
worth noting that the aforementioned tests were performed in columns; thus, these findings 
cannot be directly related to the outcome of this paper. 

Figure 4 shows the mean value of the casting position factor together with the extremes obtained 
in each row. The results were compared with the standard guidelines on the casting position 
factor for rebars located in the good and poor bond condition regions [7,8]. The average casting 
position factor increases linearly with the depth of the concrete layer under the rebar 
(R2=0.972). The reduction in bond strength can be higher than that predicted by ACI 318 [7], 
specifically for large depths of concrete under rebars (above 1.3 m). However, the proposed 
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casting position factor (R=1.3) is to be introduced above approximately 305 mm, which for this 
particular study seems highly restrictive. On the other hand, EC 2 [8] with a good safety margin 
assumes the casting position factor; however, it appears to undervalue the reduction in bond 
strength in the middle part, since it must be applied only 300 mm below the top surface of the 
elements. 

Table 3: Bottom-to-top bond strength ratio (casting position factor) in the wall element 

Row 

Casting position factor τbottom/τx [MPa] 
Column 

Mean Cov. A C F I L* N 
10 1.34 ‘c’ 1.43 1.34 ‘c’ 1.45 1.39 3.60% 
9 1.37 1.33* 1.39 1.21 1.29* 1.31 1.32 4.24% 
7 1.20 1.28* 1.36 1.24 1.25* 1.09 1.24 6.73% 
5 1.04 1.16* 1.25 1.11 1.24* 0.99 1.13 8.43% 
3 1.01 1.17* 1.20 1.15 1.13* 1.04 1.12 6.22% 
1 1.00 1.00 1.00 1.00 1.00 1.00 1.00 0.00% 

‘c’ – sample dedicated to different research; * – results related to the mean value of the bond 
strength in row 1 

 

 

Figure 4: Casting position factor compared to standard guidelines  
 

4 CONCLUSIONS 

The study addresses the occurrence of the top-bar effect in a full-scale wall element made of 
self-compacting concrete, taking into account the distance of the bars from the casting point. 
The main findings of the paper are the following: 
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• Within the entire element, a trend of a reduction in bond strength was observed with an 
increase in the depth of the concrete layer under the analysed reinforcing bar. The 
reduction in bond strength ranged from 25% to 31% for rebars located in the highest 
row compared to rebars located in the lowest layer. It should be noted that the reduction 
value obtained is comparable to the values in the tests of elements with much smaller 
dimensions.  

• A noteworthy phenomenon that was observed was an increase in the value of bond 
stresses in the outermost columns, which is related to the technological process of 
execution of the wall element. The improved bond conditions found in the column 
furthest away from the casting point were related to the effect of the mix rebounding 
from the form wall and remixing around the rebars. The highest percentage difference 
between the bond strength in the outermost column and the sample located in the middle 
of the element in the same row was 21.14%. 

• The top-bar effect was hardly affected along the rebar by the distance from the casting 
point; similar reductions in the bond strength of the top part of the element with relation 
to the bottom part were recorded in the outermost columns as well as in the middle 
columns. 

However, in view of the adopted test procedure, which induces a stress condition that is rather 
unusual in construction practice, the results of the casting position factor should be treated as a 
qualitative representation of the bond performance conditions. Therefore, they cannot be a 
direct cause for a modification of the standard provisions. 

Given that the top-bar effect is particularly dependent on phenomena occurring in the steel-
concrete interface area, such as segregation, bleeding, and plastic settlement, the elimination or 
reduction of these factors is tantamount to an improvement in the bond conditions over the 
height of the reinforced concrete elements. Improvement of the steel-concrete interface and the 
concrete structure in general positively affect the strength and durability of the concrete. 
Various solutions are available to achieve these goals, e.g., modification of the mix composition 
(higher fine particle content, lower water-to-binder ratio, use of appropriate chemical 
admixtures) and/or change of the element execution technology (including single casting point 
located in the middle of the element span or the bottom-up placing method of the mix). Further 
development of the top-bar effect in the full-scale wall elements is suggested, taking into 
account a broader spectrum of cases, including the possibility of reducing the negative 
phenomena that affect the steel-concrete interface. 
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ABSTRACT 

In reinforced-concrete members, the bond of steel reinforcement with concrete is usually 
governed by the tensile cracking of the concrete, which can lead to a brittle splitting failure. 
Recently, a variety of fiber-reinforced cementitious composites (FRCC) have been developed 
with markedly superior tensile properties compared to conventional concrete. This study 
investigates the effects of tensile strength and strain capacity of FRCC on the bond failure mode 
and bond strength of steel reinforcement. Superior tensile properties of FRCC enable effective 
confinement of the steel reinforcement and can prevent brittle failure. Several double-rebar 
pullout tests were performed using four different FRCCs with different combinations of tensile 
strengths and strain capacities. Additionally, the cover thickness was another important 
experimental parameter investigated in the study. It was found that increasing the cover 
thickness improves confinement, and the failure mode transfers from splitting failure to pullout 
failure beyond a threshold cover thickness. This threshold cover thickness depends on the 
material properties controlling the splitting and pullout resistances. A linear relationship is 
proposed to represent the effects of the compressive/tensile strength ratio of the material and 
the threshold cover thickness on the failure mode. 

1  INTRODUCTION 

Fiber-reinforced cementitious composites (FRCCs) are known to address the key deficiencies 
of conventional concrete, specifically low tensile strength and brittle behavior. Engineered 
Cementitious Composites (ECC) also known as Strain Hardening Cementitious Composites 
(SHCC), represent a special class of FRCCs that exhibits pseudo strain hardening behavior 
under direct tension. Strain capacities of 3% or higher can be achieved through 
micromechanics-based optimization of the matrix, fibers, and fiber-matrix interface [1]. Ultra-
High Performance Concrete (UHPC) is another class of FRCC that shows high compressive 
strength in the range of 150 MPa, and tensile strength greater than 8 MPa [2-4]. Furthermore, 
High-Strength High-Ductility Concrete (HSHDC) was developed by combining the pseudo 
strain hardening behavior of ECC and ultra-high compressive strength of UHPC [5-7] in a 
single composite. These advanced FRCCs have shown promising mechanical performance at 
material scale.  
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The superior properties of FRCCs make them attractive for structures under severe loading 
conditions such as blast, impact, and seismic loads [8-11]. High ductility composite leads to 
significantly better load carrying capacity, ductility, and energy dissipation [12-15]. However, 
practical use of these materials requires full utilization of their properties, benefiting from their 
superior properties to reduce the reinforcement used and use simpler reinforcement details [16]. 
Hence, understanding the effect of material properties on the bond performance could help in 
optimizing the structural performance of steel-reinforced FRCC structures. 

The reinforcement detailing such as splice and development lengths are governed by the steel 
rebar-concrete bond performance [17, 18]. The bond between steel rebar and concrete consists 
of three major components: (a) adhesion between the rebar and concrete, (b) friction at the rebar 
and concrete interface, and (c) bearing of the rebar ribs against the surrounding concrete. When 
the rebar is pulled relative to the concrete, the force is first transferred through adhesion and 
friction between the rebar and concrete. After the adhesion is lost, the rebar starts to slip with 
respect to the concrete engaging the ribs through bearing on the surrounding concrete. As the 
relative slip between rebar and concrete increases the frictional component of force transfer is 
reduced, and the bearing of the ribs against the surrounding concrete is the principal force 
transfer mechanism (as shown in Figure 1). The bearing of the ribs on the concrete leads to 
diagonal forces that can be resolved into longitudinal and radial components. The radial 
component leads to tensile hoop stresses in the concrete surrounding the rebar. This tensile 
stress leads to splitting radial cracks parallel to the rebar.  

 

Figure 1: Rebar-concrete bond mechanism and failure modes 
 

The splitting cracks are resisted by the confinement provided by the surrounding concrete and 
transverse reinforcement. The magnitude of confinement depends on the cover thickness, 
tensile strength or the fracture toughness of concrete, and the transverse reinforcement ratio. If 
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the splitting failure is prevented, the rebar-concrete bond fails by shearing along the rebar-
concrete interface due to crushing of the concrete between the deformed rebar ribs leading to 
the gradual pullout of rebar. The pullout load capacity depends on the compressive strength of 
the concrete and rib area relative to rebar height.  

Casanova et al 2013 [19] found that by increasing the cover thickness, the bond strength 
increases until reaching a threshold cover value (Cmax in Figure 2) above which the force needed 
to pull out the rebar from concrete (pullout capacity) is less than the force needed to split the 
concrete around a rebar (splitting capacity). Therefore, further increment of the cover thickness 
does not improve the bond strength. This is because increasing the cover thickness improves 
the confinement provided by the concrete, which increases the splitting resistance, thus favoring 
the pullout failure that is independent of the cover thickness (as shown in Figure 2). Therefore, 
Cmax in Figure 2 is defined here as the cover thickness at which the splitting and pullout 
capacities are theoretically equal (combined failure mode is likely to occur), and above which 
the bond strength is independent of the cover thickness. Overall, the bond failure mode depends 
on the mechanical properties of the concrete and concrete cover thickness. 

 

Figure 2: Effect of cover thickness on bond strength [19]  
 

Different design standards [20, 21] impose a limit on the maximum cover thickness value for 
the design of rebar development length. However, these standards do not account for the 
material properties, particularly tensile strength. The maximum cover values were determined 
by curve-fitting results conducted with conventional concrete material exhibiting a brittle 
behavior. Bandelt and Billington [22] found that ECC beams exhibited constant bond strength 
regardless of confinement due to ECC’s ductile behavior. Deshpande et al [23, 24] found that 
instead of splitting, ductile pullout can be achieved by increasing the tensile/compressive 
strength ratio of the material. Because, for the same geometry of specimens, the pullout strength 
depends on the compressive strength of concrete, and the splitting capacity depends on the 
tensile strength of concrete. Thus, increasing the tensile/compressive strength ratio of concrete 
reduces the likelihood of splitting failure.  

The objective of this study was to investigate the effects of material properties of the FRCCs: 
compressive strength, tensile strength, and tensile strain capacity, on the rebar-FRCC bond 
strength and the corresponding failure mode. The influence of cover thickness was also 
investigated simultaneously to understand the effects of volumetric confinement around the 
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rebar. Four materials were used to represent different combinations of compressive strength, 
tensile strength, and tensile strain capacity. An experimental approach with double pullout tests 
was used to achieve the stated objective. 

2 EXPERIMENTAL INVESTIGATION 

2.1 Materials 

As shown in Table 1, four FRCCs with different combinations of compressive strength, tensile 
strength, and tensile strain-capacity were investigated. The mixtures PE-ECC and PE-UHPC 
belong to SHCC class of materials with similar tensile strain capacity but different tensile and 
compressive strengths. The mixtures SF-UHPC and SFW-UHPC belong to strain-softening 
UHPC, with similar tensile strain-capacity and compressive strength but different tensile 
strengths. These four materials enable us to investigate the effects of the mechanical properties 
of the materials on rebar-concrete bond.  

The mixture proportions of the materials investigated in this study are presented in Table 1 as 
weight proportions relative to the cement weight. Fiber contents are reported as proportions of 
the total volume of the composite. The first two materials use polyethylene (PE) fiber to achieve 
strain-hardening behavior. The mixtures SF-UHPC and SFW-UHPC utilize brass-coated steel 
fibers. Steel wool was additionally incorporated in SFW-UHPC to improve the ultimate tensile 
strength through multi-scale fiber reinforcement [25]. Steel wool is obtained from recycled 
metal scrap and is fibrous in nature with a high aspect ratio. Unlike steel fiber, the cross-section 
of steel wool is rectangular (median thickness and length of steel wool used in this study is 63 
µm and 1.22 mm).  

Table 1: Mixture proportions of the materials 

Mixtures  Cement Sand Slag Silica 
Fume 

Fly 
Ash 

Water 
(w/cm) HRWRA 

Fibers Volume (%) 
Steel 
Wool 

Steel 
Fibers 

PE 
Fibers 

PE-ECC 1 0.82 - 0.10 1.10 0.310 0.0045 - - 2 
PE-

UHPC 1 0.70 0.38 0.28 - 0.200 0.0250 - - 2 

SF-
UHPC 1 1.40 0.52 0.20 - 0.212 0.0070 - 2 - 

SFW-
UHPC 1 1.40 0.52 0.20 - 0.212 0.0070 1 2 - 

 

The mixtures PE-ECC and PE-UHPC utilize Type I cement (ASTM C150 [26]), undensified 
microsilica with silica content greater than 95.5% by weight, Grade 100 slag conforming to 
ASTM C989 [27], Class F fly ash conforming to ASTM C618 [28], silica sand with a nominal 
maximum size of 0.42 mm and median size of 0.18 mm. The SF-UHPC and SFW-UHPC 
matrices are comprised of Type III cement (ASTM C150 [26]), D-1000 microsilica with silica 
content of 90%, and Grade 120 slag conforming to ASTM C989 [27]. Natural sand with a 
nominal maximum size of 2.38 mm and median size of 0.5 mm, fineness modulus of 2.94 is 
used for SF-UHPC and SFW-UHPC. To facilitate the uniform dispersion of fibers and improve 
the rheology of the composites, polycarboxylate ether-based high range water reducing 
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admixture (HRWRA) was used. A similar mixing process used by Ragalwar [29] was followed, 
and then the specimens were demolded after 24 hours and kept in a water tank for seven weeks. 

The mechanical properties of all the materials are summarized in Table 2. Figure 3 shows 
representative uniaxial tensile stress-strain curves of the four materials. The PE-ECC and PE-
UHPC composites exhibit strain hardening and show multiple cracking with large strain 
capacity. The SF-UHPC and SFW-UHPC exhibit strain-softening with limited strain capacity 
prior to crack localization. 

Table 2: Mechanical properties of the materials 

Materials Compressive 
strength, f'c (MPa) 

Tensile 
strength, ft 

(MPa) 

Strain capacity, 
εu (%) 

Compressive/ 
Tensile strength 

ratio (f'c / ft) 
PE-ECC 53.4 5.0 3.90 10.7 

PE-UHPC 131.3 9.7 4.20 13.5 
SF-UHPC 153.4 8.2 0.25 18.7 

SFW-UHPC 147.5 11.2 0.23 13.2 
 

 

Figure 3: Uniaxial tensile stress-strain plots for all materials 
 

2.2 Specimens and test setup 

Rebar pullout specimens were prepared to characterize the rebar-FRCC bond strength in this 
study. Although it is preferred to use beam splice tests to characterize the rebar-concrete bond 
and the use of pullout test results is not recommended for design (ACI 408 [21]), pullout tests 
were used in this study only for comparing different concrete materials. Furthermore, pullout 
test specimens and experimental setup are simpler than other bond characterization methods 
and allow for comparing a variety of parameters.  

Instead of using a typical rebar pullout setup where the rebar is under tension while the 
surrounding concrete is under compression [30, 31], a modified double pullout setup is used in 
this study. Similar setups have been previously used to study the rebar-concrete bond strength. 
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The double pullout setup more aptly mimics the stress condition in structural components where 
the rebar and the surrounding concrete are in the same state of stress [32, 33].  

A schematic diagram and an actual rebar pullout specimen are shown in Figure 4. A deformed 
rebar of diameter 13 mm (ASTM A615, US No. 4 rebar) was embedded in a prismatic concrete 
specimen to test the bond behavior with a constant embedment length of 38 mm, i.e. 3 times 
the rebar diameter (db). Tensile force was applied to pull the rebar from concrete at one end at 
a displacement rate of 1 mm/min. At the other end, the specimen was pulled using two 13 mm 
threaded rods, and thus the concrete block was also under tension.  

Two ASTM A615, US No. 3 rebars (diameter 9 mm) were embedded along the length of the 
specimens to prevent concrete failure. A PVC pipe was placed around the rebar to provide a 
debonded length of 50 mm from the loading end to prevent local damage and conical failure in 
this region. Material characterization specimens were also cast simultaneously to determine the 
compressive strength, tensile strength, and tensile strain-capacity of the four FRCCs. 

           
Figure 4: Specimen and test setup 

 

Three cover thicknesses of 1.5, 2.5, and 3.5 times the rebar diameter (db) were investigated for 
all the four materials, thus a total of twelve configurations (4 materials × 3 cover thicknesses) 
were investigated. And for each configuration, three specimens were prepared. The transverse 
expansion of the bonded region of the concrete specimen was measured through a strain gauge 
attached to the specimen surface, as shown in Figure 4(b). These strain gauges had a gauge 
length of 90 mm and strain capacity of 2% and were used for only one specimen of each 
configuration. The specimens were tested 7 weeks after casting. The slip of the rebar relative 
to concrete was measured using two linear potentiometers placed at opposite sides of the rebar. 
The specimen was considered failed when the load dropped to 50% of the peak pullout load.  

(a) Specimen setup  

(c) Mold preparation  

(b) Strain gauge attachment 

(d) Testing setup 
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3 RESULTS AND DISCUSSION 

3.1 Bond failure modes 

Three types of failure modes were observed during the rebar pullout tests: splitting, pullout, and 
combined failure. For each specimen configuration (described in Section 2.2), the failure mode 
of the specimen with strain gauge was characterized based on the measured strain during the 
rebar pullout test. For the other two specimens of each configuration (without strain gauges), 
visual inspections were used to locate the longitudinal splitting cracks or damage in the concrete 
around the rebar ribs. The peak transverse strain (strain corresponding to the peak pullout load) 
of a specimen of each material is shown in Figure 5. A logarithmic vertical axis is used to 
capture the large difference in the order of magnitudes of strain recorded for various materials.  

Besides measuring transverse strain, the tested specimens were evaluated through visual 
inspection to ascertain the failure mode and qualitatively assess damage. The presence of 
longitudinal cracks on the surface of the tested specimens clearly represented splitting failure. 
For identifying other failure modes, the specimens were cut longitudinally (after mechanical 
testing) to inspect the damage in the bonded region. The absence of rebar rib traces indicated 
concrete crushing between rebar ribs and a pullout failure. A third failure mode, combined 
failure, is defined to represent the specimens that had almost equal splitting and pullout 
capacities and showed damage corresponding to both the failure modes. In some cases, 
specimens with the same configuration (same concrete material and cover thickness) showed 
different failure modes, and they were also identified as combined failure. The corresponding 
cover thickness was considered Cmax for that rebar-concrete combination.  

 

Figure 5: Effect of cover thickness on peak transverse strain (corresponding to peak load) 
 

The failure modes for all the materials at different cover thicknesses are summarized in Table 
3. For PE-ECC, the transverse strain values are small and almost constant regardless of the 
cover thickness, indicating pullout failure mode that is insensitive to cover thickness. This was 
confirmed by observing significant damage of rebar trace. However, one out of three PE-ECC 
specimens with a cover of 1.5db failed by splitting failure, and therefore, the failure mode is 
identified as combined in Table 3. This suggests that Cmax for PE-ECC is 1.5db. For PE-UHPC, 

1

10

100

1000

10000

0 0,5 1 1,5 2 2,5 3 3,5 4

Pe
ak

 tr
an

sv
er

se
 st

ra
in

 (μ
ε)

Cover thickness (C/db)

PE-ECC

PE-UHPC

SF-UHPC

SFW-UHPC

321



   
 

increasing the cover thickness led to smaller strain due to better confinement. The PE-UHPC 
specimens with cover thicknesses of 1.5db and 2.5db exhibited splitting failure, whereas a 
combined failure was observed at cover thickness of 3.5 db. Similar pattern was observed for 
SF-UHPC and SFW-UHPC, i.e. splitting failure occurred at small cover thicknesses, and the 
failure mode changed to pure pullout or combined at greater cover thicknesses accompanied 
with significant reduction in surface strain values (Figure 5). However, for SFW-UHPC, a 
combined failure mode is noted in Table 3 at cover thickness of 2.5 db because the repeated 
specimens of the same material showed both splitting and pullout failures.  

Table 3: Failure mode of bond specimens 
Cover thickness 

(C/db) 
PE-ECC PE-UHPC SF-UHPC SFW-UHPC 

1.5 Combined Splitting Splitting Splitting 
2.5 Pullout Splitting Splitting Combined 
3.5 Pullout Combined Pullout Pullout 

 

3.2 Bond strength 

The average bond strength was determined from the peak load (Pu) carried by the specimen 
before failure divided by the embedded rebar area equal to 0.038πdb m2 (0.038m was the 
embedment length of the rebar). However, it should be noted that the bond varies significantly 
along the length of a rebar, and an average value is used only for comparison. As the embedment 
area is constant, the average bond strength is essentially proportional to the peak pullout load 
applied on the rebar during the test.  

 

Figure 6: Effect of cover thickness the bond strength 
 

The average bond strengths are summarized in Figure 6. As discussed above, the specimen 
failed when the minimum of splitting and pullout strengths is reached. Figure 6 shows the 
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observed bond strengths, failure modes, and best-fit curves showing the effect of cover 
thickness on the bond strength for each material. PE-ECC showed a nearly constant bond 
strength regardless of the cover thickness, following the expected pattern of pullout failure as 
explained in Figure 2. Both PE-UHPC and SF-UHPC showed ascending bond strength with 
increase in the cover thickness. This trend corresponds to splitting failure, as increasing the 
cover thickness improves the splitting crack resistance. The SFW-UHPC specimens showed a 
bilinear pattern, as the bond strength increased with increase in the cover thickness for 
specimens with splitting failure. Then, the bond strength approached a constant value indicating 
the transfer from splitting to pullout failure.  

3.3 Confinement effect on bond failure mode 

Greater cover thickness increases confinement around the rebar, and as discussed earlier, the 
bond strength is governed by the smaller of the splitting capacity and pullout capacity. Different 
values of Cmax, the cover thickness at which the failure mode transfers from splitting to pullout, 
have been proposed in the literature for conventional concrete behavior [19-21]. However, to 
the best of the author’s knowledge, no such recommendations have been made for advanced 
FRCCs similar to the ones investigated in this study. As discussed above, the improved tensile 
and compressive properties of such FRCCs lead to greater splitting and pullout capacities, 
respectively. Therefore, based on the test results discussed above, new Cmax values are proposed 
here for different FRCCs as shown in Table 4. 

Table 4: Proposed Cmax for various materials 

Material PE-ECC PE-UHPC SF-UHPC SFW-UHPC 
Cmax/db 1.5 3.5 3 2.5 

 

 

Figure 7: Effect of fc'/ft on Cmax 
 

Instead of considering each material separately, the compressive to tensile strength (fc′/ft) ratio 
is plotted against confinement [cover thickness to rebar diameter (C/db) ratio] for all the 12 
configurations in Figure 7. It can be observed that lower C/db coupled with higher fc′/ft resulted 
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in splitting failure, whereas higher C/db coupled with lower fc′/ft resulted in pullout failure. As 
a result, Cmax (border between splitting and pullout) depends on the fc′/ft ratio of a material, as 
shown in Figure 7. The Cmax increases with increase in fc′/ft ratio, because a higher fc′/ft ratio 
means higher pullout/splitting capacity ratio, and therefore, higher cover thickness is needed 
for increasing splitting capacity sufficiently to match the pullout capacity. Therefore, the effect 
of material properties of FRCCs should be considered for determining Cmax and for calculating 
the development and splice lengths in structural components. 

4 CONCLUSIONS 

The effects of material properties of FRCCs: compressive strength, tensile strength, and tensile 
strain-capacity on the rebar-FRCC bond strength and failure mode were investigated in this 
study. The influence of specimen cover thickness was also investigated simultaneously. Four 
different FRCC materials with varying combinations of the above-mentioned mechanical 
properties were investigated: PE-ECC, PE-UHPC, SF-UHPC, and SFW-UHPC. Double-
pullout bond tests were conducted to characterize the bond strength and failure mode. The key 
findings of the study are summarized below: 

• Three bond failure modes were observed: splitting due to longitudinal cracks in the 
concrete cover, pullout of rebar causing crushing of concrete between the rebar ribs, and 
a combined mode showing damage signs of both splitting and pullout. The bond strength 
was governed by the minimum of the splitting and pullout capacities depending on the 
confinement. Better confinement through increase in cover thickness improved the 
splitting capacity and led to pullout failure. 

• For the splitting-controlled specimens, the bond strength increased linearly with 
increase in the cover thickness due to better confinement and increase in splitting 
capacity. For the pullout-controlled specimens, the bond strength was nearly constant 
for a given material regardless of the cover thickness as the bond strength in this case 
was mainly governed by the crushing resistance of the concrete between rebar ribs. 

• Greater confinement facilitated by increase in cover thickness increased the likelihood 
of pullout failure instead of splitting failure. For normal concrete, the confinement only 
depends on the cover thickness, and therefore, the design standards prescribe a fixed 
Cmax. In contract, for FRCCs, the Cmax depends on the relative pullout and splitting 
capacities, which in turn are dependent on the compressive and tensile strengths of the 
FRCC. Therefore, a linear relationship was suggested between Cmax and the 
compressive/tensile strength ratio of the composite. 
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ABSTRACT 

Existing relationships developed for normal concrete describing the bond behaviour of bars in 
tensile lap splice connections cannot be used for fibre-reinforced concrete. The used of 
ultrahigh-performance fibre-reinforced concrete (UHPFRC) is rapidly gaining in popularity for 
field connections between precast elements or for strengthening existing structures. New design 
guidelines relating UHPFRC tensile properties and connection geometrical parameters are 
needed for these emerging applications. In that perspective, this paper presents an extensive 
numerical and experimental research program that was carried for developing a standard test 
specimen aimed to characterize the bond behaviour of lap splices in UHPFRC which, in turn, 
can relate UHPFRC tensile properties to the bond strength of lap-slice connections. 

Nonlinear finite element modelling at the rib scale developed in a previous study was extended 
to be adapted to the various joint configurations. Analysis of bond test specimens with various 
geometry and of connections between structural elements were performed to compare the 
behaviour and failure mechanisms and identify the governing parameters. In parallel, 
exploratory experimental investigations on various bond test specimens proposed in the 
literature were carried out. Based on these activities, the Direct Tensile Bond (DTB) test 
emerged a potential candidate for standardization. Published experimental results with DTB 
specimens, combined with additional nonlinear modelling, contributed to determine the range 
of geometrical parameters that should be adopted to standardize such a test. An extensive 
experimental program was undertaken to study the performance of DTB test for determining 
the bond strength of bars in UHPFRC. In parallel, numerical modelling and testing of 
continuous joints with non-contact lap splices in UHPFRC were carried out. Consistent results 
between DTB tests and structural lap splice connections were obtained.  

1 INTRODUCTION 

Since the beginning of this century, but more intensively in the past decade, ultrahigh-
performance fibre-reinforced concrete (UHPFRC) has become an emerging material for the 
retrofitting of existing structures or the construction of new ones. One of the most promising 
applications of UHPFRC is its efficiency for strengthening deficient lap splice details [1][2], or 
for connecting precast elements for accelerated bridge construction (ABC) projects [3]to [5], 
as illustrated in figure 1. The exceptional bond characteristics are such that lap splice length 
can typically be reduced by a factor of 5 when compared to normal concrete while secondary 
reinforcement detailing can significantly be simplified. 
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Several research projects carried out at Polytechnique Montreal on bond in UHPFRC are related 
to seismic applications. Existing bridge columns with poor seismic details have been efficiently 
strengthened using UHPFRC as a substitution material. With this concept, the concrete around 
the bars in the lap splice region is first removed using conventional demolition methods and is 
replaced by self-levelling UHPFRC. This technique allows keeping the original column 
dimensions and can be easily applied to any type of geometric column cross-section. The 
proposed strengthening method was used on 12 large-scale column specimens with cross-
sectional aspect ratio ranging from 2:1 to 4:1 and with height to column dimension ratio ranging 
from 1.5 to 8.3. All specimens exhibited high ductility, the failure mechanism being the rupture 
in tension of the bars from the footing at very large displacement ductility ratio without any 
bond failure in the lap splice region as it would have been observed in columns made with 
conventional concrete [1]. 

 

  

 
 

a) Seismic strengthening of existing 
columns with deficient details [2] 

b) Precast column-footing joint 
for seismic applications [3] 

b) Joints between precast bridge 
deck elements [5] 

Figure 1: Examples of lap splices in UHPFRC 
 

In all those tests, a 24 db contact lap splice configuration without confining stirrups was 
selected, typical of compression lap splice detail used for columns designed prior to the 
introduction of modern seismic provisions. Tensile strain hardening UHPFRC with 3% fibre 
content per volume was selected. These choices are known to be conservative and needs for 
optimizing these connections have been identified. In-depth research on contact lap splices in 
UHPFRC was carried out in parallel to the large specimen testing. Experimental investigations 
[6][7] and numerical studies [8] have been carried out with the aim of getting a better 
understanding of the mechanisms involved and, ultimately, with the objective of developing 
design guidelines in which the governing lap splice geometrical characteristics and UHPFRC 
material properties could be used for designing those regions. 

Searching for optimizing lap splice design, three categories of considerations were identified. 
Firstly, the geometrical and material parameters are bar configuration (contact or non-contact), 
confinement from concrete (cover and bar spacing), presence of stirrups, reinforcement strength 
and UHPFRC properties. Secondly, the target performance of each structural application must 
also be considered: monotonic loading, high-cycle fatigue loading conditions at low stress 
amplitudes such as for bridge decks (see Figure 1c), or for seismic applications, with a few 
cycles at stress and strain magnitudes close to the bar ultimate strength. Finally, the relation 
between the performance observed in standard bond tests and the prediction of structural 
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element behaviour must be established. The efficiency of UHPFRC depends on fibre orientation 
and density, two characteristics affected by the fabrication process that must also be considered 
appropriately.  

This paper presents the first steps of the development of bar lap splices in UHPFRC of 
connections between precast column-to-footing and precast abutment-to-footing meeting 
seismic requirement, as shown in Figure 1b. Combined experimental investigations and 
nonlinear finite element analyses are used to study the behaviour of joints and for developing a 
standard bond test for UHPFRC. 

2 DESIGN APPROACH 

2.1 Seismic performance requirements and lap splice design 

Developing column-to-footing connections enabling rotational ductility in plastic-hinge regions 
presents important challenges to meet the required performances for moderate to high seismic 
zones. The seismic performance of various types of precast column-to-footing connections have 
been investigated recently [9][10]. Building on the performance obtained when strengthening 
deficient bridge columns, developing UHPFRC lap splice connections between precast column 
or abutment elements with cast-in-place or precast footings meeting seismic requirements was 
perceived as a potential solution for ABC.  

Figure 2a shows the lateral force-displacement response of a column with a lap splice 
connection strengthened using UHPFRC. Such performance is achieved with the sectional 
ductility developed in the plastic hinge region, typically located at the column-footing region 
for a column in simple curvature as illustrated in Figure 2b. For cast-in-place construction, the 
plastic hinge develops over a length Lp typically equally distributed between the footing (Lpf) 
and the column (Lpc). The tensile properties of UHPFRC in the lap splice region are such that 
the development of the plastic hinge in the joint above the footing only penetrates slightly in 
the UHPFRC and stops at the first stirrups [1][3]. In this case the plastic hinge length is mostly 
limited to its penetration in the footing. If needed, the plastic hinge length above the footing 
can be increased using sleeves for debonding footing bars, allowing the plastic hinge region to 
extend into the lap splice region, as shown in Figure 3c [1]. The required nonlinear column 
lateral displacement associated with the design earthquake is used to determine the plastic hinge 
length. 

  
 

a) Displacement performance [1] b) Plastic hinge c) Lap splice details 
Figure 2: Lap splice connection design in the plastic hinge region 
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For designing lap splices in UHPFRC, the length ℓs defined in Figure 2c must be determined. 
This length depends on the UHPFRC tensile properties and the lap splice configuration. This is 
the main goal of the research program that has been carried out recently at Polytechnique 
Montreal. 

2.2 Challenges for the design of joints with simultaneously loaded bars 

Large-scale tests carried out by Darveau [3] showed that a lap spliced length of 10 db with 
stirrups (see Figure 1b) using a UHPFRC containing 2% by volume of steel fibres allowed 
developing the full capacity of the lapped bars which failed in direct tension at large strains. 
The precast column performances in terms of ductility and damage exceeded those of the 
control cast-in-place column. Contrarily to the strengthened existing columns which were 
known to be overdesigned, the tested precast column-footing joint was just sufficient in terms 
of bond performance. However, guidelines for designing other joint configurations have not yet 
been developed. 

Circular and rectangular column joints, and long joints such as the example illustrated in 
Figure 3, are characterized with simultaneous loaded bars subjected to high amplitude cyclic 
tensile forces. Development of design rules must account for that situation. To the authors' 
knowledge, very little studies if any have addressed such conditions. This paper proposes a 
multi-step approach using a combination of nonlinear finite element modelling the development 
of a standard bond test for defining design guidelines. Tests on long joints and actual structural 
elements are used for validating the proposed design rules. 

 
 

 
Figure 3: Geometrical parameter definitions for lap splice of long joints 

 

2.3 Nonlinear finite element modelling 

Commercial finite element software Abaqus [11] was used to perform the rib-scale modelling 
of all numerical models, as presented in Figure 4. Linear elastic properties for the reinforcing 
bar were adopted since the purpose of the study is to investigate the ultimate bond strength of 
different lap splice configurations. Tridimensional 8-node linear brick elements with reduced 
integration coupled with a relaxed hourglass stiffness method were used to mesh the bars and 
concrete. All the models were pre-processed, run and post-processed using a Python script. 
UHPFRC behaviour is modelled with concrete constitutive model EPM3D [12] used as a user’s 
subroutine in ABAQUS/Explicit. EPM3D is a general model for the nonlinear finite element 
analysis (NLFEA) of plain, reinforced and fibre-reinforced concrete structures. Isotropic 
nonlinear material properties were assumed in the models presented in this paper. More details 
about the developed model strategy can be found in [8]. 
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a) Interface properties [8] b) Model parts [8], [13] c) Specimen [13] 

Figure 4: Rib-scale finite element modelling of lap splices 
 

2.4 Background experimental and numerical studies for the design of long joints 

Test setups using UHPFRC strips replicating the isolated zone shown in Figure 3 have been 
proposed for determining the bond behaviour of lapped bars [14]. In these tests, tensile forces 
are applied on one bar individually, located at the middle of the strip. A series of tests 4 tests 
with two bar spacing for two UHPFRC showed bond strength reduction in increasing bar 
spacing shown in Figure 5a, which is counterintuitive. Similar observations were also obtained 
by others [14].  

  
a) Experimental results [15] b)  Experimental modelling [16] 

Figure 5: Behaviour of continuous joints with non-contact lap splices 
 

Numerical modelling with Abaqus/EPM3D confirmed the same trend of a reducing bond 
strength with increasing csi, as illustrated in Figure 5b. The numerical model showed that the 
reduced strength is caused by bending stresses when only one bar is pulled. Indeed, the 
UHPFRC strip acts as a continuous beam supported by the two footing bars on both sides of 
the anchored bar. The tension force applied to that bar induces longitudinal tensile ending 
stresses on the top of the strip. These stresses added to the splitting stresses induced by the 
pulled bar anchorage, reduces the bond strength. Further numerical modelling presented on 
Figure 5b show an increase of the bond strength when all bars are pulled simultaneously as 
anticipated. Moreover, the numerical model indicates that pulling on individual bars may 
overestimate the bond strength. Therefore, such test setup cannot be considered as a 
standardized bond test for lap splices in UHPFRC. Nevertheless, the test series reported in [14] 
confirmed that contrary to normal concrete, non-contact lap splice in UHPFRC perform better 
than contact configurations. 
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3 PROPOSED STANDARDIZED BOND TEST FOR UHPFRC 

3.1 Defining the most appropriate configuration  

Challenges for defining a standardized test have been discussed for a long time for normal 
concrete [17] and remain for UHPFRC. This test should be relevant for correctly characterizing 
the main geometrical parameters. For UHPFRC, the casting procedure is important whereas 
there is not yet any standardized test for determining the tensile properties. Some decisions have 
been taken recently. American and Canadian Bridge code committees have decided to use direct 
tension test for characterizing UHPFRC tensile behaviour. In the recent research projects 
carried out at Polytechnique Montreal, two direct tension specimen geometries have been 
retained: a dog-bone specimen with a 50×100 mm cross-section, and 50×50 mm prism of 
constant dimensions. Material properties considered so far lead to very similar results. For both 
specimen types, UHPFRC is given a preferential orientation in the fabrication process such that 
the measured properties are considered ideal. Actual properties in structural elements would 
present reduced strength and ductility. Standardized bond test results would be compared to the 
direct tensile test characteristics. 

In the process of defining the best geometry, several specimens illustrated in Figure 6 were 
tested in a preliminary experimental campaign [16]. They are all identified as Direct Tensile 
Bond (DTB) test specimens, some with contact and non-contact configurations.  

 
Figure 6: Various bond test configurations 

 

The two main conclusions of this test series, and the associated nonlinear finite element 
analyses carried out in parallel, indicate that DTB-1 geometry is the most appropriate one 
whereas preferential fibre orientation perpendicular to the bar orientation would be preferred. 
DTB-2 is too compact and does not allow for a proper flow of concrete. DTCNLB-1 and -2 and 
DT1CLB configurations induced bending stresses that overlap with bond stresses in a similar 
manner as the strip test configuration discussed above. DT2CLB is a contact configuration and 
is not appropriate. DTB test specimens allow considering contact and non-contact lap splice 
configurations, the presence of transverse reinforcement, various dimensions for csi and cso. The 
specimen testing requires conventional laboratory testing equipment. Specimens with geometry 
similar to the proposed DTB test specimen have been used successfully in many test series 
carried by others [18], which confirms the potential of that geometry. 

3.2 Refining DTB test geometry 

Nearly 50 DTB test results reported in literature are shown in Figure 6. These tests constitute 
an important source of information of the various failure modes associated with the main 
governing geometrical parameters. The different shape of data points refers to different 
experimental studies. V-type splitting failure modes are mainly observed for ℓd < 6 db and 
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csi < 1.5 db whereas yielding is obtained for longer embedment lengths with normal bars. Tests 
carried out with high strength bars reached tensile stresses of 1000 MPa for embedment length 
as short as 8 db. Unfortunately not all test series report UHPFRC tensile properties such that 
they could be exploited to develop design guidelines. Moreover, specimen geometry and 
fabrication procedures vary from one series to another. Developing a standard test requires 
defining some minimum geometrical parameters and casting procedures. 

 

 
Legend 
Border colour – Failure mode: Blue = pull-out; Black = concrete; Red = 
yielding 
Filling colour – Cover thickness: yellow c/db ≤ 1 

 green 1 < c/db ≤ 1.5 
 blue 1.5 < c/db ≤ 2 
 red 2 < c/db ≤ 2.5 
 dark grey 2.5 < c/db ≤ 3 
 light grey 3 < c/db 

a) Dimensions b) Published test results [13] 
Figure 6: DTB test specimen dimensions and results 

 

Nonlinear finite element models of DTB test specimens, following the approach described in 
Figure 4, were created with the objective of determining the impact of selecting the geometrical 
parameters (see Figure 6), including bar spacing (csi), bar cover (cso and cr), embedment length 
of the support bar (ℓa vs. ℓd), bar gap (g) and overall specimen dimensions. For these analyses, 
isotropic reduced tensile properties presented in Figure 7a were adopted. Actual measured 
tensile properties of four mixes from two suppliers used in recent experimental programs 
carried out at Polytechnique Montreal are shown in Figure 7b.  

  
a) Adopted reduced values [8][13] b) Actual measured properties [13][19] 

Figure 7: UHPFRC tensile properties 
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The reduction of the maximum strength and strain values are based on previous calibration [8]. 
Reduced values in NLFEA account for the dispersion and orientation of fibres for random 
pouring and are assumed to be conservative average values. 

Results of a previous study [16] indicate that better results are obtained with lateral bar length 
equal to the joint dimension, a condition adopted in the present study. Practically, longer lateral 
bars are used to ease the fabrication process. Lateral bars could be of a diameter larger than the 
tested bar but not less. Too large csi values with a short anchorage length ℓd can create a beam-
type behaviour of the top part of the DTB specimen, as for strips discussed before. To avoid 
this problem, it is recommended that ℓd ≥ csi. Moreover, it is suggested that ℓa ≥ ℓd + 2 db. It was 
also determined that the gap length g has no influence on the specimen behaviour. Although 
DTB test specimens in Figure 8 have very small end-cover cr, further analyses indicated that 
larger covers increase the bond strength. It is suggested to elect cr = csi, justified by the failure 
mechanism, whereas cr ≥ 2 db and not less than 50 mm, both required to ensure proper fibre 
dispersion in the vicinity of the lateral bars which can be affected by the pouring process and 
the presence of the mould. 

    

 

  
a) cso/ db = 2.16 

fs = 354 MPa 
b) cso/ db = 4  
fs = 607 MPa 

c) cso/ db = 6  
fs = 695 MPa 

Figure 8: Predicted failure modes for DTB test specimens with csi=3db and λd=6db [13] 
 

Failure modes and maximum tensile stress for three specimens are illustrated in Figure 8. For 
constant bar spacing and anchored length, varying the cover thickness from 2.16db to 6db 
changed the failure mode from a perpendicular one to a parallel one, with a mixed mode for an 
intermediate value. The initiation of splitting cracks always occurs before the maximum tensile 
force in the bars is reached at splitting failure (shown in colour in the figures). Hence, the 
contribution of the tensile softening part of UHPFRC plays a important role in the bond strength 
(see Figure 7). Finally, it is interesting to note that NLFEA leads to results that are of the same 
order of magnitude as those measured experimentally by others as presented in Figure 6b. 
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3.3 Comparison of DTB test results and long joint behaviour 

DTB test specimens can incorporate the main parameters involved in the design lap splices in 
UHPFRC. However, the link between bond test results and actual structural element behaviour 
of each type of must be established. The adopted approach uses NLFEA prior to carry out 
testing involving real specimens. Tests on continuous joints with bars loaded simultaneously 
have been successfully completed [19]. Prior to carry out these tests, extensive analytical 
studies and DTB test campaign were carried out [13]0. The behaviour of continuous joints of 
various configurations were first studied. This study allowed determining the effect of the 
number of bars simultaneously loaded on the joint performance considering various joint 
geometry. In these analyses, the same displacement was imposed at the end of each bar such 
that the forces could vary according to the position of each bar in the tested joint. Figure 9 
presents the two different modes of failure of two typical continuous joints. In all cases, failure 
occurred after crack localization occurred in UHPFRC, illustrating again the contribution of the 
material in its softening phase.  

  

  
a) Parallel splitting mode for n = 6 

cso/db = 2.16 and csi/db = 1.5 
b) Perpendicular splitting mode for n = 6 

cso/db = 2.16 and csi/db = 3.0 

Figure 9: Typical continuous joint failure modes with λs=6db [13] 
 

Figure 10 presents results of 10 models. For small csi values, failure occurs parallel to the joint. 
In this case the number of bars in the joint does not affect noticeably the force supported by the 
bars. For larger bar spacing, the joint capacity increases with the number of bars pulled 
simultaneously where both the average and maximum bar stresses are affected.  

  
a) Parallel splitting mode for 

cso/db = 2.16 and csi/db = 1.5 
b) Perpendicular splitting mode for 

cso/db = 2.16 and csi/db = 3 

Figure 10: Effect of the number of bars on the bar stress for continuous joints for λs=6db [13] 
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These results indicate that test in continuous joint involving a few bars should lead to 
conservative results. The DTB test model with cr = csi for the configuration of Figure 10b leads 
to a strength of 431 MPa which corresponds to the average value for a joint with 9 bars. 

4 DTB TEST RESULTS 

Extensive experimental investigations of DTB test specimens were carried out [13][19]. 
Moulds such as the one shown in Figure 11 were fabricated. Special attention was paid to have 
the pulled bar and the supporting bars perfectly aligned. For that, moulds with double end-sides 
were fabricated. The gap between the bars was set at ±2 mm. A reservoir, with a length equal 
to the specimen size, was attached to the mould side and filled with UHPFRC. The controlled 
opening of a trap allowed adjusting the flow of concrete in a direction perpendicular to the bar 
orientation, thereby providing a preferential fibre orientation as sketched in Figure 11b.  

Some test results are illustrated in Figure 12. Observed experimental failure modes (Figure 12a) 
were similar to those obtained with the numerical model as presented in Figure 8a. Results 
presented in Figure 12b are from four different mixes with different material properties (see 
Figure 7b). Specimens with identical geometry made with similar materials presented very 
close results, illustrating the replication of results obtained with the proposed DTB test 
specimen. Material with higher tensile strength also produced higher bond strength. A linear 
increase of the bond strength was obtained when increasing the anchorage length in the range 
tested.  

  
a) Mould with double bar supports 
(position of bar cut circled in red) 

b) Preferential fibre orientation 

Figure 11: DTB mould for 30 mm bars [13] 

  
a) Typical failure mode b) DTB test results 

Figure 12: DTB test results [13] [19] 
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The testing program showed the consistency of results when geometrical and material 
properties were changed. The transfer mechanism between the bars in the UHPFRC was studied 
using NLFEA with isotropic and orthotropic UHPFRC properties 0. These studies will serve as 
background for developing design guidelines for lap splices in UHPFRC. 

5 CONCLUSION 

In most design codes, semi-empirical statistical approaches have been adopted to determine the 
bond strength. Consequently, whenever a new material is introduced, such as UHPFRC, these 
equations become unusable. It is commonly agreed that a single bond test cannot be adequate 
to assess different aspects of structural performance. Through experimental programs, this 
paper presents several specimen configurations and test setup performed on individual bars, 
where both concrete and reinforcement are in tension. The benefits and drawbacks of different 
test specimens are discussed. Embedded lengths, concrete confinements selected to represent 
least favourable situations encountered in practice. Based on these studies, the Direct Tensile 
Bond (DTB) test emerged a potential candidate for standardization. DTB test specimens can 
incorporate the main parameters involved in the design lap splices in UHPFRC. A detailed 
nonlinear 3D FE model strategy with reinforcing bar modelled at rib scale was used to highlight 
the importance of accurately selecting the UHPFRC tensile properties, accounting for fibre 
orientation and dispersion. The methodology illustrates how NLFEA can help the reflection 
towards harmonization of a system of bond testing and contribute into the development of 
design guidelines for UHPFRC lap splice connections. This study demonstrates the significant 
effect of boundary conditions and applied load in testing procedures on noncontact lap splice 
configurations. Moreover, the numerical results highlight one of the most important challenges 
in UHPFRC design: the selection of an accurate estimation of the actual tensile properties in 
the structures in terms of strength, strain hardening and softening stage. The role played by 
splitting cracks in bond failure emphasizes the importance of both tensile strength and fracture 
energy of UHPFRC in evaluating the bond strength of UHPFRC connections. 

6 ACKNOWLEDGEMENTS 

The authors would like to acknowledge Natural Sciences and Engineering Research Council 
(NSERC) of Canada, the Center for Research on Concrete Infrastructures of Quebec (FRQNT 
- CRIB), the Quebec Ministry of Transportation and the Canadian Prestressed Concrete Institute 
(CPCI) for their financial support. The in-kind contributions of Beton Préfabriqué du Lac 
(BPDL), King Masonry Products, Sika, Bekaert and MMFX Steel are gratefully acknowledged.  

REFERENCES 

[1] Dagenais, M.-A., Massicotte, B and Boucher-Proulx, G. (2017), “Seismic retrofitting of 
rectangular bridges piers with deficient lap splices using Ultra High Performance Fiber 
Reinforced Concrete”, ASCE Journal of Bridge Engineering, 23 (2). 

[2] Massicotte, B., Jolicoeur, O., Ben Ftima, M. and Lagier, F. (2017), “Effectiveness of 
UHPFRC cover for the seismic strengthening of deficient bridge piers”, Proceeding of 
the 39th IABSE Symposium, Vancouver, BC, Canada, Sept. 21-23, 2723-2730. 

[3] Darveau, P. (2018), “Development of precast columns with UHPFRC lap splice 
connections for seismic applications”, M.A.Sc. thesis, Group for Research in Structural 
Engineering, Polytechnique Montreal, Montreal, Canada (in French). 

337



   
 

[4] Verger-Leboeuf, S., Charron, J.-P. and Massicotte, B. (2017), “Behavior and design of 
UHPFRC field-cast connections between precast bridge deck elements”, ASCE Journal 
of Bridge Engineering. 22 (7). 

[5] Marleau, B., Massicotte, B. and Charron, J.-P. (2018), “Fatigue behaviour of UHPFRC 
joints between precast bridge deck panels”, Report SR18-01, Group for Research in 
Structural Engineering, Polytechnique Montreal, Montreal, Canada (in French). 

[6] Lagier, F., Massicotte, B. and Charron, J.-P. (2015), “Bond strength of tension lap 
splice specimens in UHPFRC”, Journal of Construction and Building Materials. 93, 84-
94. 

[7] Lagier, F., Massicotte, B. and Charron, J.-P. 2016, “Experimental investigation of bond 
stress distribution and bond strength in unconfined UHPFRC lap splices under direct 
tension”, Cement and Concrete Composite Journal. 74, 26-38. 

[8] Lagier, F., Massicotte, B. and Charron, J.-P. 2016, “3D nonlinear finite element 
modeling of lap splices in UHPFRC”, ASCE Journal of Structural Engineering. 
142(11). 

[9] Tazarv, M. and Saiidi, M.S. (2015), “UHPC-filled duct connections for accelerated 
bridge construction of RC columns in high seismic zones”, Engineering Structures 99, 
413-422.  

[10] Nguyen, W., Trono, W., Panagiotou, M. and Ostertag, C. P. (2017), “Seismic response 
of a rocking bridge column using a precast hybrid fibre-reinforced concrete (HyFRC) 
tube”, Composite Structures, 174, 252-262. 

[11] Hibbitt, H. D., Karlson, B. I. and Sorensen, E. P. (2014). “ABAQUS version 6.14, finite 
element program”, Hibbitt, Karlson and Sorensen, Providence, R.I 

[12] Massicotte, B., and Ben Ftima, M. (2017), “EPM3D-v3 – A user-supplied constitutive 
model for the nonlinear finite element analysis of concrete structures”, Report SR17-06, 
Group for Research in Structural Engineering, Polytechnique Montreal, Montreal, 
Canada. 

[13] Bastide, R. (2020), “UHPFRC lap splice behaviour for precast abutment construction”, 
M.A.Sc. thesis, Group for Research in Structural Engineering, Polytechnique Montreal, 
Montreal, Canada (in French). 

[14] Yuan, J. and Graybeal, B. (2015), “Bond of reinforcement in Ultra-High-Performance 
Concrete”, ACI Structural Journal, 112(6). 

[15] Touzain, P. (2019), “Investigation of bond performances in UHPFRC”, Research report, 
Group for Research in Structural Engineering, Polytechnique Montreal, Montreal, 
Canada (in French). 

[16] Rosini, A. (2018), “Design of field-cast UHPC connections for accelerated bridge 
construction in high seismic zones”, M.A.Sc. thesis, Group for Research in Structural 
Engineering, Polytechnique Montreal, Montreal, Canada (in French). 

[17] Cairns, J. and Plizzari, G. A. (2003), “Towards a harmonised European bond test”, 
Materials and Structures, 36(8), 498. 

[18] Roy, M., Hollmann, C. and Wille, K. (2017), “Influence of volume fraction and 
orientation of fibers on the pullout behavior of reinforcement bar embedded in ultra 
high-performance concrete”, Construction and Building Materials, 146, 582-593. 

[19] Renaud-Laprise, C. (2022) “Design of precast abutments”, M.A.Sc. thesis, Group for 
Research in Structural Engineering, Polytechnique Montreal, Montreal, Canada (in 
French). 

[20] Zahedi, M. (2021) “Numerical investigation of the bond behaviour of reinforcing bars 
in UHPFRC”, M.A.Sc. thesis, Group for Research in Structural Engineering, 
Polytechnique Montreal, Montreal, Canada.  

338



Bond in Concrete 2022 
Bond, Anchorage Detailing 
Stuttgart 25th – 27th July 2022 

Steel fibre-cement matrix interaction in a ultra high-
strength concrete: an investigation at the microstructural 
level 

C. Paglia, S. Antonietti, M. Caroselli and G. Corredig
University of Applied Sciences of Southern Switzerland, DACD, Mendrisio, Switzerland.

*Corresponding Author Email: christian.paglia@supsi.ch

ABSTRACT 

An ultra high strength fibre-reinforced concrete was investigated with respect to the uniaxial 
tensile properties. A special focus was given to the microstructure and the interaction of the 
fibres with the matrix. Furthermore, the adhesion strength of UHPC, used as restoration material 
applied on a conventional 53 years old existing concrete, was studied by means of pull-off tests 
and with microstructural investigations. The microstructure of the UHPC was very dense. No 
significant porosity was found between the steel fibres and the matrix. The fibres exhibited a 
rough surface, which promoted the adhesion with the cementitious matrix. The quartz 
aggregates exhibited a tight bond with the fine grained matrix. The direct tensile strength mean 
value was 8 ± 3.6 MPa after 35 days of hydration. The values changed with the fibre quantity 
and spatial orientation. The strength increased when a high amount of fibres was oriented to the 
tensile direction. The fibres were partially bent or broken after the tests. Parallel microcracks 
developed on both side of the main fracture zone, while a densified crack pattern was seen 
around the fibres in the rupture region. The cracks proceeded around the quartz aggregate 
creating a gap around the minerals, while no cracks were seen around the fibres sections. 
Depending on the orientation, the tension was transmitted across the fibres and the cracks 
proceeded over the fibres within the cementitious matrix and along or within the aggregates. 
The mean adhesion strength of UHPC to the existing concrete after 7 days of hydration was 
2.33 ± 0.7 MPa. The rupture occurred within the conventional concrete substrate layer. The 
interface color difference between UHPC and conventional concrete was clearly visible on a 
macroscopic level. Nevertheless, no microstructure or relevant chemical mapping difference 
was observed with SEM between the UHPC and the 53 years old concrete substrate. 

1  INTRODUCTION 

The UHPC is a relatively new cementitious material with compressive strength higher than 150 
MPa, high flowing ability, ductile behaviour, small aggregate particle size from 2.5 to less than 
0.6 mm in diameter, high binder dosage with cement and pozzolanas, water / cement ratio 
around 0.25 and high steel fibre content, from 2 to 6 % by volume [1]. A correlation between 
high compressive strength and small particle size exists [2, 3]. The silica fume content is 
optimized for the compressive strength [4]. UHPC usually contains high amounts of binders, 
fine sand, silica fume, ground quartz, high range water reducer and steel fibres [5]. A special 
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type of UHPC, namely the compact reinforced composite, exhibits a high ductility and tensile 
strength. These are caused by the high steel fibre content [6]. 

The steel fibres are an essential component in UHPC. They are mainly used as a reinforcement, 
to increase the ductility and to implement the tensile properties to a relevant value. The fibre 
content, orientation, geometry, aspect ratio and distribution influence the design and the 
properties of the UHPC [7]. The direct tensile strength appears to significantly improve by using 
deformed fibres instead of straight ones [8], and a considerable improvement is seen with 
twisted fibres [9]. With hooked fibres the reduction of strength is associated on the lowered 
frictional bonding as well as on their length and content [10]. Nevertheless, some results are 
controversial and could be explained by fibre congestion and high bond strength causing matrix 
damage [11]. The orientation of the fibres with respect to the crack propagation may also 
influence the strength. A similar behavior is also observed with prism-like crystals 
homogeneously distributed within the matrix such as ettringite prism in accelerated shotcrete 
mass that may act as crack arrester and increase the strength [12]. 

The UHPC are currently used during rehabilitation works of bridge decks. Increased vehicles 
numbers, loads, freeze / thaw cycles, deck cracking delamination and steel reinforcement 
corrosion enable this very dense and compacted material to be used in relatively thin layers 
(2.5-10 cm overlay) as a water proofing cover. The bond to existing concrete is significant and 
the traditional epoxid-based resin, polymer-based membrane and the mastix asphalt could be 
substituted by UHPC [5]. The UHPC can form a physical barrier against the ingress of water 
and deicing salts to the underlaying steel rebar reinforced concrete deck. In addition, the UHPC 
can be used in bridge rehabilitation. The rehabilitated structures also exhibit an improvement 
in the structural resistance and durability [13]. 

The aim of this work is to investigate the uniaxial tensile strength of UHPC and the adhesion 
strength of UHPC with a conventional bridge deck concrete more than 50 years old with respect 
to the microstructure and the steel-fibre matrix interaction as well as the UHPC-concrete 
interface bond. 

2 EXPERIMENTAL PROGRAM 

The uniaxial tensile strength of the specimens was measured on dog-bone shaped specimens 
[14, 15] after 35 days of hydration and curing under water. The sample thickness was 30 mm, 
the length was 56 cm and the width 5 cm.  

The adhesion strength [16] of the UHPC on the 53 years old concrete deck was tested by means 
of pull-off tests with five measurements pro area after 7 days from the application on site. The 
UHPC thickness ranged between 45 to 70 mm. The UHPC layer was applied with water 
tightness functionality.  

Binocular lenses, optical and SEM microscopy were used to characterize the microstructure 
and for the chemical mapping. 

3 RESULTS AND DISCUSSION 

The UHPC microstructure is very compact. The surface layer is generally depleted from the 
steel fibres. The interior parts exhibit an irregular distribution and orientation of the 
reinforcement steel fibres. The cement matrix is very dense and the porosity is almost absent. 
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Apparently, no cracks are observed. In addition, no secondary products or salt crystallization 
are detected. The aggregate diameter ranges from some micrometers to some millimeters and 
are predominantly quartz-rich components (Fig. 1 left). The interface between the aggregate 
and the cementitious matrix exhibits a very compact texture with no significant porosity or gaps 
(Fig. 1 centre-left). The steel fibres appears homogeneously distributed within the cementitious 
mass. They exhibit different orientations. The fibre surface is generally rough (Fig. 1 centre-
right). This enables a better adhesion fibre-cementitious matrix, although in some cases, fine 
porosity or microcracks are present along the fibre-cement matrix interface (Fig. 1 right). 

Figure 1: Dense microstructure with different fibre orientation (left, black dots and 
cylinders). Quartz aggregate-cementitious matrix interface (centre-left). Fibre rough surface 

(centre-right). Small pores and fine cracks along the fibre-cement matrix interface (right). 

A chemical mapping along the steel fibre-cementitious matrix interface indicates a relatively 
clear boundary between the fibre and the cementitious matrix, in particular for the Ca, Si and 
Fe (Fig. 2). In some of the steel fibres it is possible to measure a Cu coating. 

Figure 2: Elemental chemical mapping of some elements in a fibre region. 

The uniaxial tensile tests exhibit different location of the fracture. Some samples exhibit a main 
rupture located at 2/3 of the gage length. In one case a double fracture starting from the opposite 
edge is observed. In the sample nr. 2 a second crack occurs at the head region after the stress 
peak (Fig. 3).   

Figure 3: Fracture location of the specimens after the uniaxial tensile tests. 
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The specimens exhibit variable values with a mean elastic tensile tension limit f Ute of 7.5 ± 
1.8 MPa, a mean tensile stress f Utu of 8 ± 3.6 MPa, a mean modulus of elasticity EU of 52.6 
± 2.2 GPa and a mean strain with maximum stress ε U tu of 0.66 ± 0.3 [‰] (Table 1). 

Table 1: Uniaxial tensile strength data. 

 

 

The UHPC belongs to the type Uo, where a fUtek [MPa] ≥ 7 (measured 7.5), a fUtuk / fUtek > 
0.7 (measured 1.06) and a minimum fUck [MPa] of 120 are required [14, 15]. 

A closer evaluation of the graph indicates a stress hardening for the specimens nr. 1, 2, 5 (fUtu 
/ fUte > 1.0), a lack of stress hardening for the specimens nr. 3 and 6, while the specimen nr. 4 
exhibits a stress hardening, but no straight line is seen at the initial tension phase. This might 
be caused by a possible initial damage, so that it is not included in the evaluation (Fig. 4). 

 

Figure 4 Uniaxial tensile strength curves of the specimens.  

 

During the tests the whole specimens and sections are under tension. The cracks open in the 
weaker position and depend on fibre content and orientation. Generally, no stress hardening is 
observed where no fibres are oriented to the tension direction (Fig. 5 left-centre), especially for 
the specimen nr. 3 and nr. 6. On the contrary, a clear stress hardening is seen where more fibres 
are oriented to the tension direction as for the specimen nr. 1 (Fig. 5 centre-right). The fibres 
orientated perpendicular to the crack opening direction act as a restrain for the crack opening 
opposite surfaces. On the other hand, fibre-like shape as for the ettringite crystals may act as  a 
barrier to crack propagation [12]. Local inhomogeneities caused by the high orientation of the 
fibres, which almost form a layered structure (Fig. 5 right) during the sample preparation, may 
be present also on site in some narrow areas and between the rebars. Especially where the 
UHPC is used as a restoration material. Consequently, local stresses may control the cracking 
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mode and the variable rupture behaviour of the specimens as seen for the dog-bone shaped 
tensile specimens. These latter are also influenced by the formwork geometry and dimension, 
respectively the material features. 

   

 Figure 5: Local fibre concentration and orientation for the sample in the  
uniaxial tensile tests. 

 

Several microcracks run parallel to the main crack until approximately 10 mm away from the 
rupture (Fig. 6 left). When the fibres are oriented longitudinally to the tension direction, the 
microcracks appear to change in number (Fig. 6 centre). If the fibres are oriented transverse to 
the tension direction, the tension is transmitted across the fibres and the microcracks continue 
over the fibres, sometimes through the aggregates (Fig. 6 right). 

 

Figure 6: Microcrack pattern near to a main rupture zone of a tensile tested specimen. 

 

In the case where the fibres are poorly oriented, the rupture zone seems to be accompanied by 
a higher number of microcracks aside from the rupture (Fig. 7 left), while with a higher 
orientation of the fibres, the microcracks are more located within a narrow rupture zone (Fig. 7 
centre-left).  

 

Figure 7: Image on the binocular lenses of the rupture zone with poorly (left) and highly 
oriented fibres (centre-left) and SEM images with cracks around a fibre (centre-right) and a 

cracked fibre (right). 

 

343



   
 

 
 

Often a pull-out of the fibres from the cementitious matrix is observed. The fibres are generally 
bent due to the tension. In this concern, also straight fibres act as a partially twisted fibres in 
the region of stress accumulation. This may explain the controversial strength results for 
straight, twisted and hooked fibres [8, 9, 11]. Lost of adhesion and microcracks are observed 
around the fibres (Fig. 7 centre-right). Rarely some fibres are cracked (Fig. 7 right).  

The adhesion strength of the UHPC applied to the bridge deck on a 53 years old concrete 
indicates a mean value of 2.33 ± 0.7 MPa out of 10 measurements (2 areas of 5 measurements). 
The rupture mainly occurs within the concrete (9 of 10 pull-off tests) also by relatively low 
adhesion strength (1.4 N/mm2). Nevertheless, the values are generally high considering only 7 
days of hydration. Optically a visible difference in color exists between the restoring UHPC 
cementitious material applied on the bridge deck and the underlaying old concrete. The UHPC 
exhibits a dark colored fine grained matrix, while the old concrete a light grey coarse grained 
one. On a macroscopic level the interface line between the two materials is clearly visible (Fig. 
8 left). Especially the 3D orientation of the fibres are clearly to recognize. They appear as black 
dots and lenses (Fig. 8 centre). At a slightly higher magnification the interface is still visible 
(Fig. 8 right). 

 

Figure 8: Interface region between the UHPC and the old concrete bridge deck. 

 

In the efflorescence resin impregnated specimens, macroporosity and fine capillary porosity are 
present within the old conventional concrete. On the other hand, within the UHPC material, 
small pores are only occasionally present. The matrix surrounding the aggregates appears very 
dense. Along the interface only a rare presence of pores can be observed (Fig. 9 left). This 
results in a tight bond between the two materials. The steel fibres are not always homogeneously 
distributed within the UHPC cementitious mass. In addition, the light incidence on the surface 
and the reflection enables the Cu-coating of some fibres to be clearly identified (Fig. 9 right). 

 

Figure 9: Interface between the UHPC and the old concrete of the impregnated specimens. 
Note the porosity (dark green dots) in these latter samples. 
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Precise localizations of the boundary regions was carried out by means of visual and optical 
microscopy (Fig. 10 left, left-centre). Subsequently the investigations were performed on a 
more microscopic level with a SEM device. From a microstructural point of view it is basically 
not possible to identify a clear interface boundary as it is with the investigation at a macroscopic 
level (Fig. 10 right).  

          

Figure 10: Detail investigation of the interface region microstructure with an optical (left and 
centre) and a SEM microscope (right).  

 

In addition, chemical mapping was performed on a SEM device in order to identify possible 
chemical element diffusion across the interface (Fig. 11).    

        

         

Figure 11: Microstructure and chemical mapping of the interface UHPC-old concrete. 

 

As it can be seen from the images, no microstructural and chemical clear distinction of the 
interface is observed. Apart from some Quartz aggregates identified with the Silicon content, 
the other elements such the Calcium, Aluminum, Sulphur and Oxygen exhibit a relatively 
homogeneous distribution. No chemical distinction can be done. A similar observation was also 
seen for the Sodium. The chemical basic similarity of the two material, the poor presence of 
porosity and the high adhesion strength in a short hydration time build a relatively good premise 
for the durability of the restoration modality of the bridge deck [5, 13].   
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4 CONCLUSIONS 

An ultra high strength fibre-reinforced concrete was investigated with respect to the uniaxial 
tensile properties, the microstructure and the interaction of fibres with the matrix. Furthermore, 
the adhesion between the UHPC studied in this paper and conventional concrete was 
investigated by means of (a) pull-off tests aimed at quantifying the adhesion strength and (b) 
microstructural analyses of the interfacial region. 

The microstructure of the UHPC was very dense. No significant gap or porosity was found 
between the steel fibres and the matrix. The fibres exhibited a relatively rough surface, which 
promoted the adhesion of these latter with the cementitious matrix. In most cases, the quartz 
aggregates also exhibited a tight bond with the fine grained matrix.  

Face to the compressive strength close to 160 MPa, the direct tensile strength mean value was 
8 MPa after 35 days of hydration. The values exhibited a variation dependent on the fibre 
quantity and spatial orientation. The strength increased when a high amount of fibres was 
oriented to the tensile direction. They were partially bent and in rare cases were broken after 
the tests. Parallel microcracks often developed within the main fracture zone, while a densified 
crack pattern was observed around the fibres in the rupture region. In some cases, the cracks 
proceeded around the quartz aggregate creating a gap around the minerals, while no cracks were 
observed around the fibres sections. The tension was transmitted across the fibres and the cracks 
proceeded over them within the cementitious matrix and along or within the aggregates.  

The mean adhesion strength after 7 days of hydration was 2.33 MPa. A relatively high value in 
such a short time. The rupture mainly occurred within the conventional concrete substrate layer. 
The interface between UHPC and the conventional concrete remained clearly visible on a 
macroscopic level with a color difference. Nevertheless, no microstructure or relevant chemical 
mapping difference were observed with SEM between the UHPC and the 53 years old concrete 
substrate. 
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ABSTRACT 

This study aimed to investigate the effect of fiber orientation distribution on the bond behavior 
of deformed rebar in fiber-reinforced cementitious composite (FRCC) using a discrete short 
fiber model based on 3D RBSM (Three-Dimensional Rigid Body Spring Model). The deformed 
rebar was modeled using beam element where the local bond stress-slip model of rebar was 
assigned at link element and the matrix is modeled by using Voronoi mesh. The model was 
extended for FRCC that the short fibers were modeled in a discrete manner inside the 
volumetric domain of Voronoi mesh. Initially, the FRCC model based on 3D RBSM was 
calibrated for the direct tensile test of PVA (polyvinyl alcohol) FRCC with the effects of fiber 
orientation and distribution. Then the model was utilized for the simulation of one end pullout 
experiment of deformed rebar in plain mortar and PVA FRCC. The bond behavior of deformed 
rebar could be reproduced by the FRCC model without altering the local bond stress-slip 
relationship of rebar, where the performance of individual fibers found effective to improve the 
bond behavior especially the splitting bond characteristics of PVA FRCC. The influences of 
fiber orientation and distribution were not found significant in case of macro bond performance 
of PVA FRCC whether the effects found more significant in case of mechanical performance 
in direct tensile behavior of PVA FRCC. 

1  INTRODUCTION 

Fiber-reinforced cementitious composites (FRCC) seems to be effective to improve the bond 
ductility of deformed rebar due to its high tensile resistance and strain capacity. In this regard 
several studies were conducted on the investigation of bond performance of FRCC where it was 
proved that the influences of discrete fibers improves the splitting bond characteristics of the 
rebar inside the FRCC (Harajili et al. [1], Bandlt et al. [2], and Cai et al. [3]). Several studies 
(Kanakubo et al. [4] and Zhou et al. [5]) also conducted regarding the fiber orientation and 
distribution effects which were limited only to the mechanical performamce of FRCC with 
polymer or steel fibers rather than the bond performance of FRCC.   

Moreover, the analytical modelling of the bond behavior of rebar in FRCC can be classified 
from the design equation based modelling to 3D FEM based modelling. The design equations 
based modelling can predict the bond performance well but the internal mechanism regarding 
stress and crack distribution are not possible to obtain from these types of modelling. The 3D 
FEM based analysis also conducted by numerous researchers (Bandlt et al. [2] and Cai et al. 
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[3]) which have limitations in estimating the explicit contribution of fiber rather concentrates 
on the 3D effects of rebar like ribs and lugs effects. The discrete modelling of fiber based on 
FEM was also presented in some studies (Kang et al. [6]) but those were only limited to the 
single fiber level to mechanical behavor of FRCC. On the other hand, the discrete fiber 
modelling of fiber based on lattice model like 3D RBSM shows its potential to assess the 
performance of indivdual fiber more accurately (Kunieda et al. [7]). 

The objectives of this study is to investigate the influence of fiber orientation and distribution 
on bond performance of deformed rebar in FRCC, where the rebar is modelled as beam-link 
element and the equal local bond stress-slip relationship of rebar is asumed for plain mortar and 
FRCC. In this study, a discrete fiber model based on 3D RBSM is utilized to investigate the 
bond performance of rebar in PVA fiber based FRCC with respect to the fiber orientation and 
distribution. In this regards, the mechanical performance of FRCC is investigated at first by 
using the FRCC model and gradually validate the model for one end pullout experiement and 
then conducted the analysis to seek the effects of fiber orienation and distritbuion.  

2 NUMERICAL METHOD AND MODELLING 

The meso-scale 3D RBSM is used in this study to model the matrix phase of composites. The 
applications of RBSM show its potential to simulate local and global behavior of cementitious 
material under different types of loadings (Gedik et al. [8] and Yamamoto et al. [9]). Moreover, 
the RBSM can directly deal with cracks in cementitious material where matrix is partitioned 
into assemblage of rigid particles by using Voronoi mesh design and interconnected by zero-
size springs along its boundary as shown in Fig. 1, also outlined in Yamamoto et al.  [9].  The 
constitutive model of matrix phase of composites is assigned to those set of zero-size springs. 

Figure 1: Schematics of RBSM element. (left: Specimen model produced by Voronoi mesh; 
middle: pairs of element; right: zero size spring at the contact surface of elements) 

The constitutive models of cementitious material set in RBSM are comprised of three models 
which are tension, compression and shear as shown in Fig. 2 (a to c). The tension and 
compression model are set for normal spring of Voronoi surface, while the shear models are set 
for the tangential springs. The Mohr-coulomb type failure criteria is used for shear spring (Fig. 
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2e). The details about the constitutive models and its calibration for concrete materials were 
verified in the study of Yamamoto et al. [9]. 

   
a) Tensile model b) Compression model c) Shear spring model 

  
d) Softening coefficient for shear spring e) Mohr-coulomb criteria 

Figure 2: Constitutive model of cementitious material. 
 

2.1 Beam Element based Model of Deformed Rebar 

The deformed rebar is modelled by using beam element and the link element is used to connect 
the beam element with RBSM element as shown in Fig. 3a (Yamamoto et al. [9]). The local 
bond stress-local slip relationship of deformed rebar (Fig. 3b) is assigned to link element, which 
was recently proposed by Farooq et al. [10]. The details along with the validations of the model 
have already been discussed by Farooq et al. [10]. In this regard, the objective of the study is to 
investigate the bond performance of deformed rebar with the assumptions of equal local bond 
stress-slip relationship of rebar in the one end pullout analysis conducted for the plain mortar 
and PVA FRCC. 

  
                       a) Beam element model                   b) Local bond stress-slip model of rebar 

Figure 3: Beam element-based rebar model 

2.2 FRCC Model 

A discrete type FRCC model based on 3D RBSM utilized in this study which is the extended 
version of the model proposed by Kunieda et al. [7]. The details of FRCC model are illustrated 
in Fig. 4 where the model was separated into mesh and analysis part. The FRCC model starts 
to work with the mesh part where discrete fibers can be arranged in both way either in random 
or decided orientations inside the volumetric domain of Voronoi mesh (Fig. 4b). A zero-size 
virtual spring (red dot) is placed where fiber crosses the boundary of two Voronoi cells, and the 
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force transfer by fibers across a crack plane acted on the spring (Fig. 4c). Both the short and 
long embedment length (blue and green) of fiber is calculated for each fiber. A shorter 
embedment length (blue) is defined as the target embedded length, 𝑙 , since it is assumed that 
pullout behavior of the fiber prevails at a shorter side of the embedment length. The extension 
of the FRCC model comprises with the modification of the local bond-slip model of discrete 
fiber including the equation for the prediction of local bond strength of PVA fiber and the local 
bond kinematics of bond-slip model to properly simulate the pull out of the fiber from the matrix 
(Fig. 4e). The analysis part starts with the calculation of axial tensile stress at the pre-cracking 
stage of matrix as Fig. 4d. The proposed local bond-slip model acts between the fiber and matrix 
interface after cracking of matrix (Fig. 4e). Finally, the fiber load calculated by earlier steps are 
magnified by using the snubbing effects (also called angle effects) as Fig. 4f. The strength 
reduction and breaking of fibers also considered in the model to justify the effects of surface 
damage of fiber due to the fiber pullout in an angle (Fig. 4g). The FRCC model along with the 
proposed part are calibrated and validated for the single PVA fiber pullout test prior to the 
study. 

 

Figure 4: Outline of the FRCC model 
 

3 SIMULATION OF TENSILE BEHAVIOR OF FRCC 

The FRCC model has been utilized to investigate the tensile behavior of PVA fiber composites 
(PVA FRCC) in terms of the effects of fiber orientation. The direct tensile test was conducted 
by the Kanakubo et al. [4] and the material properties along with the PVA fiber properties as 
utilized in the analysis are given in Table 1.  
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Table 1: Parameters considered in the numerical analysis 

Parameter Unit Definition Values Sources 

Matrix Properties 

𝐸 GPa Elastic Modulus 20.357   
Sunaga et al. [11] 𝑓’  MPa Compressive Strength 41.6 

𝜎  MPa Tensile Strength 2.76 
𝐺  N/m Fracture Energy 20.26 JSCE [13] 

Short Fiber Properties; Fiber Type: Polyvinyl Alcohol (PVA) 

𝑙  mm Fiber Length 12   
  

 
Sunaga et al. [11] 

𝑑  mm Fiber Diameter 0.1 

V
f
 % Volume Fraction 1 and 2 

E
f
 GPa Fiber Elastic Modulus 28.0 

σ
uf

 MPa Fiber Tensile Strength 1200 

Fiber-Matrix Interaction 

f -- Snubbing Coefficient 0.9  
Li et al. [14] f' -- Strength Reduction Coefficient 0.3 

Rebar Properties 

𝑑 mm Diameter of Rebar 16   
 

Sunaga et al. [11] 
𝑓  MPa Yield Strength 491 

𝐸  GPa Elastic Modulus 188 
𝑙 mm Bond Length 64 

 

The matrix phases used in the experiment is plain mortar with no coarse aggregate. The 
compressive strength, 𝑓′  and elastic modulus, 𝐸 of matrix as utilized in the analysis is about 
41.6 MPa and 20 GPa respectively, as found directly from the experiment. The estimated 
fracture energy, 𝐺  is about 20.26 N-m, while the input fracture energy, 𝑔  in the analysis model 
is almost half according to the constitutive model and kept similar for all the analysis along 
with the simulation of mechanical and bond behavior of FRCC.  

The direct tensile test was conducted by using a dog bone shaped specimen with a dimension 
of 510mm X 100mm X 50mm (Fig. 5) for PVA-2% FRCC with an object to check the fiber 
orientation effects by controlling the casting direction of composites. The dog bone specimen 
is modelled (Fig. 5) by using Voronoi mesh design with a mesh size = 10 mm and fiber is 
arranged with random position and specified orientation angles as found from the experiment 
with PVA-2% fiber. In the experiment, an image analysis was conducted to find out the fiber 
angle due to the variation in casting direction. Fig. 6 shows the fiber orientation found for 
horizontal casting in experiment which are reproduced in the simulation model according to the 
provided information in experiment. 
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Figure 5: Specimen 

model for direct tensile 
test 

 

Figure 6: Fiber orientation in horizontal casting: experiment to simulation 

 

Due to the boundary effects during casting, the fibers were occupied almost normal to the 
loading direction during horizontal casting and occupied the parallel direction of loading during 
vertical casting. The fiber angle, α and β are assigned in specimen model correspond to the 
angle along X-Y and X-Z plane in experiment respectively (Fig. 6). The fiber angle, α ranges 
from -45° to 45° and the fiber angle, β ranges from -90° to 90° during horizontal casting in 
experiment as found from the image analysis. Similarly, the α and β ranges from 0° to ±90° 
during the vertical casting in experiment. The similarities of the fiber angles between 
experiment and specimen model can be visually observed for horizontal casting from Fig. 6 (c 
and d).  

In the analysis, the direct tensile load is applied as displacement control at the top of the 
specimen by using rigid plate while the other end of the specimen remains fixed (Fig. 5). The 
analysis results (Fig. 7) indicate that the FRCC model can reproduce the fiber orientation effects 
under tensile loading for both the vertical and horizontal casting. The analysis for plain mortar 
also includes here to compare with the effects of fibers with respect to plain mortar. The RBSM 
analysis for the specimen with perpendicularly orient fibers by vertical casting (PVA-2% FRCC 
(Ver.)) shows low ductility (Fig. 7a)  as compared with the fiber orients axially by horizontal 
casting (PVA-2% FRCC (Hor.)) at Fig. 7b. Fig. 7c shows the deformation behavior of dogbone 
specimen found from analysis at the crack width = 2 mm, corresponds to the anaysis results of  
Fig. 7a and 7b. The overall deformation behavior (Fig. 7c) under tensile loading is found brittle 
by formation of single crack at the vicinity of stress concentration for plain mortar and PVA-
2% FRCC (Ver.), as like the observation of experiment. On the other hand, the deformation of 
PVA-2% FRCC (Hor.) is found relatively ductile after the peak tensile stress (Fig. 7c). 
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(a) Fiber distribution with vertical casting (b) Fiber distribution with horizontal casting 

 
(c) Deformation under direct tensile loading (crack width = 2 mm) 

Figure 7: Analysis results reproduced the tensile behavior of PVA-FRCC 

4 BOND BEHAVIOR SIMULATION OF DEFORMED REBAR IN FRCC 

The FRCC model is thus applied to the investigation of bond performance of deformed rebar 
in FRCC under one end pullout experiment conducted by Sunaga et al. [11] from the same 
series of experiment as before. The one end pullout experiment was conducted on the prismatic 
shaped specimen with central position of rebar having a dimension of 100x100x120 mm3. The 
matrix, rebar and fiber properties are used in the experiment as same as Table 1. The deformed 
rebar used in the experiment with a diameter, d: 16 mm and yield strength, 𝑓 : 491 MPa. The 
specimen is modelled using Voronoi mesh design with a mesh size 10 mm and fiber arranged 
randomly inside the Voronoi mesh as shown in Fig. 8. 

 

Figure 8: Specimen model for bond analysis of rebar  
(from left to right: Specimen model, Rebar model and FRCC model) 

 

The rebar is modelled (red line in rebar model) using beam-link element model of 3D RBSM 
where the local bond-slip model for deformed rebar is assigned to the link element at the bond 
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length (4d) of rebar, as discussed in chapter 2.1 (Fig. 3b). The bond length of the rebar was 64 
mm (4d) in experiment which is assigned at the central part of the rebar model as shown in Fig. 
8. The properties of rigid plate (top of the specimen) are assigned according to the assumptions 
of Karam et al. [15] since Teflon sheet with grease was used in the experiment between the 
steel rigid plate and specimen to eliminate the frictional effects. The analysis is conducted in a 
similar manner of experiment by applying the pullout load as displacement control at the top of 
the rebar and measure the resulting slip and pullout load of rebar. The macro bond stress 
calculated by τ =  (Pullout load)/πdl, where d is the diameter of rebar and l is the bond length 
(4d) of rebar. 

The local bond stress vs. local slip model of rebar proposed by Farooq et al. [10] has already 
been validated for conventional concrete, thus the application of the model is further extended 
in this study for plain mortar. The analysis results (Fig. 9a) for plain mortar indicates the 
capability of the local bond-slip model of rebar to reproduce the macro bond behavior in plain 
mortar along with proper deformation and cracking as experiment.  

 

a) Plain Mortar b) PVA-1% FRCC c) PVA-2% FRCC 

Figure 9: Validation results of bond behavior of rebar 

 

The bond behavior of deformed rebar in PVA-FRCC is also investigated through the analysis 
where the local bond stress vs. local slip model of rebar remains similar as utilized in case of 
plain mortar. Fig. 9b and 9c shows the analysis results of one end pullout test for PVA FRCC 
with 1% and 2% PVA fiber. The inset image of Fig. 9 indicates the deformation behavior found 
in analysis (end slip = 4.0 mm) and the related experimental behavior. Since the local bond-slip 
model of rebar is equal with plain mortar, the improvement of bond strength can specifically 
be classified as the performance of discrete fibers through the FRCC model. In case of PVA 
FRCC (Fig. 9b and 9c), the fiber starts to work after initialization of cracks in matrix which can 
be observed from the shape drop after peak bond stress and the contribution of fibers can be 
classified as the development of residual bond strength after initialization of splitting cracks. 
Although the differentiation between the splitting (peak) and residual bond strength is difficult 
to obtain directly from the experiment but the analysis results can easily differentiate the effects 
of fiber in the development of residual bond strength.  

The deformation of the PVA FRCC specimen shows sufficient ductility than plain mortar in 
terms of crack width, length, and distribution. The splitting crack width and length are reduced 
at same slip level (= 4 mm) with the increment of fiber content from 0% to 2%. The comparison 
of the deformation behavior at same slip level (Fig. 9) indicates that the formation of multiple 
micro cracks in PVA FRCC contributes to avoid the formation of splitting crack plane as plain 
mortar (Fig. 9a), which also contributes to develop the residual bond strength in PVA FRCC.  
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5 FIBER ORIENTATION DISTRIBUTION EFFECTS ON BOND PERFORMANCE 

5.1 Fiber orientation effects 

The fiber orientation effects in bond performance of rebar are also investigated with the same 
model of previous chapter (Fig. 8). Since there is no related experiment found on the effects of 
fiber orientation in the bond performance of PVA FRCC, the pullout analysis of rebar is 
conducted assuming the similar fiber orientation found from direct tensile test (chapter 3). The 
fibers are arranged inside the specimen model depending on the orientation angle due to the 
variation of the casting direction. The fiber angles are decided as, α = -45° to 45° and β = -90° 
to 90° during horizontal casting (Fig. 10b) and α, β = -90° to 90° during vertical casting (Fig. 
10c). The other materials like matrix, fiber and rebar properties remains same as previous 
analysis (Table 1). 

 
 
 

   
a) Specimen model XZ Plane:  

β =-90° to 90° 
XY Plane:  

α =-45° to 45° 
XZ Plane:  

β =-90° to 90° 
XY Plane:  

α =-90° to 90° 
b) Fiber orientation in horizontal 

casting: PVA2% (Hor.)  
c) Fiber orientation in vertical casting: 

PVA2% (Ver.) 

Figure 10: Fiber orientation in specimen model based on casting direction. 

 

Fig. 11 shows the analysis results of PVA1% and 2% FRCC with three different fiber 
orientations: i) random orientaion, ii) horizontal casting and iii) vertical casting. The analysis 
results for random orientation are taken from the validation results of Fig. 9, where the fiber 
orientation was assumed as random. The analysis results in Fig. 11 shows the similar macro 
bond behavior for all three orientation cases which indicates that the overall effects of fiber 
orientation are not significant in bond performance of rebar, whether the influences are found 
dominant for the mechanical performance of PVA FRCC in direct tensile analysis (Fig. 7). The 
incorporation of fibers inside the specimen could improve the splitting bond characteristics of 
PVA FRCC while the fiber orientation could not be a significant parameters in this regards.  

 
Figure 11: Effects of fiber orientation based on casting direction 
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On the other hand, the effects of fiber orientation are also investigated based on the defined 
angle of fiber such as α = 0°, 45° and 90°; while the angle, β remains random for all cases. The 
defined angle of fiber means that all the fibers inside the specimen orient at same angle, 𝛼.  
Although, the defined fiber angle condition looks to be hypothetical, but it helps to understand 
the effects more clearly. Fig. 12a shows the fiber orientation inside the same specimen as used 
before, where the fiber angle is arranged from perpendicular direction (α = 0°) to the parallel 
direction (α = 90°) of rebar axis (red line) with same volume percentages (1% and 2%).  

   

  

a) Fiber orientation b) PVA1% FRCC c) PVA2% FRCC 

Figure 12: Fiber orientation effects: defined angle condition 

 

The macro bond behavior for PVA1% FRCC (Fig. 12b) shows that the bond capacity is 
decreasing while the fiber orientation is gradually aligned parallel to the rebar axis. Similar 
observation with higher intensity also found for PVA2% FRCC (Fig. 12c). The bond stress 
generated in radial direction from the rebar which attracts the performance of the 
perpendicularly orient fibers more than the parallelly orient fibers. 

5.2 Fiber distribution effects 

The fiber distribution could be a determining factor for the bond performance of rebar 
depending on its position. In this regard, the fiber distribution effects are investigated with the 
central (Fig. 13a) and edge distribution of fibers (Fig. 13a). The central distribution (Fig. 13a) 
is assumed with a view to investigating the performance of fibers in delaying the crack initiation 
from the rebar location while the fiber distribution at the edge is assumed to see the effects of 
improvement of the stiffness of matrix at the cover region of rebar. Fig. 13a and 13b shows the 
central and edge distribution of fibers for PVA1% FRCC with respect to whole cross section 
(100 x 100 mm2) and the rebar position always sets at the center of cross section. The fiber 
content with respect to the whole cross section are 1% by volume but the reduction of the fiber 
distribution area from C0:100mm to C4:40mm (Fig. 13a) increases the local percentages of 
fiber inside the fiber distribution area from 1% to 6% respectively. Similarly, the 1% (by 
volume) fiber are also arranged at the edge of specimen from 10 mm to 30 mm as shown in Fig. 
13b to investigate the subsequent effects. 
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C0:100mm C1:80mm C2:60mm C3:50mm C4:40mm S1:10mm S2:20mm S3:25mm S4:30mm 

a) Distribution arround the rebar b) Distribution at the edge of the section 

Figure 13: Fiber distribution inside the Voronoi mesh of specimen model 

 

The analysis results (Fig. 14a) shows that the fiber distribution around the rebar improves the 
bond performance of PVA FRCC. The macro bond stress increases due to the reduction of fiber 
distribution area around the rebar from C0:100mm to C2:60mm (Fig. 14a) with proper bond 
ductility. The sudden drop in bond stress encounters after peak bond stress for the distribution 
of C3:50mm to C4:40mm due to the bond failure between the contact of fiber and non-fiber 
region of the specimen, which can be observed from the deformation behavior (Fig. 15).  

a) Fiber arround the rebar b) Fiber at the edge of cross section 

Figure 14: Effects of fiber orientation 

 

Fig. 15 shows the overall deformation and cracking (slip = 1.0 mm) of the vertical section at 
the mid height of the specimen (Y = 60 mm) for different distribution of fibers. The crack scale 
is determined from the micro (0.01 mm) level to the visual level (0.2 mm) to see the effects in 
splitting nature of PVA FRCC. The fiber distribution around the rebar contributes to delay the 
crack initiation from the rebar location (Fig. 15). The effects of the reduction of fiber 
distribution area (C1:80 m to C4:40mm) contributes to the increase of local percentages of fiber 
around the rebar which improves the bond stress as well the deformation and cracking behavior. 
Initially, the cracking occurs (Fig. 15a) as like of regular distribution (C0:100mm) from the 
vicinity of the rebar location. Gradually, the crack patterns shifted to the contact area of fiber 
and non-fiber region depending on the local fiber percentages, which increased from 3% to 6% 
by volume due to the reduction of distribution area from C2:60mm to C4:40mm respectively 
(Fig. 15a). 

On the other hand, the fiber distribution at the edge of the section is not found effective to 
improve the proper residual bond stress in FRCC although the distribution area increases from 
S1:10mm to S4:30mm (Fig. 14b). Similar effects also observed from the deformation and 
sectional cracking behavior (Fig. 15b), where the deformation and cracking behavior seems to 
be similar for all cases (S1:10mm to S4:30mm). The crack initiates from the rebar due to the 
radial bond stress generated by the pullout load and the presence of fiber could delay the 
formation of cracks. In case of the edge distribution of fibers, the fibers were removed from the 
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rebar location which could not produce the sufficient effects in delaying the crack formation 
around the rebar location. 

 
 

 

 Ver. Sec.  Ver. Sec.  Ver. Sec.  Ver. Sec. 

 

 

 
 

 

 

 
 

 

 

 
 

 

 

 
 

C1:80mm C2:60mm C3:50mm C4:40mm 
a)  Deformation and sectional cracking for central fiber distribution  

 

 

 

 

 

 

 

 

 
 

 

 

S1:10mm S2:20mm S3:25mm S4:30mm 
b)  Deformation and sectional cracking for edge fiber distribution 

Figure 15: Deformation behavior for different fiber distribution (End slip = 1 mm) 
(Ver. Sec.: vertical section at mid height; Crack scale: Blue: 0.01mm, Red: 0.2mm) 

 

6 CONCLUSION 

Several conclusions can be made based on the outcome of the study where the bond 
performance of deformed rebar are investigated based on 3D RBSM and the rebar modelled as 
beam element with the assumption of equal local bond stress-slip relaionship (Farooq et 
al.,2020) of rebar, as used for plain mortar. 

1. The FRCC model can replicate the mechanical behavior of PVA FRCC in terms of fiber 
orientation and distribution. 

2. The bond behavior of deformed rebar can also be reproduced by the FRCC model based 
on 3D RBSM without altering the local bond stress-slip relaionship of rebar. 

3. The influences of fiber orientation and distribution for PVA FRCC is not found 
significant in the bond performance of deformed rebar whether the influcnes found 
effective in mechanical performance of PVA FRCC. 

4. The fiber orientation effects found substantial in case of defined fiber angle (α = 0°, 45°, 
90°), where the perpendicularly orient fibers are performed better than the parallelly 
orient fibers relative to the rebar axis. 

5. The fiber distribution effects found dominant for the distribution arround the rebar due 
to crack restraint effects of surrounding fibers, which are more intensive for the fiber 
distribution at the smaller region with the local fiber percentages more than 1.0% by 
volume. 

6. The high local fiber percentages (>3.0% by volume) can induce a new kind of local 
failure between the contact surface of fiber and non-fiber region in terms of fiber 
distribution effects. 
 
 

0.2 mm  0.01 mm 
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ABSTRACT 

Strengthening concrete structures by using Externally-Bonded (EB) Fiber Reinforced Polymer 
(FRP) composites is widely accepted worldwide as an effective method to enhance structural 
performance. In order to improve both the structural safety and serviceability, prestressed FRPs 
are used to recover part of the effect of sustained loads, which also leads to decreasing the crack 
width and deflection. 

However, the strengthening efficiency relies on perfect bond between FRP and concrete. In 
flexural strengthening of beams, bond between FRP and concrete should be good enough not 
only in the intermediate bending moments region but also at the beam ends. Single lap-shear 
tests are used to study the end anchoring resistance of nonprestressed FRP at the beam end. On 
the other hand, prestressed FRP strip should be safely anchored at beam end to transfer the 
prestressing force to concrete substrate. End anchorage behavior of prestressed FRP is 
investigated through prestress force-release tests. 

This paper aims at describing the bond behavior in both single lap-shear tests and prestress 
force-release tests and explaining the mechanical differences. Bond mechanisms are explained 
comprehensively through experimental observations and analytical studies. Deformation, 
stress, and strain evolutions are discussed to elaborate on the different bond behavior of 
nonprestressed and prestressed carbon FRP (CFRP) to concrete.  

The conventional method for bonding CFRP strip to concrete is the so-called externally bonded 
reinforcement (EBR) method. Furthermore, in order to increase the bond resistance between 
FRP strip and concrete, an innovative method called externally bonded reinforcement on 
grooves (EBROG) is examined in this paper. The different bond mechanisms in EBR and 
EBROG methods are compared in nonprestressed and prestressed CFRP. Experimental results 
demonstrated that using the EBROG method significantly improved the bond resistance of 
CFRP strips to concrete. Transferring the shear stresses to deep layers of concrete increased the 
bond resistance in EBROG method. 
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1  INTRODUCTION  

Strengthening reinforced concrete (RC) structures with fiber reinforced polymer (FRP) 
composites has been introduced over the last three decades [1]. While FRP strengthening is 
widely accepted in civil engineering applications, its actual efficiency relies on perfect bond 
between the FRP and concrete substrate. Premature debonding of FRP composite off the 
substrate may significantly prevent the mechanical contribution of the external strengthening 
can be fully exploited. When an RC beam is strengthened in bending with FRP, debonding of 
FRP at the beam end (as well as intermediate flexural or shear-flexural debonding) should be 
taken into account. The aim is to safely anchor the FRP at the beam end and limit the design 
stress and strain below the debonding capacity. Single lap-shear tests are usually used to 
experimentally evaluate the end anchoring resistance of nonprestressed FRP to concrete. 

In addition, prestressed FRP strips are used to enhance the serviceability limit state of RC 
beams, in addition to their ultimate limit state. Prestressed FRP results in decreasing the crack 
width and deflection and increasing the cracking load of the structure. A major concern 
regarding prestressed FRP is to safely transfer the prestressing force from FRP to the parent 
structure. This could be conducted whether through direct bond between FRP and concrete or 
using a mechanical anchorage. In order to assess the anchorage resistance of direct bond 
between prestressed FRP and concrete, a new type of tests was introduced by Czaderski [2] and 
Motavalli et al [3]. This experiment is called "prestress force-release test" and is used to 
determine how much prestressing force can be anchored at the beam end. This type of test was 
used to design the prestressed strengthening of a beam with gradient anchorage method [4, 5]. 
The method was developed at Empa and is based on stepwise anchoring the prestressing force 
at a beam end. Long-term residual anchorage resistance [6] and effect of elevated temperature 
on the prestress force-release tests was also studied [7].  

On the other hand, a novel method, referred to as Externally Bonded Reinforcement On 
Grooves (EBROG), was recently developed and showed considerable improvement of FRP-to-
concrete bond [8, 9]. This method entails cutting some small grooves in the concrete cover, 
filling the grooves only with adhesive, and then adhering the FRP on top of the surface. 
Experimental results demonstrated that in EBROG method, interfacial shear stresses are 
transferred to deeper layers of concrete substrate, which leads to an increased bond resistance 
between FRP and concrete [10].  

EBROG was compared in several studies with conventional EBR method to study the behavior 
of nonprestressed FRP to concrete [11, 12]. Recently, EBROG was investigated for attaching 
prestressed FRP strips to explore if it can also outperform the EBR method in prestressed 
applications. Results indicated significant improvement in bond resistance of prestressed 
carbon FRP (CFRP) to concrete compared to that of EBR [13, 14]. Moreover, EBROG method 
resulted in increasing the debonding strain of flexurally-strengthened beams over that of EBR, 
whether in case of nonprestressed or prestressed FRP [15].  

This study aims at describing the bond mechanism of FRP to concrete, for both nonprestressed 
and prestressed FRP. In other words, stress distribution and debonding failure of lap-shear and 
prestress force-release tests were analyzed. An experimental campaign was designed to 
investigate the differences between EBR and EBROG methods as well. A simplified numerical 
model was also utilized to identify the bond-slip laws that characterize the interaction between 
the FRP strip and the concrete substrate.  
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2 EXPERIMENTS 

2.1 Tests preparation  

Unidirectional CFRP strips with cross section dimensions of 100×1.4 mm2 (width, bf × 
thickness, tf ) were used in this study. Mechanical properties of CFRP strips and epoxy adhesive 
that were used in preparing the specimens are stated in Table 1. Unreinforced concrete blocks, 
with dimensions of 1000×473×250 mm3 and maximum aggregate size of 32 mm, were used for 
gluing nonprestressed and prestressed CFRP strips.  

Table 1: Mechanical properties of CFRP strip and adhesive (according to technical data 
sheet of manufacturer) 

Material Type  Ultimate tensile 
strength (MPa) 

Tensile elastic 
modulus (GPa) 

Fiber volume 
fraction (%) 

Unidirectional 
CFRP strip  

S&P C-Laminates CFK 
150/2000–100/1.4 

2800 168*  68 

Epoxy adhesive S&P resin 220 HP  15.0  7.1  – 
* Measured by the authors  
 

Bond resistance of non prestressed FRP to concrete substrate was examined through lap-shear 
tests, while end anchorage bond resistance of prestressed FRP strips to concrete was determined 
by means of prestress force-release experiments. Therefore, two types of tests were performed 
in this study. In the following, the test procedure is summarized for each type (Figure 1). 

  
(a) Lap-shear test (b) Prestress force-release test 

Figure 1: Test procedures.  

 

In the lap-shear test, nonprestressed FRP strip was bonded onto surface of the concrete block, 
through a predefined bond length of 300 mm (Figure 1a). After 2 days of adhesive curing, 
tensile force was applied to one side of the FRP strip, in a displacement-controlled mode, until 
failure happens. The maximum load is called the bond resistance of nonprestressed joint.  

In the prestress force-release test, the prestressed CFRP strip was attached onto concrete 
surface, through a predefined bond length of 300 mm (Figure 1b). Prestressing force was 
maintained constant by mechanically keeping the strip in the test setup (see also Figure 3). After 
complete curing of adhesive over two days, the prestressing was slowly released from one side 
of the strip until failure happens. If the initial prestressing force has been selected high enough, 
FRP strip would be detached from the concrete substrate during releasing the force. The 
difference between the initial prestressing force and the failure force in which the FRP is 
debonded from concrete, is the so-called "bond resistance" of a prestressed joint.  

Two strengthening methods, i.e. EBR and EBROG, were used to attach CFRP strips onto 
concrete substrate (see Figure 2). The strengthening steps in EBR method were as follows: 
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1- surface preparation by grinding the surface and removing a thin layer of it; 
2- cleaning the surface from dust; 
3- impregnating the surface with epoxy adhesive; 
4- adhering the CFRP strip on top of the adhesive, through a bond length of 300 mm. 

On the other hand, the strengthening steps in EBROG method were as follows: 

1- cutting four longitudinal grooves, with 10×10 mm2 cross section and 15 mm free 
spacing, in the concrete substrate;  

2- cleaning the surface and inside the grooves from dust; 
3- using epoxy adhesive to thoroughly fill the grooves and impregnate the concrete 

surface; 
4- bonding the CFRP strip on top of the adhesive, through a bond length of 300 mm. 

  
(a) EBR (b) EBROG 

Figure 2: Strengthening methods.  

 

2.2 Instrumentation  

The test setup is shown in Figure 3. In a lap-shear test, only the tensile force on the left side of 
the figure is applied on the FRP strip (in a displacement-controlled mode) and measured by 
load cell No. 1. For a prestress force-release test, the prestressing force, Fp, is applied on both 
sides of the strip. After adhesive curing, the prestressing force is released gradually on the right 
side of the figure, F (in a load-controlled mode). The forces in both strip ends are measured 
with load cells No. 1 and 2. The maximum released force on the right side, F, (which is equal 
to the values of load cell No. 2 before releasing and at failure) measures the bond resistance. 
Load cells with maximum capacity of 350 kN were used in this study. Three-dimensional (3D) 
displacements of the specimen's surface were measured by using a 3D digital image correlation 
(DIC) system, called VIC-Snap.  

2.3 Test outline  

Table 2 presents an overview of the test program, the measured compressive strength of 
concrete f’c at specimen's testing date, the initial prestressing force and the resulting bond 
strength. Specifically, the specimens labels start with the capital letter "L" for lap-shear tests 
and "R" for prestress force-release tests. The strengthening method, EBR or EBROG is then 
mentioned in the labels. Two similar release tests using EBROG method were specified with a 
number at their end, i.e. R-EBROG-1 and R-EBROG-2. As it was mentioned before, in all 
EBROG specimens, four longitudinal grooves with cross section dimension of 10×10 mm2 were 
used (Figure 2).  
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Figure 3: Test setup.  

 

Table 2: Test program and main results. 

Specimen label Method Test type 
f'c 

(MPa) 
Initial prestressing 

force (kN) 
Bond 

resistance (kN) 
L-EBR EBR Lap-shear 26.1 0 51.5 

L-EBROG EBROG Lap-shear 26.1 0 115.0 

R-EBR EBR Prestress force-release 31 127.2 86.3 

R-EBROG-1 EBROG Prestress force-release 36.2 244.3 192.7 

R-EBROG-2 EBROG Prestress force-release 36.2 249 208.5 

 

3 EXPERIMENTAL RESULTS  

3.1 Bond mechanism of a nonprestressed joint 

The bond resistance of nonprestressed EBR and EBROG joints were 51.5 and 115.0 kN, 
respectively. This showed that the capacity of EBROG method was increased with a factor of 
2.2 over that of EBR.  

Figure 4 schematically depicts the inherently different geometries of EBR and EBROG systems 
and helps figuring out the mechanical reasons behind the apparent increase in bond strength 
observed in the experimental tests run on the specimens under consideration. 

More specifically, one main reason is that when grooves are cut in the concrete cover, the 
interfacial shear stresses between concrete and FRP strip are transferred through a larger and 
deeper area in the concrete bulk (see Figure 4b).  

In addition, the grooves are confined by the surrounding concrete, and therefore, any increase 
in the stress and strain in this area would need more energy. After cracking starts, a confinement 
effect would actively restrain the deformations and would result in carrying higher forces.  
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(a) EBR method 

 
(b) EBROG method 

Figure 4: Shear stress transfer path in lap-shear test  

 

The theoretical assumption for shear stress distribution in concrete is along the gray path in 
Figure 4b. Nevertheless, failure cracking tends to occur in the shortest possible path, as red line 
in Figure 4b. Photos of the failure modes are demonstrated in Figure 5. The mentioned 
differences between EBR and EBROG, namely the deeper failure plane of EBROG is clearly 
visible. 

  
(a) L-EBR (Fmax=51.5 kN) (b) L-EBROG (Fmax=115.0 kN) 

  
(c) R-EBR (Fmax=86.3 kN) (d) R-EBROG-2 (Fmax=208.5 kN) 

Figure 5: Failure modes.  
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Crack propagation for the experiments of current study are presented in Figure 6. As it can be 
seen in Figure 6a, there is no crack around the strip in EBR lap-shear test at ultimate state. 
However, in EBROG lap-shear test, some inclined cracks occurred towards the middle of bond 
length. This conforms to the stress distribution shown in Figure 4b.  

The stresses in cross section tried to reach the free concrete surface on the edges, and therefore 
cracking happened out of the edges. It is worth mentioning that the big cracks near the loaded 
end were attributed to insufficient unbonded length, and formed near the maximum load.  

  
(a) L-EBR (at Fmax=51.5 kN) (b) L-EBROG (at Fmax=115.0 kN) 

  
(c) R-EBR (at Fmax=86.3 kN) (d) R-EBROG-2 (at Fmax=208.5 kN) 

 

Figure 6: Crack propagation at last stage before failure.  

 

3.2 Bond mechanism of a prestressed joint 

Michels et al. [16] compared the failure mechanism in lap-shear and prestress force-releasing 
tests, as shown in Figure 7. They demonstrated that in a lap-shear test, several inclined cracks 
develop as the loading increase. Finally, failure occurs as these cracks merge and form a large 
horizontal crack parallel to the strip. A thin concrete layer remains on the strip after debonding. 
On the other hand, cracking in a prestress force-release test starts at the strip end. Increasing 
the released force results in developing this cracking along the whole bond area. It was showed 
by Czaderski et al. [2, 16] that shear mode (mode II) is dominant in a lap-shear test while in a 
prestress release test, out-of-plane tensile mode (mode I) is fundamental.  
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(a) Lap-shear test (b) Prestress force-release test 

Figure 7: Crack propagation difference in a lap-shear and prestress force-release test [16].  

 

High efficiency of the EBROG method in the prestressed joints of current study was also 
observed. In this regard, the bond resistance of prestressed EBROG joint was 200.6 kN, 
indicating 2.3-fold increase over that of EBR with the maximum capacity of 86.3 kN. It is 
clearly perceived that using the EBROG method significantly improved the bond behavior of 
both nonprestressed EBR and prestressed FRP-to-concrete joints.  

As discussed by Michels et al. [16], failure mode I (tensile mode) is dominant in a prestress 
force-release test. Therefore, the failure mechanism entails crack opening in tensile mode that 
tends to go deep into the substrate. This type of crack development in concrete bulk is attributed 
with a high fracture energy since it is confined by the surrounding concrete. Whether EBR or 
EBROG was used, crack propagation in concrete bulk in the prestressed joint needs more 
energy than the nonprestressed joint. Besides, the failure plane in prestressed joints, observed 
in Figure 6, are more expansive compared to that of nonprestressed joints. Higher fracture 
energy is accompanied with a three-dimensional fracture surface in prestressed application. As 
a result, the bond resistance of prestress force-release tests are higher than the lap-shear test 
with a factor of 1.7, whether corresponding EBR or EBROG tests are compared.  

Similar to nonprestressed joints, a larger stress transfer path in the EBROG prestressed joint to 
an increased capacity. More importantly, cracking in EBROG method massively extended to a 
further area besides the bond area. Experimental observations showed that the failure plane 
occurred beneath the bond area. The stress distribution and crack propagation in the cross 
section of a prestressed joint are schematically presented as in Figure 8. Assuming the failure 
plane underneath the bond, crack growth happened along a longer path in EBROG as it was 
deeper. The result is a higher fracture energy until failure indicating higher bond resistance of 
EBROG compared to EBR.  

  
(a) EBR method (b) EBROG method 

Figure 8: (Shear and normal) Stress transfer path in a prestress force-release test.  

 

3.3 Load-displacements behavior  

In order to assess the failure modes (tensile or shear mode) in a prestress force-release test, 
three-dimensional deformations were measured and compared. Relative in-plane and out-of-
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plane deformations of the strip with respect to the concrete surface were called slip and 
separations, respectively. Overall behavior of prestressed joints in terms of force-relative 
displacements are depicted in Figure 9. It can be observed that initial part of the curves for EBR 
and EBROG joints were similar. However, by increasing the force in the joint, EBR specimen 
failed earlier. EBROG joints resisted much higher forces though in a higher level of 
deformations. Maximum slips in EBROG were between 2.2-3.3 mm (EBR: 0.4 mm) while the 
maximum separations were in the range of 11.6-16.2 mm (EBR: 1.3 mm)  

  
(a) Force  Slip (b) Force  Separation 

Figure 9: Overall behavior of prestressed joints (slip and separation at x=0 mm). 

 

4 NUMERICAL MODELING  

A simplified mechanical model developed in a previous work [17] is employed hereafter with 
the aim to run numerical analyses intended at figuring out the properties of the bond-slip laws 
that describe the interaction between the FRP strip and the concrete surface. Specifically, as 
already adopted for FRP-to-concrete interfaces subjected to both monotonic [18] and cyclic 
[19] actions, the model under consideration is based upon the following main assumptions: 

‐ debonding develops in pure mode II of fracture; 
‐ the FRP-to-concrete interface is described by a space-invariant bond-slip relationship; 
‐ the bond-slip relationship can be assumed by either a bi- or tri-linear expression; 
‐ the FRP strip behaves elastically; 
‐ for release tests, the strip is prestressed at pre=Efpre before gluing to concrete. 

Several numerical analyses were carried out by assuming variable shapes and relevant 
parameters of the bond-slip law. The best fit between the experimental results and the obtained 
numerical was obtained by assuming the bond slip laws depicted in Figure 10. 

Correspondingly, the comparisons between the experimental results (in terms of force-slip 
curves) are plotted in Figure 11 for lap-shear (Figure 11a) and prestress-release tests (Figure 
11b): they confirm the reasonable (and in some cases very good) agreement between 
experimental and numerical results. 

As depicted in Fig. 10, the bond-slip law identified for EBR and EBORG specimens are very 
different from each other, as the former are bilinear in shape whereas the latter have a tri-linear 
form with a horizontal plateau spanning between the raising elastic branch and the linear 
softening one.  
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Figure 10: Bond-slip laws.  

 

(a) Lap-shear tests (b) Prestress force-release tests  

Figure 11: Comparison of load-slip diagrams. 

 

This difference can be explained because EBR specimens are characterised by a “smoother” 
interface, whereas EBROG ones have a more complex and curved fracture interface (see Figure 
4 to Figure 6. Therefore, cracks encounter less resistance to propagate throughout the EBR 
interface, than in the “rougher” one that characterises the EBROG interface: this makes EBROG 
systems more redundant, as bond stresses can redistribute throughout the interface before 
leading to the full crack opening and, hence, the softening branch of the bond-slip law. This is 
true for both lap-shear and release tests because it only depends on the interface geometry.  

Conversely, the wider plateau obtained for the release tests probably depends on the 
significantly different mechanical properties of concrete (see the concrete strength given in 
Table 2) in the two series of specimens subjected to lap-shear and release tests. 

Finally, another mechanically meaningful aspects is related to the slope of the elastic branch, 
which is higher in EBR than in EBROG specimens in Figure 10: this can be explained by 
considering that in EBROG specimens parts of the concrete are replaced by epoxy, the latter 
having a lower Young modulus than the former. However, more research would be necessary 
because in Figure 9 it seems to be the opposite, i.e. initial stiffness of EBROG is larger than 
EBR. 
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5 CONCLUSIONS  

The present paper reports the results of an experimental tests and numerical analyses intended 
at investigating the different behaviour of EBR and EBROG FRP-to-concrete joints subjected 
to either lap-shear or prestress-release tests. Besides the influence of the variable material 
properties characterising the tested specimens, some general trends can be recognised by both 
observing the experimental results and analysing the results of numerical simulations: 

‐ more than a two-fold increase in the bond resistance of EBROG method was achieved 
over that of EBR; whether in a nonprestressed or a prestressed joints; 

‐ transferring the shear stresses to deep layers of concrete that are confined by the 
surrounding concrete contributed to the increased capacity in EBROG joint; 

‐ more specifically, in prestressed EBROG joint, the fracture plane occurred very deep in 
concrete, underneath the grooves, and massively extended to the outer sides of the bond 
area. Higher capacity was therefore attributed to larger fracture energy during failure.  

‐ the proposed numerical analyses lead to figuring out the shape and the relevant 
mechanical parameters of the bond-slip laws controlling the behaviour of the tested 
specimens; 

‐ they show that, regardless of the type of test, EBR specimens are controlled by a bilinear 
bond-slip law, whereas EBROG ones can be better simulated by assuming a tri-linear 
law; 

‐ a possible mechanical justification explains this apparent difference; conversely, the 
variability of the relevant mechanical parameters obtained for lap-shear and release tests 
seem more related to the actual difference of the corresponding materials properties. 

However, further experimental results and more advanced numerical models are needed to 
better understand the difference between the two technical solutions (EBR or EBROG) and 
their actual loading conditions (lap-shear or prestress force-release). Both aspects are being 
considered in the future developments of the present research. 
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ABSTRACT 

Alkali activated cement (AAC) is an alternative binder with a promising potential to replace 
ordinary Portland cement (OPC) for solving the environmental issue the latter is facing. The 
use of fibre reinforced polymer (FRP) reinforcements with AAC concrete make it possible to 
have a corrosion resistant environmentally friendly reinforced concrete structure. Bond 
behaviour is critical in reinforced concrete structure, hence have to be studied for such new 
alternative materials. In this study, different FRP rebars with varying fibres and surface profiles 
are tested using pullout tests to understand their bond behaviour. Three different fine-grained 
AAC concretes with a maximum aggregate size of 3.15 mm and FRP bars with braided, milled 
and smooth surfaces were used. The concrete’s compressive strength showed a significant 
influence on the bond strength. Milled carbon and glass FRP bars did not show a significant 
difference in bond strength. For a compressive strength of 65 MPa an average bond strength of 
about 18 MPa was observed in both cases. The carbon bars with no surface preparation (smooth 
bars) resulted in a much lower bond strength (4 MPa) than the milled and braided bars.  

1  INTRODUCTION 

Ordinary Portland cement (OPC) concrete reinforced with steel bars is one of the important 
construction materials in the construction industry. It is a preferred material due to its 
availability, versatility, and economic advantages. However, the construction industry has been 
recorded to produce a large environmental impact which is a concern in today’s society. One 
of the main contributors to this environmental problem is the production of OPC. Several 
environmental problems such as greenhouse gas emission, intensive resource utilization, and 
energy consumption are associated with OPC production. Furthermore, the steel reinforced 
structures are facing corrosion issues causing significant maintenance costs for infrastructures.   

Alkali activated cement is a promising alternative to OPC, while fibre reinforced polymer (FRP) 
reinforcements can replace steel bars. AACs are produced from by-product materials such as 
fly ash and slag mixed with alkaline liquids such metal hydroxides and alkali silicates. Unlike 
OPC, the production of AAC does not require calcination of limestone, and hence does not 
release carbon dioxide to the atmosphere. It has highly desirable characteristics such as high 
strength, excellent fire resistance, and acid resistance [1–4]. FRP reinforcements can solve the 
corrosion issues of the steel reinforcement. FRP bars are non-metallic reinforcement and are 
manufactured from thermoset polymers and different types of fibres such as glass (GFRP) or 
carbon fibres (CFRP) and are characterized by high tensile strength, high durability, light 
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weight, and electromagnetic permeability [5]. As a new composite material, study of the bond 
between AAC concrete and FRP reinforcements is warranted.  

There are multiple studies on the bond performance of AAC concrete with steel, and FRP bars 
with OPC concrete [6–8]. There are also some research in the area of FRP reinforced AAC 
concrete [9,10]. These studies have shown the comparable bond performance of FRP reinforced 
AAC concrete to that of FRP reinforced OPC concrete. The current study investigates the bond 
performance of different FRP bars embedded in fine-grained AAC concrete. Fine-grained 
concretes are used as this research is part of an ongoing project on studying the structural 
performance of using FRP textiles and rebars with AAC concrete. Due to their small opening 
sizes, FRP textiles require fine-grained concrete.  

2 EXPERIMENTAL PROGRAM 

2.1 Materials and investigated parameters 

Fly ash (FA), ground granulated blast furnace slag (GGBS), and silica fume (SF) were used in 
the preparation of the alkali-activated concretes. The FA, GGBS, and SF comply with the EN 
450-1 [11], EN 15167-1 [12], and EN 13263-1 [13] requirements, respectively. Sodium silicate 
solution with 26.82% silicate, 8.2% sodium oxide, and 64.98% water, and a 50% by weight 
sodium hydroxide solutions were used. Three AAC mixtures were used. The mixture has a 
maximum aggregate size of 3.15 mm. The mix proportions are as shown in Table 1. Due to its 
application to produce structural elements, the mixture is termed fine-grained concrete instead 
of mortar. However, its compressive strength are tested according to the standard procedures 
for mortar as per EN 196-1 [14] on 40 mm × 40 mm × 160 mm prisms because of the small 
aggregate size used [15]. Five different types of FRP reinforcements are used. Table 2 shows 
the properties of the different FRPs used.  

Table 1: Concrete mix design 

Ingredient (kg/m3) C1 C2 C3 
Sand (2 – 3.15mm) 448 472 488 
Sand (0 – 2mm) 560 590 610 
Fines (0.1 – 0.35mm) 112 118 122 
FA 302.5 357.5 412.5 
GGBS 220 260 300      
SF 27.5 32.5 37.5 
SHL 56 66 76 
SSL 140 165 191 
Water 200 113 33 
SP - 30 51 
SHL and SSL solutions of sodium hydroxide and sodium silicate, respectively.  
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Table 2: Characteristic values FRP rebars (manufacturer specification) 

Properties CFRP-milled 
(CM) 

CFRP-
wrapped (CR) 

CFRP-smooth 
(CS) 

GFRP 
(GM) 

GBFRP 
(GR) 

Fibre type (core) Carbon Carbon Carbon Glass Glassa 
Surface finish Milled  Wrapped Smooth Milled   Wrapped 
Tensile strength (MPa) 1650 2500  >1000 1300 
Nominal bar diameter (mm) 8 8 10 8 8 
Elastic Modulus (GPa) 151 158 151 60 61 
a cores from glass and ribs from basalt fibre 

 

Pullout test specimen according to RILEM [16] were used to study the bond performance 
parameters. The specimen is composed of a concentrically placed FRP bar in a 100 mm concrete 
cube. The embedment length of the FRP bars were set at five times the bar diameter. The FRP 
bars were installed horizontally in the formwork. The embedment length was achieved by 
passing the bars in PVC tubes for breaking the bond. Two fibre types; carbon and glass, three 
surface types; smooth, milled and braided, and three concrete types were investigated. Figure 1 
shows the different FRP used. Three specimens were prepared for each of the parameters.  

 
Figure 1: Reinforcement with different surface finish (a) milled GFRP bar (b) GFRP bar 

wrapped with basalt roving (c) CFRP bar wrapped with carbon roving (d) milled CFRP bar 
(e) smooth CFRP bar  

 

The specimens were concreted without additional vibration as the concrete is of high 
workability. After concreting the concrete was covered with plastic sheet to avoid excessive 
moisture loss. After 24 hours, the specimens were stripped from the formwork. They were then 
again covered with plastic and placed in the environmental control room at a temperature of 
20°C and a relative humidity of 60% until the test date.  

2.2 Test setup 

The test was performed using a universal testing machine. The force was measured by means 
of a load cell built into the machine. Three displacement transducers were placed at the free end 
of the FRP for accurate recording of the slip. A frame was set up to hold the pullout specimen 
as shown in Figure 2. The upper part of the frame was held by the machine’s upper jaws. The 
FRP bars pass through a hole at the bottom of the frame and are held by the bottom part of the 
machine. The FRPs were covered with a leather to avoid premature failure during gripping. The 
test was displacement-controlled at 1 mm/min speed.  
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Figure 2: Specimen details and test setup 

3 RESULTS AND DISCUSSIONS 

3.1 Results 

The bond stress is defined as the shear force per unit surface area of the bar. This is taken as the 
average bond stress along the embedment length of the bar and is as given in Equation 1. This 
definition of average bond stress is followed throughout the analysis. Table 3 summarizes the 
average maximum bond stress and the associated free end slip results for each of the parameters 
investigated with the standard deviation for the maximum bond stress. The bond stress at a slip 
of 0.1 mm is also included to investigate initial stiffness of the bond. The parameters are 
identified by the type of concrete used (C1, C2 and C3) and bar type as per Table 2. 

                                                                    𝜏𝜏 = 𝑃𝑃
𝜋𝜋𝑑𝑑𝑏𝑏 𝑙𝑙𝑏𝑏

                                                                                  (1) 

where the 𝜏𝜏 is the average bond stress in MPa; P is the load applied on the specimens in N; 𝑑𝑑𝑏𝑏 is 
the diameter the rebar in mm; 𝑙𝑙𝑏𝑏 is the embedded length in mm. 
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Table 3: Summary of test results 

Specimen 𝑓𝑓𝑐𝑐′  (MPa) 𝜏𝜏𝑚𝑚 (SD) (MPa) 𝑆𝑆𝑚𝑚 (mm) 𝜏𝜏0.1 (SD) (MPa) 
C1CM 27.1 7.3 (0.5) 0.63 4.6 (0.8) 
C2CM 65.0 18.3 (3.4) 0.53 11.7 (0.7) 
C3CM 80.0 20.0 (2.4) 0.43 13.4 (0.5) 
C2GR 66.1 16.0a, 17.3 (1.6) 1.28b, 1.81  9.6 (0.1) 
C2GM 63.6 17.8 (0.5) 0.31 15.7 (0.8) 
C2CR 66.1 14.8a, 17.8 (0.1) 0.21b, 1.80 10.3 (1.4) 
C2CS 66.1 4.0 (0.6) 0.01 - 
𝑓𝑓𝑐𝑐′, 𝜏𝜏𝑚𝑚, 𝑆𝑆𝑚𝑚, 𝜏𝜏0.1 and SD are compressive strength, peak bond stress, slip at peak bond stress, 
bond stress at 0.1 mm slip and standard deviation, a bond stress at shearing of ribs, b slip at 
shearing of ribs 

3.2 Failure mode 

Pullout failure mode was the prominent mode of failure. Pullout failure happens when the 
concrete provides enough confinement for the rebars, while splitting failure happens when the 
confinement is not adequate to prevent the formation of longitudinal cracks. All the specimens 
with the exception of the specimens with braided CFRP and GFRP bars (C2GR and C2CR) 
failed in pullout failure mode. However, even in the case of specimens with splitting failure, a 
pure splitting failure was not observed. Unlike normal splitting failure which occur at a low slip 
value, the splitting failure in these specimens occurred at a high slip. This is due to the shearing 
off of the ribs from the rebar core as shown in Figure 3. Such shearing off normally results in 
pullout failure, however the reintroduction of the new undamaged ribs from the unloaded region 
renewed the resistance increasing the bond stress as shown in Figure 4. A similar result is 
observed by Hammerl et al. [17] for braided CFRP bars in fine grained OPC concrete. After 
reaching a new maximum bond stress, the concrete splits. This can be considered as a post 
pullout splitting failure, hence the main cause of the failure could still be considered as pullout 
since the shearing off preceded the splitting. 

 

Figure 3: Concrete and bar after failure (a) post pullout splitting (b) C1CM (c) C3CM 
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To investigate the interface surfaces, some of the FRP bars were completely pulled out. In case 
of the milled bars (CM and GM) the concrete crushed between the grooves. For low concrete 
strength specimen, C1CM, the concrete crushed between the ribs and the ribs showed no sign 
of damage (Figure 3b). However, for higher strength specimens such as C3CM the amount of 
crushed concrete between the ribs decreased and the ribs showed some amount of damage 
(Figure 3c). The pullout failure in these specimens is caused by rib damage and crushing of the 
concrete between the ribs. 

3.3 Bond-slip relationships and their analytical models 

Figure 4 shows the bond-slip relationship for the different specimens. The curves can be divided 
into three main regions: a linear region with a high stiffness followed by a nonlinear region 
before attaining peak stress and, finally, a softening branch after the peak stress. The high initial 
stiffness is due to the undisturbed adhesion and mechanical interlock between the concrete and 
bar. The FRPs have a linear response to the applied load. However, a nonlinear response is 
observed as the load increases further due to slip between the concrete and the FRP rebar.  

Models can be used to express bond stress in terms of the slip between the concrete and the bar. 
Such models can be helpful in numerical modelling of reinforced concrete structures. Different 
such models have been developed for steel and FRP bars. The model recommended for non-
metallic reinforcements by the fib Bulletin 55: Model code 2010 was adopted in the current 
study [18]. This model is as expressed in Equation 2.  

 𝜏𝜏 = 𝜏𝜏𝑚𝑚(𝑠𝑠 𝑠𝑠𝑚𝑚⁄ )𝛼𝛼                            𝑓𝑓𝑓𝑓𝑓𝑓 0 ≤ 𝑠𝑠 ≤ 𝑠𝑠𝑚𝑚 (2.1) 

 𝜏𝜏 = 𝜏𝜏𝑚𝑚 − 𝜏𝜏𝑚𝑚𝑝𝑝(𝑠𝑠 − 𝑠𝑠𝑚𝑚) 𝑠𝑠𝑚𝑚⁄       𝑓𝑓𝑓𝑓𝑓𝑓 𝑠𝑠𝑚𝑚 ≤ 𝑠𝑠 ≤ 𝑠𝑠𝑢𝑢 (2.2) 

where 𝑠𝑠 and 𝜏𝜏 are the slip and bond stress, 𝜏𝜏𝑚𝑚 is the maximum bond stress, 𝑠𝑠𝑚𝑚 is the slip at the 
maximum bond stress and α and 𝑝𝑝 are the curve fitting parameters. The model parameters were 
calibrated for each test series using the experimental bond-slip curves. The calibration results 
are as shown in Table 4 and their graphs in Figure 4.  

Table 4: Bond-slip curve model parameters 

Specimen 𝜏𝜏𝑚𝑚 𝑠𝑠𝑚𝑚 𝛼𝛼 𝑝𝑝 
C1CM 7.3 0.63 0.26 0.075 
C2CM 18.3 0.53 0.24 0.066 
C3CM 20.0 0.43 0.29 0.044 
C2GB 16.0 1.28 0.21 - 
C2GM 17.8 0.31 0.22 0.043 
C2CB 14.8 0.21 0.50 - 
C2CS 4.0 0.01 0.31 - 
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Figure 4: Bond-slip curves 

3.4 Effect of concrete strength 

The bond strength increased with the increase of the concrete strength while the corresponding 
slip at the maximum bond stress decreased (see Table 4) The bond strength more than doubled 
as the compressive strength changed from 27 MPa (C1CM) to 65 MPa (C2CM). Similar results 
of change in bond strength with compressive strength have been observed by different authors 
[19-21]. 
Traditionally the effect of concrete strength on bond strength is represented using the square 
root of compressive strength [22]. However, many other research also reported that bond is 
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better associated with 𝑓 / , 𝑓 /  and 𝑓 / , making it difficult to get a conclusive relation 
between bond and compressive strength [22]. In the current study, an equation was obtained for 
the bond strength in relation to the compressive strength using the least square optimization 
method. As shown in Figure , for CFRP reinforced fine grained AAC concrete, bond strength 
is proportional to 𝑓 . . 

 

Figure 5. Influence of compressive strength on bond strength  

 

3.5 Influence of bar surface condition 

To achieve a better bond performance, the surfaces of FRP bars are prepared in different ways. 
In this study three different surface treatment types; smooth, milled and braided were 
considered for CFRP rebars. As can be observed in Table 3 the smooth CFRP rebars showed a 
significantly lower bond strength than the milled and braided rebars (only about 20%). The 
bond in the smooth rebars is only from the chemical adhesion and friction between the concrete 
and the rebars. In the case of the milled and braided rebars an additional resistance, mechanical 
interlock, is provided by the ribs increasing the bond strength significantly. The smooth rebars 
attained their maximum bond strength at a low slip of 0.01 mm resulting in a much higher slope 
(maximum bond to slip ratio) compared to the other rebars. This shows that there is only a 
minor slip when the chemical and friction interactions are still active and majority of the slip in 
the milled and braided rebars comes after the activation of the mechanical interlock.  

In terms of ultimate maximum bond strength, the milled and braided CFRP rebars showed a 
similar bond strength (Table 3). The braided CFRP bars have two peaks as can be observed in 
Figure 4. The first peak is due to the shearing of the ribs from the core while the second peak 
is due to the reintroduction of new ribs from the free end part as discussed in Section 3.2. In the 
absence of free end part, a pure pullout failure is possible in the braided CFRP rebar, hence the 
bond strength of the braided CFRP bar can be taken as the first peak stress. Based on this the 
bond strength for braided CFRP bars is 14.8 MPa which is less than the milled CFRP bars (18.3 
MPa). The superior performance of the milled CFRP rebar can also be observed by comparing 
the bond stress value at slip of 0.1 mm (Table 3). Both rebars have a pullout failure, however 
the cause of failure is different. In case of the milled CFRP bars the pullout is caused by crushing 
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of the concrete between the ribs with some damage to the ribs. In the case of the braided CFRP, 
as explained above, pullout is mainly due to shearing of the ribs.   

3.6 Effect of rebar fibre type 

Change in the fibre type of the rebar (carbon to glass in C2CM to C2GM) showed no significant 
maximum bond strength change. However, the bond stress at 0.1 mm slip showed a significant 
change. The rebar made from the carbon fibre showed a much lower bond stress than the ones 
with glass fibre. This difference is probably due to the details of the grooves than the fibre type 
used. The milled GFRP bars have more grooves in the bond length than the CFRP bars due to 
the shorter gap between the grooves (Figure 1). This could be the reason for their higher bond 
stress values at 0.1 mm slip.  

4 CONCLUSIONS 

Bond behaviour of different FRP reinforcements embedded in fine-grained alkali activated 
concrete was investigated. Concrete strength and FRP bar types were studied as parameters. 
The results of this study are summarized as follow: 

• There are three possible bond failure types for FRP bars. These are the splitting of 
concrete cover and shear failure of concrete between the reinforcing bar's ribs, which is 
also common in ribbed steel bars. Additionally, shear failure of FRP bar ribs is possible. 
Due to this additional failure mode, it is more complicated to formulate bond failure 
approaches in FRP reinforced structures.  

• The bond strength increased with the increase of the concrete strength while the 
corresponding slip at the maximum bond stress decreased. 

• Majority of the slip in milled and braided FRP rebars comes after the activation of the 
mechanical interlock. 

• Ribbed CFRP bars showed a lower bond strength than the milled CFRP bars due to the 
shearing of the ribs. 

5 ACKNOWLEDGEMENTS 

The authors would like to thank the Alexander von Humboldt Foundation (1206836-AUS-
HFST-P).  

 

REFERENCES 

[1] Juenger M, Winnefeld F, Provis JL, Ideker JH. Advances in alternative cementitious 
binders. Cement and Concrete Research 2011;41(12):1232–43. 
https://doi.org/10.1016/j.cemconres.2010.11.012. 

[2] Tekle BH, Holschemacher K, Löber P, Heiden B. Mechanical Behavior and Frost-
Resistance of Alkali-Activated Cement Concrete with Blended Binder at Ambient 
Curing Condition. Buildings 2021;11(2):52. https://doi.org/10.3390/buildings11020052. 

  

382



   
 

[3] Pacheco-Torgal F, Abdollahnejad Z, Camões AF, Jamshidi M, Ding Y. Durability of 
alkali-activated binders: A clear advantage over Portland cement or an unproven issue? 
Construction and Building Materials 2012;30:400–5. 
https://doi.org/10.1016/j.conbuildmat.2011.12.017. 

[4] Bakharev T, Sanjayan J, Cheng Y-B. Resistance of alkali-activated slag concrete to acid 
attack. Cement and Concrete Research 2003;33(10):1607–11. 
https://doi.org/10.1016/S0008-8846(03)00125-X. 

[5] Bank LC. Composites for construction: Structural design with FRP materials /  
Lawrence C. Bank. Hoboken, N.J.: Wiley; Chichester  John Wiley [distributor]; 2006. 

[6] Tekle BH, Cui Y, Khennane A. Bond properties of steel and sand-coated GFRP bars in 
Alkali activated cement concrete. Structural Engineering and Mechanics 
2020;75(1):123–31. 

[7] Sarker PK. Bond strength of reinforcing steel embedded in fly ash-based geopolymer 
concrete. Mater Struct 2011;44(5):1021–30. https://doi.org/10.1617/s11527-010-9683-
8. 

[8] Nepomuceno E, Sena-Cruz J, Correia L, D'Antino T. Review on the bond behavior and 
durability of FRP bars to concrete. Construction and Building Materials 
2021;287:123042. https://doi.org/10.1016/j.conbuildmat.2021.123042. 

[9] Tekle BH, Khennane A, Kayali O. Bond Properties of Sand-Coated GFRP Bars with 
Fly Ash–Based Geopolymer Concrete. J. Compos. Constr. 2016;20(5):4016025. 
https://doi.org/10.1061/(ASCE)CC.1943-5614.0000685. 

[10] Tekle BH, Khennane A, Kayali O. Bond behaviour of GFRP reinforcement in alkali 
activated cement concrete. Construction and Building Materials 2017;154:972–82. 
https://doi.org/10.1016/j.conbuildmat.2017.08.029. 

[11] EN 450-1. Fly ash for concrete - Part 1: Definition, specifications and conformity 
criteria; German version EN 450-1:2012. Brussels: CEN; 2012. 

[12] EN 15167-1. Ground granulated blast furnace slag for use in concrete, mortar and grout 
- Part 1: Definitions, specifications and conformity criteria. Brussels: CEN; 2006. 

[13] EN 13263-1. Silica fume for concrete - Part 1: Definitions, requirements and conformity 
criteria. Brussels: CEN; 2005. 

[14] EN 196-1. Methods of testing cement - Part 1: Determination of strength. Brussels: 
CEN; 2016. 

[15] V. Mechtcherine, K. Schneider, W. Brameshuber. Mineral-based matrices for textile-
reinforced concrete. In: Thanasis Triantafillou, editor. Textile Fiber Composites in Civil 
Engineering. Woodhead Publishing; 2016, p. 25–43. 

[16] RILEM RC 6. RILEM Recommendations for the Testing and Use of Constructions 
Materials: RC 6 Bond test for reinforcement steel. Pull-out test. E & FN SPON; 1994. 

[17] Hammerl M, Stoiber N, Hämmerle J, Shams A, Bischoff T, Kromoser B. 
Verbundverhalten umwickelter CFK‐Stäbe in Beton ‐ Kurzzeituntersuchung der 
Verbundeigenschaften mittels Pull‐out‐Tests. Beton- und Stahlbetonbau 2021. 
https://doi.org/10.1002/best.202100079. 

[18] International Federation for Structural Concrete. Fib Bulletin 55: Model Code 2010. 
2010th ed. Lausanne, switzerland: fib; 2010. 

[19] Tekle BH, Khennane A. Parametric study on bond of GFRP bars in alkali-activated 
cement concrete. Magazine of Concrete Research 2020;72(13):670–80. 
https://doi.org/10.1680/jmacr.18.00364. 

[20] Baena M, Torres L, Turon A, Barris C. Experimental study of bond behaviour between 
concrete and FRP bars using a pull-out test. Composites Part B: Engineering 
2009;40(8):784–97. https://doi.org/10.1016/j.compositesb.2009.07.003. 

383



   
 

[21] Okelo R, Yuan RL. Bond Strength of Fiber Reinforced Polymer Rebars in Normal 
Strength Concrete. J. Compos. Constr. 2005;9(3):203–13. 
https://doi.org/10.1061/(ASCE)1090-0268(2005)9:3(203). 

[22] ACI 408-03. Bond and Development of Straight Reinforcing Bars in Tension: American 
Concrete Institute; 2012. 

 

384



Bond in Concrete 2022 
Bond, Anchorage Detailing 

Stuttgart 25th – 27th July 2022 

Experimental and analytical study of GFRP bar to 
concrete bond 

Ahlem Sdiri1, Nebil Meddeb2, Elhem Ghorbel2, Atef Daoud3, *

1 University of Tunis, Laboratory of Civil Engineering ,(LGC), Tunis, Tunisia 
2 University of Cergy Pontoise, Civil Engineering Mechanics and Materials, (L2MGC), Paris, 
France. 
3 University of Sfax, Geomaterials, Structures in Civil Engineering and Environment 
(GESTE), Sfax Tunisia  

*Corresponding Author e-mail: atef.daoud@enis.tn

ABSTRACT 

This communication has been undertaken for an experimental and an analytical study of the 
bond behaviour between the GFRP rebars and the hardened concrete. Firstly, an experimental 
study is established which deals with the pull out tests experiments applied on the GFRP-HW, 
GFRP-S and steel rebars. The bond behavior was established based on the pull-out test to 
evaluate the effects of various parameters (i.e rebar diameter, roughness and the embedded 
length) on the failure mode and the bond strength transfer at the rebar/concrete interface.  We 
deduced that the GFRP-S rebars and the steel ones present a bond more performant than the 
GFRP-HW rebars. Furthermore, an analytical identification of the BPE and the CMR models 
was established. They well described initially the bond behavior between the steel and the 
concrete. The experimental results (bond strengh–slip curves)  are exploited in order to identify 
the models parameters (BPE and CMR) for each rebar’s type (GFRP-HW, GFRP-S and steel). 
Subsequently, a tension tie model is extended analytically in order to predict the crack patterns 
of concrete elements reinforced with GFRP rebars (GFRP-HW and GFRP-S) and steel rebars. 
Finally, an analytical prediction of the cracks in two tension ties models, reinforced with Steel 
and GFRP-HW rebar, was deduced (i.e., the transfer length, concrete and rebars stresses and 
cracks width and spacing). As deduction, we found that the tie reinforced with the GFRP rebar 
presents a longitudinal strain more than the strain determined in the steel reinforcement case. 
Hence, the GFRP reinforced element undergoes cracks widths more important than the cracks 
presented in the reinforced steel element.  

1 INTRODUCTION 

Various structures (e.g. bridge decks, pavements, water treatment facilities, seawalls,maritims 
structures) are exposed to sever environmental conditions. Particularly, in such case, corrosion 
of the steel reinforcement rebars presents an important challenge to deal with. Concrete’s 
cracking are the main causes of the steel’s corrosion [1]. As consequence, this problem leads to 
the loss of the concrete’s strength and it produces the degradations of the bond strength between 
the steel rebar and the concrete [2-5]. Thus, the service life of these structures is menaced. In 
order to prevent the impact of these problems on concrete structures, another generation of 
reinforcement’s bars have been used during the last decades, which are the FRP rebar (Fiber 
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reinforced polymer) [6]. They are considered as an alternative solution of reinforcement to the 
conventional steel ones .The most popular type of the composite rebars are made with glass 
(GFRP), basalt (BFRP), carbon (CFRP) and aramid (AFRP). Compared to the steel rebars, the 
GFRP ones are performed essentially by their lightweight and by their non-corrosive aspect. 
However, several details about this reinforcement technology is to be examined in particular its 
bond behavior in the concrete [7-8]. Firstly, the bond properties intermediate on the process of 
the load’s transmission at the local scale. The FRP rebars are characterized by different bond 
laws. Various experimental studies, using the pull out tests or the test of the hinged beam, 
proved that the bond law between FRP rebar and concrete depends on the concrete’s 
compressive strength, rebar’s diameter, stiffness of the FRP rebar and the embedded length 
used in the experiments [9]. Furthermore, according to different experimental studies, the GFRP 
bond behavior on the concrete depends on the temperature. It was observed from these 
experiments that the interface between the GFRP reinforcement and the concrete is largely 
affected by the temperature’s elevation up to 80 °C [10]. Several analytical studies were 
proposed in the literature in order to describe the bond law between FRP rebar and concrete. 
Cosenza [11] summarized in his study the different existed analytical models which deal with 
relation of bond strength –slip laws for FRP rebars. Among them, the Malvar model, BPE model 
and the CMR one.  

This paper describes firstly an experimental campaign of pull -out tests applied on the GFRP 
rebars (sand coated and helical wrap GFRP using various diameter for the three types (8 mm 
,14 mm and 16 mm). These experiments are established referring to the ACI440 code [12]. Four 
factors are taken in account in this study: the concrete’s age (7 days and 28 days), the rebar 
diameter, its roughness and its embedded length. In addition, the parameters relatives to the 
BPE model and the CMR one are identified from the experimental results of bond-slip curves. 
A third section of this article deals with the presentation of a tension tie model for a steel 
reinforced concrete element. At a second part, this model is extended in order to simulate 
analytically the tension tie model reinforced with GFRP rebars. An analytical comparison is 
then deduced between the GFRP rebar and the steel rebar. 

2 EXPERIMENTAL PROGRAM  

2.1  Material 

The tested concrete in all the experiments is self-compacting one (SCC) having a strength class 
of C35/45. Two types of the GFRP rebars are used in the experiments: sand coated (GFRP-S) 
from VROD [13] (Φ=14 mm) and (GFRP-HW) from Shoeck Combar [14] (Φ=8 mm and Φ=16 
mm).The Table 3 illustrates the longitudinal mechanical proprieties of the GFRP rebars. 

2.2 Test set-up, load procedure and measurement  

The pull out test presents a simple experimental method in order to determine the bond behavior 
evolution of rebar in concrete. Using specific materials, this experimental method allows 
applying the necessary force to extract the embedded rebar in the concrete. These experiments 
were performed with respect to the instructions cited on ACI-440 [12], and CSA S806 [15]. 
Figure 1 shows the pull-out test mechanism which is applied on GFRP (HW-S) and steel 
reinforcement embedded in the concrete cylindrical specimens (Figure 2). The bond strength is 
deduced by applying the following formula: 

 𝜏
  

                       (1)  
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with L is the embedded length, F is the applied load, Φ is the rebar diameter.  

  

2.3 Parameters 

The pull-out test experiences depend on various parameters (Table 1) which are the concrete’s 
age, the rebar’s diameter, the embedded length and the GFRP rebar’s type. 

Table 1: Parameters of the pull-out experiments. 

Concrete’age (days ) 7days and 28 days 

Diamètre Φ(mm) 8 and 14 and 16 mm 

Embedded length L (mm) 5 Φand 10 Φ 

Rebar type  GFRP(H-W) GFRP (S) 

 

3 RESULTS ANS DISCUSSIONS 

3.1 Pull-out load slip curves 

Figure 3 shows the load –slip variations for 1 Φ16 GFRP (HW) and 1 Φ14 GFRP-S rebar at 7 
days from the concrete’s age. The curves are subdivided into two parts detailed as following: 

 The ascending part from the beginning until the maximum load Fmax, which is associated to 
the rebar extraction from the concrete (Fmax =50 kN). This part is characterized by an 
important increase of the loads for low slip values. 

Figure 1: Pull-out test machine                Figure 2 : Concrete’s specimen  

1 
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 The second part is descending one that begin from the maximum load Fmax. The slip value 
smax is related to the maximum load Fmax (smax= 2,82 mm for 1 Φ16 GFRP-HW) , 
 (smax= 3,98 mm for 1 Φ14 GFRP-S).   
 

 

Figure 3: Experimental Load slip variation for 1 Φ16 GFRP-HW and 1 Φ14 GFRP-S L=5 Φ 
at 7 days. 

 

Table 2 illustrates the experimental values of the maximum bond strength related to each rebar 
type at 7 days and at 28 days (fcm (7days)=35,8 MPa)  fcm( 28 days)= 50 MPa.   

Table 2: Experimental values of the maximum bond strength at 7 days and 28 days. 

Φ (mm) L(mm) 𝛕𝐦𝐚𝐱(MPa) 
(7daus) 

𝛕𝐦𝐚𝐱(MPa) 
(28daus) 

8 HW 10Φ 10,85±2,3 14,37±2,17 

14S 5Φ 16,56±2,3 19,63±2,17 

10Φ 10,57±2,3 14,07±2,17 

16HW 5Φ 12,88±2,3 15,05±2,17 

10Φ 10,55±2,3 13,76±2,17 

 
3.2 Failure mode 

The pullout tests process are accompanied with two failure modes that are observed between 
the rebar and the concrete. 

 The pullout failure mode. It is the result of the displacement between the rebar and the 
concrete (Figure 4). In fact the splitting failure for the GFRP-S is characterized by the lose 
of bond between the external lateral surface of the rebar and the concrete. Hence, the 
damage is located in the rebar not only in the concrete.  

 Splitting failure mode which is described by a break- up of the concrete’s. It is characterized 
by the appearance of longitudinal cracks in the concrete (Figure 5). 
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Figure 4: Pull out failure mode for 14ΦGFRP-S 

          

 
Figure 5: Splitting failure = mode for 16ΦGFRP-HW 

4 ANALYTICAL STUDY  

4.1 Bond strength - slip models 

In this section, the different bond strength –slip models between GFRP rebars and the concrete 
are detailed: BPE model and the CMR one. The BPE model is applied firstly on the steel bond 
laws. It was proposed by Eligehausen [16]. It was successfully applied on the (FRP) 
reinforcement case. The BPE model is expressed in equation 2, of the ascending branch of the 
bond-slip curve. This branch reaches the maximum value of the bond strength 
 𝜏  .                       (2).  

With τ is the bond strength, s is the slip value and smax is the slip value related to the maximum 
bond strength and α is a parameter that depends on the concrete and the rebar type.  
For the CMR model, refined equation has been established for the ascending branch of bond-
slip variation. Thus, in 1995 Cosenza [17] proposed the equation 3 to describe the CMR model. 

 1 exp s/s               (3)  

𝝱 is a parameter that depends on the concrete and the rebar type.  
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4.2 Parameters identification: Maximum Bond strength  

According to the Model Code of fib [18], the maximum bond strength betwen a rebar is 
expressed as a function of the compressive strength of the concrete 𝑓 . It is expressed as 
following:  

 𝜏 𝛿 𝑓                   (4)  

 For the concrete/steel bond study, δ =2,5 [18]. 

Figure 6 presents a comparison established between the experimental result of the coefficient δ 
and other experimental ones deduced from the literature [19-23].  These results were deduced 
from the pull-out tests application to the GFRP-HW rebars. It is dedcued that the mean value 
of δ that is related to the GFRP-HW rebars δ=2. 

 

Figure 6: Comparison between experimental values of δ with experimental results from 
literature for GFRP-HW. 

 

The figure 7 is relative to the comparison established between our experimental result and other 
experimental data issued from pull ou test experiments applied on GFRP-S [21,24-28].  

 

Figure 7: Comparison between experimental values of δ with experimental results from 
literature for GFRP-S. 
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The analytical expressions of the maximum bond strength τ  for GFRP-HW and GFRP-S 
are detailed respectively in equation 5 and equation 6 .  It is dedcued that the mean value of δ 
that is related to the GFRP-S rebars δ=2,4. 

For the GFRP-HW :  

𝜏 2 𝑓                        (5) 

For the GFRP –S :  

𝜏 2,4 𝑓                         (6) 

For the steel case : 

𝜏 2,5 𝑓    18                      (7) 

4.3 Parameters identifications of the models BPE and CMR 

In this part, the parameters relative to the models BPE (α) and CMR (β) are identified referring 
to the ascending part of the experimental curves (τ-s) (figure 8 and figure 9). The identification 
procedure is done by the optimization method of the curve fitting. Table 3 resumes the 
parameter identification for each type of rebar at 7 days and at 28 days. Once identified, the 
models validations (CMR and BPE) are established for the pull out experimental results of  
GFRP-HW (Φ= 16 mm)  and GFRP-S (Φ= 14mm) (Figure 14) at 28 days.  

 

 Table 3: Parameters’ identifications at 7 days and 28 days 

 

Φ (mm) L 

(mm) 

𝛕𝐦𝐚𝐱(MPa) 
(7 days) 

𝛕𝐦𝐚𝐱(MPa) 
( 28 days) 

α 
(BPE) 
(7days) 

β 
(CMR) 
(7days) 

α 
(BPE) 

(28days) 

β 
(CMR) 

(28days) 

Φ=8 mm 
(GFRP-

HW) 

10Φ 10,85 14,37 0,084 0,0724 0,080 0.046 

Φ =14 
mm 

(GFRP-
S) 

5Φ 16,56 19,63 0,263 0,311 0,28 0,203 

Φ =16 
mm 

(GFRP-
HW) 

5Φ 12.88 14,14 0,237 0,170 0,27 0,27 
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Figure 8: BPE and CMR model validations against the experimental results of pull out tests 
GFRP-HW 16Φ at 28 days. 

 

 

Figure 9: BPE and CMR model validations against the experimental results of pull out tests 
GFRP-S 14Φ at 28 days. 

 

4.4 Cracking pattern prevision 

the prevision of the cracking pattern is analytically studied in the case of a GFRP-RC element. 
In a reinforced element, the stresses are transferred from the concrete to the rebar’s 
reinforcement element by the bond between the rebar and the concrete. The cracks in the 
concrete appears once the concrete’s stress reaches the maximum tensile strength of the 
concrete τmax. Thus, at the moment of the crack an immediate redistribution of stresses in the 
concrete or in the rebar is deduced. During the development of a new crack, the transfer length 
(lt) is defined as the distance between the two cracks. As results, the number of cracks in the 
concrete element keeps increasing while the reinforced element loses stiffness.  

The BPE model, which describes the bond laws between the GFRP/Steel, rebars and the 
concrete is adopted in this analytical study. Ver De Veen [29], established analytical 
expressions of the rebar’s stresses during the first crack formation σ   and the conscutive crack 
𝜎  (equations 8 and 9) 
 
 𝜎   𝑛  𝜎                                  (8) 
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 𝜎 𝑛 𝜎                                 (9) 

with σ   is the concrete’s stress relative to the cracks apperance equal to the concrete tensile 

strengh ft . n   , Er is the elastic moduls of the rebar , Ec is the young’s modulus of the 

concrete.  
The slip expression associated to the crack’s formation is detailed in equation 10 [29]. 

 𝑠   

   
                          (10) 

The crack width is expressed in equation 11.  
 𝑤 2𝑠                                        (11) 
The transfer length  is detailed in equation 12. 

 𝑙  

 
                                (12) 

Hence, the spacing between two cracks is deduced as following: 

 𝑒 2𝑙                              (13) 

Table 4 summarizes the cracks’s analytical results associated respectively to a tension tie model 
reinforced with GFRP-HW, GFRP-S and steel rebars. Firstly, we deduce that the crack’s width 
calculated in the GFRP concrete is more important than the width relative to the steel reinforced 
concrete element. Besides, by comparing the values of transfer lengths, these cracks are more 
spaced for the GFRP reinforcement case.  

 

Table 4: Crack’s analytical results for GFRP-HW, GFRP-S and steel rebars. 

 PRFV HA- Φ=16  PRFV S-Φ=14 Acier 

α 0,275 0,278 0,4 

δ 2 2,5 2,5   

τ MPa   8,6 11,77 14,14 

s  (mm)  2 ,7 3,48 1 

σ  MPa  4,93 4,93 17,28 

 σ   (MPa) 138,14 138,14 185 

s (mm) 0,14 0,12 0,068 

w  (mm) 0,28 0,24 0,137 

l (mm) 167 140 260 

e (mm) 334 280 520 
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5 CONCLUSION 

An experimental and analytical study has been established in order to evaluate the bond 
behaviour between different types of GFRP rebars (S and HW) and the concrete.  For the 
experimental part, pull out tests of GFRP-HW and GFRP-S were performed in order to evaluate 
their bond behaviour.  By the use of this experimental process, the variation of the bond strength 
and slip has been deduced for each type of the mentioned rebars. Four parameters hav been 
taken in account in this experimental program which are the rebar diameter (for the GFRP-HW 
have been chosen (8 mm and 16 mm), for GFRP-S 14 mm), its roughness (GFRP-S or GFRP-
HW), its embedded length and the concrete’s age (7 days and 28 days). Indeed, the experimental 
results prove that the deduced bond law of the GFRP-S rebars is the closest to the steel one. 
Furthermore, it presents a bond behaviour better than the GFRP-HW’s law. In addition, we 
noted that in the case of important embedded lengths, the bond strength decreases. 

 A second part of this article deals with an analytical study based on the experimental study just 
described. their relative expressions of the bond strength are determined by the use of the 
developed formula by the fib Model code. Indeed, we presented the analytical models that 
describes the bond strength evolution in the GFRP case study. The analytical models are BPE 
model and CMR one.  Each model is defined by parameters. We interested essentially on the 
ascending branch of the bond-slip curve. At this level, the parametrical identifications of the 
BPE model and the CMR one are deduced by referring to the bond slip experimental curves.  
In addition, we conclude that the CMR model represents better the experimental curves than 
the BPE model.  

In a third part, an analytical study is developed which deals with a tension tie model. the BPE 
model is chosen in this analytical work. It leaded to determine firstly the analytical expressions 
of the slip, the bond strength, the concrete’s stress and the rebar’s stress as functions of the 
position on the rebar-concrete interface. Secondly, the analytical formulas of the transfer length, 
the crack’s width and the crack spacing are also deduced.  At a final part, the developed 
analytical model is applied on the following reinforced tension tie model: with GFRP-S, GFRP-
HW and steel rebars. As results, we found that the cracks width in the steel reinforced element 
is lower than the cracks widths values found in the case of GFRP rebars (HW/S). Hence, the 
crack’s spacing is the case of GFRP reinforcement is lower than the spacing calculated on the 
Steel reinforced element.  
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ABSTRACT 

For concrete structures strengthened with externally bonded reinforcement, the bond law that 
relates the interfacial shear stress to the local slip of reinforcement relative to concrete is of 
fundamental importance to understand the load transfer from concrete to reinforcement. The 
effect of concrete deformation is usually neglected in the past while evaluating the bond law 
through experimental or analytical approaches. In the present study, the bond law was evaluated 
based on the experimentally obtained global load response, in which the effect of concrete 
deformation was incorporated. Regarding two types of single shear test configurations, namely 
pull-pull and pull-push tests, the formulae for evaluating the bond law were theoretically 
derived. It can be found that the neglection of concrete deformation leads to under- and over-
estimation of the bond law for pull-push and pull-pull shear tests. An example was given to 
illustrate the implementation of the proposed method on a reported steel plate-concrete 
interface, and the effects of concrete deformation on the evaluated bond law were discussed. 

1 INTRODUCTION 

Enormous deficient concrete infrastructures exist worldwide. Their structural safety cannot 
suffice anymore due to many factors, like environmental attacks, vandalism, material 
degradation, and function modification or upgrade. Therefore, there is an immense demand for 
retrofit, rehabilitation, and strengthening to improve structural performance and extend their 
longevity. Over the last decades, multiple strengthening methods have been developed to this 
end, of which external bonding reinforcement is one of the most extensively applied methods. 
This method involves externally bonding reinforcement onto the concrete surface via various 
structural adhesives. The effectiveness of external bonding is contingent on load transfer at the 
interface between reinforcement and concrete. Steel plates were extensively applied for 
strengthening until fiber-reinforced polymers (FRPs) exhibited good mechanical and durability 
properties. The latter has gained prevalence in the external bonding method. Regardless of 
different reinforcements, the mechanism of load transfer is similar. 

The bond law that relates the shear bond stress at the interface and the slip (relative 
displacement of reinforcement to concrete) is essential to understand the load transfer. 
According to extensive studies regarding FRP-concrete interfaces, the most used approach to 
obtain bond law is to conduct shear tests in which pure shear stress is assumed at the interface. 
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Different shear test setups have been proposed to study the FRP-concrete interfaces [1, 2], as 
shown in Figure 1. The applied external force, global displacement and FRP strain profiles 
along the bond length can be obtained through the shear tests.  

 

Figure 1: Different types of shear tests 
 

Based on the different experimental results, approaches for evaluating bond law can be 
categorized into two types. One type is to derive the bond law via calculating the bond stress 
and slip based on the strain measurements [3, 4] or fitted experimental strain profiles [5, 6]. 
Since the experimental strain measurement results usually exhibit a larger scatter due to random 
distribution of coarse aggregate on the concrete surface, variation in the adhesive thickness and 
so forth, it can be found that the evaluated bond slip is also scattered. Another type bases the 
determination of bond law on the applied force versus the global displacement curve (global 
response curve) [7-9]. Specifically, a generalized approach that relates the global response 
curve to the bond law has been proposed. The resulting bond law can be seen as representative 
since no assumption of the shape of the bond law is made during the evaluation. 

Regarding the interface between concrete and FRP sheets prepared via a wet-layup process, the 
concrete stiffness is usually large enough that the concrete deformation can be neglected to 
evaluate bond law. However, there are some cases where the concrete deformation might be 
significant when the geometries of reinforcement (steel or FRP plate) are relatively large. The 
effect of concrete deformation on the evaluation of the bond law is still not clear. 

Based on a generalized method of evaluating bond law, this paper intends to propose a modified 
version by accounting for the effect of concrete deformation. Formulae were first derived to 
evaluate the bond law regarding two typical test setups, namely single pull-pull and pull-push 
tests. Comparison between the evaluated bond law without and with considering concrete 
deformation was made and discussed. Afterward, an example was given to illustrate the 
implementation of the proposed method on a reported steel-concrete interface, and the effect of 
concrete deformation was explored. 

Concrete

ReinforcementAdhesive

Concrete

ReinforcementAdhesive

Concrete

ReinforcementAdhesive

Concrete

ReinforcementAdhesive

(a) Double pull-pull shear test (b) Double pull-push shear test

(c) Single pull-pull shear test (d) Single pull-push shear test
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2 THEORETICAL BACKGROUND 

2.1 Interfacial governing equation and the derivation 

Although different test setups have been proposed, as shown in Figure 1, the load transfer 
mechanisms between reinforcement and concrete are close. Two types of single shear test 
setups were considered in the present study, as shown in Figure 2. 

     

(a) Single shear pull-pull tests     (b) Single shear pull-push tests 

 

(c) Differential element 
Figure 2: Stress analysis of a differential element (c) for single shear pull-pull (a)  

and pull-push (b) tests 
 

For convenience in establishing the interfacial governing equation, some simplifications made 
in the existing literature were also adopted: (i) Only shear deformation occurs at the interface, 
and any possible bending is neglected; (ii) Adherends (reinforcement and concrete) show a 
linear constitutive behavior; (iii) Geometries of the reinforcement, adhesive and concrete are 
uniform along the bond length; (iv) Uniform stress distribution occurs across the cross-section 
of adherends. 

A horizontal axis, x, is assigned along the bond length while the origin is located at the free end 
of the reinforcement. Considering force equilibrium of the differential element, dx, of the 
reinforcement and concrete and linear material behavior of adherends, Eq. 1 can be obtained.  

d𝜀𝜀𝑝𝑝
d𝑥𝑥

= 𝜏𝜏𝑏𝑏𝑝𝑝
𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝

             (1a) 

d𝜀𝜀𝑐𝑐
d𝑥𝑥

= − 𝜏𝜏𝑏𝑏𝑝𝑝
𝐸𝐸𝑐𝑐𝐴𝐴𝑐𝑐

            (1b) 

Where εp and εc are the strain of the reinforcement and concrete, respectively; E, A and b are 
Young’s modulus, the crosss-sectional area and the witdth of the adherends, while the 
subscripts p and c indicate the reinforcement and concrete, respectively. 

x

L

dx
x

L

dx

σp σp+ dσp

σc σc+ dσc

τ

dx
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The slip at the reinforcement interface, s, is defined as the difference of the displacement 
between the reinforcement (up) and concrete (uc), as expressed in Eq. 2. 

𝑠𝑠 = 𝑢𝑢𝑝𝑝 − 𝑢𝑢𝑐𝑐             (2) 

According to the geometric equation, the first derivative of s with respect to x equals the strain 
difference between the reinforcement (εp) and concrete (εc), as expressed in Eq. 3. 

𝑠𝑠′ = 𝑢𝑢𝑝𝑝′ − 𝑢𝑢𝑐𝑐′ = 𝜀𝜀𝑝𝑝 − 𝜀𝜀𝑐𝑐            (3) 

Taking the second derivation of s yields 

𝑠𝑠′′ = 𝜀𝜀𝑝𝑝′ − 𝜀𝜀𝑐𝑐′ = 𝜏𝜏𝑏𝑏𝑝𝑝
𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝

+ 𝜏𝜏𝑏𝑏𝑝𝑝
𝐸𝐸𝑐𝑐𝐴𝐴𝑐𝑐

           (4) 

Eq. 4 can be rewritten as Eq. 5 by introducing a parameter, λ, which indicates the effect of 
concrete deformation. Eq. 5 is the so-called interfacial governing equation. 

𝑠𝑠′′ = 𝜆𝜆 𝜏𝜏𝑏𝑏𝑝𝑝
𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝

              (5) 

𝜆𝜆 = 1 + 𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝
𝐸𝐸𝑐𝑐𝐴𝐴𝑐𝑐

               (5a) 

Taking the derivative of the squared s', one can obtain 

[(𝑠𝑠′)2]′ = 2𝑠𝑠′𝑠𝑠′′            (6) 

Combining Eqs. (3, 5, and 6), the following equation can be written.  

��𝜀𝜀𝑝𝑝 − 𝜀𝜀𝑐𝑐�
2
�
′

= 2�𝜀𝜀𝑝𝑝 − 𝜀𝜀𝑐𝑐�𝜆𝜆
𝜏𝜏𝑏𝑏𝑝𝑝
𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝

         (7) 

The bond length should be sufficiently long to ensure the complete development of bond law 
at the interface. This also indicates that a null slip occurred at the free end of the reinforcement. 
Integrating both sides of Eq. 7 gives 

∫ ��𝜀𝜀𝑝𝑝 − 𝜀𝜀𝑐𝑐�
2
�
′𝐿𝐿

0 d𝑥𝑥 = ∫ 2�𝜀𝜀𝑝𝑝 − 𝜀𝜀𝑐𝑐�𝜆𝜆
𝜏𝜏𝑏𝑏𝑝𝑝
𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝

𝐿𝐿
0 d𝑥𝑥      (8) 

Eq. 9 can be obtained by applying the substitution rule of finite integrals. 

∫ ��𝜀𝜀𝑝𝑝 − 𝜀𝜀𝑐𝑐�
2
�
′𝐿𝐿

0 d𝑥𝑥 = 2𝜆𝜆𝑏𝑏𝑝𝑝
𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝

∫ 𝜏𝜏𝑠𝑠𝐿𝐿
0 d𝑠𝑠         (9) 

2.2 Bond law evaluation for single shear pull-pull tests 

For single shear pull tests, the sum of the internal force of the reinforcement and concrete is 
equal to the applied force, P, as expressed in Eq. 10. 

𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝𝜀𝜀𝑝𝑝 + 𝐸𝐸𝑐𝑐𝐴𝐴𝑐𝑐𝜀𝜀𝑐𝑐 = 𝑃𝑃            (10) 

Combining Eq. 9 and Eq. 10, the concrete strain can be eliminated, yielding 
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∫ ��𝜆𝜆𝜀𝜀𝑃𝑃 −
𝑃𝑃

𝐸𝐸𝑐𝑐𝐴𝐴𝑐𝑐
�
2
�
′

𝐿𝐿
0 d𝑥𝑥 = 2𝜆𝜆𝑏𝑏𝑝𝑝

𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝
∫ 𝜏𝜏𝛿𝛿0 d𝑠𝑠         (11) 

As the free end strain of the reinforcement is null, namely εp(x=0) = 0, Eq. 12 can be obtained 
by calculating the integral of the left side of Eq. 11. 

𝜆𝜆2𝜀𝜀𝑝𝑝,𝐿𝐿
2 − 2𝜆𝜆𝜀𝜀𝑝𝑝,𝐿𝐿

𝑃𝑃
𝐸𝐸𝑐𝑐𝐴𝐴𝑐𝑐

= ∫ 2𝜆𝜆 𝜏𝜏𝑏𝑏𝑝𝑝
𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝

𝛿𝛿
0 d𝑠𝑠          (12) 

Where εp,L is the reinforcement strain at the loaded end, which equals the applied force divided 
by the axial stiffness of the reinforcement. 

Taking the first derivative of Eq. 12 with respect to x, bond law can be evaluated in Eq. 13. 

𝜏𝜏(𝛿𝛿) = (2−𝜆𝜆)
𝑏𝑏𝑝𝑝𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝

𝑃𝑃(𝛿𝛿)𝑃𝑃′(𝛿𝛿)
𝑏𝑏𝑝𝑝𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝

            (13) 

Eq. 13 can also be rewritten as Eq. 14 in a finite difference format. 

𝜏𝜏(𝛿𝛿𝑖𝑖) = (2−𝜆𝜆)
𝑏𝑏𝑝𝑝𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝

𝑃𝑃(𝛿𝛿𝑖𝑖)
𝑃𝑃(𝛿𝛿𝑖𝑖)−𝑃𝑃(𝛿𝛿𝑖𝑖−1)

𝛿𝛿𝑖𝑖−𝛿𝛿𝑖𝑖−1
         (14) 

2.3 Bond law evaluation for single shear pull-push tests 

For single shear push tests, the internal force of the reinforcement and concrete should be 
balanced at any location; therefore, Eq. 15 should be satisfied. 

𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝𝜀𝜀𝑝𝑝 + 𝐸𝐸𝑐𝑐𝐴𝐴𝑐𝑐𝜀𝜀𝑐𝑐 = 0             (15) 

Following the similar derivation procedure illustrated above, bond law can be evaluated in Eq. 
16. 

𝜏𝜏(𝛿𝛿) = 𝜆𝜆
𝑏𝑏𝑝𝑝𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝

𝑃𝑃(𝛿𝛿)𝑃𝑃′(𝛿𝛿)
𝑏𝑏𝑝𝑝𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝

             (16) 

Eq. 16 can also be formatted in a finite difference form as expressed in Eq. 17. 

𝜏𝜏(𝛿𝛿𝑖𝑖) = 𝜆𝜆
𝑏𝑏𝑝𝑝𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝

𝑃𝑃(𝛿𝛿𝑖𝑖)
𝑃𝑃(𝛿𝛿𝑖𝑖)−𝑃𝑃(𝛿𝛿𝑖𝑖−1)

𝛿𝛿𝑖𝑖−𝛿𝛿𝑖𝑖−1
          (17) 

2.4 The effect of concrete deformation on the evaluated bond law 

According to Eq. 14 and Eq. 17, the bond law of the externally bonded reinforcement can be 
evaluated once the applied versus global displacement curve is given. In the previous study, the 
equation for evaluating bond law, as shown in Eq. 18, has been derived without considering 
concrete deformation, which is consistent with Eq. 14 and Eq. 17 by taking the axial stiffness 
of the concrete as infinity. 

𝜏𝜏(𝛿𝛿𝑖𝑖) = 1
𝑏𝑏𝑝𝑝𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝

𝑃𝑃(𝛿𝛿𝑖𝑖)
𝑃𝑃(𝛿𝛿𝑖𝑖)−𝑃𝑃(𝛿𝛿𝑖𝑖−1)

𝛿𝛿𝑖𝑖−𝛿𝛿𝑖𝑖−1
          (18) 

Comparing with Eqs. (14, 17-18), it can be found that the bond law evaluated considering 
concrete deformation differs from the previous study where the concrete deformation is 
neglected (Zhu et al. [8, 9]), depending on the axial stiffness of the substrate concrete and test 
configuration. Besides, neglecting concrete deformation leads to under- and over-estimation of 
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the bond law for pull-push and pull-pull shear tests. In particular, the difference in evaluation 
results is pronounced if the stiffness ratio of the reinforcement to concrete cannot be neglected. 
For example, the specimens collected in [10] have a stiffness ratio varying up to 0.5, which may 
bias the evaluation results when neglecting the concrete deformation. 

3 IMPLEMENTATION OF BOND LAW EVALUATION 

This section presents an implementation of bond law evaluation on a steel plate-concrete 
interface reported in [11]. The specimen details have been well documented, and the applied 
force versus global displacement curve has been obtained. The geometries of the specimen are 
presented as follows: (1) the bond length, width and thickness of the reinforcement are 800 mm, 
80 mm and 2.9 mm, respectively; and (2) the cross-section of the concrete is 200 mm × 200 
mm. The Young’s modulus of the steel plate and concrete are 205 GPa and 35 GPa, 
respectively. A single shear pull-push test was carried out on this specimen. 

Figure 3 shows the applied force versus global displacement curve of the steel plate-concrete 
interface [11]. The reinforcement-concrete width ratio has a significant effect on the mechanical 
behavior of the interface, which cannot be dealt with in a two-dimensional mechanical analysis. 
To account for the width ratio, the original global response curve was adjusted by dividing the 
applied force by a width factor, βw, proposed in (J.F.Chen and J.G.Teng [10]), as shown in Eq. 
19.  

𝛽𝛽𝑤𝑤 = �
2−𝑏𝑏𝑝𝑝 𝑏𝑏𝑐𝑐⁄
1+𝑏𝑏𝑝𝑝 𝑏𝑏𝑐𝑐⁄               (19) 

 

Figure 3: Applied force vs. global displacement curve 
 

The adjusted global response curve was treated using data smoothing to avoid significant data 
fluctuation in the evaluated bond law. The smoothed curve  is also included in Figure 3. The 
typical behavior of the global response curve should be maintained after data smoothing, which 
shows a nonlinear increasing trend up to the plateau with increasing global displacement. 
Subsequently, the smoothed curve was discretized into n segments, and the number of segments 
before the plateau is taken as 40 in the present study.  
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For brevity, the equations for evaluating bond law were derived by assuming normal stress 
evenly distributed over the whole cross-section of the adherends. Nevertheless, it has been 
unveiled that nonuniform stress distribution occurred in the substrate concrete, and the concrete 
strain is larger at a location closer to the interface. To clarify the effect of the concrete 
deformation (equivalent to the concrete stiffness), a concrete stiffness factor, α, is used in Eq. 
20 to multiply the concrete stiffness, aiming to indicate how much the concrete deformation 
affects the evaluation results. Values of α vary between 0 and 1. 

𝜆𝜆(𝛼𝛼) = 1 + 𝐸𝐸𝑝𝑝𝐴𝐴𝑝𝑝
𝛼𝛼𝐸𝐸𝑐𝑐𝐴𝐴𝑐𝑐

             (20) 

When α is taken as infinity, there is no concrete deformation and the evaluated bond law is the 
same obtained from both Eq. 17 and Eq. 18. If α equals a value smaller than 1, the deformation 
of a part of the concrete section close to the interface contributes to biasing the evaluation 
results. 

To illustrate the effect of concrete deformation, α was assigned as different values, including 
infinity, 0.2, 0.4, 0.6, 0.8 and 1.0. Bond law was evaluated using Eq. 17 and Eq. 20 based on 
the smoothed global response curve, as shown in Figure 4. Discrepancies in the evaluated bond 
law can be noticed with different values of α. The bond stress evaluated considering the 
deformation of the whole cross-section is 3.4% higher than that obtained by neglecting the 
concrete deformation, and the percentage for 0.2EcAc becomes 17%. These findings indicate 
that it is desirable to consider the effect of concrete deformation in evaluating the bond law 
between the reinforcement and concrete, especially if the reinforcement has a relatively large 
cross-section or the concrete has a relatively small cross-section. It is recommended that the 
deformation of the concrete is measured during shear tests, providing detailed information on 
which the effect of concrete deformation on the bond law can be explored based. 

 

Figure 4: Evaluation of bond law considering concrete stiffness 
 

4 CONCLUSIONS 

Regarding two different experimental setups, namely single pull-pull and pull-push shear tests, 
formulae were theoretically derived for evaluating the bond law. If the concrete stiffness 
approaches infinity, there is no difference in the evaluated bond law for different shear tests. 
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Otherwise, the neglection of concrete deformation leads to under- and over-estimation of the 
bond law for pull-push and pull-pull shear tests. The discrepancy caused by neglecting concrete 
deformation is dependent on the axial stiffness of concrete and the test configurations. 

An example was shown to implement the proposed method to evaluate the bond law for a steel-
concrete interface that has been reported in the existing literature. The effect of concrete 
deformation has been clarified by considering the contribution of concrete deformation. The 
evaluated bond stress is 17% higher for the case of 0.2EcAc than the case without considering 
concrete deformation. Therefore, it is recommended that the deformation of the concrete be 
measured during shear tests, providing detailed information on which the effect of concrete 
deformation on the bond law can be explored based. 
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ABSTRACT 

For the study presented in this paper, it was the goal to evaluate the bond-to-concrete behavior 
for two basalt fiber reinforced polymer (BFRP) rebar types, that only differ in the resin 
(different types of epoxy resin) through pullout testing according to ASTM D7913 in an effort 
to characterize the impact of the resin on the bond-to-concrete behavior of BFRP rebars. Rebars 
were first casted into concrete cubes with an embedment length of five times the rebar diameter. 
After the concrete reach maturity, the rebars were pulled out of the concrete cubes to measure 
the pullout force and the relative displacement between the rebar and the concrete cube at the 
load-end (the side at which the rebar is pulled out) and at the free-end (the side at which the 
rebar sticks out and no force is applied). The measured force was mathematically distributed 
over the bonded area (where the rebar is in contact with the concrete) to determine and compare 
the bond stresses. It was clearly noticeable that the resin type generally influenced the bond-to-
concrete properties of BFRP rebars. A difference of up to 32% in bond-to-concrete strength 
was registered for the two different resin types. Further a different failure mode was observed, 
depending on the resin type. 

1 INTRODUCTION 

While steel rebars have many advantages for the usage in reinforced concrete structures, 
exposure to saltwater and harsh environments have appeared to lead to increased corrosion. 
(Gharehbaghi and Rahmani [1]; Ruiz Emparanza et al. [2]). Though corrosion of reinforcement 
results in tensile strength losses, the volumetric expansion of rust causes surface cracks and 
spalling of the concrete, which destroy the protective high pH layer that the concrete usually 
provides to the embedded steel. Generally, these effects lead to deterioration and may induce 
structural failure with significant financial implications or — even worse — personal losses. 
To reduce these risks and to increase the service life of bridges and infrastructure elements, 
noncorrosive internal reinforcement alternatives, such as fiber reinforced polymers (FRP) 
rebars, have been developed and they appear to be a viable option for concrete structures in 
harsh environments (Benmokrane and Ali [3]; Vincent et al. [4]). FRP rebars are manufactured 
from thin fibers (e.g. glass, carbon, aramid or basalt), which are longitudinally bundled with a 
resin matrix (e.g. polyester, vinyl-ester or epoxy base) to form a rebar (Solyom and Balazs [5]). 
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While the fibers have the load carrying part, the resin matrix provides the bond between the 
fibers, transmits the force to the fibers, and protects the fibers (Bagherpour [6]). Besides 
corrosion resistance, other benefits, such as high tensile strength, magnetic transparency, low 
unit weight (about one-third of steel), reduced transportation costs, ease of handling on the job 
site, etc., have sparked a great interest in the construction industry. Recent research projects and 
demonstration structures — e.g. Halls River Bridge replacement in Florida (Rossini et al. [7]) 
— have shown that FRP rebars are advantageous for many aspects and that the technology has 
the potential to be standardized for safe use in construction projects. 

Unlike for traditional black steel rebars, the production of FRP rebars has not been standardized 
yet and manufacturers around the world have developed different FRP rebar products with 
various raw materials, distinct surface types, and also different production methods. Studies 
showed that different FRP rebar types made by various manufacturers adhere differently to 
concrete and that the bond-to- concrete performance is dependent on various factors (Fava et 
al. [8]; Yan et al. [9]; Yang and Xu [10]; Jamalan and Fu [11]). Proper stress transfer between 
reinforcement and surrounding concrete must be guaranteed for safe and functional concrete 
structures, and therefore, the design of concrete and many theories are based on this underlying 
principle. Accordingly, the bond-to-concrete behavior is one of the most fundamental 
mechanical characteristics of FRP rebars that affect the quality and durability of concrete 
structures (S ́olyom et al. [5]). However, the bond stress needs to be transmitted from the rebar 
surface to the load carrying fibers. The load transfer is ensured by the resin and the strength of 
the resin might determine the bond strength of the rebar. Accordingly, a need to evaluate the 
effect of the resin on the bond properties exists. 

2 RESEARCH SIGNIFICANCE 

BFRP rebars, produced by different manufacturers, are made from various raw materials and 
every product is different. It has been shown that different rebar products result in different 
bond strength, but the contribution of the resin on the bond performance has not been quantifies 
this far. To extend the specific knowledge about the bond to concrete of BFRP rebars, this study 
aimed to evaluate the bond-to-concrete performance of BFRP rebars with different resin types 
by testing rebars that only differ in the resin type. In this study, the effect of different viscosity 
of resin on specific bond properties such as bond strength, bond stress vs. slip development, 
and bond stiffness were measured, analyzed, compared, and discussed. To properly discuss 
these different bond related aspects, the failure modes obtained for each rebar type had to be 
studied. 

3 RESEARCH METHODOLOGY 

To investigate the impact of the resin on the bond to concrete performance of BFRP rebars, 
pullout according to ASTM D7913 (ASTM International [12]) were conducted. The rational 
and hypothesis for this research was: If the pullout test on two nearly identical rebar types 
(Resin A and Resin B) that differed only in the resin type lead to a different bond-to-concrete 
performance, then the resin plays an important role for the bond strength of BFRP rebars. A 
summary of all rebar samples, including the range of independent variables (resin type and 
rebar diameter) as well as the nominal bond lengths and the number of repetitions, is shown in 
Table 1. Two different rebar sizes (# 3 and # 5), with a nominal diameter of 9.5mm (3/8 in.) for 
#3 rebars and 16mm (5/8 in.) for #5 rebars were chosen to evaluate the potential impact due to 
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varying rebar sizes. According to ASTM the bond length was chosen to five times the nominal 
diameter of the rebar (48mm or 1 7/8 in. for #3 rebars and 79mm or 3 1/8 in. for #5 rebars). 

Table 1: Test Matrix 

 

The design of the pullout test specimen, as specified in ASTM D7913 (ASTM International 
[12]), is shown in Figure 1 (exemplary for a #3 rebar). It can be seen that one rebar end was  

 

embedded inside the concrete cube — with a 200 mm (8 in.) edge length — while the other end 
was encased in a steel anchor to protect it from transverse failure due to rebar gripping. To 
guarantee an accurate bond length of five times the nominal diameter, PVC tubes were installed 
to shield the non-relevant portion (at the load-end) of the rebar. The rebar displacement relative 
to the concrete cube was measured at both ends — the free-end and the loaded-end. While the 
free-end slip was measured with one transducer, the relative displacement at the loaded-end 
was recorded as the average value measured by three transducers in a 120° arrangement. All 
tests were executed in displacement controlled mode with a displacement rate of 0.75 mm/min 
(0.03 in./min) for # 3 rebars or a displacement rate of 1.02 mm/min (0.04 in./min) for # 5 rebars.  

3.1 Materials: Basalt FRP Rebars 

The rebars were produced by pultrusion, but additional information about the exact resin 
composition, the fibers, or sizing on the fibers could not be provided by the manufacturer due 
to proprietary materials and production techniques. However, all BFRP rebars were obtained 
from the same manufacturer, who produced two rebar sub-variants that were nearly identical 
and only differed due to the use of different (proprietary) hardeners. Both were amine type 
hardeners, but manufactured by different companies with different properties and working 

Figure 1: Specimen with Rebar #3 (1in. = 25.4mm) 
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temperature. Photos of the cross section and the surface enhancement for each experimentally 
tested rebar sample can be seen in Figure 2. It shows that all rebar types had a round solid cross 

 

 section, and sand coating was applied at the outer surface to improve the bond-to-concrete 
properties. Further, they had a thin layer of soft wrapped helical wraps between the sand coating 
and the load carrying fiber bundle, which were not visible from the outside because this did not 
lead to significant surface deformation at the rebar surface. To further characterize the material, 
different engineering properties of the rebars were experimentally evaluated as summarized in 
Table 2. It is noted that the tensile strength of rebar Resin A was higher for # 5 rebars, but lower 
for # 3 rebars. Further, the elastic modulus for # 3 and # 5 rebars was lower for Resin A. 

 

3.2 Materials: Concrete 

To reduce variances and to ensure consistency of test results, one single batch of ready-mixed 
concrete with a guaranteed compressive strength of 31 MPa (4500 psi) was used to produce all 
pullout cubes. The concrete had a cement content of 371 kg/m3 (625 lbs./yd3) and a water to 
cement ratio of 0.31. The largest aggregate was a #57 Stone. The fresh concrete properties, and 
the concrete compressive strength according to ASTM C39 (ASTM International [13]) were 
separately evaluated. The conducted slump tests showed a true slump of 108mm (4 1/4 in.) 
before casting the concrete and 83mm (3 1/4 in.) after all specimens were cast. The measured 
compressive strength of five companion cylinders (152.4 mm × 304.8 mm or 6 in. × 12 in.) was 
obtained at the day of pullout testing (28 days) with a mean compressive strength of 51 MPa 

Figure 2: Evaluated Rebar Types 

Table 2: Engineering Properties of evaluated Rebars 
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(7396 psi), a standard deviation of 1.39 MPa (201.38 psi), and a coefficient of variation of less 
than 2.7 %. 

3.3 Specimen Preparation 

In this study, the pullout specimens with embedded BFRP rebars were created via horizontal 
casting with combined molds using form dividers according ASTM D7913 (ASTM 
International [12]). For consistency, one single operator placed the concrete in three layers of 
approximately equal thickness, while a different single operator rodded each layer 25 times 
with a 16 mm (5/8 in.) diameter tamping rod. As soon as each layer was consolidated, a third 
operator tapped the mold for each specimen with a rubber mallet 5 times. After the top layer 
was completely consolidated, the free surface was struck off and leveled with a trowel, before 
it was covered to prevent evaporation according to ASTM C192 (ASTM International [14]). 
For curing, the specimens remained covered in the molds for 17 days, but were removed 
thereafter to install the anchors at the load end (around the BFRP rebars) according to ASTM 
D7205 (ASTM International [15]). 

3.4 Test Procedure 

To conduct the pullout tests, two fixtures were designed to properly apply the pullout forces to 
the specimen: The upper fixture was designed to accommodate the concrete cube, while the 
lower fixture was designed to accommodate the steel tube anchor. The upper fixture was pulled 
upwards by using a 300 kN (66 kip) hydraulically regulated actuator that was installed in a load 
frame. The lower fixture remained stationary throughout testing. Measurements were taken 
with a load cell inside the actuator and with displacement gauges attached to the rebar at the 
loaded-end (the side where the steel anchor was attached to pull the rebar out of the concrete) 
and at the free-end (where the rebar stuck out of the top of the concrete block). The pullout tests 
were conducted under standard laboratory conditions within (23 ± 2) °C [(73 ± 5) °F] and (50 
± 10) % relative humidity. Figure 3 illustrates the test setup. After the specimens were cleaned, 

Figure 3: Experimental Setup 
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they were installed in this setup. When the specimen was aligned properly an initial seating 
load of 272 kN (600 lbs.) was applied to generate sufficient stiffness in the system. Thereafter, 
the LSCTs, which were needed to measure the rebar slip at both ends (the so-called free- and 
loaded-ends), were attached to the rebar and nulled. The force was continuously applied and 
without shock, all values were recorded with 1000 Hz until the measured force decreased 
significantly (more than 50 %) and the slippage at the free end of the bar measured at least 2.5 
mm (0.1 in.). After each test was completed, the concrete block was slit from both sides with a 
concrete saw and afterwards split in half by using a hammer and a chisel without destroying the 
rebar-concrete interface to analyze the failure mode and to measure the precise bond length of 
each specimen. 

4 RESULTS AND DISCUSSION 

4.1 Failure Mode 

Generally, all tested specimen failed due to pullout failure (no rebar rupture or split open 
concrete blocks). After the pullout tests were completed, the concrete blocks were split in half 
to further evaluate the failure mode by analyzing the surface of the rebar and the concrete (see 
Figure 4). The steel anchor is on the right side and both concrete cube parts are shown on the  

 

left. The shielded area with the white PVC-tube and the bonded area can be clearly identified.  
However, to describe the rebar-concrete interface, Figure 5 exemplifies the different 
representative failure modes as they were observed for each rebar type. The upper row of the 
pictures shows a closeup of the bonded area with the rebar and the lower row represents close 
the details of the bonded area without the rebars. 

For #5 rebars of Resin A, the sand was still attached to the rebar at most parts of the rebar, while 
for the other specimens a de-bonding of the entire sand coat including the outer layer of resin 
was observed. Some specimens showed a failure pattern that was in between: Approximately 
half of the rebar was still covered with sand and resin. Helical wraps, which were not visible 
before, were exposed between the rubbed off sand coating and the load carrying fiber bundle 
for all specimen. Except for two specimens, these thin helical wraps stayed attached to the rebar 

Figure 4: Split open specimen after completion of pullout testing 
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after testing. For all specimens of Resin A, remnants of resin were observed at the concrete 
surface and while no load carrying fibers at the concrete surface were observed for Resin B. 
Unlike for rebar Resin A, the helical wraps were rubbed off from most parts of all Resin B 
rebars. As already seen for rebar Resin A, the outer layer of the resin was adhered to the 
concrete, but no load carrying fiber were noticed on the concrete surface. 

 

Figure 5: Surface appearance (of rebars and of concrete) after rebar slippage 

 

4.2 Bond-to-Concrete Strength and Slippage 

For numerical comparison and concluding values, Table 3 lists the maximum bond stress 
(Max.), the minimum bond stress (Min.), the average bond stress (Mean), the standard deviation  

 

(SD), and the coefficient of variation (CV) for each individual test sample. Overall it can be 
seen that Resin B measured higher average bond strength values with 15.0 MPa (2.18 ksi) for 
# 3 rebars and 18.7 MPa (2.71 ksi) for # 5 rebars than Resin A with 15.2 MPa (1.77 ksi) for # 
3 rebars and 10.5 MPa (1.53 ksi) for # 5 rebars. All samples measured a relatively low 

Table 3: Bond-to-concrete strength results (statistical values for each sample group) 
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coefficient of variation with a maximum of 6.8 % for # 3 rebars of Resin A. However, the 
minimum guaranteed bond-to-concrete strength that is generally required for acceptance of 
GFRP rebars according to FDOT Specifications Section 932 (Florida Department of 
Transportation [16]), AC 454 (International Code Council [17]), and ASTM D7957 (ASTM 
International [18]) is given with 7.58 MPa (1.1 ksi), which was reached or exceeded by all 
specimens that were tested. 

4.3 Bond Stress vs. Slip Behavior  

The bond stress vs. slip behavior, with results for each individual specimen, is shown in Figure 
9. The graphs were generated to visually compare the bond stress vs. slip behavior at the free- 

 

end for all specimens within each sample and between the various sample groups. It was found 
that all specimen within each sample group had a similar bond stress vs. slip behavior at the 
free end. The general bond stress vs. slip behavior was also similar for the different samples, 
but the maximum bond stresses were different. All tested rebars failed sudden with abrupt 
pullout after the peak bond strength was reached. The initial slippage was low and when a 
specific bond stress value was reached, the rebars slip more rapidly and failed after a minute  
slippage increase. 

5 CONCLUSIONS 

For this research project, a total of 20 specimens with nominal diameters of 9.53mm (38 in.) 
and 15.88mm (58 in.) and two different resin types of epoxy resin were tested according to 
ASTM D7913 (ASTM International [12]) to study the effect of the resin on the bond-to-

Figure 6: Free-end slip behavior of all tested BFRP rebars 
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concrete behavior. The two tested rebar types (Resin A and Resin B) were produced by the 
same manufacturer and the only difference between these rebar types was the type of epoxy 
resin. Both were sand coated with a round solid shape. The bond strength, the load displacement 
behavior, the failure behavior, and the fracture patterns of all samples were characterized and 
systematically compared to each other. 

Based on the findings and the analysis conducted in this research, the following conclusions 
were drawn: 

• BFRP rebars with sand coating and without surface deformations predominantly fail due to 
delamination at the outer rebar surface. For 60% the sand layer of the rebars were entirely 
peeled of, for 40 % the sand layer of the rebars were partly peeled of. No rebars suffered damage 
at the outer rebar surface. 

• Sand coated BFRP rebars without surface deformations are likely to fail in a sudden or brittle 
fashion. After the abrasion of the sand or the failure of the resin between the fibers, the sanded 
surface becomes effectively smooth and increasing loads can no longer be resisted. 

• The resin type measurably impacts the bond-to-concrete performance of BFRP rebars. Though 
all other constituent materials and production processes may be identical for a specific rebar 
type, based on the results in this study, it appears that a variation in resin can lead to a bond 
strength difference of up to 32%. However, the bond stress vs. slip development appears to be 
not affected. 
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ABSTRACT 

The influence of placing the self-compacting concrete (SCC) mix from a single point on the 
microstructure of the rebar-concrete interface was investigated as part of the paper. Experiments 
were performed on two test elements of varying dimensions. The first was in the form of a panel 
with dimensions of 800×480×160 mm and the second was a full-scale wall element with 
dimensions of 2240×1600×160 mm. The placement of the mixture was performed each time 
from the top using only one casting point, located near the edge of the formwork. The ribbed 
steel reinforcing bars of 16 mm diameter were embedded horizontally in the test elements. X-
ray computed tomography (CT) was used as a non-destructive technique that allows a 3D 
insight into the microstructure of the rebar-to-concrete interface. On the basis of X-ray CT 
image analysis performed on core samples collected from the test specimens, it was found that 
the microstructure of the rebar-to-concrete interface is affected by both the distance of the 
specimen location with respect to the mix casting point and its position across the height of the 
element. The results provided a clear picture of the phenomena that occur during the fresh state 
of concrete in the vicinity of the reinforcing bars (bleeding, plastic settlement, vertical density 
variation) and allow us to understand their significance for the bond properties. The significance 
of the results is a possible guidance during the execution and design of reinforced concrete. 

1  INTRODUCTION 

Compared to traditional concretes, self-compacting concrete (SCC) offers special rheological 
properties that ensure gravity filling of a mold or formwork of any shape with no presence of 
segregation or the need for additional mechanical compaction [1]. An auxiliary advantage and 
simultaneously a requirement of a self-compacting mix is its ability to pass through even very 
dense reinforcement. The high fluidity of the SCC mix, in addition to ensuring the flow and 
self-levelling of its surface, also facilitates natural discharge of air pores, accidentally caught 
during production or transport, from the mix according to the principle of hydrostatic buoyancy. 

The structural performance of reinforced concrete elements is strongly dependent on the 
interaction between the reinforcement and the surrounding concrete, which is generally referred 
to as the steel-to-concrete bond. The final uniformity of the structural material is mainly 
determined by the proper action of the concrete bond to the reinforcement steel, which is therefore 
one of the most crucial hardened properties of concrete. Bond strength is recognized to be 
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significantly affected by the properties of hardened concrete and reinforcement, as well as the 
consolidation of fresh concrete before hardening. Careless or overly dynamic formwork filling 
can lead to areas with potentially more propitious compacting conditions in the bottom parts 
compared to those on top. This is connected to the phenomena that occur during the consolidation 
process of fresh concrete such as bleeding and plastic settlement that is when water migrates from 
the bottom to the top surface and the concrete settles downwards, respectively. 

The structural behaviour and durability performance of reinforced concrete is strongly 
influenced by the steel-concrete interface (SCI). Therefore, it is of fundamental importance in 
the engineering of reinforced concrete structures. The quality of SCI is also reflected in the 
quality of the steel-concrete bond and affects it in terms of adhesion and mechanical 
interlocking between steel and concrete [2]. As a consequence of negative phenomena in SCI, 
such as segregation, settlement, and bleeding of fresh concrete, air voids may appear under 
horizontal rebars. Another risk of entrapment of air beneath horizontal surfaces of rebars may 
occur due to deaeration of the mix when rising air bubbles adhere to the rebar. These air voids 
could vary considerably in size and shape. For example, voids formed by bleed water are of 
more elongated or crescent shape and thus may reach a larger contact area with the rebar surface 
compared to air voids. However, since bleed-water voids are initially filled with water and 
subsequently can be emptied by chemical shrinkage and upon drying, one can misidentify them 
as entrapped air voids.  

As the depth of concrete under the reinforcing bar increases, the negative phenomena within 
the SCI that occur on the bottom side of the rebar intensify [3]. However, differences in the 
quality of the SCI between the bottom and top sides of the rebar can be detected for increased 
distances from the bottom of the form, over 150 mm of concrete depth under the rebar [4]. 
Evaluation of the quality of SCI under the bottom surface of the rebar can be performed by 
surface image analysis after the splitting of a sample after pull-out test [5] using video 
microscope analysis [6] or X-ray computed tomography (X-ray CT) [7]. Tests on normally 
vibrated concretes (NVC) and SCCs of various compressive strengths (25 and 40 MPa) 
conducted on 1.1 m high elements [6] indicated the occurrence of a bleed-water zone in the 
range between 0.1 and 0.2 mm for SCCs regardless of the compressive strength. In NVCs, 
especially of lower compressive strength, the observed voids were significantly wider, up to 
0.7 mm. Similar results were obtained in NVC in recent studies, up to 1 mm [8]. With the use 
of X-ray CT, it is possible to visualize the SCI (changes in density, occurrence of pores, voids 
and cracks) in the form of the three-dimensional model of the material structure [9,10,11].  

The aforementioned phenomena occurring in the SCI zone substantially impair the quality of 
the steel-concrete bond, which is reflected in the practical application of standard design codes. 
The effect has been taken into account in international standards [12,13], and the decrease in 
bond strength is compensated with a suitable extension of the anchorage length. In the present 
study, the SCI of the top and bottom samples collected from test elements of varying dimensions 
were compared with each other. The test elements were constructed from a single casting point 
fixed at the edge of a form. 

2 MATERIALS 

2.1 Self-Compacting Concrete Mixtures 

Table 1 presents the composition of the SCC mixes selected for further experiments. Two types 
of cement were used: Portland fly ash cement (CEM II/B-V 32.5R) of a strength class of 
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32.5 N/mm2 (high early strength) and blast furnace cement (CEM III/A) of a strength class of 
42.5 N/mm2 (ordinary early strength). Furthermore, two gravel fractions (2–8 mm and 8–16 
mm) were added as coarse aggregates, while a natural sand fraction of 0–2 mm played the role 
of a fine aggregate. Desired mixtures flow was achieved using a superplasticizer 
(polycarboxylic ether polymer) and plasticizer in various amounts. The total binder contribution 
was assumed to be 450 kg/m3, which is the minimum recommended value for SCC mixes. In 
the SSC-2 mix, as part of the binder, fly ash was added with a content ratio to the total 
percentage of binder assumed to be 20%. The water-to-binder ratio was set at 0.36. The dosing 
of the admixtures was adjusted in order to obtain the proper fluidity and plastic viscosity of the 
SCC mix. 

Table 1. Concrete mixture composition 
Ingredients SCC – 1 [kg/m3] SCC – 2 [kg/m3] 

Slag cement (CEM III/A 42.5N) 450 – 
Fly ash cement (CEM II/B-V 32.5R) – 360 

Water 160 160 
Sand (0-2 mm) 685 700 

Gravel (2-8 mm) 510 350 
Gravel (8-16 mm) 560 350 

Fly ash – 90 
Superplasticizer 4.95 3.0 

Plasticizer 2.25 – 
  

The results of the flow properties of the fresh SCC mixtures and the compressive strength of 
the hardened SCC are shown in Table 2. The determination of the flow properties of the SCC 
mixtures allowed the classification into the slump flow (SF2), viscosity (VS1) and passing 
ability (PL2) classes. Furthermore, the fresh visual stability index was determined as 0, which 
means that no segregation or bleeding effects were observed.  

Table 2. Fresh properties and strength of the concrete mixes 

Mix  
Slump  
flow 
[mm] 

Slump  
flow 
class 

Slump  
flow 
time 

T500 [s] 

Viscosity 
class 

L-box 
ratio 

L-box  
class 

Fresh 
visual 

stability 
index 

Compressive 
strength 
[MPa] 

SCC – 1 670 SF2 2.0 VS2 0.95 PL2 0 65.46 
SCC – 2 690 SF2 1.8 VS1 0.91 PL2 0 50.0 

 

2.2 Reinforcing steel 

The tests were performed for ribbed reinforcing bars (B500SP). The B500SP rebar has a rib 
pattern consisting of two rows of transverse ribs and, most often, two longitudinal ribs. The 
transverse ribs on both sides of a bar are placed alternately at two different angles with respect 
to the longitudinal axis. A representative diameter was used for the so-called mean diameters 
(10-20 mm) was used, which is 16 mm in accordance with [14]. 

2.3 Specimens and basic modules 

Two types of elements of various dimensions were produced for the purpose of the research: a 
wall element having dimensions of 2240×1600×160 mm and a panel element having dimensions 
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of 800×480×160 mm. The specimens were designed to be divided into 160 mm cubes (Figure 1). 
Three types of cubic specimens were taken out of the elements: samples intended for bond tests 
(not included in the study), as well as concrete cubes with no embedded rebar (not included in the 
study), and samples with embedded rebar that were dedicated for SCI X-ray tests (marked red in 
Figure 1). Every element was marked with division lines corresponding to columns labelled with 
capital letters and rows numbered from 1 at the bottom. A single casting point was established at 
one edge of the element and was within the area of column 1.  

The wall element was constructed by pumping concrete mix, while the panel element was filled 
with mix under laboratory conditions. After 3 days of curing, the formwork was removed. The 
specimens underwent a curing process in fixed positions under laboratory conditions with 
continuous water sprinkling. Then, after 21 days of curing, the elements were cut into smaller 
cubic or core samples that were subsequently (7 days later) subjected to testing.  

 

Figure 1. Schematic view of the wall and panel elements 
 

3 TEST PROCEDURES 

3.1 X-ray CT 

The core samples were examined using a GE Phoenix v|tomex|m X-ray CT system (Figure 2). 
During the X-ray CT investigation, the sample is located between the radiation source and the 
detector. The adjustment of the measurement is performed by specifying the position of the 
scanned object in relation to the source and the detector, presetting the value of the voltage and 
current generating radiation. A 300 kV mini-focus source was adapted for the test. The source 
emits X-rays of appropriate energy to pass through the concrete element and strike a detector. 
Based on the attenuation measurements of the X-ray beam, a recreation of the sample internal 
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structure is pursued in the form of 2D images with a descent resolution of 0.05 mm/pixel. 
During scanning, the detector and the source remained in a fixed position, while the specimens 
were positioned on a turntable to rotate them with respect to their vertical axis. All samples 
were scanned with constant scanning parameters. During one scan, 1800 images were produced, 
and the process lasted approximately 90 minutes.  

3.2 Volumetric analysis 

Subsequently to the X-ray CT scans, the reconstruction process was made. It consists of a 
combination of the series of 2D images into a 3D model using a dedicated piece of software. 
Beam hardening correction, automatic geometry calibration, and geometry optimization 
algorithms were applied during the reconstruction process. The reconstructed 3D model was 
analysed in order to find and examine air voids around the rebar. Porosity analysis was 
performed using Volume Graphics software: VGSTUDIO MAX, in a Region of Interest (ROI) 
narrowed to the vicinity of a rebar. ROI was determined as a cylinder around the rebar with an 
outer radius of 12 mm and an inner radius of 6 mm and a length of 75 mm (Figure XX). The 
ROI dimensions were carefully adjusted to provide the necessary volume for air void analysis 
in the area surrounding the rebar, as well as to reduce the time required for calculations. To 
determine the porosity of a sample, the VGDefX algorithm was selected in the 'Only threshold' 
mode. Air voids (pores and voids formed upon settlement of the mixture) were visualized with 
different colours in 2D and 3D view, respectively to their volume. 

4 RESULTS AND DISCUSSION 

4.1 X-ray CT measurements 

The SCC core samples collected from the test elements were subjected to X-ray CT 
examinations. This method provides a precise assessment of porosity and the visual presence 
of voids in concrete specimens. It was directed to the area near the rebars to detect voids caused 
by bleeding and settlement of the concrete. The occurrence of air is commonly identified in 
fresh concrete, in the form of bubbles and voids, as the result of intentionally entrained or 
unintentionally trapped air. The main findings of the CT imaging are presented in Figures 2 – 5, 
for core samples obtained at two different depths (bottom and top samples) for two test elements 
(a panel and a full-scale wall element) in 2D and 3D. The porosity analysis around the rebars 
was limited to bubbles and air voids of greater volume than 0.2 mm3 that were significant for 
this analysis. The results of the porosity analysis around the rebars are presented in Table 3. 

Table 3. Results of porosity analysis in the vicinity of the rebar for void volumes ≥0.2 mm3 

Element Sample Row 
Material 
volume 
[mm3] 

Void volume [mm3] Void number 

over 
rebar 

underneath 
rebar 

over 
rebar 

underneath 
rebar 

Panel 
C3 Top 25446.90 188.73 392.66 143 161 
C1 Bottom 25446.90 188.15 284.97 233 275 

Wall 

C10 Top 25446.90 309.58 624,28 185 256 
C1 Bottom 25446.90 127.97 234.91 215 283 
L10 Top 25446.90 242.81 574.85 176 239 
L1 Bottom 25446.90 121.48 201.21 216 177 
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Figure 2. Examples of tomography sectioning of concrete cores extracted from the panel 

elements (a) cross section, (b) longitudinal section 
 

 

 
Figure 3. Examples of tomography sectioning of concrete cores extracted from the full-scale 

wall element (a) cross section, (b) longitudinal section ( 
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Figure 3 (Cont.). Examples of tomography sectioning of concrete cores extracted from the 
full-scale wall element (a) cross section, (b) longitudinal section 

 

 

 
Figure 4. Reconstruction of porosity distribution around reinforcing bar in panel element (a) 

3D cross section, (b) 3D longitudinal section 
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Figure 5. Reconstruction of porosity distribution around reinforcing bar in full-scale wall 
element (a) 3D cross section, (b) 3D longitudinal section 

 
In the specimens extracted from the top part of the test elements, voids located directly below 
the rebars were observed. The voids continued along the bottom surface of the rebars and were 
the result of the consolidation of fresh concrete. It should be noted that the observed settlement 
of fresh concrete under the rebars was not homogeneous. The largest settlement and the largest 
voids by volume formed mainly under the ribs lugs, while smaller voids formed in the space 
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between them (Figure 2). As revealed by research on normal and self-compacting concretes [6] 
the bond between ribbed rebars and concrete is most adversely affected by the width of the void 
in the inter-rib area. In the case of the panel element in specimen C3, there was a settlement in 
the range of 0.48 to 1.18 mm below the ribs lugs and 0.33 to 0.40 mm between the ribs. For the 
full-scale wall element in sample C10 (located near the casting point), settlement under the ribs 
lugs ranged from 0.32 to 0.73 mm, and between the ribs ranged from 0.29 to 0.39 mm. In the 
case of the sample L10 (located on the opposite side of the casting point), the settlement under 
the ribs lugs was mainly in the range of 0.20 to 1.10 mm. The larger settlement under the ribs 
lugs was probably caused by the shape of the ribs that facilitates slipping of the mixture, as well 
as by lower bond forces between the steel and the mixture in the area under consideration. The 
occurrence of substantial air pores trapped beneath the reinforcing bars was also observed, 
particularly in the case of a full-scale wall element. This may be caused by the accumulation of 
several air bubbles at a considerable concrete depth, which, migrating upward for a long 
distance (during mixture deaeration), were entrapped beneath the horizontal rebar and merged 
into one major air void. Given the geometrical characteristics of the rebar, an accumulation of 
air voids was also noted under the longitudinal ribs on the side surface of the rebar. Moreover, 
it is worth mentioning that voids of a minor magnitude were also formed under the coarse 
aggregate grains. In the case of samples extracted from the bottom of the elements, no 
settlement of fresh concrete was observed in the vicinity of the rebars. The air bubbles were 
uniformly distributed around them. 

Furthermore, it should be noted that the settlement of fresh SCC under the rebar observed in 
these investigations occurred locally, mainly under the ribs lugs, and was found to be inferior 
to similar studies performed on normal concrete and lower elements (1 m high), which reported 
settlement of the entire concrete structure under the rebar by approximately 1.0 mm for 
specimens located in the upper regions of the element [8].  

4.2 Effect of rebar position over height 

The research confirmed the existence of variable regions of bond quality in both test elements. 
Poor steel-concrete contact zone quality was noticed beneath the rebars in the top part of the 
test elements as a result of void formation. The formation of voids under the top rebars clearly 
indicates an interaction between fresh concrete settlement and solid components, with two 
phenomena occurring. Primarily, fresh concrete settles while the reinforcing bars remain 
attached to the formwork, and second, the movement of bleeding water is impeded by the 
reinforcement. The occurrence of voids formed beneath the rebars reduced the potential 
contacts between the ribs and the surrounding concrete. A significant finding of the research is 
that comparable defects in the structure of the SCI (number and volume of voids) were detected 
under the top rebars regardless of the concrete depth under the rebar. This implies that the 
formation of a zone of poor bond conditions within the top of reinforced concrete elements is 
not strictly determined by their height. The presence of poor bond conditions can be affected 
by the type of mix, its components (mineral additives), and characteristics (primarily the water-
to-binder ratio) or its placing technology. Regarding the latter factor, studies demonstrated that 
placing a self-compacting mix from the bottom of the form improved the quality of the SCI and 
reduced its porosity, resulting in improved bond properties [7]. The effect of the height of the 
concrete layer above the rebar on the structure of the SCI was not found for the bottom rebars 
as well. 
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4.3 Effect of distance from the casting point 

Investigations performed on the full-scale wall element did not reveal any significant alteration 
in the structure of the steel-concrete interface for the top or bottom bars, with respect to their 
location relative to the casting point. However, in the case of the top rebars located further from 
the casting point, no settlement of the mix was observed in the space between the ribs. This can 
be explained by the absence of negative influence of the impact of the pumped SCC mix on the 
structure of the layer previously placed in this area. The zone near the casting point of the mix 
is expected to exhibit a higher plastic settlement and free-water release, in general. Thus, it can 
be noted that in the case of top rebars, the quality of bond conditions will improve as the distance 
from the casting point increases.  

5 CONCLUSIONS 

The effect of placing the self-compacting concrete mix from a single point on the microstructure 
of the rebar-concrete interface has been studied through experimental research involving X-ray 
computed tomography image analysis. The main findings and recommendations of this paper 
are as follows: 

• The most pronounced settlement of the mixture and the largest volume voids were 
observed mainly under the ribs lugs of the top bars (up to 1.18 mm wide), while smaller 
voids were observed in the space between them (up to 0.4 mm wide). Such a trend may 
be determined by the shape of the ribs, which favours the slip of the mix, as well as by 
lower bond forces between the steel and the mix in the area under consideration. 

• In the vicinity of the bottom rebar, regardless of the type of element, no significant SCI 
defects were observed, no concrete settlement was present, and air voids were evenly 
distributed around the rebar. 

• Comparable porosity rates of the SCC mix were observed under the top rebars in the 
panel and full-scale wall elements, implying that the deterioration of the SCI is not 
related to the depth of the concrete layer under the rebar. Instead, it may be determined 
by the properties of the concrete mix, as well as the concrete placement technology. 

• There were no significant variations in the SCI quality for the top or bottom bars with 
respect to their location relative to the casting point. However, a reduced contribution 
of mixture settlement was observed under the top rebars located further from the casting 
point. This is associated with the lack of a negative effect of the dynamic impact of the 
mix in this region.  
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ABSTRACT 

For textile reinforced concrete (TRC), proper bond performance between the yarn or roving and 
the cementitious matrix is one of the most principal factors influencing the overall behavior of 
these types of structural members. To ensure proper bond compatibility with the improvement 
of ease of construction, many types of commercially available textile reinforcements have been 
developed with various polymer-based sizing agents such as epoxy resin and styrene butadiene 
rubber (SBR). In case of SBR sizing, however, very poor bond properties were observed, which 
makes it hard to be used in practical applications. Many researches, thus, adopted additional 
epoxy and sand coating to improve the utilization of the textile reinforcement exhibiting poor 
bond performance. Nonetheless, the effects of relevant parameters such as the types of epoxy, 
and the degree of sand coating on the overall bond performance are still rather ambiguous. In 
this study, thus, the effects of epoxy type and sand coating methods on the bond performance 
of textile reinforcement especially with ultra-high-performance concrete (UHPC) were 
experimentally examined for the purpose of development of sustainable, thin, and lightweight 
structures. Both test parameters consist of two types of epoxy resins with relatively low 
viscosity for better workability and impregnation, and two types of sand coating degree. Their 
influences on the bond performance and resulting composite tensile behavior of textile-
reinforced (TR-) UHPC will be systematically investigated particularly in terms of ultimate 
strength and crack distribution as well as deformation capacity 

1  INTRODUCTION, 

As the demand for free-form, lightweight and sustainable structures has been increased, textile 
reinforced concrete (TRC) has emerged as one of promising alternatives for the design and 
construction of more sustainable, thin and lightweight concrete structures. In recent decades, 
textile reinforcements knitted bi- or multidirectionally have been developed and subjected to 
several research attentions since the early 2000s. Textile reinforcements used in structural 
applications with various types of fabric such as carbon, AR-glass, and basalt showed better 
material properties than conventional steel rebars. Another important, and most critical 
advantage is their high durability under the salt and corrosion environments. Owing to these 
advantages, the cover thickness of TRC members can be greatly reduced to about 10~30 mm, 
which makes it possible to fabricate very thin, lightweight and sustainable structures. It also 
does well suit the global social needs in recent decades to neutralize the carbon dioxide emission. 
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Despite of their high potentials, very poor bond performance between the textile reinforcements 
and cementitious composites makes it hard and even impossible for the materials to be used in 
concrete structures. The structural performance of such a TRC member cannot be assured both 
in ultimate limit state and serviceability limit state. Thus, more researches are required in order 
to get some indications on how to efficiently improve their bond compatibility. 

In most cases, polymer-based coatings or full impregnations have been conducted to address 
these major drawbacks. The use of various types of polymers have been reported, but 
specifically two types among them are generally used: epoxy-resin and styrene-butadiene 
rubber (SBR). Many researches have reported successful improvements on bond performance 
of epoxy-coated textile reinforcements. For the SBR coatings, however, no successful 
improvements can be found from the literatures (Schneider et al. [1]; Gong et al. [2]), and it 
may delimit the use of SBR sizings on textile reinforcements used for concrete structures. 
Meanwhile, recent studies investigating flexural and shear behaviors of linear members clearly 
showed that the high potential of the SBR-sized textile reinforcements due to their capability 
to evenly distribute the bond stress along the bond length (Preinstorfer and Kollegger [3]; 
Preinstorfer et al. [4]). Addtional epoxy and sand-coatings to increase the surface roughness 
and eventually to enhance the bond performance clearly showed that the upgraded bond 
performances of textile fabrics were high enough to be used as a reinforcement replacing 
conventional steel re-bar in cementitious composites (Donnini et al. [5]; Goliath et al. [6]). 
Furthermore, from their researches, the ineffectiveness of epoxy-impregnations has been 
reported due to the high degree of bond stress concentrations, resulting in premature splitting 
and/or spalling failures of cover concrete. The affirmative aspects of the SBR-sized textile 
reinforcements in terms of structural applications encourage more experimetal research with 
various test parameters such as the types of epoxy-resin and the degree of sand-coating. 
However, the effects of those parameters on the overall bond performanc are rather ambiguous 
and have not been clearly addressed. Thus, despite of the previous research efforts, more 
experiments and detailed analysis are required to understand how those parameters could affect 
the mechanical properties of the TRC elements especially under tension. 

In this study, thus, the SBR-sized carbon textile reinforcements were subjected to main research 
topics, and devoted to several attempts to improve their bond performance with ultra-high-
performance concrete (UHPC), and eventually, to develop sustainable, thin, and lightweight 
concrete structures. The SBR-coated carbon fabrics were coated by low viscous epoxy-resins 
and additional sand aggregates with various coating degrees. The influences of those parameters 
on the bond performance and resulting composite tensile behavior of textile-reinforced (TR-) 
UHPC will be described. 

2 MATERIALS AND TEST PLAN 

2.1 UHPC and SBR-sized carbon textile reinforcement 

The raw materials and mix proportions for UHPC were based on one of previous works by the 
authors (Youm and Hong [7]). Note that for bond test samples, the steel fibers were not mixed 
together with the UHPC mixtures as their influences on the bond performances along with 
lateral clamping stresses appeared to be marginal (Valeri et al. [8]). From the bond test in this 
study, no premature failures such as longitudinal splitting cracks were observed through the 
whole samples, and these observations also apparently supports the above argument. The 
carbon textile reinforcement used in this study were produced from V.FRAAS GmbH under 
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the brand name of SITgrid017, and experienced pre-impregnation using a SBR sizing agent 
which has a rather soft and rubber-like characteristics. There were only marginal differences in 
material properties for warp and weft directions, except for the roving perimeter. Thus, the bond 
and tensile test samples were fabricated using the textiles in the weft direction only. Table 1 
and Table 2 show the details of the UHPC and SBR-sized carbon textile fabrics, respectively. 

Table 1 Mix proportion of UHPC 

W/C Cement Sand Silica fume Quartz powder Superplasticizer 
0.25 1 1.1 0.25 0.35 0.012

Table 2 Material properties of SBR-sized carbon textile reinforcement 

Roving direction 
Tensile strength 

(MPa) 
Young’s modulus 

(GPa) 
Roving section 

(mm2) 

Warp (0°) 2,129 243 1.8

Weft (90°) 2,078 250 1.8

Avg. 2,100 245 1.8

2.2 Additional epoxy and sand coating 

The carbon textiles were coated with flexible epoxy-resins and addtional sand-coatings. Two 
types of commercially available epoxy-resins were used, and their materials properties were 
similar, showing lower viscosities than 5,000 cP to achieve better compactness of the coating, 
but their visual color is different (transparent[T], black[B]). Sand-coating techniques were 
applied with different degree of surface roughness (lightly sanded[S1], heavilty sanded[S2]) to 
ensure a better anchorage and avoid total pullout failure of the fabrics. Note that the fine sand 
aggregates were the same as used for fabricating the UHPC. The Figure 1 shows schematic 
illustrations about the sand-coatings, and Figure 2 shows typical surface roughness measured 
from 3D profilometric images. 

(a) n (b) T / B (c) TS1 / BS1 (d) TS2 / BS2

Figure 1 Carbon textile fabrics with additional epoxy and sand coating 
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(a) n (b) T / B (c) TS1 / BS1 (d) TS2 / BS2

Figure 2 3D profilometric images of carbon textile fabrics 

2.3 Mechanical test 

The bond tests were conducted with displacement control at 0.5mm/min, and the load and end 
slip distance were measured from the UTM and LVDTs, respectively. The tensile tests of TR-
UHPC composite samples were conducted using the same apparatus and loading conditions 
with fixed – free rotational end clamping boundary condition, the form of which resembles 
clevis type‘s set-ups. In this study, however, no data about the tension test will be presented as 
the test and data processing are currently in progress. Figure 3 shows the overall test set-ups 
used in this study for both bond and tensile tests. 

(a) Bond test set-up (b) Tensile test set-up

Figure 3 Test set-ups 

3 TEST RESULTS 

3.1 Surface roughness 

Figure 4 shows the results of the weight and surface roughness of the fabric. As can be expected, 
the weight becomes heavier with increasing coating degrees. It is notable that remarkable jumps 
on the weight can be observed when one compares the results of S1 and S2, which directly 
indicates high amount of fine sand aggregates are grafted. The degree of surface roughness was 
evaluated based on the two parameters such as arithmatic mean roughness (Sa) and maximum 
peak-to-valley roughness (Sz). Although these two parameters can give information on a surface 
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profile in a different manner, it can be observed that they give identically increasing trends as 
the epoxy coating was applied and the degree of sand coating became increased. 

Figure 4 Surface roughness measurement 

Data obtained in the roughness measurements indicated that in a relatively macroscopic 
viewpoint, the epoxy coatings provide slight roughness enhancement due to longitudinally 
irregular variation of the coated surfaces. This can be associated with manual coating process 
by hand. By the way, nano-to-micro scale roughenss measured by Atomic Force Microscope 
(AFM) showed opposite results, which will be reported elsewhere. Given that the applied 
epoxy-resins are flexible, the multi-scale roughness measurement results suggest that even the 
macroscopic roughnesses are higher for the epoxy coated samples than reference samples, the 
actual bond performances with cementitious composites could not be enhanced as physical and 
chemical interactions between the two materials would be significantly reduced. This aspect 
will be further discussed after describing the bond test results. Meanwhile, the additional sand 
coatings markedly increased the surface roughness, which is consistent result with the optical 
measurement images. 

3.2 Bond test results 

Most previous studies (Banholzer [9]; Lorenz and Ortlepp [10]; de Andrade Silva et al. [11]) 
evaluated bond performances of a roving using one- or two-sided pullout tests with both ends 
of a roving embedded either in cementitious or polymeric matrix. However, these methods are 
rather tedious, and labor-intensive and time-consuming. Thus, one-sided pullout test set-up 
where only the unloaded ends were embedded in UHPC was used in this study for relative ease 
of execution, reliable reproducibility, and cost effectiveness as shown in Figure 3(a) (Donnini 
et al. [12]; Valeri et al. [8]). Figure 5 shows typical bond-slip behaviors depending on the test 
parameters and the averaged results, which were roughly drawn on each plot. 
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(a) reference samples (b) epoxy-sand coated samples

Figure 5 Typical bond-slip relation 

Contrary to conventional steel reinforcements, the bond stresses between textile fabrics and 
cementitious composites are governed by adhesion and friction. Given that both the carbon 
fabrics and applied SBR sizings have a hydrophobic nature, bond resistances due to adhesion 
are expected to be low, and mainly attributed to the low degree of friction after the peak stress, 
which can be confirmed from the test results of reference samples (Figure 5(a)). This is also the 
case for epoxy coated samples as no significant changes or even reduction of the bond 
performances occurred. Additional sand coatings improved the bond performances attributed 
to significantly increased frictional resistances.  

The quantitative results of the bond performances can be found in Figure 6. Note that the set-
up used in this study gave fairly reliable, and consistent results, justified by the very small range 
of bounds of error. Although not presented in this paper, the bond performances for epoxy-
coated samples were significantly lower than for reference samples, which is inconsistent with 
results obtained in roughness measurements. The different trends on multi-scale roughness can 
reasonably explain the bond test results of epoxy coated samples, and it could be inferred that 
the degraded bond performances were associated with the absence of any chemical reactions 
and physical interactions due to the inertness and smoothness of the epoxy surfaces, 
respectively. The epoxy and sand coatings, however, result in apparently higher bond 
performance than reference samples, and at the same time, obviously different bond 
performances specifically in terms of energy absoprtion capacities, see Figure 6(b). The bond 
strengths of epoxy and sand coated samples were comparable each other and their differences 
are very marginal. Meanwhile, their energy absoprtion capacities showed remarkable 
differences up to 3 folds in magnitudes. These noticable results underline the importance of 
both additional sand coatings and the degree of those coatings to effectively improve the bond 
performances of SBR-sized carbon fabrics with cementitious composites. 

Also note that the types of epoxy-resins affect the bond performances, but those effects are less 
significant and only marginal. Thus, it seems that the material properties of epoxy-resins are 
not critical in modifying the surface of SBR-sized carbon rovings. Rather, factors related to 
impregnation and workability such as flowability and pot life should be primarily considered 
on whether the selected epoxy-resins are appropriate or not. 
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(a) Bond strength (b) Work up to bond strength

Figure 6 Summary of bond test results 

Figure 7 shows typical failure modes of the samples, where CP is partial concrete/aggregates 
plastification, ER is partial rupture of epoxy-resins, TR is partial rupture of outer filaments of 
the carbon rovings, and CC is cone breakout failure of the UHPC matrix. Note that n specimens 
showed brittle failure with total slippage of the rovings same as T and B samples. The observed 
failure modes are consistent with the quantitative results for the bond performances. One of 
important findings is that S2 samples showed cone breakout failure of the UHPC matrix near 
the loaded edges and sudden drop of bond resistance immediately after the failure occurred. 
The breakout failure modes are comparable with those of S1 samples showing It could be 
explained by localized concentration of the bond stress which strongly depends on the grafting 
degree of fine sand aggregates, and its evidence can be found from their failure modes. 

Figure 7 Typical failure modes 

4 DISCUSSIONS 

As can be seen from the test results, it is revealed that the types of the epoxy-resins do not have 
a significant influence on the bond performance of the coated carbon rovings with UHPC. Even 
though a slight increase on the bond strength and deformation capacities were observed, the 
degrees are marginal, and thus the effects of their different material properties such as tensile 
strength, young’s modulus and lap shear strengths can be safely neglected. Rather, it can be 
concluded that factors related to impregnation and workability such as flowability and pot life 
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are more important, and have to be taken into account when choosing the most proper one 
among the products under consideration. 

The test results revealed that the different sand-coating techniques have a large influence on the 
bond behavior of the carbon rovings with cementitious composites. Samples with no sand 
coatings showed almost total loss of bond at even initial bond-slip stages, and it strongly 
emphasizes the importance of additional sand coatings. Thus, significant attention has to be 
paid when using solely a epoxy-resin, even though several researches have reported positive 
effects of the use of epoxy coating. By the way, S1-series, which are slightly sanded, showed 
similar bond strengths and further higher deformation capaticies than S2-series, which are 
heavily sanded. In general, a surface with higher roughness shows better bond performance 
than a surface with lower roughness due to higher adhesive and frictional forces and/or 
mechanically interlocking effects. This is one of the major reasons for the use of deformed 
rebars at several structural applications of concrete structures rather than smooth ones. In a 
consistent manner, several code provisions specify more strict requirements on bond anchorage 
length of smooth rebars than deformed ones. 

These abnormal trends, however, can be explained by considering both the mechanical 
properties of the coating materials and the concentration phenomena of the bond stress at the 
interface of epoxy and sand coated surfaces and cementitious composites. Generally, regardless 
of the types of epoxy-resins, the epoxy-resins have relatively very lower stiffness than 
cementitious composites as well as sand aggregates. This would allow the sand aggregates 
positioned on/through the epoxy layers to penetrate into the epoxy layers and even into the outer 
carbon rovings, leading to both the bond stress concentration and the local sectional loss of the 
epoxy layers. These two phenomena can obviously weaken the local bond resistance of the 
layers, and may become accelerated with high density of the sand aggregates at their interfaces. 

To mitigate these stress concentrations, redistribution of the localized bond stress have to be 
engaged by spreading the stress over the surrounding epoxy-resins. Otherwise, earlier bond 
failure at their interfaces showing very small amount of slip distance would occur with 
significant sectional loss of the epoxy layers. Moreover, penetration of the spreaded sand 
aggregates into the epoxy layers could reduce the contact area between the spreaded sand 
aggregates and the surrounding cementitious composites. This can result in activation of the 
localized bond stress on the smaller contact area, and eventually will cause partial plastification 
of the concrete around the interface(Figure 7). The partial plastification of the concrete allows 
a centain degree of slip, which makes the bond-slip behavior more ductile. Meanwhile, with a 
high density of spreaded sand aggregates on the interface, these affirmative phenomena may 
not occur as the concentrated bond stress would cause the fracture of the epoxy layers and/or 
some of outer filaments of the rovings at a certain section, i.e., total loss of bond resistances. In 
fact, the first case is involved with S1-series, and the second one with S2-series. The higher 
deformation capacities of S1-series than S2-series as well as their failure characteristics 
apparently demonstrated these reasoning. Figure 8 illustrates the above descriptions on the 
abnormal phenomena observed during the bond test. 
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Figure 8 Stress concentration of bond stress and its averaged one 

From the above reasonings, their bond behaviors were modeled as rigid-plastic models with 
different magnitudes of the averaged bond strength as in Eq. (1), and it can allow to simply 
compare their bond-slip behaviors regardless of how much the end slips occur: 

𝜏 , 𝜏 ,  (1) 

With the simple assumption, a second-order differential equation can be formulated from an 
infinitesimal element along the bond length, as shown in Figure 9, and it allows to analytically 
solve the differential equation, resulting in the derivation of the following relations, Eq. (2), (3), 
and (4): 

Figure 9 An infinitesimal element along the bond length 

𝜀 𝜏 𝑙 𝑥  (2) 
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𝑙 𝜎 0  (3) 

𝛿 𝑥 𝜎 0 𝑥    (4) 

From the relations between the end slip distance and each parameter, the following results yield 
at the tip of the rovings near the loaded edges (𝑥 0) which allow to directly compare both 
thier effective bond length along the bonded regions and end slip distances by Eq. (5) and (6), 
respectively: 

𝑙 𝜀 0 ∙ (5) 

𝛿 0 𝜀 0 ∙ (6) 

From comparisons, the following results (Eq. (7) and (8)) can be drawn under the presumed 
same level of applied load. Note that their relations are valid up to the maximum bond strengths, 
nevertheless, could deal with the post-ultimate stages with suitable nonlinear or multi-linear 
(such as bi-linear, tri-linear, etc.) bond models with/without continuities showing similar trends 
with those of rigid-plastic models used in this research, which is the ongoing research subject 
of the authors. 

𝑙 , 𝑙 ,  (7) 

𝛿 𝛿  (8) 

Figure 10 shows apparently different trends on the above parameters depending on the initially 
defined averaged bond strength. In summary, at any stages S1-series samples with slightly 
sanded surfaces show longer effective bond length and larger end slip distance at the same level 
of applied load up to the maximum strengths. This indicates that a lightly-sanded surface 
provides moderate degree of frctional forces at their interfaces, more but widely distributed 
penetration sites of the spreaded fine sand aggregates, and partial plastification of the 
surrounding matrix . In summary, the analytical results emphasized the importance of the use 
of lightly sand-coated surfaces instead of heavily sand-coated one to effectively enhance the 
bond performances in a more ductile manner as well as to prevent premature failures such as 
partial rupture of epoxy and/or outer filaments and splitting or spalling of cementitious matrix. 
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Figure 10 Effects of averaged bond strength on the bond behaviors 

5 CONCLUSION 

In this study, the effects of epoxy and additional sand-coating types on the bond behavior of 
carbon textile reinforcements in UHPC were investigated. The test results showed that the bond 
behavior depends on the test parameters adopted in this study, and emphasized the importance 
of choosing suitable types of epoxy-resin and proper sand-coating methods. The conclusions 
are drawn as follows: 

Workability and impregnation related factors such as flowability and pot life should be 
considered primarily on choosing a proper epoxy-resin for coating the carbon textile 
reinforcements. By the way, it should be noted that the surface modifications solely by flexible 
epoxy-resins would rather deteriorate the bond performance due to chemical inertness and 
physical smoothness of their surfaces. Additional sand-coating is essential to effectively 
improve the bond performances of the SBR-sized carbon fabrics with cementitious composites. 
However, the comparison between the surface roughness measurements and bond test results 
showed no clear correlation. Those results were able to be explained through discussing the 
bond-slip behaviors analytically. 

A simple, analytical description on bond-slip behaviors was presented, and demonstrated the 
abnormal bond test results based on localized concentration of bond stress which is directly 
related to the grafting degree of sand. The analytical results emphasized the importance of the 
use of lightly sand-coated surfaces instead of heavily sand-coated one to improve the bond 
performances in a more ductile manner as well as to prevent premature failures. 

In summary, as evident from both experimental and analytical results, when modifying the 
surface of SBR-sized carbon fabrics, the degree of sand coatings has to be paid a lot of attention. 
These findings would not be limited to the fabrics used in this study, but applicable to any other 
types of textile fabrics intended to improve the bond performance with cementitious composites. 
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ABSTRACT 

Strain-Hardening Cementitious Composites (SHCC) are a class of ductile fiber-reinforced 
cementitious composites that exhibit significantly better tensile strength and strain capacity than 
conventional concrete. SHCC are usually reinforced with polymer fibers but can have steel 
fibers or both. The improved tensile properties of SHCC provide better confinement around 
steel rebar in reinforced-SHCC members. After exposure to temperatures near or above the 
melting point of the polymer fibers, SHCC lose their tensile strength and ductility. This study 
presents the effects of exposure to high temperatures on the residual bond strength of deformed 
steel rebar with SHCC. Cylindrical rebar-pullout specimens were tested to characterize the 
residual bond strength after exposure to temperatures of up to 800°C. Four different materials: 
conventional concrete, two polymer fiber-reinforced SHCC (each with a different cementitious 
matrix), and a steel polymer hybrid fiber-reinforced SHCC were investigated. Material 
characterization tests were performed to characterize the residual mechanical properties after 
exposure to high temperatures. The results showed that hybrid fiber-reinforced SHCC exhibited 
ductile rebar-pullout up to 800°C with improved residual bond strength compared to the other 
materials investigated in this study. 

1  INTRODUCTION 

Strain hardening cementitious composites (SHCC) are a class of fiber-reinforced concretes 
(FRC) that exhibit pseudo strain-hardening behavior in uniaxial tension [1]. Strain capacities 
greater than 1% can be achieved in SHCC through systematic micromechanics-based 
optimization of the fiber, matrix, and fiber-matrix interaction [2]. The enhanced tensile ductility 
of SHCC makes these materials highly damage-tolerant and enable significantly better 
performance than conventional concrete when subjected to chemical attacks [3], impacts [4], 
and high temperatures [5].  

The significantly improved material behavior of SHCC also translates into better bond behavior 
with rebar compared to conventional concretes or strain-softening FRCs of similar compressive 
strength [6, 7]. The improvement in the bond behavior is because of the capability of SHCC to 
accommodate tensile hoop strains, resulting from diagonal bearing force of the rebar transverse 
ribs, during pullout through multiple cracking and plastic deformations, thereby effectively 
preventing splitting failures. As a result of its significantly better mechanical properties, SHCC 
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have emerged as a superior alternative to solve many challenges associated with conventional 
concrete materials. 

The mechanical properties of concrete deteriorate when subjected to high temperatures, 
particularly above 200C. The deterioration is primarily a result of physicochemical changes in 
the microstructure of concrete and its constituents [8, 9]. Additionally, concrete is often 
susceptible to spalling at high temperatures, in which pieces of concrete break off from the 
surface of a structural element, during or after it is exposed to high and rapidly rising 
temperatures [10]. The reduction in the mechanical properties compromises the structural 
performance and safety during fires and other high-temperature events.  

The bond between steel rebar and concrete is essential for structural integrity. The high-
temperature deterioration in physical and mechanical properties of concrete affects the adhesion 
between rebar and concrete, mechanical interlock between concrete and ribs of deformed rebar, 
and the friction at the interface of rebar and concrete [11, 12]. Consequently, the bond of rebar 
with concrete degrades with temperature at a steeper rate than compressive strength of concrete.  

FRCs with polymer fibers have been used to improve the high-temperature behavior and 
alleviate the risk of spalling in conventional concrete. The fibers used in polymer FRCs (PE, 
PVA, polypropylene, etc.) melt at temperatures between 110C to 230C depending on the 
specific type of fiber [13]. The melted fibers leave behind interconnected channels through 
which moisture can escape, resulting in better retention of mechanical properties compared to 
conventional concretes or mortars with similar strength (without the fibers) [14]. There have 
been limited studies investigating the bond behavior of FRCs subjected to high temperatures 
[15-17]. The use of polymer fibers improved the bond behavior at moderately high temperatures 
(350C), and the use of steel fibers improved the bond strength at temperatures greater than 
600C.  

Polymer fiber-reinforced SHCC retain higher proportions of their room-temperature 
compressive and tensile strengths compared to conventional concrete and FRCs exposed to the 
same temperatures [5, 18]. However, there is very limited literature [19] on the performance of 
rebar-SHCC bond at high temperatures. Li et al. [19] reported approximately 50% higher bond 
strength in the temperature range between 200C to 600C compared to conventional concrete. 
However, with the melting of PVA fibers, SHCC become susceptible to brittle failure. To 
address this issue, few researchers [20], including the authors [21, 22], have recently developed 
hybrid-fiber reinforced SHCC (HFR-SHCC), utilizing a combination of steel and PVA fibers. 
HFR-SHCC exhibit strain-hardening behavior at room temperature and retain higher 
proportions of their tensile and compressive strength after exposure to temperatures of up to 
800C compared to conventional concrete or SHCC with only polymer fibers exposed to the 
same temperature. 

The objective of this research was to experimentally investigate the residual bond behavior of 
steel rebar with three different types of SHCC, including an HFR-SHCC. The effects of high-
temperature exposures on material properties were investigated simultaneously. Conventional 
concrete was also investigated to provide a basis for comparison with existing literature. The 
experimental program and key results are presented in this paper. 
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2 MATERIALS AND METHODS 

2.1 Mixture proportions 

The mixture proportions of the three SHCC and a conventional concrete investigated in this 
study are presented in Table 1. The weights of all ingredients except the fibers are reported 
relative to the weight of cement. Fiber contents are reported as proportions of the total volume 
of the composite. The PVA-FA mixture, extensively studied in the literature [23], served as the 
reference SHCC mixture for comparison with a recently developed SHCC with slag and 
calcium carbonate (CC) powder, named in this paper as PVA-SC [24]. A hybrid fiber reinforced 
variant of PVA-SC, named in this paper as HFR-SC, used the modified cementitious matrix 
(with slag-CC powder) and incorporated a combination of twisted steel and PVA fibers [25]. 
The PVA-FA utilized Type-I cement conforming to ASTM C150 [26], Class-F fly ash 
conforming to ASTM 618 [27], and fine silica sand (containing finely ground crystalline 
silica/quartz). HFR-SC and PVA-SC mixtures utilized Type I/II cement [26], slag [28], and CC 
powder. To facilitate uniform dispersion of fibers in the cementitious matrix, polycarboxylate-
based High Range Water Reducer (HRWR) and Viscosity Modifying Admixture (VMA) were 
used in SHCC mixtures. Coarse aggregates with a nominal maximum aggregate size of 19 mm, 
and fine aggregates (sand) with a fineness modulus of 3.0 were used in conventional concrete 
and were sourced from a limestone quarry in Buffalo, USA. The properties of the fibers used 
in SHCC mixtures are presented in Table 2. The properties of the rebar used in this study are 
presented in Table 3.  

Table 1: Mixture proportions (normalized by weight with respect to cement, except fibers) 

Mixture 
Name 

Cement Slag 
Fly 
ash 

CC 
powder 

Sand 
Coarse 

agg. 
Water 
(w/cm) 

HRWR VMA 
Fiber vol. (%) 
PVA Steel 

HFR-SC 1 2 - 2.2 - - 1.65 (0.55) 0.0030 0.025 2 1 
PVA-SC 1 2 - 2.2 - - 1.65 (0.55) 0.0030 0.025 2 - 
PVA-FA 1 - 1.2 - 0.8 - 0.68 (0.31) 0.0070 0.018 2 - 
Con-60 1 - - - 1.4 1.9 0.39 (0.39) 0.0007 - - - 

 
Table 2: Fiber properties (provided by manufacturer ) 

 
Table 3: Rebar properties (provided by manufacturer) 

Fiber 
Diameter 

(µm) 
Length 
(mm) 

Density 
(kg/m3) 

Young’s 
Modulus 

(GPa) 

Tensile 
Strength 
(MPa) 

Elongation 
at break 

(%) 

Melting 
Point 
(°C) 

PVA 39 12 1300 42.8 1600 6 230 

Steel 500 25 7850 200 1700 20 1427 

Bar type 
Diameter 

(mm) 

Yield 
strength 
(MPa) 

Ultimate 
strength 
(MPa) 

Maximum 
elongation 

(%) 

Rib height 
(mm) 

Rib 
spacing 
(mm) 

ASTM 
A615 

16  
(US No. 5) 

477  
(US Grade 60) 

739 15.3 1 11 
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2.2 Specimen preparation 

The rebar-pullout specimens used in this study are based on the RILEM recommendations [29]. 
A deformed rebar of 16 mm diameter was embedded at the center of a concrete cylinder with a 
diameter of 152 mm and a height of 152 mm [Figure 1(a)]. Before casting the specimen, the 
rebar surface was thoroughly cleaned with a wire brush and ethanol to remove dust, rust, and 
other impurities that could affect the rebar-concrete bond. Each rebar had a bonded length of 
48 mm (3 times rebar diameter) at the center of the specimen with equal de-bonded lengths of 
approximately 52 mm at both ends [Figure 1(a)]. The details of the specimen molds and 
preparation methodology are presented in Deshpande et al. [30]. For each of the six 
temperatures (20C, 100C, 200C, 400C, 600C, and 800C) investigated in this study, three 
rebar pullout specimens were cast for each material (i.e., 18 rebar pullout specimens for each 
material).  

 

Figure 1: Rebar pullout specimen (HFR-SC): (a) after casting and (b) before heating 

 

To characterize the compressive strength and splitting tensile strength, six cylinders were cast 
for each material for each temperature (i.e., 36 total cylinders for each material). Each cylinder 
had a diameter of 76 mm and a height of 152 mm. All molds were placed on a vibrating table 
during casting to ensure proper consolidation of the materials. All specimens were demolded 
24 hours after casting and cured under water for 14 days. After curing, the samples were stored 
in laboratory conditions (temperature: 20±2C, relative humidity: 50±20%) until testing.  

2.3 Heating protocol and mechanical testing 

The specimens were heated approximately 16 weeks after casting to ensure that majority of the 
hydration process (which can be delayed due to a large amount of supplementary cementitious 
materials) was complete before testing. The specimens were heated in a 42.5 liter capacity air 
furnace capable of heating specimens up to 1100C (Figure 2). Prior to heating rebar pullout 
specimens in the furnace, the exposed rebar was wrapped with thermal insulation wool [as 
shown in Figure 1(b)] to ensure that the rebar-concrete bonded zone was heated only through 
concrete and not through the rebar. All specimens in this study were heated to furnace target 
temperatures of 100C, 200C, 400C, 600C, or 800C. The specimens were heated at a 
furnace temperature rate of 5C/min until the target temperature was achieved inside the furnace 
and then maintained at the target temperature for 3 hours (Figure 2). The details of the adopted 
specific heating protocol are discussed in detail by Kumar [31]. The specimens were then 
allowed to naturally cool down to room temperature inside the furnace. The specimens were 
mechanically tested within 24-hours after reaching the room temperature. 
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Figure 2: Specimen placement in furnace and schematic heating protocol 

 

Three cylinders each were tested in accordance with ASTM C39 [32] and ASTM C496 [33] for 
every target temperature to determine the uniaxial compressive strength and splitting tensile 
strength, respectively. The mechanical test setups are shown in Figure 3. The rebar in the pullout 
specimen was pulled in displacement-control at a rate of 1 mm/min. The load applied by the 
uniaxial testing machine was measured using a load cell. The slip of the rebar relative to the 
concrete interface was measured using two linear potentiometers at the unloaded (free) end of 
the concrete specimen. The complete rebar pullout force versus slip curve for each test was 
recorded. Additional details of the rebar pullout test setup are given in Deshpande et al. [30].  

 

Figure 3: Test setups: (a) compression, (b) splitting tension, and (c) bond strength 
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3 RESULTS AND DISCUSSION 

The influence of high temperature exposure on compressive strength, splitting tensile strength, 
and bond strength with deformed steel rebar of four cementitious materials in residual 
conditions after exposure to high temperatures up to 800°C are discussed in this section. The 
results of material characterization tests (compression and splitting tensile strengths) aid in 
understanding the degradation observed for the bond strength. The strengths of the four 
materials in this study at room temperature are given in Table 4. The coefficients of variation 
are provided in parentheses next to the average strength measured using three specimens. 

Table 4: Mechanical properties at room temperature 

Materials 
Compressive 
strength, fc 

(MPa) 

Splitting tensile 
strength, fst 

(MPa) 

Bond strength, 
τ 

(MPa) 
HFR-SC 49.9 (4.6%) 9.5 (3.2%) 19.0 (3.1%) 
PVA-SC 46.8 (4.1%) 6.9 (5.8%) 20.9 (6.5%) 
PVA-FA 53.0 (3.0%) 10.6 (0.7%) 19.9 (4.3%) 
Con-60 57.3 (7.4%) 7.6 (2.1%) 30.1 (8.5%) 

 

3.1 Compressive strength 

The variation of normalized residual compressive strengths (fcn) of the materials after exposure 
to high temperatures are presented in Figure 4. The fcn is obtained by dividing the residual 
compressive strength [fc(T)] of the material after exposure to target temperature (T) by the 
respective room temperature compressive strength [fc(20°C)] summarized in Table 4. All 
materials retained more than 80% of their compressive strength at room temperature after 
exposure to temperatures of up to 200°C. The SHCC with slag and CC powder cementitious 
matrix (HFR-SC and PVA-SC) retained nearly all their compressive strength at room 
temperature for exposures to up to 200°C. The improved resistance of PVA-SC is due to the 
higher thermal stability of the cementitious matrix. The slag-CC powder cementitious matrix 
hardens up to 400°C while losing significant water, causing strength improvement [24]. 

 

Figure 4: Variation of normalized residual compressive strength with temperature 
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Con-60 showed a significant reduction in fcn at 400°C and above, attributed to the deterioration 
in cement hydration products, particularly portlandite (CH) and thermal incompatibility 
between the aggregates and cement paste. At 400°C, PVA-SC and PVA-FA showed fcn values 
of 1.04 and 0.68 compared to 0.48 for Con-60. The improved residual strength of PVA-SC and 
PVA-FA is due to the use of SCMs (slag and fly ash) that reduce the amount of portlandite, 
which decomposes around 400°C, in the hydrated cementitious matrix. The absence of coarse 
aggregates also minimizes the effects of aggregates-cement paste thermal incompatibility in 
SHCC. Despite having the same cementitious matrix as PVA-SC, HFR-SC showed a noticeable 
difference in fcn at 400°C and above. This difference is likely due to the presence of steel fibers 
which induce additional internal cracks at the steel fiber-cement matrix interface and negatively 
affect the residual compressive strength.  

After exposure to temperatures of 600°C and 800°C, the chemical decomposition of cement 
hydration products is dominantly responsible for the reduction in fcn

  [8]. The PVA-SC showed 
the best performance among the four materials primarily because of the formation of refractory 
compounds in slag-CC powder cementitious matrix [34, 35]. The silica sand (quartz) present in 
PVA-FA undergoes chemical transformation around 573°C. In PVA-SC, the silica sand is 
replaced with CC powder, which contributes to the improved thermal resistance of PVA-SC 
relative to PVA-FA [25]. The fcn dropped below 0.30 for all the materials after exposure to 
800°C. 

3.2 Splitting tensile strength 

The variation of normalized residual splitting tensile strengths (fstn) of the materials after 
exposure to high temperatures are presented in Figure 5. The fstn is obtained by dividing the 
residual splitting tensile strength [fst(T)] of the material after exposure to target temperature (T) 
by the respective room temperature splitting tensile strength [fst(20°C)] summarized in Table 4.  

 

Figure 5: Variation of normalized residual splitting tensile strength with temperature 

 

Conventional concrete (Con-60) retained its splitting tensile strength up to 200°C, compared to 
the 20% reduction in its compressive strength in the similar temperature range. It should be 
noted that the room temperature fst of Con-60 is around 1.0√fc, which is significantly higher 
than 0.6√fc reported in the ACI 318-14 [36]. The higher value of fst is likely due to the smaller 
size of splitting tension specimens, which reduces the tension zone during the splitting tension 
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test (which is an indirect test method for tension test). The size of the specimens was constrained 
by the size of the furnace.  

The fstn values reduced monotonically above 200°C for all the materials. The most significant 
reduction was observed for PVA-SC and PVA-FA materials in which the melting of PVA fibers 
(above 230°C) transformed the ductile composite into a brittle cementitious matrix. The steel 
fibers provided the crack-bridging capacity in HFR-SC; however, the damage caused in the 
cementitious matrix and loss of PVA fibers reduced the magnitude of fstn retained. The fstn 
reduced below 0.40 for all the materials after exposure to 600°C and above. 

3.3 Bond strength 

The variation of normalized residual bond strengths (τn) of the materials after exposure to high 
temperatures are presented in Figure 6. The τn is obtained by dividing the residual bond strength 
[τ(T)] of the material after exposure to target temperature (T) by the respective room 
temperature bond strength [τ(20°C)]. The bond strength (τ) is computed by dividing the peak 
load (Pmax) measured from the rebar pullout test by the embedded surface area of the rebar 
[equal to π × Le × db, where Le is the embedded length of the rebar (48 mm) and db is the 
diameter of the rebar (16 mm)]. Representative pullout force versus rebar slip plots of the 
materials at room temperature (20°C) and 400°C (PVA fibers melt around 230°C) are presented 
in Figure 7. 

 

Figure 6: Variation of normalized residual bond strength with temperature 

 

In Table 4, it is interesting to note that the average pullout force capacity of Con-60 specimens 
at room temperature is around 45% higher than that for the three SHCCs. The higher bond 
strength of Con-60 is partially because of the presence of coarse aggregates that provide 
mechanical interlock with the ribs of the deformed rebar. In addition, the cover thickness of the 
cylindrical rebar pullout specimens is about 4.25 times the rebar diameter, providing greater 
volumetric confinement around the rebar to prevent the longitudinal splitting of the specimen. 
The effect of volumetric confinement in SHCC is insignificant beyond a certain cover thickness 
[6] due to the tensile ductility of the material.  

The bond strength of Con-60 reduced monotonically with an increase in temperature. For the 
three SHCCs, the reduction in τn was less than 10% up to 200°C. This minimal reduction in the 
bond strength of SHCC was likely due to the weakening of the rebar-SHCC interface, typically 
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due to the water accumulation around the rebar in the embedded zone (wall effect), which was 
confirmed by the slight reduction in the stiffness of the pullout force versus rebar slip response. 
The major difference was observed in the failure mode of two distinct material classes. Con-60 
specimens failed in a brittle manner through the longitudinal splitting of the cylinder at room 
temperature [as can be observed from Figure 7(a)] and other high temperature exposures. All 
the SHCC specimens showed ductile failure mode with gradual pullout of rebar [as shown in 
Figure 7(a) for specimen tested at 20°C] up to 200°C.    

 

Figure 7: Representative rebar pullout force versus slip plots at 20°C and 400°C 

 

After exposure to 400°C, τn for Con-60 reduced to 0.41 compared to greater than 0.68 for all 
the three SHCCs. Along with greater deterioration in the mechanical properties of conventional 
concrete (Con-60) at 400°C, the thermal deformation of steel rebar relative to concrete  at the 
interface (due to high volumetric content of coarse aggregates) likely contributed to this decline 
in the bond strength. Among the three SHCCs, although the magnitude of retained bond strength 
was similar, PVA-SC and PVA-FA showed brittle failure evident from the sudden drop in 
pullout force [shown in Figure 7(b) at 400°C], whereas HFR-SC prevented the abrupt splitting 
of the concrete cover. The melting of the PVA fibers caused the loss of both the tensile strength 
and ductility of the SHCC triggering brittle failure. The presence of steel fibers in HFR-SC, in 
spite of its lower tensile strength (compared to room temperature), provided sufficient crack-
bridging to prevent radial cracks responsible for splitting of the concrete cylinder and prevented 
brittle failure. 

The material properties of cementitious composites deteriorate severely after exposure to 600°C 
and above due to the chemical decomposition of the hydration products (CH and CSH). This 
deterioration in the mechanical properties reduces the mechanical interlock provided by the 
surrounding material and consequently lowers the bond strength. The HFR-SC, in spite of this 
noticeable degradation in mechanical properties, demonstrated the highest τn after exposure to 
600°C, enabled by the better post-cracking tensile behavior of HFR-SC. Longitudinal splitting 
of the rebar pullout specimens was not observed in HFR-SC specimens up to 800°C, whereas 
both the other SHCCs (PVA-SC and PVA-FA) and Con-60 showed splitting failure. 
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4 SUMMARY 

The influence of high temperature exposures and the effects of degradation in the mechanical 
properties of SHCCs on their bond strengths with steel rebar were investigated experimentally. 
Four different materials: a steel-PVA hybrid fiber-reinforced SHCC (HFR-SC), two PVA fiber-
reinforced SHCC with different cementitious matrices (PVA-SC and PVA-FA), and a 
conventional concrete (Con-60) were studied. The rebar pullout and material characterization 
tests were performed in residual conditions after exposure to high temperatures up to 800°C. 
The major findings of the study are summarized below: 

 All three SHCCs retained a higher proportion of their respective compressive strengths 
at room temperature after exposure to high temperatures compared to conventional 
concrete (Con-60). The PVA-SC SHCC completely retained its compressive strength 
up to 400°C and about 70% of its room temperature strength after exposure to 600°C.  

 The PVA-SC and HFR-SC completely retained their splitting tensile strengths up to 
200°C compared to only 80% retention in PVA-FA. The splitting tensile strength 
reduced monotonically above 200°C for all the materials.  

 The magnitude of bond strength of Con-60 at room temperature was greater than that 
for SHCC, in spite of the lower splitting tensile strength of Con-60. This is attributed to 
the interlock between the rebar ribs and coarse aggregates in conventional concrete. 
SHCCs do not have coarse aggregate. 

 The normalized bond strength was similar for all SHCC with less than 10% reduction 
after exposure to temperatures up to 200°C. The bond strength of Con-60 degrades 
monotonically with the increase in temperature, exhibitting brittle failure. In contrast, 
all the SHCCs showed ductile failure with gradual rebar pullout behavior up to 200°C. 

 The superior tensile behavior of hybrid fiber-reinforced SHCC (HFR-SC) at high 
temperatures prevented the brittle failure at all investigated temperatures up to 800°C. 
In contrast, specimens made of mono fiber-reinforced SHCC (PVA-SC and PVA-FA) 
and conventional concrete (Con-60) exhibited premature splitting failure at 
temperatures significantly lower than 800°C. The retained residual bond strength of 
HFR-SC was also higher than the four investigated materials.  
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ABSTRACT 

The bond of prestressing strands can vary with regard to the size of strand, the type of concrete 
mixture, the age and strength of concrete and many other factors. The bond level is significant 
for composite action between the concrete and steel, especially in the transfer zone of the 
pretensioned member. Tensioning force release can usually be performed when obtaining a 
minimal concrete compressive strength at the level of 40 MPa. Such a strength is required for 
a concrete maturity of twenty-four hours or less, which is not easy. With help comes the 
application of modern high-performance concrete (HPC) technology. 

A research program to examine the bond of HPC on the concrete composition grade of C80/95 
was designed. The concrete specimens with untensioned 74 mm (12,9 mm dia.), 75 mm (15,7 
mm dia.) and 76 mm (18,2 mm dia.) strands were precast in individual moulds. Six strand-
embedment lengths were tested: 40, 80, 120, 240, 330 and 460 mm. The main tests concerned 
measurements of slip between the strand and the concrete surface and were made with using an 
electronic extensometer attached to the free end of strand and concrete surface. The bond stress-
slip curves and bond strength versus free-end slip relationship was analysed. All specimens 
were tested in the laboratory of the Institute of Materials and Building Structures of Cracow 
University of Technology, Cracow, Poland.  

1 INTRODUCTION 

In pretensioned concrete members, the bond of prestressing strands differs between different 
stages of prestress, which relates to transmission length and anchorage length. The bond in the 
transmission zone is necessary for transferring the strand stress to the adjacent concrete. The bond 
in the transmission zone is additionally contributed to by the adhesion and by Hoyer’s effect, 
which is friction at the interface of prestressing tendon and concrete, generated as the hardened 
concrete restrains the tendon’s transverse expansion. In the opinion of some researchers [1] the 
adhesion as a kind of chemical bond between prestressing strands and concrete is present in both 
zones, but its contribution to the strand bond is minimal. In the case of high performance concrete, 
the bond stress is affected by silica fume as well as by the type of aggregate used. 

There have been limited experimental studies that have investigated the bond stress-slip model 
of the prestressing strand [2]. Bond distribution presents the variation of bond stress along an 
embedded length of the prestressing tendon. Quantifying the bond distribution is critical in 
making an exact estimation of the transmission length in the prestressed concrete member. Bond 
stresses along the transmission length at the interface of the wire or strand with the concrete are 
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not uniform. The tensile stress in the prestressing strand along the transmission length is also 
not uniform. The change of strand stress is proportional to the bond stress. Research conducted 
by Den Uijl [3] showed that the bond stress nonlinearly decreased within the transmission zone 
of prestressed beams. The bond stress achieves its maximum value near the free-end of the 
beam. This is due to lateral expansion or the Hoyer’s effect of the prestressing strand as it is 
being released. The stress gradually decreases throughout the transmission zone. The 
distribution of bond stress is assumed to be linear to simplify computations. 

2 EXPERIMENTAL STUDIES 

In order to define the bond stress-slip relations of HPC and untensioned plain seven-wire 
strands, experimental research was performed on push-of specimens, reinforced with an axially 
embedded steel strand. The program of this experimental research took into account the 
following factors that have a substantial impact on this relationship: 

- bond embedded length (lemb = 40, 80, 120, 240, 330 and 460 mm),
- concrete compressive strength (for t = 1, 3, 7 and 28 days),
- size effect of the plain seven-wire untensioned strand: 12,9; 15,7 and 18,2 mm diameter.

2.1 Test program

Research pertaining to high-performance concrete bond stress to the steel prestressing strand 
with varied diameters was performed on push-of prism specimens those sides equalled 160 mm 
with different lengths of 160, 280, 370 and 500 mm after 1, 3, 7 and 28 days of concrete curing. 
Eight plywood form of each length (48 total) were created especially for this purpose. Before 
casting, the strand was axially fixed in the horizontal position with rigid protective PVC tubing 
with lengths of 120, 80 and 40 mm in accordance with the embedment length.  

2.2 Concrete 

The specimens were made from an especially designed cement concrete composition, class 
C80/95, the ingredients of which per 1 m3 of concrete mix are given in Table 1. The specimens 
were made in several series, differing in their active bond length and the size of the prestressing 
strand. In each series, standard samples ϕ150 x 300 mm long and 150 x 150 x 150 mm were 
collected to define concrete compressive strength and tensile strength, together with the 
modulus of elasticity under compression. All the specimens and standard samples were covered 
with several layers of polyethylene sheeting after casting in order to ensure stable concrete 
curing conditions for twenty-two hours. After this period of time, the specimens were taken out 
of their plywood form and some of them were prepared for experimental testing.  

Table 1. Mix design for high-performance concrete 

Components Quantities [kg/m3] 

Rapid hardening Portland Cement CEM I 42,5R 476 
River sand (0-2) mm 665 

Basalt aggregate (2-8) mm 650 

Basalt aggregate (8-16) mm 580 

Silica fume (5 percent) 24 

Water 156

Superplasticizer 5,2

w/b ratio 0,31 
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Experimental research was conducted after on days 1, 3, 7 and 28 after concrete curing. At a 
given stage, two specimen from each embedment length were tested. After demoulding, all 
specimens and samples for standard testing were stored under three layers of polyethylene 
sheeting. At each testing stage, the mechanical properties of concrete were defined and the 
obtained results can be found in Table 2.  

Table 2. Mechanical properties high-performance concrete 

Concrete 
age 

fc,cyl [MPa] 

(ϕ150x300 mm) 

fc,cube [MPa] 
(150x150x150 mm) 

fc,spl,cube [MPa] 
(150x150x150 mm) 

fct,dir [MPa] 
(ϕ150x300 mm) 

Ec[MPa] 
(ϕ150x300 mm) 

22 h 35,09 - - - 29 740 
24 h 39,50 47,54 3,42 - 35 300 

2 days 53,47 64,08 3,92 3,10 39 360 
3 days 59,83 72,29 4,50 3,39 42 270 
7 days 71,53 80,82 5,25 4,05 46 000 

28 days 88,39 93,13 6,56 4,83 49 660 
90 days 93,19 100,19 7,25 6,14 53 100 

 

2.3 Steel prestressing strands 

Properties of prestressing strands used in experimental investigation are presented in Table 3. 

Table 3. Nominal properties of prestressing steel strands 

Geometry Material properties 
strand 

diameter 
[mm] 

steel area 
[mm2] 

lay length 
[mm] 

ultimate 
strength fp 

[MPa] 

breaking 
strength  

Fpmax [kN] 

yield strength 
Fp01[kN] 

modulus of 
elasticity  
Ep [MPa] 

12,9 100 198 1867,6 186,70 166,37 197240 
15,7 150 249 1906,8 286,03 251,80 190110 
18,2 202 264 1792,0 362,30 329,00 193300 

 
2.4 Test procedure 

The specimens for testing the bond stress-slip relationship 
with an axially embedded steel prestressing strand were 
placed in an especially designed steel frame (Fig. 1). The 
structure consists of two ridged steel plates, upper and 
lower, joined to each other by four steel hangers. 

The bottom steel plate has a centrally drilled hole through 
which it is possible to pass the strand coming from the 
concrete specimen.  A longer, lower strand section is 
chucked in the gripping jaws of a new-generation testing 
machine (Zwick-Roell Z1200). The force from the steering 
mechanism lifts the frame structure which transfers the 
load onto the concrete specimen through pressure on the 
bottom surface.  The pushing load was controlled by 
displacement with a loading rate of 0,01 mm/s, 
recommended for high-strength concrete members. The 
force value was continuously registered digitally with the 
help of the registering system. Relative displacement for 
the given force was measured by a measured system of two 

Figure 1: General view of 
the testing machine 
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arms of the incremental extensometer. The upper arms registered displacement of the free end 
steel strand, and the lower arms registered displacement of the aluminium angles glued to the 
concrete surface with regard to their original location (Fig.1). The final value displayed on the 
computer screen is the relative displacement of two materials. The margin of error of the 
extensometer reading is 0,12 m. The research was carried out until the displacement value set 
in the program, i.e. 10 mm, was reached. 

3 TEST RESULTS 

A total of 451 high performance concrete specimens with untensioned steel strands were tested 
in the Laboratory of the Institute of Materials and Building Structures. Based on the results of 
mechanical concrete properties summarised in Table 2, concrete compressive strength after 1, 
3, 7 and 28 days was found to be 40, 60, 72 and 88 MPa, respectively. Taking into consideration 
the force value-slip relation registered in the electronic system for each testing specimen, the 
force value corresponding to the loss of concrete adherence with the prestressing strand was 
identified as was the pushing force value at the following slip values: 0,01; 0,0254; 0,10; 0,254; 
1,0; 2,54 and 10 mm. In Table 4, the average values of pushing force related to the chosen slip 
values are presented for each embedment length for strand diameters of 12,9; 15,7 and 18,2 mm 
for concrete compressive strength values equal to 40 MPa. 

The bond stress (fb) of HPC to untensioned steel strands of each size (ϕ) was calculated 
according to equation (1). The real circumferences (C) of the strands were calculated with the 
computer method. The obtained values are very similar to those obtained from relation (2) 

𝑓
∙

                                    (1)           

  where          

 𝐶 𝜋 ∙ 𝜙                                    (2) 

The average obtained bond stress values of HPC specimens to untensioned steel strand for 
concrete compressive strengths equal to 40 MPa are summarised in Table 5. 

The distribution of average bond stress in the slip function, defined for given concrete 
compressive strength, taking into consideration the analysed active bonded length of 330 mm 
for four analysed concrete compressive strength are shown in Figure 2. It can be observed that 
the plots profile obtained for strands with diameter of 12,9 and 15,7 mm are very similar at the 
slip range from 1 to 10 mm. The bond stress value increases to the moment at which the pushing 
force is stopped or bond failure occurs. The bond stress difference ranged from 2,05 to 1,99 
MPa in case of concrete compressive strength of 40 MPa. The adhesion bond for 15,7 mm 
diameter strand is 31,3% higher and the bond stress increase is much rapid than for 12,9 mm 
diameter strand. In case of 18,2 mm diameter strand, the adhesion bond is 42% higher and the 
bond stress increase is very intensive to its the maximum value of 6,56 MPa at slip between  
1 and 2,54 mm. The falling branch is observed to descend very regularly and the bond stress of 
6,0 MPa is registered at slip equal to 10 mm. A similar tendency is observed for concrete 
specimen tested after 3 and 7 days after casting. After 28 days, the concrete compressive 
strength is 88 MPa and inconsiderable increase of bond stress value at slip of 10 mm is 
observed. A constant bond stress value of 10 MPa at the slip distance from 3 to 10 mm can be 
assumed. 
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Table 4. Average values of force pushing the HPC specimen off the untensioned seven-wire 
steel strand 

lemb  
[mm] 

s 
[mm] 

Average values of force pushing the 160 x160 mm high-performance concrete 
specimens off untensioned steel strands. Fave [kN], fcm= 40 MPa 

74 mm (12,9 mm) strand 75 mm (15,7 mm) strand 76 mm (18,2 mm) strand 
Fave [kN] ν [%] Fave [kN] ν [%] Fave [kN] ν [%] 

40 

adhesion 2,19 6,85 4,36 17,11 4,74 42,71 
0,01 2,25 7,11 4,37 17,25 5,15 37,51 

0,0254 2,48 12,90 4,75 21,99 5,71 28,99 
0,1 2,92 19,52 5,75 20,17 7,92 9,94 

0,254 3,25 17,41 7,19 29,68 11,85 9,48 
1 4,07 11,06 12,43 19,30 15,88 15,45 

2,54 3,00 6,33 12,72 15,04 14,79 19,08 
10 3,08 2,76 8,11 24,96 12,42 18,87 

Fmax 4,33 13,58 13,39 15,34 16,86 11,68 

80 

adhesion 5,51 24,56 11,16 21,82 11,17 49,33 
0,01 5,59 24,06 12,04 19,58 11,85 48,34 

0,0254 6,72 19,73 13,13 17,91 12,55 48,55 
0,1 8,06 26,49 16,94 17,41 15,97 46,24 

0,254 10,80 24,97 23,17 19,70 22,15 38,98 
1 15,61 16,00 30,90 10,40 41,31 10,26 

2,54 16,10 16,75 30,43 12,27 41,29 5,87 
10 19,46 19,92 28,81 17,88 35,95 14,62 

Fmax 19,99 19,94 33,34 10,92 42,34 7,70 

120 

adhesion 8,13 19,24 14,12 20,54 16,49 32,94 
0,01 8,21 18,84 14,35 18,55 17,47 30,30 

0,0254 8,57 19,00 15,73 17,86 18,50 28,55 
0,1 10,59 16,85 21,42 20,27 24,00 21,11 

0,254 14,74 16,10 32,26 19,83 36,83 16,41 
1 22,45 10,70 46,47 11,50 59,58 9,76 

2,54 23,93 8,42 46,75 10,17 57,62 5,52 
10 30,63 16,25 48,15 8,92 54,25 5,91 

Fmax 31,20 16,14 50,08 8,87 60,88 9,53 

240 

adhesion 19,03 31,68 27,99 15,04 34,44 22,32 
0,01 19,65 34,28 28,33 14,99 36,40 19,61 

0,0254 20,60 31,08 29,88 13,86 38,76 14,76 
0,1 23,41 31,19 37,67 15,37 52,23 7,83 

0,254 29,71 29,27 55,47 14,29 81,83 5,39 
1 38,87 20,17 81,26 11,73 127,28 1,25 

2,54 42,05 19,49 87,51 10,88 126,74 3,03 
10 55,11 21,44 93,86 9,48 113,37 10,02 

Fmax 56,10 21,45 95,46 10,01 129,45 2,22 

330 

adhesion 26,46 13,45 42,55 18,14 53,02 23,09 
0,01 27,28 14,29 42,95 18,21 57,36 25,52 

0,0254 28,99 15,11 46,14 17,91 60,83 25,19 
0,1 32,80 14,97 60,27 21,52 78,33 24,22 

0,254 40,29 12,15 83,84 12,57 112,31 15,43 
1 53,80 12,98 110,01 4,40 160,38 0,78 

2,54 59,45 12,55 118,13 3,06 161,12 2,51 
10 79,47 13,68 140,13 6,50 149,30 3,02 

Fmax 80,08 13,58 141,09 6,41 163,38 1,28 

460 

adhesion 42,67 4,87 87,42 6,86 83,86 18,10 
0,01 49,57 5,83 109,59 19,41 88,61 17,30 

0,0254 52,42 6,67 115,48 17,22 94,90 17,75 
0,1 56,99 5,96 132,51 12,45 119,50 16,76 

0,254 66,95 4,81 152,75 8,49 159,51 11,68 
1 80,90 8,35 181,32 5,33 210,97 5,63 

2,54 89,00 9,77 195,24 4,13 215,77 5,23 
10 109,94 15,67 211,26 6,92 199,59 6,25 

Fmax 114,80 9,76 213,20 6,49 217,34 4,92 
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Table 5. Bond stress average values of HPC specimen to untensioned seven–wire steel strand 

lemb  
[mm] 

s 
[mm] 

Bond stress average values of 160 x 160 mm high-performance concrete specimens 
with untensioned steel strands. fb,ave [MPa], fcm= 40 MPa 

74 mm (12,9 mm) strand 75 mm (15,7 mm) strand 76 mm (18,2 mm) strand 
fb,ave [MPa] ν [%] fb,ave [MPa] ν [%] fb,ave [MPa] ν [%] 

40 

adhesion 1,03 6,85 1,67 17,11 1,57 42,71 
0,01 1,05 7,11 1,67 17,25 1,71 37,51 

0,0254 1,16 12,90 1,82 21,99 1,89 28,99 
0,1 1,37 19,52 2,20 20,17 2,63 9,94 

0,254 1,52 17,41 2,75 29,68 3,93 9,48 
1 1,91 11,06 4,76 19,30 5,26 15,45 

2,54 1,40 6,33 4,87 15,04 4,90 19,08 
10 1,44 2,76 3,10 24,96 4,12 18,87 

fb,max 2,03 13,58 5,12 15,34 5,59 11,68 

80 

adhesion 1,29 24,56 2,13 21,82 1,85 49,33 
0,01 1,31 24,06 2,30 19,58 1,96 48,34 

0,0254 1,57 19,73 2,51 17,91 2,08 48,55 
0,1 1,89 26,49 3,24 17,41 2,65 46,24 

0,254 2,53 24,97 4,43 19,70 3,67 38,98 
1 3,65 16,00 5,91 10,40 6,85 10,26 

2,54 3,77 16,75 5,82 12,27 6,84 5,87 
10 4,56 19,92 5,51 17,88 5,96 14,62 

fb,max 4,68 19,94 6,38 10,92 7,02 7,70 

120 

adhesion 1,27 19,24 1,80 20,54 1,82 32,94 
0,01 1,28 18,84 1,83 18,55 1,93 30,30 

0,0254 1,34 19,00 2,01 17,86 2,04 28,55 
0,1 1,65 16,85 2,73 20,27 2,65 21,11 

0,254 2,30 16,10 4,11 19,83 4,07 16,41 
1 3,50 10,70 5,93 11,50 6,58 9,76 

2,54 3,73 8,42 5,96 10,17 6,37 5,52 
10 4,78 16,25 6,14 8,92 5,99 5,91 

fb,max 4,87 16,14 6,39 8,87 6,73 9,53 

240 

adhesion 1,49 31,68 1,79 15,04 1,90 22,32 
0,01 1,53 34,28 1,81 14,99 2,01 19,61 

0,0254 1,61 31,08 1,91 13,86 2,14 14,76 
0,1 1,83 31,19 2,40 15,37 2,89 7,83 

0,254 2,32 29,27 3,54 14,29 4,52 5,39 
1 3,03 20,17 5,18 11,73 7,03 1,25 

2,54 3,28 19,49 5,58 10,88 7,00 3,03 
10 4,30 21,44 5,99 9,48 6,26 10,02 

fb,max 4,38 21,45 6,09 10,01 7,15 2,22 

330 

adhesion 1,50 13,45 1,97 18,14 2,13 23,09 
0,01 1,55 14,29 1,99 18,21 2,30 25,52 

0,0254 1,65 15,11 2,14 17,91 2,44 25,19 
0,1 1,86 14,97 2,80 21,52 3,15 24,22 

0,254 2,29 12,15 3,89 12,57 4,51 15,43 
1 3,05 12,98 5,10 4,40 6,44 0,78 

2,54 3,37 12,55 5,48 3,06 6,47 2,51 
10 4,51 13,68 6,50 6,50 6,00 3,02 

fb,max 4,54 13,58 6,54 6,41 6,56 1,28 

460 

adhesion 1,74 4,87 2,91 6,86 2,42 18,10 
0,01 2,02 5,83 3,65 19,41 2,55 17,30 

0,0254 2,13 6,67 3,84 17,22 2,74 17,75 
0,1 2,32 5,96 4,41 12,45 3,44 16,76 

0,254 2,73 4,81 5,08 8,49 4,60 11,68 
1 3,29 8,35 6,03 5,33 6,08 5,63 

2,54 3,62 9,77 6,50 4,13 6,22 5,23 
10 4,48 15,67 7,03 6,92 5,75 6,25 

fb,max 4,67 9,76 7,09 6,49 6,26 4,92 
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Figure 2: Average bond stress-slip relation for high-performance concrete and 12,9; 15,7 and 
18,2 mm diameter strands calculated for specimens with an embedment length of 330 mm. 

Case a), b), c) and d) for fcm= 40, 60, 72 and 88 MPa, respectively 

4 DISCUSSION OF TEST RESULTS 

In order to analyse the obtained results, the bond stress for slip values up to 10 mm for each 
specimen was calculated, and average values of these results for concrete compressive strengths 
of 40, 60, 72 and 88 are displayed for strand diameters of 12,9; 15,7 and 18,2 mm in Tables 6, 
7 and 8, respectively. Additionally, these tables contain the maximum values of bond stress as 
well as bond stress values for which adhesion loss was registered. The tables also contain 
standard deviations (δ) and coefficients of variation (ν). 
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Based on the presented results, it can be clearly seen that high-performance concrete bond stress 
increases together with increases of concrete compressive strength for each analysed active 
bonded length of steel prestressing strand. However, it should be noted that in the case of an 
embedment length of 40 mm, the bond stress maximum value for each strand size is attained at 
the slip range from 1 to 2,54 mm and afterwards, the bond stress significantly decreases. It is 
observed for all analysed concrete compressive strength. It can be concluded that an embedment 
length of 40 mm is too short to develop the interlocking mechanism. 

Each concrete specimen with an untensioned strand was very precisely examined before and 
after testing. The free end strand cross-section was cut with precision to ensure that the external 
wires and central wire were kept in one plane. The displacement of the central wire in relation 
to the external wires was measured before and after testing using digital callipers with a 
measuring accuracy of 0,01 mm. Based on the obtained results, two interface bond failures were 
found. The first was mutual displacement of the external wires and high performance concrete 
is measured with the extensometer in range to slip of 10 mm. The second interface developed 
between the external wires and the central wire. The value of this displacement depends on the 
strand stress resulting from pushing force and also the embedment length. Furthermore, in the 
case of the strands with diameters of 15,7 and 18,2 mm (higher bond stress than in the  
12,9 mm diameter strand) the slip of central wire is more considerable.  

Average values of the maximum force pushing the high performance concrete specimen off the 
untensioned steel strand each analysed size are collected in Table 9. Average values of the 
maximum bond stress and the average values of the maximum stress in untensioned steel strand 
are presented in Table 10 and 11 respectively. It can be seen that in the case of the strand with 
a diameter of 12,9 mm, the average maximum forces are recorded in concrete specimens of 72 
and 88 MPa for an embedment length of 460 mm. The obtained values are close to a yield 
strength of 166,4 kN. A similar situation takes place in the case of a steel strand with a diameter 
of 15,7 mm. The average maximum forces are registered in concrete specimens of 60, 72 and 
88 MPa for embedment lengths of 460 mm. The strand stress to the ultimate strength ratios are 
0,87; 0,88 and 0,93 for concrete compressive strengths of 60, 72 and 88 MPa, respectively. It 
should be emphasised that in the case of specimens with an embedment length of 460 mm, only 
concrete specimens with compressive strengths of 40 and 60 MPa were tested with the 
continuous recording of slip data. The loading of concrete specimens with compressive 
strengths of 72 and 88 MPa was stopped at the slip of 3 or 4 mm and when the extensometer 
was disconnected, further loading was carried to bond failure. 

Table 6. Bond stress average values of HPC specimens to untensioned 12,9 mm diameter steel 
strand with lemb = 40 - 460 mm 

s 
[mm] 

Bond stress average values of high-performance concrete to untensioned 74 mm (12,9 mm)  
steel strand. Specimen cross section 160 x 160 mm, lemb = 40 - 460 mm. 

fcm= 40 MPa fcm= 60 MPa fcm= 72 MPa fcm= 88 MPa 
fb,ave 

[MPa] 
 

[MPa] 
 

[%] 
fb,ave 

[MPa] 
 

[MPa] 
 

[%] 
fb,ave 

[MPa] 
 

[MPa] 
 

[%] 
fb,ave 

[MPa] 
 

[MPa] 
 

[%] 
adhesion 1,38 0,24 17,67 1,79 0,25 13,82 2,15 0,31 14,27 2,61 0,13 4,82 

0,01 1,46 0,33 22,65 1,81 0,25 13,90 2,17 0,30 13,96 2,65 0,14 5,19 
0,0254 1,58 0,33 20,97 1,93 0,20 10,40 2,30 0,31 13,33 2,78 0,13 4,76 

0,1 1,82 0,31 17,20 2,17 0,19 8,56 2,67 0,33 12,47 3,13 0,13 4,28 
0,254 2,28 0,41 17,98 2,57 0,29 11,10 3,25 0,41 12,49 3,71 0,31 8,48 

1 3,07 0,62 20,25 3,58 0,28 7,68 4,59 0,47 10,21 5,06 0,74 14,56 
2,54 3,20 0,90 28,14 3,93 0,61 15,55 5,14 0,64 12,39 5,79 0,92 15,91 
10 4,01 1,27 31,64 5,04 1,33 26,48 6,31 1,74 27,67 7,20 2,23 30,94 

fb,max 4,19 1,07 25,62 5,27 0,96 18,22 6,66 1,25 18,81 7,59 1,54 20,27 
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Table 7. Bond stress average values of HPC specimens to untensioned 15,7 mm diameter steel 
strand with lemb= 40 - 460 mm 

s 
[mm] 

Bond stress average values of high-performance concrete to untensioned 75 mm (15,7 mm)  
steel strand. Specimen cross section 160 x 160 mm, lemb = 40 - 460 mm. 

fcm= 40 MPa fcm= 60 MPa fcm= 72 MPa fcm= 88 MPa 
fb,ave 

[MPa] 
 

[MPa] 
 

[%] 
fb,ave 

[MPa] 
 

[MPa] 
 

[%] 
fb,ave 

[MPa] 
 

[MPa] 
 

[%] 
fb,ave 

[MPa] 
 

[MPa] 
 

[%] 
adhesion 2,05 0,45 22,16 2,43 0,30 12,50 2,76 0,24 8,60 3,01 0,41 13,65 

0,01 2,21 0,74 33,37 2,76 0,63 22,76 2,98 0,53 17,82 3,25 0,58 17,95 
0,0254 2,37 0,76 32,09 2,98 0,62 20,81 3,23 0,50 15,42 3,39 0,59 17,47 

0,1 2,96 0,79 26,77 3,73 0,63 17,00 4,06 0,45 11,07 4,00 0,64 16,07 
0,254 3,97 0,79 20,01 5,04 0,57 11,39 5,47 0,24 4,39 5,32 0,76 14,25 

1 5,49 0,54 9,81 6,70 0,62 9,28 7,42 0,52 7,01 8,05 1,10 13,64 
2,54 5,70 0,54 9,52 7,06 0,72 10,23 8,10 0,68 8,40 9,10 0,85 9,36 
10 5,71 1,38 24,09 7,42 1,85 24,94 8,67 2,09 24,13 10,03 1,91 19,04 

fb,max 6,27 0,65 10,39 8,04 0,90 11,17 9,26 1,13 12,20 10,60 1,25 11,84 

 

Table 8. Bond stress average values of HPC specimens to untensioned 18,2 mm diameter steel 
strand with lemb= 40 - 460 mm 

s 
[mm] 

Bond stress average values of high-performance concrete to untensioned 76 mm (18,2 mm)  
steel strand. Specimen cross section 160 x 160 mm, lemb = 40 - 460 mm. 

fcm= 40 MPa fcm= 60 MPa fcm= 72 MPa fcm= 88 MPa 
fb,ave 

[MPa] 
 

[MPa] 
 

[%] 
fb,ave 

[MPa] 
 

[MPa] 
 

[%] 
fb,ave 

[MPa] 
 

[MPa] 
 

[%] 
fb,ave 

[MPa] 
 

[MPa] 
 

[%] 
adhsion 1,95 0,29 14,92 2,63 0,58 22,08 2,94 0,73 24,69 3,63 0,72 19,85 

0,01 2,08 0,30 14,51 2,79 0,61 21,78 3,15 0,78 24,68 3,78 0,75 19,72 
0,0254 2,22 0,31 13,94 3,00 0,64 21,51 3,38 0,83 24,49 3,96 0,76 19,22 

0,1 2,90 0,33 11,52 3,81 0,67 17,53 4,31 0,92 21,33 4,76 0,79 16,59 
0,254 4,22 0,38 9,05 5,36 0,65 12,14 5,75 0,77 13,33 6,35 0,58 9,15 

1 6,37 0,64 9,98 7,84 0,70 8,89 8,27 0,48 5,83 9,21 0,48 5,24 
2,54 6,30 0,75 11,84 7,88 0,67 8,45 8,39 0,51 6,06 9,67 0,33 3,41 

4 6,16 0,72 11,67 7,61 0,72 9,43 8,15 0,64 7,88 9,61 0,61 6,31 
6 5,98 0,74 12,35 7,30 0,96 13,19 7,85 0,83 10,53 9,09 1,59 17,45 
8 5,82 0,78 13,41 7,00 1,19 16,97 7,67 0,86 11,22 8,75 1,94 22,17 

10 5,68 0,78 13,78 6,80 1,26 18,53 7,58 0,90 11,84 8,98 1,72 19,21 
fb,max 6,55 0,57 8,68 8,09 0,64 7,89 8,64 0,43 4,97 10,07 0,28 2,75 

 

Table 9. Average values of the maximum force pushing the HPC specimen to the untensioned 
steel strand  

lemb 
[mm] 

Average values of the maximum force pushing the HPC specimen off the untensioned prestressing steel strand. 
Fmax,ave [kN]      High-performance concrete specimen cross section of 160 x 160 mm. 

7ɸ4 mm (12,9 mm) strand 7ɸ5 mm (15,7 mm) strand 7ɸ6 mm (18,2 mm) strand 

40 MPa 60 MPa 72 MPa 88 MPa 40 MPa 60 MPa 72 MPa 88 MPa 40 MPa 60 MPa 72 MPa 88 MPa 

40 4,33 7,09 9,34 10,41 13,39 16,54 19,29 24,39 16,86 23,08 25,14 30,42 
80 19,99 24,50 31,57 36,65 33,34 41,75 51,56 57,27 42,34 51,03 56,91 61,48 

120 31,20 35,34 50,84 55,85 50,08 63,82 76,13 92,54 60,88 77,01 76,85 91,36 
240 56,10 72,34 92,70 111,87 95,46 137,87 161,66 186,22 129,45 162,59 160,22 186,51 
330 80,08 100,71 118,46 139,94 141,09 188,31 213,33 231,92 163,38 188,15 208,92 254,56 
460 114,80 140,41 154,97 164,69 213,20 247,60 251,93 266,25 217,34 257,23 290,38 330,60 
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Table 10. Average values of the maximum bond stress of the HPC specimen to the 
untensioned steel strand  

lemb 
 [mm] 

Average values of the maximum bond stress of the HPC specimen to the untensioned prestressing steel strand.  
fb.max,ave [kN]   High-performance concrete specimen cross section of 160 x 160 mm. 

7ɸ4 mm (12,9 mm) strand 7ɸ5 mm (15,7 mm) strand 7ɸ6 mm (18,2 mm) strand 

40 MPa 60 MPa 72 MPa 88 MPa 40 MPa 60 MPa 72 MPa 88 MPa 40 MPa 60 MPa 72 MPa 88 MPa 

40 2,03 3,32 4,37 4,87 5,12 6,33 7,38 9,33 5,59 7,65 8,33 10,08 
80 4,68 5,73 7,39 8,58 6,38 7,99 9,86 10,96 7,02 8,46 9,43 10,19 

120 4,87 5,52 7,93 8,72 6,39 8,14 9,71 11,80 6,73 8,51 8,49 10,09 
240 4,38 5,64 7,23 8,73 6,09 8,79 10,31 11,87 7,15 8,98 8,85 10,30 
330 4,54 5,71 6,72 7,94 6,54 8,73 9,89 10,76 6,56 7,56 8,39 10,23 
460 4,67 5,72 6,31 6,70 7,09 8,24 8,38 8,86 6,26 7,41 8,37 9,53 

 
Table 11. Average values of the maximum stress in the untensioned steel strand  

lemb 
 [mm] 

Average values of maximum stress in the untensioned prestressing steel strand. fp,max,ave [MPa] 
High-performance concrete specimen cross section of 160 x 160 mm. 

7ɸ4 mm (12,9 mm) strand 7ɸ5 mm (15,7 mm) strand 7ɸ6 mm (18,2 mm) strand 

40 MPa 60 MPa 72 MPa 88 MPa 40 MPa 60 MPa 72 MPa 88 MPa 40 MPa 60 MPa 72 MPa 88 MPa 

40 43,3 70,9 93,4 104,1 89,3 110,3 128,6 162,6 83,4 114,2 124,4 150,5 
80 199,9 245,0 315,7 366,5 222,3 278,3 343,7 381,8 209,5 252,5 281,6 304,2 

120 312,0 353,4 508,4 558,5 333,9 425,5 507,5 616,9 301,2 381,1 380,2 452,1 
240 561,0 723,4 927,0 1118,7 636,4 919,1 1077,7 1241,5 640,5 804,5 792,8 922,8 
330 800,8 1007,1 1184,6 1399,4 940,6 1255,4 1422,2 1546,1 808,4 931,0 1033,7 1259,6 
460 1148,0 1404,1 1549,7 1646,9 1421,3 1650,7 1679,5 1775,0 1075,4 1272,8 1436,8 1635,8 

 
Table 12. Real strand stress level to ultimate strength ratio for steel prestressing strand 

lemb 
 [mm] 

Real strand stress level to ultimate strength ratio for prestressing steel strand. High-performance concrete specimen 

cross section of 160 x 160 mm.  ,  

7ɸ4 mm (12,9 mm) strand 7ɸ5 mm (15,7 mm) strand 7ɸ6 mm (18,2 mm) strand 

40 MPa 60 MPa 72 MPa 88 MPa 40 MPa 60 MPa 72 MPa 88 MPa 40 MPa 60 MPa 72 MPa 88 MPa 

40 0,023 0,038 0,050 0,056 0,047 0,058 0,067 0,085 0,046 0,064 0,069 0,084 
80 0,107 0,131 0,169 0,196 0,116 0,146 0,180 0,200 0,117 0,141 0,157 0,170 

120 0,167 0,189 0,272 0,299 0,175 0,223 0,266 0,323 0,168 0,213 0,212 0,252 
240 0,300 0,387 0,496 0,599 0,334 0,482 0,565 0,651 0,357 0,449 0,442 0,515 
330 0,429 0,539 0,634 0,749 0,493 0,658 0,746 0,811 0,451 0,519 0,577 0,703 
460 0,615 0,752 0,830 0,882 0,745 0,866 0,881 0,931 0,600 0,710 0,802 0,913 

 
Table 13. Influence of the HPC compressive strength and the square root of HPC 

compressive strength on the relative bond stress-slip relationship for the 15,7 mm strand 

s 
[mm] 

15,7 mm diameter untensioned steel strand, lemb = 330 mm, specimen cross section 160 x 160 mm 

fb,ave/fcm fb,ave/fcm 

fcm [MPa] 
average 

fcm [MPa] 
average 

40 60 72 88 40 60 72 88 

adhesion 0,049 0,038 0,038 0,030 0,0387 0,311 0,297 0,318 0,281 0,302 
0,01 0,050 0,039 0,039 0,031 0,0397 0,315 0,305 0,329 0,287 0,309 

0,0254 0,054 0,042 0,045 0,032 0,0432 0,338 0,324 0,384 0,302 0,337 
0,1 0,070 0,053 0,059 0,038 0,0550 0,443 0,409 0,502 0,358 0,428 

0,254 0,097 0,072 0,076 0,049 0,0735 0,615 0,555 0,647 0,463 0,570 
1 0,128 0,103 0,099 0,075 0,1012 0,806 0,798 0,841 0,707 0,788 

2,54 0,137 0,117 0,112 0,095 0,1152 0,866 0,908 0,949 0,891 0,903 
10 0,163 0,145 0,137 0,122 0,1417 1,028 1,121 1,160 1,143 1,113 
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In the case of concrete specimens with strand diameters of 12,9 and 15,7 mm, no cracks were 
observed on the external surface of testing member. The bond failure was explicit with a loss 
of strand-load capacity. The final slip of the central wire in relation to the external wires ranged 
from 2 to 4 mm. The cracks on the external surface of the tested member were localised in the 
case of the concrete specimen with a compressive strength of 88 MPa and with embedment 
lengths of 330 and 460 mm and a strand diameter of 18,2 mm. The slip of central wire in relation 
to the external wires measured with the digital calliper was 1,75 mm and 3,58 mm, respectively. 
The cracks with a maximum width on the external surface of the specimen declined in the radial 
direction to the external wires. The average value of the central wire slip in relation to the 
external wires was 0,66 mm, for all specimens with an 18,2 mm strand and an embedment 
length of 240 mm irrespective of the compressive strength of the concrete. Taking into 
consideration the results of the bond stress-slip relationship obtained for specimens with an 
embedment length of 330 mm for strands with diameters of 12,9; 15,7 and 18,2 mm, and the 
dependency of the relative bond stress fb/fc and fb/√fc on each strand was analysed. The influence 
of the HPC compressive strength and the square root of the HPC compressive strength on the 
relative bond stress-slip relationship for strands with a diameter of 15,7 mm are presented in 
Table 13. Distributions of the relative bond stress-slip relationship obtained from these 
calculations are presented in Fig. 3 and Fig. 4. It can be concluded that the bond strength 
increases proportionally to the square root of the compressive strength independently of the 
concrete compressive strength and steel strand size. 

 
Figure 3: Influence of the high-performance concrete compressive strength on the relative 

bond stress-slip relationship, as obtained in push-of tests with embedment length of 330 mm 
and 15,7 mm untensioned steel strand. Specimen cross section of 160 x 160 mm 

 

 
Figure 4: Influence of square root of the high-performance concrete compressive strength on 

the relative bond stress-slip relationship, as obtained in push-of tests with an embedment 
length of 330 mm and 15,7 mm untensioned strand. Specimen cross section of 160 x 160 mm 
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5 CONCLUSIONS 

Based on the obtained results from the experimental investigations as well as from the 
numerical calculation, the following conclusions were drawn with respect to bond behaviour 
and the splitting action of the plain seven-wire untensioned strand in HPC: 

- It can be concluded that modification of high-performance/high-strength concrete bond to 
prestressing a seven-wire steel strand model is needed. The strand cannot be taken as rigid 
element. The numerical model of the strand should consist of one central wire and six 
external wires. The performed experimental investigation confirms a very good bond 
strength of the external wires of the strand to high-performance concrete. 

- The experimentally verified mechanism of concrete bond strength to the plain seven-wire 
steel strand failure is different to that which is assumed for a steel deformed bar. This 
provides an opportunity for specifying the designing method of calculation of the prestressed 
concrete element. 

- High-performance concrete specimens with axially positioned seven-wire steel strands with 
an embedment length of 330 mm should be used in the push-of test method for the evaluation 
of the real bond strength. 

- The bond strength of the high-performance/high-strength concrete to the seven-wire steel 
strand depends on the strand size and the level of the prestressing strand stress. However, in 
the case of the strand with a diameter of 18,2 mm, the bond strength value is constant when 
the slip measured between the HPC and external wires ranges from 1 to 2,54 mm. 

- The experimental investigation demonstrated that the bond strength increases proportional 
to the square root of the compressive strength independently of the concrete compressive 
strength. Suitable calculation coefficients are listed in the last column in Table 13 for 
untensioned steel strand with diameter of 15,7 mm. 

- The adhesion bond of high-performance concrete to the untensioned seven-wire steel strand 
is not constant. It depends on the embedment length and the concrete compressive strength. 
For concrete compressive strength of 40 MPa, the adhesion bond for the 12,9 mm diameter 
and the two other strands are equal to 1,5 and 2 MPa, respectively. 

- No bond splitting cracks were observed when the bond failure resulted from loss of the strand 
ultimate strength. In this case, an appreciable slip between the central wire and the external 
wires is observed. When the other bond failure mechanism has occurred, the splitting cracks 
are visible on the external specimen surface. In this case, the small slip between the central 
wire and the external wires is measured. The maximum crack width is measured on the 
specimen surface and it decays towards the steel-strand axis. 

- The bond strength varies for different steel strand size and depends on the level of 
prestressing steel strand stress. These two important factors should be taken into 
consideration in modification of the standard equation for transmission length. 
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ABSTRACT 

This contribution deals with a numerical study of the interaction between early age concrete 
and Steel/ glass fiber reinforced polymer GFRP rebars. Concrete hydration process was 
simulated by a numerical scheme implemented in ABAQUS software. Three main user 
subroutines of ABAQUS were used in this scheme: (1) HETVAL for the implementation of the 
heat law induced by the reactions of the hydration process; (2) UMAT for the assessment of the 
mechanical early age concrete proprieties which are based on De Schutter formulas and (3) 
UEXPAN feature for the evaluation of the early age concrete strains:  the thermal strain and the 
shrinkage depending on the concrete’s hydration degree. Mazars model was also used to 
describe the concrete damage. The concrete was considered as a damaged–elastic material 
while steel rebars were assumed to elastic and isotropic materials. The GFRP were elastic and 
transversally isotropic. No bond model was introduced to the GFRP/steel reinforcement 
concrete interface. Only damage variable related to concrete was used to evaluate 
rebars/concrete bond strength evolution. Numerical simulations were applied to free and 
restrained mechanical boundary conditions. Thermal condition is considered semi adiabatic. 
The obtained results proved that, according to the free deformation study, the GFRP rebars 
restrain less the concrete than steel. This was not the case of the restrained deformations where 
GFRP reinforced concrete developed less stress (compression and tension) than steel reinforced 
concrete elements. As results, we observed that GFRP rebars postpone the appearance of the 
early age concrete’s cracks compared to the steel reinforcement.  

1  INTRODUCTION 

The early age concrete is subjected to different and complex thermo-chemical process which 
depend on the cement hydration. Hence, long term performance of structures depends mainly 
on these thermo-chemical evolutions [1]. The cement’s hydration is governed by the hydration 
degree ξ evolution. In fact, this degree is considered as an important factor which describes the 
concrete’s behaviour during its hardening. The cement hydration reactions are the source of the 
excess of heat. The temperature increase leads to the appearance of certain variations notably 
the concrete’s mechanical proprieties and the temperature. It may reach up to 60 °C [2,3]. The 
temperature variation leads to the thermal shrinkage [4]. Moreover, the autogenous strain is 
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 manifested during the hydration process. It was proven that the concrete mechanical properties 
are expressed as functions of the hydration degree according to De Schutter [5]. Cha .S.L[6]     
developed an experimental study as a way to predict the early age concrete properties from 
thermal stress .His study validated in accordance with certain analytical expressions for early 
age concrete. Cracks occur whenever the tensile stress of the concrete reaches the concrete 
tensile strength. Indeed, the massive structures are subjected to early age concrete cracks as an 
inevitable phenomenon. Once the concrete is hardened, the tensile stress is affected by different 
factors. The most important of which are the high temperature of the early age concrete and the 
restrained shrinkages (autogenous, thermal strains) [7,8]. The cracks appearance may leads in 
server cases to the steel rebar’s corrosion especially in maritime structures [9,10]. This problem 
may affect the structure durability.   

In order to prevent such problems, an alternative reinforcement should be performed. In fact, 
in recent decades, there is a new trend to replace the classic steel rebars by fiber reinforced 
Polymers (FRP) and in particular the glass fiber rebars (GFRP).  These rebars are characterized 
by their lightweight [11]. Added to this, contrary to the steel rebars, they are performed by their 
non corrosive character. However, several details about this reinforcement technology is to be 
examined, practically the influence of the thermal expansion of these rebars on their bond 
strength with the concrete. In the glass-fibers’ direction, the GFRP rebars have a coefficient of 
thermal expansion (CTE) which is similar to that of concrete. Nevertheless, in the radial 
direction, they have a large CTE that ranges from 2 to 5 times than that of concrete It decreases 
the GFRP/concrete bond strength and can entail the structure collapse [12-17]. Zaidi.A et 
Masmoudi.R [16] highlights the difference between radial CTE GFRP rebar and concrete. It is 
agreed that cracks appear around the GFRP rebars in hardened concrete.  According to the 
literature, the interaction between the GFRP reinforcement and the early-age concrete has not 
been well investigated yet; only few relevant studies have been conducted. As example,] 
Ghatefar et al. [18] established an experimental laboratory dealing with the effect of the GFRP 
reinforcement ratio on the early age concrete cracks. The experimental results proved that crack 
width and GFRP stress in the rebar decreased with the increase of the longitudinal ratio 
reinforcement.  

In this contribution, a thermo-chemical-mechanical numerical model is developed using a finite 
element software (ABAQUS). This model describes the early age concrete behavior. The 
internal heat generated during the hydration reactions was modelled by the HETVAL user 
subroutine with the Arrhenius’s law.  The UEXPAN user subroutine serves to integrate the total 
strain of early age concrete: the thermal and the autogenous shrinkage. In addition, Mazars 
elastic-damageable model was used to deal with concrete damage [19]. The previous model and 
the mechanical properties of the early age concrete were implanted using the UMAT user 
subroutine. The numerical model was firstly validated with the experimental data for both plain 
concrete and steel-reinforced elements of Sule study. Tow boundary conditions issued from the 
experimental study of Sule,M [8,20,21] were applied: the load independent strains case (ADTM 
experiments) and the restrained stress one (TSTM experiments). The thermal conditions are 
considered as isothermal (20°C) and semi-adiabatic. The model is applied for the steel 
reinforced concrete elements with different reinforcement configurations. To evaluate the effect 
of the GFRP reinforcement on the early age concrete, various simulations of the model were 
applied for the GFRP rebars. The GFRP and the steel reinforcement were perfectly integrated 
into the concrete.   
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2 CONTUTIVE EQUATIONS OF THE MODEL 

2.1 Thermo-chemical-mechanical modeling  

The early age concrete has an exothermal character. In fact, the hydration reactions, which 
operate in different periods, are accompanied with a significant heat transfer; It is characterized 
by a fundamental index which is the hydration degree (ξ). This index describes the hardening 
of the concrete. The temperature development is ensured by the heat law which depends on the 
hydration degree. It is expressed in equation 1: 

𝝆𝒄𝒄𝑻 𝒌𝜵. 𝜵𝑻 𝝆𝑸𝝃𝝃           (1) 
Where  𝑻 is the temperature variation, k is the thermal conductivity of concrete, 𝑸𝛏 is the heat 

flux, 𝛏 is the hydration degree and c is the concrete specific heat. The thermo-chemical model 
presented in this article is mainly based on a macroscopic approach developed by Ulm and 
Coussy [7]. Two constitutive laws are established in this model.  
The rate of the hydration degree is expressed in this way:   

𝜉  𝜉 𝜉 𝜉 𝑒𝑥𝑝 𝑒𝑥𝑝         (2) 

With the chemical affinity A (1/h) characterizes the macro-evolution of each hydration degree 
reaction. n0, 𝐧 are material constants , k is the thermal conductivity of the concrete. The concrete 
permeability  is directly linked with the microcirculation of the free water through the 
hydrates.  ξ  designs the final hydration degree.  

2.2   Concrete’s mechanical proprieties 

According to De Schutter [5], the Young's modulus E ξ , the compressive/tensile strength of 
concrete f , ξ  and the fracture energy Gf ξ  depend on the degree of hydration according to 
the following formula : 

𝒇𝒄,𝒕 𝝃 𝒇𝒄,𝒕 𝒎𝒂𝒙
𝝃 𝝃𝟎
𝟏 𝝃𝟎

𝒇          (3)  

  𝑬𝒄 𝝃 𝑬𝒎𝒂𝒙
𝝃 𝝃𝟎
𝟏 𝝃𝟎

𝒆           ( 4) 

 

    𝑮𝒇 𝝃 𝑮𝒇𝒎𝒂𝒙
𝝃 𝝃𝟎
𝟏 𝝃𝟎

𝒈         (5) 

Poisson's ratio is written as a function of the degree of hydration in Equation 6:

)10exp(5.0)
2

sin(18.0)(      ( 6)  

 With  𝐟𝐜,𝐭 𝐦𝐚𝐱 , 𝐄𝐦𝐚𝐱, 𝑮𝒇𝐦𝐚𝐱 are respectively the maximum values of the compression/traction 
strength, the maximum modulus of elasticity and the maximum fracture of energy. The 
coefficients e,f and g are material constants which are empirically determined according to the 
experiments. 𝛏𝟎 is the mechanical percolation threshold (𝛏𝟎  = 0.1). 

2.3 Thermal and autogenous strains 

The cementitious materials undergo certain volume changes during its hydration process. These 
changes are mainly caused by the autogenous strain and the thermal one. Thus, the total strain 
of the early age concrete is expressed in equation 7: 
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 𝜀 𝜀 𝜀                                 (7)  

 𝜀 𝛼∆𝑇𝐼                                    ( 8) 

   𝛼 is the coefficient of the thermal expansion of the concrete. It depends on the hydration 
degree  ξ .  

 𝛼 1.36𝜉 6.4 10                     (9) 

𝐼 is the identity tensor. Based on experimental observations, the following function is proposed. 
It governs the autogenous shrinkage rate 

 𝜀 𝑎𝜉 𝑏𝑇 𝐼                        (10)  

2.4   Concrete’s damage model 

The early age concrete cracking is modelled by using the Mazars damage model [19]. It is an 
isotropic one. It is based on a criterion of damage written in deformation. It describes the 
dissymmetry traction and compression. The stress-strain relation is expressed as follows: 

𝝈 𝟏 𝒅 𝑪𝜺𝒆𝒍               (11)  

The elastic strain tensor is computed as such: 

 𝜀   𝜀 𝜀 𝜀        (12) 

The damage variable used here is the enhanced version of Fichant [22]. It controls the fracture 
energy [6].  

  𝑑 1 𝑒𝑥𝑝 (𝜀 𝜀̃  ,         ( 13) 

 𝜀̃ 〈𝜀 〉 〈𝜀 〉 〈𝜀 〉  ,         ( 14) 

 𝜀               ( 15) 

With  𝜀  is the damage threshold. 𝜀̃ is defined as the equivalent strain, 〈𝜀 〉 , 〈𝜀 〉 and  〈𝜀 〉 
are the positive parts of the elastic strain eigenvalues.  

3 NUMERICAL IMPLEMENTATION  

The thermomechanical model under description is numerically integrated using the finite 
element software ABAQUS. Three user subroutines are developed. They are HETVAL, 
UEXPAN and UMAT. The mechanical concrete properties are computed by using the explicit 
hydration degreeξ . For the other variables, they are introduced implicitly over a time interval 
by using backward Euler rule. Firstly, the hydration degree ξ associated with the local 
temperature T  that is estimated.  In the HETVAL subroutine, the internal hydration heat flux 
is modelled. Then, the thermal and shrinkage strains are integrated in the UEXPAN user 
subroutine. Hence, the total strain is computed. Once Eigen strain increment is obtained, both 
the mechanical strain increment and the current mechanical strain are deduced and used as 
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inputs in the UMAT user-material. As a result, the early age concrete mechanical properties are 
computed by using explicit degree of hydration ξ .  

𝜉 𝜉 𝜉 𝜉 𝜉 𝑒𝑥𝑝 𝑒𝑥𝑝
 

0    ( 16) 

4 NUMERICAL SIMULATIONS AND RESULTS 

4.1   Model description 

The ADTM and the TSTM tests are modelled in this paper. The ADTM results which denote 
The Autogenous Deformation Testing Machine, are adopted concerned to predict the free 
strains estimations. The TSTM, temperature stress testing machine ,experiments are helpful for 
studying the effect of the restrained stresses for the plain and reinforced one. The ADTM beam 
is illustrated in Figure 1. 

 
Figure 1: Autogenous Deformation Testing Machine (ADTM) specimens 

 
For the beam mechanical boundary conditions are applied as following. ux=0 imposed at nodes 
within face (x=0), uy=0 within face (y=0) and uz=0 within face (z=0).Figure 2 illustrates the 
TSTM specimens dimensions. Noting that the reinforced specimens have the same dimensions 
of the plain concrete TSTM model. The mechanical boundary conditions are applied as 
following: for the face (x=0) , Ux=0 and Ux=0 within the face (x=1500 mm) . 

 
Figure 2: Temperature Stress Testing Machine (TSTM) specimen plain concrete 
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4.2   Mesh and boundary conditions 

The C3D8T coupled temperature-displacement elements are used for both concrete and 
reinforcements materials.  
 

4.3   Reinforcement ratios 

For the ADTM experiments, we take into account one reinforcement configuration (3,2%)  that 
is applied in the ADTM and the TSTM models. this percentage is performed with two different 
configurations of rebar as following: 4Φ12 and 1Φ25. The  thermal condition which is applied 
is the semi-adiabatic one. for the ADTM and TSTM experiments. 

4.4   Materials proprieties 

Both the HSC and steel the properties are taken from the experimental studies carried out by 
Sule.M [8,20,21] . For the GFRP reinforcement, its properties are taken from the technical 
report of Shoek Combar [23] and the missing ones are approximated by using Halpin relations 
[24].The hydration model parameters are identified according Sdiri.A et al [25]. The rebars 
properties are shown in table 1. The steel rebars are assumed to be elastic and isotropic material. 
For The GFRP ones, they are considered to be elastic and transversally isotropic. The 
thermomechanical properties of the HSC are shown in table 2. 

Table 1: Rebar (Steel and GFRP) proprieties 

 ER AE  G 
R  A  R  A  k C  

Units GPa GPa GPa - - 1/ °K 1/°K    𝑘𝑔/𝑚  

Steel  210 210 81 0,3 0,3 1.10-5 1.0.10-5 50 450 7800 

GFRP 15.8 60 GA=9 0,3 0,22 2.2.10-5 0,6.10-5 0,5 1310 2200 

 (.)R : radial proprieties and (.)A /axial proprieties.  

Table 2: Thermomechanical concrete proprieties 

 ρ  𝐸  𝐺𝑓  𝑓   e  f=g kb c α a b 

Units  kg/m3 MPa N/m MPa - - w/m/°K J/kg/°K 
 

 1/°C - - 

Values 2400 40600 210 6,65 0.4 0,921 1,3 970 1.10-5 3,3.10-4 3,75.10-6 

w/m/°K J/kg/°K 
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5 RESULTS AND DISCUSSIONS  

5.1   ADTM results 

A model validation with experimental results is firstly obtained.  Figure 3 illustrates the 
longitudinal strain evolution as function of time in semi-adiabatic condition and isothermal one 
(numerical and experimental results) for plain concrete.  For all the ADTM results, the 
longitudinal strains are obtained from the middle sections of the beams. The thermal condition 
is considered semi-adiabatic one. Firstly, it is acknowledged that the longitudinal strain 
evolution is subdivided into two phases: during the first 35 hours after the concrete cast, the 
dilation of the specimen is firstly observed. The thermal strain dominates this phase. A second 
phase emerges beyond 40 hours of the concrete’s age where a shortening of the specimen is 
observed. It is caused by the autogenous shrinkage. Comparing the experimental and the 
numerical results of Sule.M [21] , we can observe a good agreement between both results.  
 

 

Figure 3: Validation of the concrete model against experimental data [21]: Strain-Time 
evolution of plain concrete 

 
For the comparison between the GFRP and the steel reinforcement, figure 4, it is observed that 
the longitudinal strain for reinforced concrete (GFRP or Steel) is more important than the strain 
observed in plain concrete (for the cas of 4Φ GFRP and steel). In fact, this can be explained by 
the bar’s presence in the concrete specimen. Thus, the bars restrain more the early age concrete 
deformations. Furthermore, the longitudinal strains obtained in concrete with GFRP models are 
more important than those of the steel reinforced concrete at the final hours in the simulations 
as. Besides, the longitudinal strains obtained in concrete with GFRP reinforcement are lower 
than the steel reinforced concrete one at the end of the simulations. This can be explained by 
the fact that the GFRP rebars are less stiff in the longitudinal direction than that the steel ones. 
As result, we can deduce the steel rebars restrain more the concrete than the GFRP rebars.  
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Figure 4: Numerical Strain-Time evolution of reinforced concrete specimens 4 Ø 12 Steel 
/4 Ø 12  GFRP 

 
It is shown in Table 3 that the restraint degree for 4 Φ 12 GFRP reinforced concrete is lower 
than the one of 4 Φ12 Steel reinforced one (t=140h). The degree of restraint 𝑅  can be 
demonstrated in reinforced specimen as follows:  

𝑅    

 
 100                    (17 ) 

ε   is the concrete strain in a reinforced element, ε   is the concrete strain in a plain 
element.  

Table 3: degree of restraint for 4Φ12 GFRP and Steel reinforced specimens 

 4 Φ 12 Steel 4 Φ 12 GFRP 

𝑅 %  (t=140h) 13,33 6,67 

 

For the ADTM experiments, concrete is just restrained by reinforcement (GFRP or Steel). The 
damage is located around rebars. Figure 5 illustrates the damage evolution in the cross section 
at 20 h cut for reinforcement configuration 1Φ 25 (for GFRP and steel reinforcement). It is 
found that the damaged zone around the GFRP rebar is larger than the one located around the 
steel rebar. This is attributed to the higher coefficient of the thermal expansion (CTE) of the 
GFRP rebar Zaidi.A and Masmoudi.R [16,17] .   

 
 

(a)                                                   (b) 

Figure 5: Radial crack contours at 20h in cross section for one reinforcement configuration 
(3.2 %): 1 Ø 25 GFRP rebar (a) 1 Ø 25 Steel rebar (b) 
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5.2   Restrained Stress Results (TSTM) 

The numerical model is applied to simulate the GFRP reinforced TSTM beam. A numerical 
comparison between the GFRP and the steel reinforcement is carried out. The restrained stress 
curves for reinforcement ratio 3.2% (GFRP and steel reinforcement) are showen in figure 6 .  

 

Figure 6: Numerical results of   longitudinal stresses 4 Ø 12 GFRP /Steel and plain 
concrete 

 
By focusing on the plain and the reinforced concrete, it can be noticed that the numerical results 
predict well the experimental stress evolution and the cracking initiation. In fact, the time of the 
crack appearance is deduced from the intersection between the variation of the concrete’s 
tensile strength as function of the time ft (t) and the stress evolutions. ( σ_long (t)). Furthermore, 
during the interval of time [0, 22 hours]; the concrete undergoes a compression behavior caused 
essentially by the thermal strain. For [22h, 33h], the specimen becomes in traction until the first 
crack that takes place for the plain concrete at 33 hours of its age. The table 4 summarizes the 
cracks times appearances in a TSTM plain concrete, reinforced concrete with GFRP and steel 
rebars.  

Table 4 : Time of cracks appearances for plain concrete and GFRP / Steel reinforced 
specimens 

Reinforcement 
configuration   

Plain concrete  4 Φ12 GFRP 4 Φ12 STEEL 

t cr (hour) 33 40 36 

 

It can be deduced that the presence of the rebars, GFRP or steel, postpones cracking time. 
Besides, the cracks appearance in a GFRP reinforced concrete model is predicted up to 40 hours 
which is higher than the time related to the steel reinforced element.  ( t  32 h  <  
t  35 h . As result, it can be noted that the GFRP rebars postpone the crakcs 
apperance compared wwith steel reinforced element and plain concrete.  

Referring to Figure 8, it is also proven that the GFRP compressive stress is lower than the steel 
one. This can be explained by the fact that the longitudinal Young’s modulus of the GFRP rebar 
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is lower than the steel one.  This effect can be justified by the thermal force in the rebar 𝑁  
, equation 18, which is generated in the reinforced specimen on the total cross section. 𝑁  is the 
normal force in the concrete. The total force is expressed by equation 19.  

  𝑵𝒓𝒆𝒃𝒂𝒓 𝜶𝑨∆𝑻𝑬𝑨 𝑨𝒓𝒆                  (18) 
𝑵𝑻 𝑵𝒄 𝑵𝒓𝒆𝒃𝒂𝒓                          (19)  
The total stress is expressed in equation 20.  

𝝈𝑻
𝑵𝑻

𝑨𝒕𝒐𝒕𝒂𝒍
                                       (20)  

with 𝑨𝒓𝒆 is the rebar section, 𝑨𝒕𝒐𝒕𝒂𝒍 is the total normal reinforced concrete section.  
Comparing the axial steel elastic modulus and axial thermal coeffficent (𝐸 ,𝛼    and 
the GFRP ones ((𝐸 ,𝛼   we find that: 

𝐸  𝐸   𝑎𝑛𝑑 𝛼  𝛼  Thus  𝑁  𝑁    

As conclusion, the thermal stress in th steel reinforcement beam is more important than its of 
GFRP reinforced element. Hence,  

 𝑁  𝑁   thus  𝜎  𝜎   

6  CONCLUSION 

In this contribution, a numerical study has been carried out in order to simulate the hydration 
process of the high strength concrete (HSC) reinforced with the GFRP rebars and the steel ones. 
The numerical model is described with a chemo-thermo-mechanical scheme, which is 
implemented in the ABAQUS finite element software. The model is implemented using three 
user subroutines. The first one is the HETVAL that deals with the heat character of the 
concrete’s hydration process and in which the hydration degree is determined. Autogenous 
shrinkage strain is assumed to evolve nonlinearly as function of the hydration degree. However, 
the thermal strain is considered to evolve only as a function of temperature. The total strain 
(autogenous and thermal) are numerically coded in the UEXPAN user subroutine. In order to 
account for cracks development in the HSC and even at the reinforcement/concrete interface, 
the currently used Mazars’s elastic-damageable model is adopted. In this model, Young's 
modulus, Poisson's coefficient and damage parameters are calculated depending on the 
hydration degree. The damage model and the early age concrete’s properties are numerically 
implemented by using the UMAT user subroutine. Both the load independent deformation (the 
ADTM experiments) and the restrained stress (the TSTM experiments) have been applied by 
using the experimental data of Sule,M [21]. The model validation is noted. The numerical 
simulations are firstly applied to the steel reinforcement rebars.The early age concrete cracking 
may threat the steel reinforced structures (problem of corrosion). The GFRP rebar is an 
alternative solution for reinforcement. They may be subjected to a thermal problem caused by 
their higher CET in the radial direction. These problems are entirely taken into account in the 
present research. Various numerical simulations are carried-out for both steel and GFRP 
reinforcements. A comparison between the steel and the GFRP rebars is established from the 
previous numerical simulations. It is concluded that the developed model of the early age 
concrete gives a good prediction of the experimental data elaborated by Sule (load independent 
strains). It is also concluded that the presence of the rebars (GFRP or Steel) in the early age 
concrete minimises the concrete’s strains. The numerical concrete’s strains in the GFRP 
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reinforced specimen are higher than the strains in the steel reinforced one. Thus, the steel rebars 
restrain more early age concrete than the GFRP ones. Furthermore, it is noticed, according to 
the numerical simulations, that the damaged zone around the GFRP rebars is larger than the 
damage around the steel rebars for all the configurations. This is attributed to the higher 
coefficient of the thermal expansion (CTE) of the GFRP rebar compared to the steel ones. It is 
explained by an analytical radial pressure in the GFRP reinforcement around the concrete. For 
the restrained stress simulations, it is noted that the GFRP rebar postpones the cracks 
appearance in comparison to the steel reinforced specimens. The compressive stress in the 
concrete for the GFRP RC specimen is lower than the Steel reinforced one. It is explained by 
the lower axial Young’s modulus and thermal coefficent of the GFRP rebar. As perspective, 
the ADTM and the TSTM experiment tests would be elaborated in order to validated the 
deduced numerical results.   
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ABSTRACT 

In the latest draft of the second generation of EC2 (prEC2), new design rules for anchorages 
and laps of straight bars are proposed. These new rules are based on ModelCode 2010 and the 
supporting background document. For the official enquiry phase, which ended in December 
2021, the new design rules were reviewed and the results of these studies are presented in this 
paper. First of all, case studies were calculated in order to prove the basic applicability of the 
new rules. In addition, parameter studies were carried out aiming to generalise the design results 
for anchorage and lap lengths. Finally, the design rules were compared with the results of a test 
database. During these three key aspects of the investigation, the comparison to the current 
regulations with the basic document of EC2 was also always used. Through the targeted 
adaptation of the design rules, anchorage and spanning lengths are achieved that correspond to 
those from EC2. 

1 INTRODUCTION 

Currently, the second generation of Eurocode 2 is being formulated at European level. In 
November 2020, the seventh draft prEN 1992-1-1:2020-11 (prEC2) [1] has been released and 
temporarily published in fall 2021, the content of which was intended for the official enquiry 
phase. In this study the design rules for anchorages and laps with straight bar ends proposed in 
the seventh draft are compared with the existing rules according to DIN EN 1992-1-1 (EC2) 
[2] and evaluated by comparison with test data.

In the new draft of Eurocode 2, the design rules for lap joints and anchorages were essentially 
revised. Among other things, new equations for the calculation of anchorage and overlap 
lengths were introduced, which now provide equal treatment of anchorages and laps. In 
addition, laps without staggering and laps in the area of plastic hinge locations are to be 
designed for a 20% higher design steel stress. First comparative calculations of the current 
regulations (EC2) with the new design regulations according to prEC2 indicate that the newly 
proposed design concept leads to deviating results. 

In this paper, the design rules for anchorages and laps according to the draft of the second 
generation of Eurocode 2 are reviewed and adjusted based on own database evaluations. The 
investigations can be divided into two parts: The first part comprises the application of the 
design approaches in selected case studies and parameter studies to generalise the statements. 
In the second part, the design approaches according to the current Eurocode 2 and the draft of 
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the new Eurocode 2 were compared with test data from an extensive and critically examined 
database with tests on anchorages and laps. 

1.1 Eurocode 2 (EN 1992-1-1) 

The current design approach for anchorage and lap lengths according to the basic document 
Eurocode 2 [2] is based on Model Code 1990 [3] and Model Code 1978 [4]. The general 
procedure for the design of anchorages or laps comprises three steps: 

 Determination of the ultimate bond stress fbd 
 Determination of the basic anchorage length lb,rqd 
 Determination of the design anchorage or lap length lbd resp. l0 

Both the design of anchorage and lap lengths are based on the ultimate bond stress fbd for ribbed 
reinforcing bars (Eq. (1)): 

𝑓 =2,25ꞏ𝜂 ⋅𝜂 ⋅𝑓   (1) 
where:  

𝜂  Influence of bond conditions   
𝜂  Influence of bar diameter  

First, the basic anchorage length is determined, which corresponds to the force equilibrium of 
the bond force over the entire embedded bar surface and the steel force of the bar: 

𝑙 ,
∅ ⋅   (2) 

The design value lbd is determined from the basic anchorage length by multiplication with 
α-values that account for influences from various structural boundary conditions (e.g. type of 
anchorage, transverse reinforcement or transverse pressure): 

𝑙  𝛼 ⋅ 𝛼 ⋅ 𝛼 ⋅ 𝛼 ⋅ 𝛼 ⋅ 𝑙 ,  𝑙 ,   (3) 
where:  

𝛼  Influence of type of anchorage 
𝛼  Influence of concrete cover 
𝛼  Influence of confinement by transverse reinforcement 
𝛼  Influence of confinement by welded transverse reinforcement 
𝛼  Influence of confinement by transverse pressure 

According to EC2, laps between reinforcing bars must be designed in such a way that force 
transmission between the bars is ensured and that neither spalling of concrete nor large cracks 
occur. The basis for determining the design lap length is also the basic anchorage length 
according to equation (2), which is multiplied by the coefficients α1, α2, α3, α5 and α6. The lap 
factor α6 is used to account for the percentage of lapped bars.  

𝑙  𝛼 ⋅ 𝛼 ⋅ 𝛼 ⋅ 𝛼 ⋅ 𝛼 ⋅ 𝑙 ,  𝑙 ,   (4) 
where:  

𝛼 𝛼  see Eq. (3)  

𝛼  Influence of percentage of lapped bars  
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1.2 Draft of the second generation Eurocode 2 (prEN 1992-1-1) 

For the second generation of Eurocode 2 prEN 1992-1-1:2020-11 (prEC2) [1], the entire design 
concept for anchorages and laps was revised. The current proposal according to the seventh 
draft is briefly presented below. The new design approach is based on Model Code 2010 [5] 
and the semi-empirical approach from [6]. Based on this model, the mean steel stress σsm of 
anchored or lapped bars that can be transferred is: 

𝜎 54 ⋅
,

⋅
Ø

,
⋅

Ø

,
⋅

Ø

,
⋅

,
𝑘 𝑘   (5) 

Here, fcm is the mean concrete compressive strength, Ø the bar diameter of the anchored or 
lapped bars, lbm the mean anchorage or lap length, and cmin and cmax the minimum and maximum 
concrete cover. In addition, kmktr can also be used to consider favourable influences due to 
confinement. By rearranging the equation, the mean anchorage resp. lap length can be 
determined directly: 

𝑙 Ø ∙
,

⋅
,

⋅
Ø

,
⋅

Ø

,
⋅

,
𝑘 𝑘

,

  (6) 

For a simplified application of the following design equation, the exponents used in prEC2 are 
rounded (Ep. (7)). Based on Eq. (6), a design approach for the determination of the anchorage 
length is presented in prEC2, initially neglecting the influences of confinement and concrete 
cover.  

𝑙 𝑘 ⋅ 𝑘 ⋅ Ø ⋅ ⋅
⁄
⋅

∅ ⁄
⋅

, ∅ ⁄
10 ⋅ ∅  (7) 

As results of the discussions at European level in CEN/TC250/SC2/WG1, the calibration 
coefficient klb and the exponent nσ were defined as Nationally Determined Parameters (NDP). 
The basic values proposed are klb = 50 and nσ = 1,5. The coefficient kcp was introduced to 
account for bond conditions. For good bond conditions, kcp = 1,0 may be assumed. Poor bond 
conditions in normal concrete are considered by an increase of 20% (kcp = 1,2). To 
accommodate an increased steel stress at the beginning of the anchorage length resp. lap length, 
the exponent nσ was also implemented. 

The maximum value of the nominal value of the concrete cover and the bar spacing according 
to Eq. (8) takes into account the influence of concrete cover on the bond strength and the 
potential failure mode. Thus, an additional requirement for concrete cover and bar spacing, 
respectively (1.5Ø/cd ≥ 0.4), was chosen to avoid pure pull-out failure of the bars. 

𝑐 min ; 𝑐 ; 𝑐    (8) 

The value cd,conf was introduced to account for beneficial influences of confinement effects. 
Effective confinement can be achieved by stirrup or transverse reinforcement on the one hand 
and by transverse pressure on the other. In this way, the design anchorage length can be reduced, 
analogously to the α coefficients in EC2. With the last revision of the prEC2 draft, an adjusted 
formula for cd,conf was presented which contains notable changes in comparison to the enquiry 
draft of prEC2. 
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𝑐 , min 𝑐 ; 𝑐 25 ∙
Ø

; ; 3,75Ø ∆𝑐 6,0 ⋅ Ø  (9) 

where:  

∆𝑐 70 ∙ 𝜌
∙

∙ Ø   

Ø  Diameter of transverse reinforcement 
𝑠  Spacing of transverse reinforcement 

𝜌  Ratio of confinement reinforcement referred to bar diameter 
𝜎  Compression stress perpendicular to the potential splitting plane  

  

The first expression in the parenthesis (70⋅ρconf) of Δcd is used to account for the influence of a 
confinement reinforcement, while the second part (12⋅σccd/(fck)0.5) is used to assess the influence 
of an acting transverse compression perpendicular to the potential splitting failure within the 
anchorage area. 

The design lap length is given in prEC2 as a function of the design anchorage length. For 
straight bars, bends and hooks, the lap length equals the anchorage length multiplied by the 
NDP kls = 1,2 (lsd = klsꞏlbd). 

2 DESIGN EXAMPLES AND PARAMETRIC STUDIES  

2.1 Design Examples 

In order to examine the practical effects of the new design approaches for anchorages and laps, 
two design example are presented below [7]. Comparisons of the results according to EC2 and 
prEC2 are supposed to demonstrate possible differences.  

The first design example, following Example 5 in [8], describes the design of the end anchorage 
of straight bars of a single-span precast girder. All information of the geometric boundary 
conditions and material parameters relevant for the design are provided in Table 1. The design 
results are shown in Fig. 1.     

Table 1: Design example 1 – End anchorage [7] 

∅  25 [mm] 

 
  

∅  8 [mm] 

𝑓  435 [MPa] 

𝑓  35 [MPa] 

𝑓  3,37 [MPa] 

𝑐  25 [mm] 

𝑎  90 [mm] 

𝑉  121 [kN] 

𝐴  150 [cm2] 

𝐴 ,  3,45 [cm2] 

𝐴 ,  9,82 [cm2] 

 

55

20

10

g+q

l =9,45n

Cross section: Support detail:

2Ø25

g+q

lbd

511

9

other reinforcement not shown
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In the example of the end anchorage, the minimum anchorage length (10⋅Ø) is governing 
according to EC2 (lb,min = 250 mm). The minimum anchorage length according to prEC2 is also 
given as a multiple of the bar diameter (10⋅Ø), while the design anchorage length according to 
prEC2 lies below the minimum value (lbd,prEC2 = 119 mm). The design value of the anchorage 
length according to prEC2 is 65% shorter than compared to EC2 (lbd,EC2 = 189 mm). Due to an 
existing transverse pressure, the required anchorage length in accordance with prEC2 (cf. Eq. 
(9)) can be reduced by up to 60%. This reduction is the result of considering the required 
minimum and the maximum permitted values of cd,conf (1⋅Ø ≤ cd,conf ≤ 6⋅Ø). In combination with 
the exponent nσ = 1,5, a significantly shorter design anchorage length (ignoring lb,min) is 
obtained according to prEC2. 

The design of a lap joint with a percentage of lapped bars of 40% is presented in the second case 
study. All relevant information for the design regarding geometrical conditions and material 
parameters are listed in Table 2. This design example of a prestressed girder corresponds to 
Example 8 from [8]. In this case, the prestressing has no influence on the design of the lap length 
of the non-prestressed reinforcement and was only incorporated for the purpose of completeness. 

Table 2: Design example 2 – Lap (40%) [7] 

∅𝑙 20 [mm] 

 

∅𝑠𝑤 8 [mm] 

𝑓𝑦𝑑 435 [MPa] 

𝑓𝑐𝑘 35 [MPa] 

𝑓𝑏𝑑 3,37 [MPa] 

𝑐𝑛𝑜𝑚 30 [mm] 

𝑎𝑥 12 [mm] 

𝐴𝑠,𝑟𝑞𝑑 14,2 [cm2] 

𝐴𝑠,𝑝𝑟𝑜𝑣 15,7 [cm2] 

 

Due to the minimum transverse reinforcement within the lap length of five stirrups specified in 
prEC2, this number was used also for EC2. In addition, since the stirrup spacing within the lap 
length is also considered in prEC2, the spacing must be adjusted iteratively with the results of 
the lap length. Therefore, for this given example, a stirrup spacing of s = 130 mm is obtained, 
whereas in the design according to EC2, corresponding to Eq. (4), the percentage of lapped bars 
is assessed using the lap factor α6. The percentage of lapped bars in prEC2 is only included 
indirectly in the calculation of ρconf. The lap of the flexural tensile reinforcement is located 
outside the area with maximum internal forces. Therefore, according to prEC2 an increase of 
the design steel stress to σsd = 1.2∙fyd may be omitted. The design results for EC2 and prEC2 for 
design example 2 are marked in Fig. 2. 

The minimum values for the lap length are identically according to EC2 and prEC2 and result 
as a multiple of the diameter of the lapped bars (15∙Ø). For this design example, the approach 
according to prEC2 (lsd,prEC2 = 382 mm) yields a lap length that is approx. 53% shorter than 
compared to EC2 (l0,EC2 = 692 mm). 

lsd

Ap

1,
52

15
3

45

g+q

20

Detail A

Cross section: Detail A:
2

1
2

StØ8

5Ø20
(40% )lapped

Structural geometry:

25m

16m
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The step-by-step solution of the design examples based on the two approaches in prEC2 and 
EC2 can be found in the appendix. 

2.2 Parametric Studies 

Since the evaluated design approaches differ from each other with respect to the influence of 
the input parameters (fck, Ø, σsd and cd), the individual input values of the evaluated design 
approaches and the related relative weighting are compared in Tab. 3. In the following, the 
influences of the concrete compressive strength and the acting steel stress on the design results 
are presented exemplary.   

Table 3: Overview of input parameters in EC2 and prEC2 

Input Parameters EC2 prEC2 

fck 1/fck
2/3 1/fck

1/2 

Ø Ø Ø11/6 *) 

σsd σsd σsd
1,5 

cd cd 1/cd
1/2 

Transverse Reinforcement 0,7 ≤ α3 ≤ 1,0 1/cd,conf
1/2 

Transverse Pressure 0,7 ≤ α5 ≤ 1,0 1/cd,conf
1/2 

Lap Factor α6 = 1,0- 1,5 indirectly through ρconf 
*) by adding the exponents from Eq. (7) 

The variation of the characteristic concrete compressive strength for design example 1 (end 
anchorage) is shown in Fig. 1 (left). For representing the entire range of concrete strengths, the 
class is varied between C20/25 and C100/115. As shown in Tab. 3, the concrete compressive 
strength enters in both approaches in the nominator of a fraction with an exponent of 2/3 (EC2) 
or 1/2 (prEC2). For the parameter study, all other boundary conditions, such as the bond 
conditions, the bar diameter and the steel stresses are kept constant. At the end support, for the 
example, the approach according to prEC2 provides anchorage lengths which correspond to the 
minimum anchorage length for all concrete compressive strengths. 

Figure 1: Influence of concrete compressive strength (left) and steel stress (right) on the 
design anchorage length 
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The influence of the acting steel stress on the anchorage length is shown in Fig. 1 (right) for the 
two design approaches. The steel stresses were varied between σsd = 50 MPa and 
σsd = 500 MPa. Due to the exponent nσ to account for an increased design steel stress (Eq. (7)), 
there is a nonlinear increase in the anchorage length according to prEC2 from σsd = 250 MPa. 
However, for common stress levels for anchorages up to approx. fyd = 400 MPa, the anchorage 
lengths determined by prEC2 are below the values according to EC2 (Fig. 1, right). Only at 
higher steel stresses (fyd ≥ 400 MPa) are longer anchorage lengths necessary with the approach 
according to prEC2 compared to EC2. 

The influence of the concrete compressive strength on the design lap length in accordance with 
prEC2 and EC2 is shown in Fig. 2 (left). The constant slope of the plot according to EC2 above 
the strength class C60/75 results from the limitation of the concrete tensile strength in EC2 due 
to the increased brittleness of higher-strength concretes. This effect is also considered in prEC2 
with the limitation (25/fck) ≥ 0,3. Fig. 2 (left) shows that the prEC2 design approach provides 
shorter lap lengths than EC2 for all considered concrete strength classes. 

Figure 2: Influence of concrete compressive strength (left) and steel stress (right) on the 
design lap length 

Fig. 2 (right) shows the effect of the acting design steel stress on the lap length. For a percentage 
of lapped bars of 40% (design example 2), the lap lengths according to prEC2 are shorter than 
the results of EC2, with exceptions in the range of the minimum lengths (Fig. 2, right).  

The comparison of the anchorage and lap length according to prEC2 with EC2 indicates two 
different trends. The new design proposal for anchorage lengths delivers larger anchorage 
lengths, e.g. for increasing steel stresses (Fig. 1). In contrast, the lap lengths calculated using 
prEC2 are shorter than those calculated using EC2 (Fig. 2). Since the parameter studies tend to 
indicate larger lengths for anchorages and shorter lengths for laps for prEC2 design than those 
given by EC2, a distinction in the klb value for anchorages and laps appears to be appropriate. 
With modified klb values, the differences between the design approaches can be reconciled and 
a reliable and economical design for both anchorages and laps can be achieved. 
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3 DATABASE EVALUATION 

3.1 General 

For an extended assessment of the results of the parameter studies, both design approaches are 
compared with test results from an extensive database of tests on anchorages and laps. In this 
way, it can be proven that the design approaches are able to reproduce the experimental results 
for a broad range of different boundary conditions. In addition, the databases can be used to 
adjust the calibration factor klb.  

The basis for the database was established by ACI Committee 408 [9] and Fib Task Group 2.5 
[6,10], which have already been described and reviewed in different publications [6,11–14]. 
The database presented in this contribution has been extensively enhanced by Schoening at the 
Institute of Structural Concrete (IMB) of RWTH Aachen University [14]. Table 4 provides an 
overview of the databases for anchorages and laps with the corresponding test numbers. In these 
tests, a variation of all major influencing parameters will be conducted. These include, among 
others, the concrete compressive strength, the bar diameter, the yield strength and steel stress 
of the bars, the anchorage and lap lengths as well as the confinement condition.  

By filtering the database in a carefully controlled way, it can be ensured that the application 
limits for structural concrete members are adhered to, as described in EC2 and prEC2. 
Appropriate criterions for filtering the experimental data are described in [6,14]:  

- Concrete strength: 12 MPa ≤ fck ≤ 100 MPa (Scope of EC2 und prEC2) 
- Lap Length: lsd ≥ 15∙Ø (Minimum value in prEC2) 
- Concrete Cover: cmin ≥ 1,0∙Ø (Minimum value in EC2 and prEC2) 
- Steel stress in tests: σs,exp ≤ 1,2∙fym (Upper limit up to which a pure bond failure is 

observable) 
- Number of bars: nb > 1 (in practical use, more than one bar is usually anchored / lapped) 

Table 4: Overview of the evolution of databases for anchorage and lap tests 

 ACI [9] FIB [10] FIB [6] 
IMB database 

[14] 
Filtered IMB 

database 

Anchorage tests 25 25 39 449 212 

Tests with transverse pressure 14 14 18 302 165 

Tests without transverse pressure 11 11 21 147 47 

Lap tests 453 782 543 781 458 

Tests with transverse reinforcement 272 378 288 388 232 

Tests without transverse reinforcement 181 404 255 393 226 

Total 478 807 582 1230 665 

For database evaluation, the design formulae according to EC2 (Eq. (11)) and prEC2 (Eq. (12)) 
have to be rearranged by the steel stress allowing a comparison with the experimental values. 

 𝜎
∅
⋅

⋅

∅
⋅

⋅ , ⋅ ⋅
 (11) 

𝜎 435 ⋅
⋅ ⋅∅

⋅
⁄
⋅

∅

⁄
⋅

, ⋅∅

⁄ ⁄

  (12) 
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To compare both design approaches, statistical parameters such as mean value and standard 
deviation or coefficient of variation and 5% quantile of the quotients of experimentally 
determined steel stress σs,exp and calculated steel stress σs,EC2 resp. σs,prEC2  are calculated. 

3.2 Database Evaluation for Anchorages 

When considering the test results for anchorages, a distinction is made between anchorages 
with and without transverse pressure. For direct support conditions, the anchorage section is 
beneficially affected by the transverse pressure, whereas for indirect support conditions or 
staggered reinforcement, this favourable influence is omitted. The transverse pressure is 
considered in the current EC2 via the coefficient α5. In the draft of prEC2, the transverse 
pressure is taken into account via the coefficient cd,conf (Eq. (9)).  

For the new design approach as described in prEC2, the database evaluation was conducted for 
varying klb values. Regarding the original proposal klb = 50 (Fig. 3, left), the safety level 
significantly exceeds the values of the current EC2 (cf. Tab. 5). By systematically varying the 
klb values, a mean value correction can be conducted via the minimisation of the deviation 
squares and an approximation to the bisector can be achieved. Reducing the klb value to 14, the 
mean value μθ,prEC2 = 1,004 (Fig. 3, right) is obtained for all anchorage tests considered.  

Figure 3: Comparison of the steel stresses obtained in the tests with the calculated steel 
stresses according to prEC2 (left) and prEC2 with modified klb = 14 (right) for anchorages 

Table 5 compares the transformed statistical characteristic values for the relative steel stress 
σs,exp / σs,i for the analysed anchorage tests separately for the investigated design approaches.  

Table 5: Summary of the statistical values of the database evaluation (anchorages) 

 
n 

Number of 
tests 

μθ 
Mean value 

σθ 
Standard 
deviation 

Vθ 
Coefficient of 

variation  

X5%,θ 
5% quantile value 

EC2 212 1,338 0,376 0,281 0,818 

prEC2 (klb=50) 212 2,487 0,726 0,292 1,491 

prEC2 (klb=14) 212 1,004 0,311 0,292 0,638 
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3.3 Database Evaluation for Laps 

The comparison of the design approaches with lap test results is performed separately 
depending on the confinement situation, since shorter lap lengths can be achieved with existing 
transverse reinforcement within the lap length. The consideration of the confinement is 
implemented in the current EC2 via the coefficient α3. According to prEC2, the transverse 
reinforcement is included via the coefficient cd,conf (Eq. (9)).  

The steel stresses determined using Eq. (12) based on prEC2 are compared with the test results 
from the database in Fig. 4 (left). By evaluating the database at the mean value level with 
klb = 50, the scatter plot of in total 456 lap tests was located above the bisector. However, the 
scatter plot according to prEC2 is denser than compared to EC2, which can also be seen in the 
characteristic values (Tab. 6). While the 5% quantile value of the tensile strength of the concrete 
fctk;0.05 is used in the calculation of the lap length in EC2, the characteristic concrete compressive 
strength fck is considered in prEC2. The wider scatter of the concrete tensile strength, which is 
taken into account in the conversion of characteristic values into mean values, leads to the fact 
that the new approach according to prEC2 can represent the tests of the database better than 
EC2 when evaluating the test database at the mean value level (Tab. 6).  

Figure 4: Comparison of the steel stresses obtained in the tests with the calculated steel 
stresses according to prEC2 (left) and prEC2 with modified klb = 32 (right) for laps 

The calibration coefficient can be reduced from klb = 50 to klb = 32 analogous to the procedure 
for anchorages. For klb = 32, the mean value is then μθ,prEC2 = 1,072 (Fig. 4, right) for all 
considered lap tests. 

The statistical parameters for the relative steel stress σs,exp / σs,i of the analysed lap tests are 
presented in Tab. 6 for both design approaches. 

Table 6: Summary of the statistical values of the database evaluation (laps) 

 
n 

Number of 
tests 

μθ 
Mean value 

σθ 
Standard 
deviation 

Vθ 
Coefficient of 

variation  

X5%,θ 
5% quantile value 

EC2 458 1,049 0,360 0,343 0,573 

prEC2 (klb=50) 458 1,443 0,317 0,219 0,987 

prEC2 (klb=32) 458 1,072 0,235 0,219 0,733 
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4 CONCLUSION  

This contribution compares the current design rules for anchorages and laps (EN 1992-1-1, 
EC2) with the design formulae according to the draft of the second generation of Eurocode 2 
(prEN 1992-1-1, prEC2) in order to provide a general assessment of the new proposals on the 
basis of design examples, parameter studies and database evaluations. The statistical 
evaluations of the steel stresses in anchorages and laps achieved in the tests as well as the 
comparison with EC2 allow an initial assessment of the safety level of the new design proposal 
according to prEC2. Separately for anchorages and laps, the calculated steel stresses were 
adjusted to the test results of the steel stresses by modifying the klb value. The calibration factors 
for anchorages (klb = 14) and laps (klb = 32) were used in the further course for the statistical 
database evaluation with mean values.  

The substantial results of the investigations and the proposals for the further discussion on the 
draft of Eurocode 2 (prEC2) are summarised below: 

- The case studies on the anchorages demonstrate that, in contrast to the α coefficients in 
EC2, the favourable influences due to a confinement effect caused by stirrup or 
transverse reinforcement as well as by a transverse pressure are taken into consideration 
to a stronger extent according to prEC2. Nevertheless, the anchorage lengths obtained 
in accordance with prEC2 are in some cases longer than those obtained in EC2. 

- According to prEC2, the number of anchored resp. lapped bars is taken into account 
indirectly via the coefficient cd,conf. Compared to the current EC2, shorter lap lengths 
are obtained with prEC2. 

- The results of the parameter studies for the design of anchorage and lap lengths confirm 
the tendencies observed in the case studies for a wider range of varied boundary 
conditions. The anchorage lengths determined according to prEC2 tend to be greater 
than those determined according to EC2 for higher steel stresses. On the other hand, the 
lap lengths determined as per prEC2 for the parameter combinations investigated are 
smaller than those determined as per EC2. 

- While the calculation of the case studies and the parameter studies were carried out with 
design values, the database evaluation was carried out at mean value level. The 
transformation of the design values to mean values leads to an approximation of the 
results of the two approaches. This is also due to the fact that in the approach defined in 
prEC2, the bond situation is recorded via the concrete compressive strength and is not 
included in the calculation using the concrete tensile strength as in EC2. 

In summary, it can be stated that the new approach described in prEC2 is in principle suitable 
to ensure a safe and economic design of anchorage and lap lengths. The design examples also 
proved that the approach enables a practical design procedure for anchorage and lap lengths 
and thus also complies with the guiding principle of "ease-of-use". Nevertheless, further 
calibration of the design equations based on more elaborate reliability analyses and further 
parameter studies for other design situations may be useful. For example, modified design 
values for the calibration coefficient klb can be derived and introduced as NDP. 
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APPENDIX 

Design example 1 – End anchorage 

Table 7: Design example 1 – End anchorage 

∅  25 [mm] 

 

∅  8 [mm] 

𝑓  435 [MPa] 

𝑓  35 [MPa] 

𝑓  3,37 [MPa] 

𝑐  25 [mm] 

𝑎  90 [mm] 

𝑉  121 [kN] 

𝐴  150 [cm2] 

𝐴 ,  3,45 [cm2] 

𝐴 ,  9,82 [cm2] 

 

Eurocode 2 (EN 1992-1-1) 

𝜎 𝑓 ⋅ ,

,
435 ⋅ ,

,
153 N/mm   

(steel stress at the beginning of the anchorage length) 

𝑙 ,
∅ ⋅ ⋅

,
284 mm  

𝛼 1,0 (straight bars)   

𝑐 c 𝑐 Ø 25 8 33 mm  

𝑐 min ; 𝑐 ; 𝑐 min 45; 33; 33 33 mm  

𝛼  1 0,15 Ø

Ø
1 0,15 0,95  

𝛼  1,0 (no transverse reinforcement within the anchorage length)  

𝛼  1,0 (no welded transverse reinforcement within the anchorage length)  

𝑝 ∙ 10 8,1 N/mm   

𝛼  1 0,04 ∙ 𝑝 1 0,04 ∙ 8,1 0,68 0,7  

(Assumption: Transverse pressure is acting along the entire anchorage length) 

𝑙  𝛼 ⋅ 𝛼 ⋅ 𝛼 ⋅ 𝛼 ⋅ 𝛼 ⋅ 𝑙 , 1 ⋅ 0,95 ⋅ 1 ⋅ 1 ⋅ 0,7 ⋅ 284 189 mm  

𝑙 , max
0,3 ⋅ 𝑙 ,

10 ⋅ ∅
100

max
0,3 ⋅ 284 85
10 ⋅ 25 250

100
250 mm  

55

20

10

g+q

l =9,45n

Cross section: Support detail:

2Ø25

g+q

lbd

511

9

other reinforcement not shown
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Draft of the second generation Eurocode 2 (prEN 1992-1-1) 

𝑘 50  

𝑘 1,0 (good bond conditions) 

𝜎 𝑓 ⋅ ,

,
435 ⋅ ,

,
153 N/mm   

(steel stress at the beginning of the anchorage length) 

𝑛 1,5  

𝑐 𝑐 𝑐 Ø 25 8 33 mm   

𝜌 0 (no transverse reinforcement within the anchorage length) 

𝜎 ⋅ 10 8,1 N/mm   

∆𝑐 70 ∙ 𝜌
∙

∙ Ø 70 ∙ 0
∙ ,

√
∙ 25 411  

𝑐 , min 𝑐𝑥; 𝑐𝑦 25 ∙
Ø𝑡

2

𝑠𝑡
;
𝑐𝑠
2

; 3,75 ∙ Ø ∆𝑐𝑑 6 ∙ Ø  

min 33; 33 0;
90

2
; 3,75 ∙ 25 411 444 6 ∙ 25 150  

𝑙 𝑘 ⋅ 𝑘 ⋅ Ø ⋅ ⋅
⁄
⋅ ∅ ⁄

⋅ , ∅

,

⁄

10 ⋅ ∅   

50 ⋅ 1 ⋅ 25 ⋅
,
⋅

⁄
⋅

⁄
⋅ , ⋅ ⁄

119 mm 10 ⋅ 25 250 mm  

 

Design example 2 – Lap (40%) 

Table 8: Design example 2 – Lap (40%) 

∅𝑙 20 [mm] 

 

∅𝑠𝑤 8 [mm] 

𝑓𝑦𝑑 435 [MPa] 

𝑓𝑐𝑘 35 [MPa] 

𝑓𝑏𝑑 3,37 [MPa] 

𝑐𝑛𝑜𝑚 30 [mm] 

𝑎𝑥 12 [mm] 

𝐴𝑠,𝑟𝑞𝑑 14,2 [cm2] 

𝐴𝑠,𝑝𝑟𝑜𝑣 15,7 [cm2] 

 
lsd

Ap

1,
52

15
3

45

g+q

20

Detail A

Cross section: Detail A:

2

1
2

StØ8

5Ø20
(40% )lapped

Structural geometry:

25m

16m
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Eurocode 2 (EN 1992-1-1) 

𝜎 𝑓 ⋅ ,

,
435 ⋅ ,

,
393 N/mm   

(steel stress at the beginning of the lap length) 

𝑙 ,
∅ ⋅ ⋅

,
583 mm  

𝛼 1,0 (straight bars)   

𝑐 c 𝑐 Ø 30 8 38 mm  

𝑐 min ; 𝑐 ; 𝑐 min 6; 38; 38 6 mm  

𝛼  1 0,15 Ø

Ø
1 0,15 1,1 1,0  

𝐾 0,1 (stirrups)  

∑𝐴 𝑛 ü ∙ 𝐴 5 ∙ 0,5 2,5 cm   

(cross section area of the transverse reinforcement) 

𝐴 3,14 cm  (area of one lapped bar) 

∑𝐴 , 0,25 ∙ 𝐴 0,25 ∙ 3,14 0,79 cm   

(cross section area of the minimum transverse reinforcement) 

𝜆
∑ ∑ , , ,

,
0,54  

𝛼  1 𝐾 ∙ 𝜆 1 0,1 ∙ 0,54 0,95  

𝛼  1,0 (no transverse pressure) 

𝛼  1,25 (intermediate value determined by interpolation) 

𝑙  𝛼 ⋅ 𝛼 ⋅ 𝛼 ⋅ 𝛼 ⋅ 𝛼 ⋅ 𝑙 , 1 ⋅ 1 ⋅ 0,95 ⋅ 1 ⋅ 1,25 ⋅ 583 692 mm  

𝑙 , max
0,3 ⋅ 𝛼 ∙ 𝑙 ,

15 ⋅ ∅
200

max
0,3 ⋅ 1,25 ∙ 583 219

15 ⋅ 20 300
200

300 mm  

 

Draft of the second generation Eurocode 2 (prEN 1992-1-1) 

𝑘 50  

𝑘 1,0 (good bond conditions) 

𝜎 𝑓 ⋅ ,

,
435 ⋅ ,

,
393 N/mm   

(steel stress at the beginning of the lap length) 

𝑛 1,5  
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𝑐 c 𝑐 Ø 30 8 38 mm  

𝑛 10 (number of legs of confinement reinforcement) 

𝑛 2 (number of pairs of lapped bars) 

s 130 mm (spacing of confinement reinforcement)  

𝜌 ∙ ∙Ø

∙ ∙Ø∙

∙ ∙

∙ ∙ ∙
0,097   

𝜎 0 (no transverse pressure) 

∆𝑐 70 ∙ 𝜌
∙

∙ Ø 70 ∙ 0,097
∙

√
∙ 20 135  

𝑐 , min 𝑐𝑥; 𝑐𝑦 25 ∙
Ø𝑡

2

𝑠𝑡
;
𝑐𝑠
2

; 3,75 ∙ Ø ∆𝑐𝑑 6 ∙ Ø  

min 38; 38
82

130
;

90

2
; 3,75 ∙ 20 135 min 38; 38,5; 45; 75 135  

 173 6 ∙ 20 120 

𝑙 𝑘 ⋅ 𝑘 ⋅ Ø ⋅ ⋅
⁄
⋅ ∅ ⁄

⋅ , ∅

,

⁄

15 ⋅ ∅   

50 ⋅ 1 ⋅ 20 ⋅
,
⋅

⁄
⋅

⁄
⋅ , ⋅ ⁄

363 mm 15 ⋅ 20 300 mm  
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ABSTRACT 

TR-069 (2019) provides for the design of post-installed rebar end anchorages taking in to 
account the product specific bond resistance of the system. The design is based on product 
specific evaluation of the combined bond and splitting resistance of the PIR system using 
EAD-332402. The design in TR-069 is based on consideration of three failure modes specific 
to the rebar end anchorage zone, namely (i) rebar yielding, (ii) concrete breakout and (iii) 
combined bond and splitting. The framework of design offered by TR 069 in combination with 
EAD-332402 provides room for reliable evaluation and consideration of system specific 
characteristics for design using innovative rebar end anchorage solutions. 

The objective of this paper is to demonstrate the applicability of the assessment models used in 
the background of TR069 towards evaluation of the behavior of RC framed connections 
realized using PI rebar. To this end studies on column foundation joints with PI rebar 
anchorages are considered in this work. The study shows that the assessment models in the 
background of TR069 provide reasonably realistic evaluation, which is comparable with test 
observations. Not only the failure loads, but the failure modes are also realistically predicted 
using the assessment approaches. Thus, in comparison to an experience based design through 
detailing practice for rebar end anchorages, a more rational design method giving due 
consideration to failure modes specific to post installed rebar end anchorage zones is proposed 
in TR-069. 

1  INTRODUCTION 

The development of adhesion (bonded) anchors technology over years have resulted in 
adhesion systems presenting high strength bond resistances. The application of adhesion (post-
installation) technology towards end anchorage and splicing of reinforcement in reinforced 
concrete (RC) also developed intuitively in parallel. Studies towards development of design 
guidelines for post installed rebars (PIR) [1,2] showed that high strength PIR system in RC 
connections were capable to exploit the higher bond strength of the adhesion systems subject 
to certain requirements of confinement from effective cover and spacing. Nevertheless, the 
design guidelines in the initial stages were focussed on achieving an equivalence of PIR systems 
with the conventional cast-in rebar anchorages. These design provisions and assessment criteria 
for equivalence of PIR systems with cast in anchorages were compiled in EOTA-TR-023 [3], 
which, in the present day have manifested in EAD-330087 [4]. These assessment criteria for 
equivalence of PIR system with cast in systems, paved the way for inclusion of PIR system for 
rebar anchorage and splice design using the existing provisions [5] in reinforced concrete. 
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The capability of high strength PIR systems to exploit the higher bond characteristics subject 
to adequate confinement effects from cover and spacing, and preclusion of concrete breakout 
using adequate anchorage length was manifested in one way or another in related structural 
studies comparing PIR end anchorages with cast in anchorages reported [6–9] in the literature. 
A design methodology based on bonded anchor design [10] was proposed [11] for possible 
design of PIR anchorages in RC connections in order to exploit the system specific bond 
characteristics of the adhesive systems. Although the design methodology allowed to use the 
higher bond strength of PIR systems through reduced anchorage lengths, the fundamental 
differences with the conventional RC theory created coexisting theories for design of end 
anchorage systems and called for possible harmonization of the same. Attempts towards 
possible harmonization [8,12] of the bonded anchor theory and RC structural practices (strut 
and tie method of design in particular) were reported. Although an equivalence between bonded 
anchor design and strut and tie method of design could be demonstrated for certain cases, the 
fundamental differences between the coexisting approaches were not adequately addressed. 

A re-evaluation of existing structural studies on different types of rebar end anchorages (cast in 
and post installed) conducted by the authors [13] identified the rationale behind seeking any 
possible comparison of PIR systems with cast in anchorages. The study highlighted importance 
of considering structural mechanics resulting from the test set up and failure modes to be 
triggered through specimen design towards obtaining reliable data for comparing different 
anchorage systems. In this line, design of specimens was performed using validated FE 
modelling and analysis and expectations from a proposed test program were presented by the 
authors [14]. The details and results of the test program on column foundation joints in order to 
obtain a benchmark database for possible comparison of different rebar anchorage zones has 
been presented by the authors [15]. The test program successfully generated response database 
for end anchorage zones in column foundation joints in which a transition of different possible 
failure modes could be observed in the rebar end anchorage zone as a function of the anchorage 
type (cast in straight or with hook and post installed) and the anchorage length. Such response 
database forms a basis for development of an integrated and generalized assessment theory 
which can potentially apply irrespective of type of anchorage system or the mechanics of the 
structural connection. The development of such an integrated and generalized assessment 
framework (Failure Hierarchy approach) is summarized in form of a PhD thesis [16]. The recent 
development of design provision for PIR end anchorages in EOTA-TR069 [17] can be viewed 
as a conservative employment of the failure hierarchy assessment approach to certain domain 
of structural connections (see Figure 1) with post-installed rebar anchorages qualified as per 
certain assessment criteria [18]. The background of the assessment criteria is being summarized 
in another PhD thesis [19] and not included in the scope of the present discussions. Perspectives 
on implication and application of the design provision in EOTA-TR069 [17] have also been 
reported recently [20,21].  

The objective of this paper is to summarize the validation of assessment models underlying the 
provisions in EOTA-TR069 [17]. The summarized discussions in this paper are extracted from 
a more general, complete and lengthy discussion presented in [16]. To this end the database on 
end anchorage response on column foundation joints [15] is used for demonstration of the 
validation of the assessment models underlying the TR069 design process. The assessment 
models for the possible failure modes are discussed in the following section, following which 
the comparison of test results [15] in the light of the assessment models is discussed. 
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Figure 1: Domain of structural connections regulated by EOTA-TR-069 [17] (Source: [21] ) 

 

2 LOAD RESISTING MECHANISMS IN EOTA-TR-069 [17] 

The design approach in EOTA-TR-069 [17] requires consideration of three load resisting 
mechanisms for design of the rebar end anchorage zone: (i) Flexural yielding of rebars (ST) in 
tension (ii) splitting action resulting from bond transfer in the plane containing the tension 
rebars (BN) and (ii) concrete cone breakout formation (CC) resulting from tension action in 
rebars. For the design process, the resistances under these mechanisms are typically expressed 
in terms of the characteristic values. These expressions are included in EOTA-TR-069 [17] and 
have been discussed in [20,21]. Since, the focus of the present discussion is validation of the 
underlying assessment models, the resistances used in this discussion are expressed in terms of 
mean values. For comparing of different mechanisms in end anchorage zones of rebars, the 
resistances in EOTA-TR-069 [17] are expressed in terms of the total tension force in the rebars 
resulting because of the bending moment at the interface of the connection. 

The flexural failure in the connecting member is associated with the tension rebars reaching the 
yield limit. The resistance under flexural failure is expressed in (1).  

 𝑁 , 𝐴 ⋅ 𝑓  [N] (1) 

 where: 

 𝐴  is the total area of rebars in tension [mm] 

 𝑓  is mean yield strength of rebars [MPa] 

 

The bond resistance considered in EOTA-TR-069 [17] is specific to the post-installation system 
used for end anchorage of the rebars. The methodology of arriving at such system specific bond 
resistance has been summarized in EAD-332402 [18]. Details of test program for evaluation of 
the product specific combined bond and splitting resistance is presented. Based on the results, 
the system specific combined bond and splitting model for the form provided in (2) can be 
evaluated. This model is coherent with the model for bond resistance in conventional RC 
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design. Thus the procedure in  EAD-332402 [18], results in definition of bond resistance 
specific to post installed rebar systems within the fundamental framework coherent with 
conventional RC practice. In this manner, the issue with coexisting approaches as discussed 
earlier no longer applies. Salient details of the underlying process and the necessary background 
are discussed in [16,19]. 

𝜏 , 𝐴 ⋅   
𝑓
25

⋅
25
𝜙

⋅  
𝑙
𝑙

⋅
𝑐
𝜙

⋅
𝑐
𝑐

 𝑘 𝐾  (2) 

 where: 

 𝜏 ,  is the system specific PO+SP resistance expressed as bond strength  

 𝐴 , 𝑠𝑝1, 𝑠𝑝2, 𝑠𝑝3, 𝑠𝑝4, 𝑙𝑏1 are system specific coefficients/exponents determined 
using regression analysis and curve fitting based on the test data.   

 𝑙  is the reference anchorage length adopted in the test program 

 𝑓 ,𝜙,𝑘 ,𝐾 , 𝑐 , 𝑐  are terms as defined in fib-Model code 2010 [22] 

 

Within conventional RC practice in EN:1992-1-1 [5], there is no consideration of concrete cone 
breakout for rebar end anchorage zone. However, the provisions in fib-Model Code 2010 
recommend consideration of concrete cone breakout for cases with straight anchorage which 
are vulnerable for the same. Since concrete cone breakout is a possible failure mode for rebar 
end anchorages at lower anchorage length values, the same is considered in EOTA-TR-069 [17] 
based on the provisions in EN:1992-4 [10]. The corresponding model expressed in terms of 
mean values is presented in (3).  

 𝑁 , 𝑁 , ⋅
,

,
⋅ 𝜓 , ⋅ 𝜓 , ⋅ 𝜓 , ⋅ 𝜓 ,  [N] (3) 

 where: 

 𝑁 , 14.6 ⋅ 𝑓 ⋅ ℎ .  …is the basic breakout resistance in non-cracked 
concrete [N] 

 𝑓  is mean cylinder strength of concrete [MPa] 

 ℎ  is the straight anchorage length [mm] 

 𝐴 , 2𝑐 , 𝑠 ,  is the reference projected area of a single anchor 
(rebar), with 𝑠 , 2𝑐 , 3ℎ  

 𝐴 ,   is the projected area of group of anchors (rebars)  

 𝜓 , 0.7 0.3
.

1 is the reduction factor to account for the influence of 

vicinity of edge (edge distance, c) on stress distribution 

509



   
 

 𝜓 ,  is the shell spalling factor to account for dense reinforcement. Not 
applicable (=1) for discussions in the scope  of this paper 

 𝜓 ,  is a reduction factor to account for the eccentricity of loading w.r.t. the 
anchor arrangement. Not applicable (=1) for discussions in the scope of this paper 

  𝜓 , 2.0
.

1 is an increase factor to account for beneficial effect of 

moment loading (bending compression) on the concrete breakout resistance 

 = 1, 𝑐 1.5 ⋅ ℎ  or bending is accompanied with axial tension or 𝑧 1.5 ⋅ ℎ  

 𝑧 is the internal lever arm between the tension and compression forces 

 

In the TR-069 design process, the governing resistance for the rebar anchorage zone is taken to 
be the minimum of the resistance under the three failure modes discussed above. It is thus 
allowed to design a connection for triggering failure modes other than flexural yielding. It is 
noted here that it is good and recommended practice to ensure that flexural yielding is the 
governing failure mode for rebar end anchorage zones. For a graphical expression of the 
possible load resistance mechanisms in rebar end anchorage zone, failure hierarchy charts are 
used in [16]. A schematic representation of the failure hierarchy chart is shown in Figure 2. The 
total rebar tension force corresponding each of the three load resisting mechanisms is expressed 
as a function of anchorage length. The chart shows graphically the governing mode of failure 
as a function of the anchorage length and facilitates in better visualization of anchorage length 
design. In this paper, the hierarchy charts plotted corresponding to mean resistance are 
employed for graphical comparison with the test results. 

 

Figure 2: Representation of load resisting mechanisms on failure hierarchy chart [16] 

3 TESTS RESULTS [15] IN THE LIGHT OF TR069 ASSESSMENT 

The test program on column foundation joints [15] was designed in order to trigger failure 
modes specific to the rebar end anchorage zone and observe a transition of failure modes as a 
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function of anchorage length and rebar configuration. A schematic explanation of the design of 
the test program in presented in Figure 3. In all specimens, the geometric dimension of column 
(300mm x 300mm) was kept constant, and it was placed in the foundation away from any 
influence of foundation edges. Two reinforcement configuration of column main rebars were 
used: 4D25 consisting of 2 rebars of 25mm as tension rebars and 6D20 consisting 3 rebars of 
20mm as tension rebars. These configurations present the same area of tension steel with 
different spacing of the rebar which result in different bond resistances. Anchorage length of 
250mm and 350mm were used for the column main rebars. In the test program, post installed 
(PI), cast in straight (CIS) and cast in with hook (CIH) end anchorage types were investigated. 
The failure modes expected to be triggered for each case are summarized in Figure 3. Since 
consideration of cast in reinforcement with hook is beyond the scope of TR069, the results of 
specimens with cast-in hook reinforcement are not discussed in this paper. The specimens with 
post installed rebar anchorage and cast in straight rebar anchorage are considered for 
demonstration of valid application of the assessment models underlying TR069.  CIS anchorage 
can be visualized as a relatively weaker bond situation in comparison to PI anchorage. The 
system specific bond resistance for CIS system and PI system used in the test program were 
evaluated in a similar manner as that proposed in EAD 332402. Details of development of these 
models can be found in [16,19]. 

 

Figure 3: Schematic representation of the test matrix [16] 

 

The results of specimens with post installed anchorage [15] are summarized in Figure 4. For 
the 4D25 configuration, concrete breakout failure was observed as a dominant failure mode at 
anchorage length of 250mm and flexural yielding was observed as the dominant failure mode 
at anchorage length of 350mm. For the 6D20 configuration, the specimen showed bond 
dominated failure mechanism at anchorage length of 250mm owing to the reduced spacing of 
rebars. Signs of concrete breakout and yielding if steel were also observed in the specimen 
response. The 6D20 PI specimen with 350mm anchorage showed flexural yielding of column 
as the dominant mechanism with signs showing bond damage as a secondary mechanism 
activated in the specimen response. Thus triggering of bond failure was observed in the case of 
PI specimens by reduction if spacing or the tension rebars and a transition from concrete 
breakout at lower anchorage length to flexural yielding at higher anchorage length was observed 
in the test program. The results for the specimens with cast in straight anchorage are 
summarized in Figure 5. All the specimens with cast in straight reinforcement showed bond 
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dominated response. Signs of flexural yielding were reported for the CIS specimens with 
anchorage length of 350mm. 

 

Figure 4: Summary of test results for post installed anchorage [15] 

 

 

Figure 5: Summary of response data for cast in straight anchorage [15] 
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The assessment models for PI and CIS specimens were used to develop the failure hierarchy 
charts for the configuration 4D25 and 6D20. These hierarchy charts are shown in Figure 6. The 
assessment models used for generating the hierarchy charts are based on an assumption that the 
concrete is uncracked. This is a justified assumption since at the start of the tests none of the 
specimens were cracked. The cracks developed in the process of loading of the anchorage zone. 
Based on the assessment, the predicted failure point and mode of failure are indicated for each 
test case on the respective hierarchy chart. The tests results were expressed in terms on the 
tension force in rebars and included for comparison on the hierarchy charts. The failure mode 
as observed corresponding to the test data points are also included for a graphical comparison.  

 

Figure 6: Comparison of test results with TR-069 expectations [16] 

 

The tests data compares reasonably well with the prediction from the assessment approach 
assuming uncracked concrete condition. The failure modes as well as the failure loads are 
predicted in a reasonable manner using the assessment approaches underlying TR069. A more 
intensive discussion of comparison of test results in the light of different assessment approaches 
to assessment of rebar end anchorage zones can be found in [16]. 

4 CLOSING REMARKS AND CONCLUSION 

The assessment models underlying the design procedure in TR 069 were briefly discussed in 
this paper. The graphical method for visualizing the hierarchy of different possible load 
resisting mechanisms for the rebar end anchorage zone was discussed. The failure hierarchy 
charts provide an effective visualization tool for assessment of rebar anchorage zone and for 
designing of the anchorage length. The benchmark test data on column foundation connections 
[15] was used in order to observe the validation of the assessment models. A comparison of the 
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test data with the expectation from the TR069 assessment approach (assuming uncracked 
concrete conditions) showed that the assessment models could reasonably predict the failure 
loads as well as the dominant load resistance mechanism in all tested cases. Thus for column 
foundation joints with column located away from any influence of edges, the TR069 assessment 
approaches are observed to provide reasonable predictions. 
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ABSTRACT 

Although part of every existing and new structural concrete member, necessary bond lengths 
are still an object of research on structural concrete. This paper presents the experimental 
investigation of reinforcement laps and the derivation of an empirical design model for the 
necessary lap length. 

To analyse the bearing capacity of reinforcement laps in highly utilised sections, 17 four point 
bending tests with laps were conducted within a research project at RWTH Aachen University. 
The tests were part of an extensive test programme on large diameter bars. Therefore, three 
reinforcing bars with a diameter of 40 mm were lapped in most of the performed four-point-
bending test. The test parameters are the concrete strength, the bar diameter, the percentage of 
bars lapped at a section, the transverse reinforcement, the bar distance, the concrete cover and 
the lap length. 

The obtained test results are then added to the lap test database originally compiled by ACI 
committee 408 and fib task group 4.5. The database is used to investigate the bearing capacity 
of laps with different test parameters. Additionally, a database filter is introduced that includes 
test parameters used in practical application only. This paper describes the tests conducted, the 
analysis of obtained bearing capacities of the tests documented in the database, the database 
filter and the derivation of a semi-empirical design equation for the necessary lap length. 

1  INTRODUCTION 

This paper proposes a methodology for the derivation of design values for the necessary lap 
length on the basis of test results. 17 lap tests were conducted to evaluate the effects of several 
parameters on the maximum bar stress in laps. The parameter effects are captured in existing 
design equations in different ways. The design approaches are evaluated and a new design 
approach was elaborated for the effect of transverse pressure in anchorages [1]. The design 
equations for required lap length according to Eurocode 2 (EC2) [2], the German National 
Annex (EC2/NAD) [3], the background document to Model Code 2010 (FIB14) [4] and a 
proposal for the next generation of EC2 [5] were evaluated. After a comparison with the own 
test results, the consideration of parameter effects in the different design equations was 
compared to a considerably larger number of test results in an existing database.  

The database is used to derive a factor for the mean bar stress equation for laps according to 
[4]. The factor is chosen to obtain a mean value of the ratio of test results to calculated bar stress 
equal to 1.0 and for the smallest possible coefficient of variation for this ratio. The design 
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equation for the mean bar stress in laps is then used as a basis to derive the necessary design 
lap length by a statistical analysis according to Eurocode (EC0) [6]. The tests and derivation of 
design values for lap strength and lap length are described in more detail in [1].  

2 LAP TEST SETUP 

For the evaluation of lap zones, 17 tests were conducted at the Institute of Structural Concrete 
of RWTH Aachen University. The tests were part of a research programme on the behaviour of 
reinforcing bars with large diameters [7], [8].  

2.1 Test Setup 

The laps were analysed in four-point bending tests shown in Figure 1. The lapped reinforcing 
bars were located at the upper side of the beam to enable crack measurements. The reinforced 
concrete beams were 7.6 m long and the span between the supports was 3.5 m. This span length 
allowed for a distance between support and lap end of at least two times the effective depth [1].  

 
Figure 1: Lap test setup (T7, four point bending test, lap in upper reinforcement) 

 

2.2 Test Dimensioning 

The longitudinal reinforcement in each beam comprised three bars. In most beams three bars 
were lapped, only single tests had only one or two bars lapped. The lap length was calculated 
according EC 2 [2] (33·Ø) and EC2/NAD [3] (44·Ø). The distance between the lapped bars 
varied between 2·Ø and 4·Ø. The concrete cover was 1.5·Ø or 2.0·Ø. The beam width resulted 
from the chosen bar distance and horizontal concrete cover. The beam depth was chosen to 
reach the yield strength of the reinforcing bars before concrete failure occurred. Outside the lap 
length all beams were reinforced with stirrups, most beams also included transverse 
reinforcement within the outer thirds of the lap length. Since large diameter bars were 
investigated, also surface reinforcement was tested.  

2.3 Measurements 

The deflection, beam rotation and crack widths at the lap ends were measured by displacement 
transducers. Strain gauges were applied to measure the reinforcing bar strain along the lap 
length and in the transverse reinforcement. The concrete strain along the lap length was 
measured with an extensometer at a 100 mm base. To document the crack formation for 
different parameters, the crack spacing and the crack width were measured with a digital crack 
magnifier at several load levels (160 MPa, 320 MPa and 400 MPa).  
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2.4 Test Parameter 

The maximum bar stress in anchorages and laps depends on the concrete strength, anchorage 
length, bar diameter, concrete cover, bar spacing and transverse reinforcement. Therefore, the 
lap performance was investigated with the test parameters given in Table 1. Besides the 
transverse reinforcement allocation according to EC2 [2] (Figure 2), the effects of surface 
reinforcement including transverse bars and of an additional longitudinal reinforcement at the 
lap end were tested. 

Table 1: Lap test dimensions and concrete strength 

Test Bar-Ø fcm Cross 
section 
(b/h) 

Bars 
lapped 

Transverse 
reinforce-

ment 

Stirrup 
spacing 

sst 

Concrete 
cover c 

Lap 
factor 

α6 

Lap length l0 

 [mm] [MPa] [mm] [%] [-] [mm] [-] [-] [-] [mm] 
T1 40 40.2 520/600 100 8 Ø 14 130 1.5·Ø 1.5 33·Ø 1310 
T2 40 32.5 500/600 100 8 Ø 14 130 1.0·Ø 1.5 33·Ø 1310 
T3 40 33.0 520/600 100 8 Ø 14 180 1.5·Ø 2.0 44·Ø 1750 
T4 40 59.9 520/350 100 8 Ø 14 130 1.0·Ø 1.5 23·Ø 930 
T5 40 34.6 660/450 100 8 Ø 14 180 1.0·Ø 1.5 33·Ø 1310 
T6 40 39.2 520/600 100 14 Ø 14 90 1.5·Ø 2.0 44·Ø 1750 
T7 40 34.5 540/600 100 8 Ø 141 180 1.5·Ø 2.0 44·Ø 1750 
T8 50 36.8 650/600 100 10 Ø 16 160 1.5·Ø 2.0 42·Ø 2070 
T9 40 40.0 540/600 100 8 Ø 141 130 1.5·Ø 1.5 33·Ø 1310 

T10 40 40.5 540/600 100 8 Ø 142 130 1.5·Ø 1.5 33·Ø 1310 
T11 40 37.3 540/600 100 -1 - 1.5·Ø 1.5 33·Ø 1310 
T12 40 33.6 540/600 33 8 Ø 14 100 1.5·Ø 1.15 25·Ø 1000 
T13 40 32.5 540/600 66 8 Ø 14 130 1.5·Ø 1.5 33·Ø 1310 
T15 28/40 38.4 540/600 100 6 Ø 121 130 1.5·Ø 1.0/1.5 22·Ø 900 
T16 28/40 34.4 540/600 100 8 Ø 14 130 1.5·Ø 1.5/2.1 33·Ø 1310 
T17 28 38.3 380/400 100 6 Ø 12 140 1.5·Ø 1.5 33·Ø 900 
T18 28 39.6 380/400 100 6 Ø 121 140 1.5·Ø 1.5 33·Ø 900 

 1 surface reinforcement   2 additional reinforcement at lap end  
  

  

Figure 2: Lap allocation and transverse reinforcement 
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3 TEST RESULTS 

The described lap tests were conducted to investigate the behavior of large diameter bars, but 
the tests are also added to a comprehensive lap database to evaluate the parameter effects 
concurrently. The lap tests with long lap lengths and considerable transverse reinforcement 
reached the yield strength of the longitudinal reinforcement. When the yield strength was 
reached, the beams were either unloaded or the compression zone began to fail. Since this paper 
describes the derivation of design equation from test results, only a brief comparison of test 
results with design equations is given.  

3.1 Lap Failure Types and Crack Formation 

When lap failure occurred before the reinforcing bars reached the yield strength, longitudinal 
cracks developed and the concrete cover spalled off. The largest bending crack widths occurred 
at the lap end (Figure 3). Surface reinforcement significantly reduces the longitudinal and 
bending crack widths. None of the tests with surface reinforcement in addition to transverse 
reinforcement failed before reaching the yield strength.  

 

Figure 3: Crack pattern of lap test T17 after failure 

The bending crack spacing was much smaller along the lap length than outside the lap. The 
longitudinal cracks shown in Figure 4 commenced from the lap ends as soon as the service 
loads were exceeded. The cracks were both visible in the extreme fibre and at the side of the 
beam.  

  

Figure 4: Crack formation within the lap (cross sectional view) 

3.2 Maximum Bar Stress obtained in lap tests  

The maximum bar stress was higher in tests with longer lap lengths (Figure 5). The lap length 
of test T1 was calculated according to EC2 [2] with a lap factor α6 = 1.5 and the length of test 
T3 was calculated according to EC2/NAD [3] with a lap factor α6 = 2.0.  
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Figure 5: Influence of lap length on maximum bar stress 

Test specimens with larger concrete cover or larger bar spacing reached higher maximum 
stresses than the reference tests. The effects of cover and bar spacing in Figure 6 are compared 
to the design approach given in EC2 [2]. The trend coincides; still, the correct slope of the 
design approach cannot be evaluated by two test specimen. Therefore, the application of a 
database analysis is necessary to validate design approaches.  

  

Figure 6: Influence of concrete cover on maximum bar stress 

Similarly, the tests confirm the positive effect of transverse reinforcement allocated within the 
outer thirds of the lap length (Figure 7). Only test T3 and T6 had the same geometry and 
reinforcement except for the different transverse reinforcement. The trend given in the design 
equation for lap length in EC2 [2] is confirmed, but the slope can only be validated by a larger 
test number and therefore a comprehensive database.  

 

 

Figure 7: Influence of transverse reinforcement on maximum bar stress 
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4 LAP AND ANCHORAGE DATA BASE 

For the temporally and financial effort of lap tests in reinforced concrete beams, the collection 
of test results from different test series in a database is reasonable. Single test series often 
investigate the effect of certain parameters (such as the effect of large diameter bars in this 
case), while the derivation of design equations requires larger test numbers. Test databases 
enable the derivation of design equations by parameter studies or the validation of existing 
design equations with statistical methods. 

4.1 Existing Database 

The database for the evaluation of parameter effects was originally compiled by ACI 
Committee 408 [9] and FIB Task Group 2.5 [10]. Besides the own test results, the original 
database is mainly complemented by test results given in Amin [11], where test data on 
anchorages is compiled.  The extended database comprises 1230 anchorage and lap tests that 
were conducted in the USA and Europe between the 1950s and 2018. Drawings and tables of 
the tests included in the database are documented in [1].  

4.2 Database Filter 

Since the analysed design approaches exclude certain parameter ranges, a database filter is 
applied for the evaluation. The database does not comprise anchorages with bends and hooks, 
coated bars, lapped bars with different bar diameters, single lapped bars and pull-out tests. Since 
tests with exceptional rib or test specimen geometries showed unexpected results, such tests are 
excluded from the database as well.  

Only tests with the following test parameters are admitted 

- 20 MPa ≤ fcm ≤ 110 MPa 
- l0 / Ø ≥ 15 for laps 
-  σs,test / fym > 1.2 
- 0.95 ≤ cmin / Ø < 3.5, cmax/cmin ≤ 5 
- Ktr ≤ 0.05 (transverse reinforcement ratio) 

4.3 Maximum Bar Stress Obtained in Lap Tests 

The parameter effects on the bar stress obtained in laps is captured differently in existing design 
approaches. The approaches for the consideration of parameter effects given in EC2 [2], 
EC2/NAD [3], FIB14 [4] and PT18 [5] are compared to test results.  The following figures only 
give a short comparison of parameter effects and the existing design approaches. 

EC2 [2] includes a linear relation between lap-length and obtainable bar stress and FIB14 [4] 
suggests an exponent 0.55 of the lap-length to bar-diameter ratio. For lap tests without 
transverse reinforcement, the exponent 0.37 of the lap-length to bar-diameter ratio best captured 
the test results (Figure 8). 

Since the non-linear approach captures the test results more precisely, the ratio of bar stress 
obtained in tests to calculated bar stress is closer to 1.0 for the FIB14 [4] design approach 
(Figure 9). 
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Figure 8: Bar stress over lap-length to bar-diameter ratio (without transverse reinforcement) 

 

  

Figure 9: Ratio of maximum bar stress in tests to calculated bar stress according to EC2 [2] 
(left) and FIB14 [4] (right) for different lap-length to bar-diameter ratios 

In EC2 [2], the effect of concrete cover is covered by the factor α2 = 1 - 0,15 · (cmin/Ø) / Ø.  
According to FIB14 [4], the maximum bar stress is increased by the factor (cmin/Ø)0.25. The tests 
in the database show that the ratio (cmin/Ø)0.47 covers the test results for concrete strengths fcm 
between 30 and 45 MPa and lap lengths between 15·Ø and 40·Ø best. The comparison of 
maximum bar stress in tests to calculated bar stress shows that the design approach according 
to FIB14 [4] captures the test results more precisely than EC2 [2] (Figure 10).  

  

Figure 10 Ratio of maximum bar stress in tests to calculated bar stress according to EC2 [2] 
(left) and FIB14 [4] (right) for different cover to bar-diameter ratios 
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5 DERIVATION OF MEAN LAP STRENGTH 

The database is the basis for the validation of parameter effects captured in different design 
approaches and for the derivation of design values. In this case a good conformity of test results 
with the design approach for laps according to FIB14 [4] was found. For anchorage tests with 
transverse pressure, the design model is modified for a more precise consideration of increasing 
bearing capacity with transverse pressure.  

5.1 Calibration of Equations by Mean Values  

At first, the design approach leading to a ratio of test results to calculated bar stress is 
determined. This analysis gives the mean value µθ and the coefficient of variation (COV) of the 
model uncertainty θ. Afterwards, the characteristic and design values for the bar stress in laps 
and the necessary lap length are derived conforming to the method introduced in EC0 [6].  

For the derivation of design values, the semi-empirical factor 54 in the design approach for the 
mean value of the maximum bar stress is validated in a first step.  

0.25 0.55 0.2
cm b

stm,mod c tr tp
f l 25f 54
25 Ø Ø

       = ⋅ ⋅ ⋅ ⋅ α + α + α          
 (1) 

The database analysis shows that the given factor meets the test results best. The mean value of 
the bar stress obtained in tests to calculated bar stress ratio equals 1.0 and the coefficient of 
variation is as small as possible for this design approach (Table 2).  

Table 2: Statistical Data for the derivation of design lap lengths obtained from test results 

 Laps with transverse 
reinforcement 

Laps without transverse 
reinforcement 

All lap and anchorages 
tests 

Mean θ 1.01 0.99 1.00 
Standard 
deviation 0.13 0.135 0.145 

COV Vθ 0.129 0.136 0.144 
Minimum 0.60 0.65 0.53 
5 % ratio 0.81 0.78 0.79 

Least-squares 
best fit slope b   1.00 

Number of 
results 231 226 669 

 

5.2 Statistical Data for Concrete Strength 

The design approach for the mean bar stress fstm,mod includes the effect of concrete strength, 
which is taken into account by the mean value of the concrete strength fcm. Since the design 
approach shall include the characteristic value of the concrete strength given in codes fck, the 
statistical data of the concrete strength is taken into account as well. The statistical data given 
in Table 3 is derived from the values given in EC 2 [2].  
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Table 3 Statistical data for concrete strength according to EC2 [2] 

 Characteristic 
strength fck 

Mean strength fcm Standard deviation 
σfc 

Coefficient of 
variation Vfc 

 [MPa] [MPa] [MPa] [-] 
C20/25 20 28 4.86 0.174 
C40/50 40 48 4.86 0.101 

 

6 DERIVATION OF DESIGN LAP LENGTH 

The design lap lengths are derived according to the method proposed in EC0 [6]. The 
procedure is summarized in Figure 11.  

Method for derivation of design anchorage and lap length lbd 
  

Derivation of mean bar stress in bond zones fstm (fcm, lbm, Ø, c, Ast, ptr) from database 
  

Determination of statistical data for model uncertainty θ and concrete strength fcm 
  

Consideration of concrete strength fcm in mean strength fstm and fck in design strength fstd 
  

Derivation of design values according to annex D in [EC0] 
  

Rearrangement of bar stress in bond zones fstd for design anchorage and lap length lbd 
  

Comparison of design values fstd with acceptance criteria 
  

Evaluation of reliability of design values fstd and lbd 
  

Comparison of design anchorage and lap length lbd for standard parameters 

Figure 11 Method applied for the derivation of design lap length 

 

6.1 Safety Concept Defined in Eurocodes 

The action effects Ed may not exceed the structural resistance Rd. The central safety zone µg is 
the area between the mean values of the resistance and the mean values of the action effects 
µg = µR – µE (Figure 12).  The reliability index β describes the ratio of the mean value of the 
limit state function µg to the standard deviation σg.  Target values for the reliability β are given 
in EC0 [6] depending on the reference period, the consequences of failure and the cost of safety 
measures. The target reliability index for a 50 years reference period is β = 3.8. The weighting 
factors describing random values of E and R are defined as αE = 0.7 and αR = 0.8 in EC0 [6].  
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Figure 12: Distribution of action effects e and resistance r and definition of limit state 
function g(r-e) and reliability index β 

 

6.2 Characteristic Bar Stress in Laps 

Characteristic and design values are obtained by the resistance as a function of concrete 
strength. The statistical data for the concrete strength fc and the model uncertainty θ are 
incorporated. The characteristic resistance rk also includes a correction factor b being the slope 
of the least-squares best fit line. The standard deviations of concrete strength and model 
uncertainty are taken into account by the value Q. Since the characteristic value of the stress 
obtained in laps shall depend on the characteristic concrete strength, a factor for the 
consideration of characteristic concrete strength instead of mean concrete strength is 
introduced. 

rk = b · grt(fcm
0.25) · exp (– kn · Q – 0.5 · Q²) = 

0.25
2ck

rt n2
fc fc

fb g exp( k Q 0.5 Q )
exp( 1.645 V 0.5 V )

  
 = ⋅ ⋅ − ⋅ − ⋅  − ⋅ − ⋅  

 

(2) 

The smallest possible COV Vfc leads to conservative design lap and anchorage lengths with 
Vfc = 4.86 Mpa / 98 Mpa = 0.05 

0.25
2ck

k rt n2

2
rt ck n

fr b g exp( k Q 0.5 Q )
exp( 1.645 0.05 0.5 0.05

b 1.02 g (f ) exp( k Q 0.5 Q )

  
 = ⋅ ⋅ − ⋅ − ⋅ =  − ⋅ − ⋅  

= ⋅ ⋅ ⋅ − ⋅ − ⋅

 

(3) 

The total COV Vr for the model follows from Vfc = 0.243 for concrete class C12/15, the COV 
of the model uncertainty Vθ = 0.144 and 

β α σ· ·E E β α σ· ·R R

fR

fE

E

RE
=R d

d

µE µR

r, e

β σ· g

r - e

g(r-e)

µg0

E95% R5%
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( ) ( ) ( )2 2 2 2
r fc rln V 1 0.25 ln V 1 ln V 1 V 0.156θ+ = ⋅ + + + → =  (4) 

The standard deviation of the resistance function is 

( ) ( )2 2
rQ ln V 1 ln 0.156 1 0.155= + = + =  (5) 

The characteristic values are obtained by multiplication with the reduction factor 

 2exp( 1.645 Q 0.5 Q ) exp( 0.27) 0.77− ⋅ − ⋅ = − =  (6) 

6.3 Design Bar Stress in Laps 

For the derivation of design values, the factor kn = 1.645 is replaced by the factor kd,n = αR · β 
= 0.8 · 3.8 = 3.04. The design values are obtained by multiplication with the reduction factor  

2exp( 3.04 Q 0.5 Q ) exp( 0.48) 0.62− ⋅ − ⋅ = − =  (7) 

The design bar stress in laps follows from 

0.25 0.550.2
ck b

std,own c tr tp
f l25f 1.02 54 0.62
25 Ø Ø

      = ⋅ ⋅ ⋅ ⋅ ⋅ ⋅ α + α + α          
 

(8) 

6.4 Design lap length 

Rearranging equation (8) gives 

0.4551.82 0.36
1.82bd,own sd

c tr tp
ck

l 25 Ø103
Ø 435 f 20

− σ     = ⋅ ⋅ ⋅ ⋅ α + α + α          
 

(9) 

When inserting standard parameters (fck = 25 Mpa, fcm = 33 MPa, Ø = 25 mm, cmin = 1.5·Ø), 
the design lap length is 

1.82 1.82
bd,own sd sdl

103 0.83 85
Ø 435 435

σ σ   = ⋅ ⋅ = ⋅   
   

 
(10) 

Where transverse reinforcement is positioned, the design anchorage and lap length is 

1.82 1.82
bd,own sd sdl

103 0.67 69
Ø 435 435

σ σ   = ⋅ ⋅ = ⋅   
   

 
(11) 

7 CONCLUSION 

For the analysis of laps with large diameter bars, a test series comprising 17 four-point bending 
tests was conducted. The known influencing parameters for lap behaviour were chosen for the 
parameter study. To evaluate the test results, the tests were added to an existing database. 
Firstly, the database is used for a comparison with test results in other test series. It is secondly 
used to validate design approaches for the consideration of parameter effects in laps. The 
database evaluation shows a good conformity of test results with the design approach for 
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maximum bar stress obtained in laps according to FIB14 [4].  Thirdly, it is used as a basis for 
the derivation of the ratios of maximum bar stress in tests to calculated bar stress according to 
different design approaches for laps and the coefficients of variation for this ratio. The approach 
for the mean bar stress obtained in laps, the corresponding mean value of the model uncertainty 
and the corresponding coefficient of variation are used to derive design values for necessary 
lap lengths. The proposed model with a model uncertainty θ = 1.0 and a coefficient of variation 
Vθ = 0.144 leads to a necessary lap length lb = 69 · Ø for laps with transverse reinforcement. 
The introduced methodology for the derivation of the design lap length provides a basis for the 
normative acquisition of lap behaviour.  
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ABSTRACT 

To guarantee high quality of concrete structures the bond properties between steel and concrete 
must be kept within certain limits with respect to bond strength and bond slip. Therefore, test 
specimens are used to proof the bond-slip-behavior of reinforcement bars. These tests must 
reflect the bond behavior realistically and provide repeatable results. The current test specimens 
provide results with high variances and are only approved for static loading. With a modified 
Beam End Test, a new test beside the existing Beam-test and Pull-out-test is introduced. It is 
cost effective, and first tests showed favorable results concerning reproducibility and 
functionality on reinforcement bars with different rib geometries. The results show that the 
proposed test can stress the differences in the bond-slip-behavior of different reinforcing bars 
depending on the related rib area.  

This paper shows the Beam End Test’s capability to describe the bond-slip-behavior, as well as 
a detailed description of the modified test specimen is given. As a conclusion of the results of 
static load tests, an assessment criterion for the bond behaviour of reinforcing steel bars based 
on the Beam End Test as an alternative for the related rib area is given. 

1 INTRODUCTION 

The bond properties between reinforcement bars and concrete are essential for the load bearing 
capacity of reinforced concrete. Reinforcement bars are provided with ribs. Thereby a 
mechanical interlocking between concrete and steel is achieved and bond stresses can be 
transferred. To ensure the load bearing capacity of reinforced concrete, the bond properties of 
the steel bars have to be kept at a high level. DIN 488-1 [3] contains nominal diameters and 
requirements for the surface geometry of steel bars. Dimensions, profile and composition of 
ribs are given as well as minimum values for the related rib area represented by the value fR. 
Besides DIN 488 there are international codes regulating reinforcing bars (fib Model Code 
(2010) [13], EN 10080: 2005 [8]). Partially there are immense deviations concerning surface 
geometry and the limit for the related rib area fR. DIN 488 contains the most limiting regulations 
in comparison to other regulations.  

Alternatively, to ensure sufficient bond behavior related to the requirements of structural 
design, the bond properties can be tested according to DIN EN 10080 [8] to qualify a reinforcing 
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bar with the RILEM Beam Test or the RILEM Pull-Out Test described in [8]. This procedure 
is necessary if the requirements due to surface geometry or related rib area fR are not fulfilled.  

The problematic in testing the bond properties with these tests is that the results depend on 
which test (Pull-Out or Beam Test) is performed to qualify the reinforcing bar. Test results 
given in [12] show that reinforcing bars may not be qualified even if they fulfill all requirements 
according to DIN 488 and on the other hand it is possible to qualify a steel reinforcing bar that 
does not fulfill the minimum values for fR. Underrunning the minimal related rib area however 
could influence the serviceability (with respect to the crack widths) and safety of the building 
in a negative way. So, it is mandatory that a qualification test with reasonable acceptance 
criteria for bond properties is necessary. This test must represent the bond behavior of 
reinforcement bars realistically and in a reproducible way.  

In [17] therefore a modified version of the Beam End Specimen used for the qualification of 
reinforcing bars according to ASTM standard [1] is recommended. In the presented test series, 
the results of the Beam End Test were compared with the results of the Beam Test and the Pull-
Out Test. The aim of the research was to show that the Beam End test is practical for 
standardization and more reliable as well. In the test series given in [12] the following 
parameters were varied:  

• nominal diameter ds,  
• related ribbed area fR and  
• anchorage length lb (only Beam Test and Pull Out Test).  

In addition to the experiments, a finite element model was used to demonstrate the effect of 
different bond-slip behaviors at a specimen level and a structural level. The model was 
calibrated against the experiments and used for further investigation of the influence of fR and 
rib geometry. The evaluation of experiments and calculations showed up a deficit of the current 
situation because there were steel bars passing one test and failing in the other. So the results 
clearly show that the different tests are not consistent and will come up with different results 
and assessment of the reinforcing bars. To overcome this contradiction in [12] the Beam End 
Test is recommended for the proof of reinforcing bars. However, until now, there are no criteria 
for the qualification given and the criteria given in [12] are based on only a few tests and do not 
consider the scatter of the bond slip behavior. 

Since only a few tests were made there are still a lot of open questions to be answered. The test 
series that were started in [17] have been continued at the Institute of Construction Materials at 
the University of Stuttgart in 2012. The investigations done in 2012 contain tests under static 
loading with the focus on different rib geometries available in the market as well as tests under 
cyclic loading with the focus on the detrition of bond as a function of the number of load cycles. 
The modified test specimen, the test procedure and the results are presented in the following 
sections. 

2 BASIC INFORMATION 

2.1 Bond stress 

Concerning the quantification of bond in concrete, the significant parameters are the bond stress 
and the corresponding slip at different stress levels. By loading the reinforcement bar, bond 
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stress between the reinforcing bar and surrounding concrete is activated. For the bond situation 
given by the Beam End Test, the mean bond stress can be calculated according to Equation (1) 
assuming a uniform bond distribution over the tested bond length. The assumption of a uniform 
bond stress is assumed to be valid because the bond length is small enough. 

 
s b

F
d l

τ
π

=
⋅ ⋅

            (1) 

τ bond stress 
F applied load in axial direction of reinforcement bar 
ds nominal diameter of reinforcement bar 
lb bond length of steel in test member 

Subsequently τmax stands for the maximum bond stress. This maximum bond stress corresponds 
to the bond stress measured at maximum tested load Fmax. In the context of this article also the 
abbreviation τ0.1 is used. This value represents the bond stress measured at a slip value of 
s=0.1mm. The slip is defined as the displacement of the reinforcing steel bar relative to the 
concrete member measured at the end of the bond length (unloaded end). The slip therefore 
does not include the deformation of steel or concrete over the bond length. 

2.2 Related rib area fR 

The bond stress that can be activated is significantly influenced by the rib geometry of the 
reinforcing steel bar. Increasing the mechanical interlock between concrete and reinforcing bar 
will also increase the bond stress that can be activated while loading. To represent the surface 
geometry of a reinforcing bar in one parameter, the related rib area fR was defined [11]. The 
related rib area incorporates the relation between projected rib area and lateral area of the steel 
bar (see Figure 1). According to [15] the related rib area can be calculated with Equation (2).  

 

Figure 1: Related rib area [17] 

 ( )kR
R

S k

d a aF af
F d c c

π
π

⋅ + ⋅
= = ≈

⋅ ⋅
         (2) 

FR  projected area of one single rib 
Fs  shear surface between two ribs (lateral area) 
dk  core diameter of reinforcement bar 
a  height of rib 
c  clearance between two ribs 
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However, it should be mentioned that the bond-slip behavior depends mainly on the geometry 
of the ribs and not on the related rib area. This is because very different geometries could 
provide the same related rib area. 

3 ACCEPTANCE CRITERIA FOR REINFORCEMENT BARS 

With the RILEM Pull-Out Test and Beam Test, two tests for the qualification of reinforcement 
steel bars given. In the German codes only requirements for the rib geometry are given. 
According to [5] it is mandatory that cold-formed reinforcing bars have 3 rows of cross ribs. 
They have to be crescent-shaped and the angle between rib and bar axis should be in between 
40 and 70 degrees or between 35 and 75 degrees if the angles are alternating. The required 
dimensions of the ribs are given in Table 4 in [5]. For reinforcing bars with a diameter between 
ds=11mm and ds=40mm a 5%-quantile of fR=0.056 is given. Apart from that no criterions for 
the qualification with experiments are available. In the literature, criteria for the Beam Test [2] 
and only a proposal for the Pull-Out Test  [12] can be found. These criteria consider the bond 
stress at maximum load and at a slip value of s=0.01mm and s=0.1mm. Because both tests will 
come up with a different assessment and the criteria are not consistent, it is questionable 
whether they can be used for standardization.  

New criteria are proposed for the Beam End Test in [17]. These criteria must be fulfilled in the 
tests and represent the minimum bond strength values for reinforcing steel bars that will fulfill 
the requirements on the surface geometry and the related rib area. The values of two points on 
the bond-slip-curve are considered: The maximum bond stress τmax and the bond stress 
measured at a slip value of s=0,1mm τ0.1. If the measured bond stress in the test is higher than 
these values, the steel can be assumed to be qualified. Since the criteria are dependent on the 
nominal diameter, they can only be applied for steel bars with ds not greater than ds=25mm. 
The requirements for the bond stress according to [17] are given with the following equations: 

 max 11.33 0.17 sdτ ≥ − ⋅           (3) 

 max 11.57 0.28 sdτ ≥ − ⋅          (4) 

Whether these criteria are suitable for the standardization of reinforcement bars will be 
discussed with the test results given in the following section.  

4 EXPERIMENTAL PROCEDURES 

4.1 Test specimen 

The experiments in [17] show, that the Beam End Test has a lot of advantages in comparison 
to the Beam Test with respect to the manufacturing, testing procedure, reproducibility of test 
results and therefore also due to economic efficiency within a qualification process of 
reinforcing bars. To show that the Beam End Test can be used to qualify reinforcing steel bars 
and to develop the acceptance criteria, tests with different reinforcing bars were performed. To 
ensure that the results are comparable, all tests were carried out with the same Beam End Test 
specimen shown in Figure 2. 

The used specimen in [11] was modified compared to the test specimen in [17] in a way that it 
was possible to perform two tests in one specimen. Therefore, the specimen was designed 
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diagonally symmetric so the second test can be done just by turning the specimen around. 
Details on the test specimens can be found in [11], [17] and [18]. 

 

   

a) Test setup in [11]         b) Test setup in [17], [18] 
Figure 2: Test specimen for Beam End Test 

 

4.2 Reinforcement bars and test program 

The tests were carried out with diameter between ds = 10 mm and 50 mm. The aim of the 
performed tests was to check if the Beam End Test is able to separate between different qualities 
(in terms of rib geometry) of reinforcing steel bars. For that purpose, three types of different 
steel reinforcing bars were chosen with different shape of the ribs and with a different related 
rib area. In the context of this article, they are designated as B500B+P, B500A and Epstal. The 
technical data of the reinforcing bars as well as the details are given in Table 1. 
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Table 1: Evaluated tests - details 
Ref. Series n ds lb Steel fcc,150 fR Remark 
   mm mm  N/mm2 -  
[11] BE_stat_Bst1 7 14 140 B500B+P 26.98 0.036  

BE_stat_Bst2 7 14 140 B500A 34.89 0.073  
BE_stat_EP_Pr 7 14 140 Epstal 29.76 0.072 1) 
BE_stat_EP 7 14 140 Epstal 33.78 0.0715 2) 

[17] BEd10a 3 10 100 B500A 41.64 0.020 3) 
BEd10a n 3 10 100 B500A 30.00 0.072  
BEd10a 3 10 100 B500A 43.60 0.072  
BEd10a 3 10 100 B500A 49.00 0.090  
BEd10v 3 10 100 B500A 41.60 0.020 3) 
BEd10v 3 10 100 B500A 49.56 0.072  
BEd16a 3 16 160 B500A 54.00 0.020 3) 
BEd16a 3 16 160 B500A 56.06 0.082  
BEd16a 3 16 160 B500A 55.39 0.103  
BEd16r 3 16 160 B500A 56.07 0.082 4) 
BEd25a 3 25 250 B500A 49.00 0.020 3) 
BEd25a 3 25 250 B500A 52.53 0.078  
BEd25a 3 25 250 B500A 49.00 0.097  
BEd10a n 3 10 100 B500A 30.00 0.070  

[18] BEV1 4 40 200 B500A 36.50 0.064  
BEV2 2 40 200 B500A 70.30 0.064  
BEV3 2 40 200 B500A 116.4 0.064  
BEV4 4 10 50 B500A 34.00 0.052  
BEV5 3 20 100 B500A 35.70 0.056  
BEV6 2 50 250 B500A 35.90 0.067  
BEV7 2 40 200 B500A 37.30 0.064  
BEV8 2 40 200 B500A 40.80 0.064  
BEV13 2 40 200 B500A 35.40 0.079  

1) Imprint „Epstal“ within the bond length 
2) Imprint „Epstal“ outside the bond length 
3) fR realized by polishing the ribs 
4) debonded length: 10 ds  
 

5 DISCUSSION OF EXPERIMENTAL RESULTS 

5.1 Influence of concrete strength 

In general, concrete strength is assumed to have an influence on the bond strength that can be 
covered by a square root function. The analysis of the experimental results achieved in [11] and 
[17] shows that the test results indicate a power function with an exponent of roughly 0.5 for 
the maximum bond strength, if the influence of the ribbed area is not considered. However, 
there were a lot of tests performed with different concrete strengths, different fR-values and 
different diameters. Most authors concluded that the influence of the concrete strength is 
between 0.5 and 0.66. If only the tests given in [11] are evaluated the influence of the concrete 
strength is up to a power of 0.67. 
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a)                                b) 

Figure 2: Maximum bond stress τmax (a) and bond stress τ0.1 (b) as a function of concrete cube 
strength fcc,150 

 

In Figure 2, the maximum values τmax and values τ0.1 (bond stress at a slip of s=0,1mm) are 
plotted as a function of the concrete strength for each test.  

The black squares represent the maximum bond stress τmax (Fig. 2 a)) and τ0.1 (Fig. 2 b)). The 
grey marks are not considered because the related rib area was realized by polishing the ribs of 
a normal reinforcing bar to achieve a fR=0.02 and additional tests have been performed with a 
higher debonded pre-length (10 ds instead of 5 ds). The results of these tests are not consistent 
with the other results. All other related rib areas were between fR=0.07 to fR=0.10 beside the 
BST 500B(+P) with a fR = 0.036. 

Regarding the correlation between the results and the given trend lines, it is obvious that the 
inter-relationship with a square root function expressed by the exponent 0.5 does fit for τmax. 
The given trend lines also show a higher exponent up to 0.95 for τ0.1. If only the test series given 
in [11] are considered the correlation between concrete strength and bond stress according to 
[12] with the exponent of 0.66 ≈ 2/3 is verified. So, the results mainly depend on which results 
are considered and which diameter or related rib areas are looked on. Due to a lack of test results 
to figure out the influence of the concrete strength more precisely, the square root function with 
an exponent of 0.5 given in the Model Code 2010 is used for the normalization of the test 
results. However, the results performed show a clear indication that the concrete strength is 
underestimated especially for bond values below τmax. 

5.2 Influence of the bar diameter  

The influence of the diameter was investigated in [17] for a related rib area of roughly fR = 0.07. 
The results show that the maximum bond strength is decreasing with an increasing diameter. 
For the evaluation, only rebars with a rib area between 0.07 and 0.1 are used. The rebars with 
a rib area of 0.02 (polished) and 0.036 (steel wire) as well as one test series with longer 
debonded length are not considered. The results therefore show that the influence of the bar 
diameter can be normalized using a power function with a negative exponent (-0.15). 

This effect is well known and, in most cases, independent of the level of bond strength. This 
can also be seen in the tests given in [12] if the influence of the diameter is plotted for τmax and 
τ0.1. In Figure 3 the measured bond stress τmax and τ0.1 (normalized to a concrete strength of 
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fcc,150 = 25 N/mm²) are given as a function of the bar diameter. The influence is roughly the 
same for τmax and τ0.1.  

      

a)                                 b) 

Figure 3: Maximum bond stress τmax (a) and bond stress τ0.1 (b) as a function of the bar 
diameter ds 

 

The result on the influence of the diameter on τmax and τ0.1 is within the expected range of 
bonded rebar anchors or post installed rebar. In the following, all test results are normalized to 
a diameter ds = 14 mm. The tests with a rib area of fR = 0.02 and the tests performed with a 
higher debonded length are not evaluated.  

5.3 Influence of related rib area fR 

According to the given literature [12] and [15] the maximum bond strength increases if the 
related rib area is larger. According to [12] the bond slip behavior can be estimated as a square 
root function of the slip s, the concrete strength fc and the related rib area fR. In the basic 
formulation of [12] the bond strength is a linear function of the related rib area (Equation 5). 

 max 10 c
as f
c

τ  = ⋅ ⋅ ⋅ 
 

         (5) 

The maximum bond stress increases with higher values and decreases with lower values for fR. 
To limit the minimum bond stress, DIN 488 provides lower bound values for fR to ensure a 
minimum bond stress at a certain slip value and a minimum bond strength τmax.  

By definition, B500B+P is a reinforcement steel wire instead of a reinforcement steel bar. So it 
does fulfill this requirement and provides only a related rib area of fR=0.036. This can be seen 
in Figure 4a were the bond strength τmax of the tests is plotted as a function of the related rib 
area fR. Also the bond stresses at a slip of 0.1 mm (τ0.1) are plotted over the corresponding 
values for fR (Figure 4b)). The relation between related rib area and the measured bond stresses 
τmax and τ0.1 indicates that the bond stress depends linearly on fR.  

Since rebars with a related rib area fR=0.056 were not available for tests, the bond stresses can 
only be interpolated to come up with the bond stress values for the minimum allowable related 
rib area fR. Because fR=0.056 is the 5%-quantile given in DIN 488 for ds=14mm, the 
requirement must be converted to a bond criterion using the bond stresses (τslip and τmax) for a 
fR value of 0.056.  
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To find such a criterion, the tests results are normalized to a concrete strength of 25 N/mm² 
using a square root function. In addition, all the test results are normalized to a diameter of ds 
= 14 mm to show the influence of the related rib area without having other influencing 
parameters varied at the same time. The results are given in Figure 5a) (τmax) and Figure 5b) 
(τ0.1).  

The results shown as grey dots are the results of the tests on rebar with fR = 0.02 (realized by 
polishing a standard rebar) and the rebar tested with larger debonded length. These results are 
not considered for the evaluation. However, for the maximum bond strength the results of the 
rebar with fR = 0.02 fits well in the evaluated linear trend. For a bond stress at a slip of 0.1 mm 
(τ0.1) the values are much higher than expected. This is explained by the fact that the height of 
the ribs was reduced by polishing them and therefore besides the height the distance of the ribs 
was unchanged. For small slip values therefore, the stiffness could be much larger. In addition, 
it has to be considered that the rib geometry was undefined by realizing that the rib height is 
not identical over the entire bond length or diameter due to the mechanical preparation [17].  

    

a)                 b) 

Figure  4: Maximum bond stress τmax as a function of the related rib area fR normalized on a 
concrete strength of 25 N/mm2 and diameter of ds = 14mm 

 
From the test results it seems reasonable to assume a linear function between the bond stresses 
τSlip and the related rib area fR. The linear function therefore is used to come up with mean bond 
stress for a related ribbed area of 0.056 that is the minimum requirement according to DIN 488 
[5].  

6 ASSESSMENT CRITERIA FOR BEAM END TEST 

To derive a criterion for the BET (Beam End Test), the bond stresses at a slip value of 0.1mm 
and the maximum bond strength (τmax) are evaluated at a related rib area of fR = 0.056 using a 
linear interpolation. 
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Figure 5: Maximum bond stress τmax,25,d=14mm and as τ0.1, 25,d=14mm  as a function of the related 
rib area fR and the corresponding mean values for fR = 0.056, all tests given in [11] and [17] 
 

The results show that the mean value of the bond strength (τmax) in the bond tests with a BET 
shall be at least 8.9 N/mm² and at a slip value of 0.1 mm the bond stress (τ0.1) shall be at least 
5.8 N/mm².  

A criterion that is based on the mean level neglects the scatter of the tests results. This can be 
solved by providing a 5% fractile value that includes the mean value and the standard deviation 
(but depends on the number of test results) or by providing a maximum scatter that is allowed 
in the tests. To come up with reasonable values, the coefficient of variation (COV) of the tests 
results was evaluated for the reinforcement steel bar B500A.  

 

Figure 6: Evaluated coefficient of variation for different bond stresses at a define slip value 
(τs,25,d=14mm), only tests given in [11] with B500A 

 

The test results show a significant increase of the coefficient of variation (COV) for smaller 
slip values. The COV is less than 5% for the bond strength (τmax) and the bond stress at a slip 
of 0.5mm. For a slip value of 0.1mm and 0.05mm the COV is 10% and 20% respectively. For 
a small slip value of 0.01mm the scatter increases and is larger than 30%. If it is assumed that 
the concrete properties will mainly influence the scatter of the bond stresses, they should be in 
a range up to 15% to 20%. The results also show that the COV does not strongly depend on the 
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related rib area fR. A larger scatter should be avoided also because the partial safety factor γMp 
is related to the scatter of properties in this range. 

In the following, the criteria for the BET are derived to ensure the minimum requirements for 
reinforcing steel bars with respect to the initial stiffness and bond strength. The following 
equations are proposed to be used in the qualification tests using a BET as described before. 

 0,15
max 13 sdτ −≥ ⋅           (6) 

 max( ) 7,5%COV τ ≤  

 0,15
0,1 8,5 sdτ −≥ ⋅            (7) 

 0.1( ) 15%COV τ ≤  

In the following Table, the given tests results are compared with the proposed criteria.  

Table 2: Assessment of the performed test series using to the proposed criteria 
Ref. Series n ds Steel fcc,150 fR τmax COV 

(τmax) 

Crit A 
(τmax) 

Crit B 
(COV) 

τ0.1 COV 
(τ0.1) 

Crit C 
τ0.1 

Crit 
D 
COV 

Qualified 

   mm  N/mm2 - N/mm2 % N/mm2 % N/mm2 % N/mm2 %  
[11] BE_stat_Bst1 7 14 B500B 26.98 0.036 7.37 10.5 8.75 7.5 2.71 28.6 5.72 15 No 

BE_stat_Bst2 7 14 B500A 34.89 0.073 9.26 3.7 8.75 5.72 10.8 5.72  
BE_stat_EP_Pr 7 14 Epstal 29.76 0.072 9.77 7.9 8.75 7.38 21.9 5.72 No 
BE_stat_EP 7 14 Epstal 33.78 0.0715 9.60 5.1 8.75 7.85 12.0 5.72  

[17] BEd10a 3 10 B500A 41.64 0.020 9.04 8.4 9.20 8.52 7.8 6.02 No 
BEd10a n 3 10 B500A 30.00 0.072 11.17 5.2 9.20 9.42 3.8 6.02  
BEd10a 3 10 B500A 43.60 0.072 12.28 4.5 9.20 10.55 3.3 6.02  
BEd10a 3 10 B500A 49.00 0.090 12.15 3.2 9.20 10.86 3.7 6.02  
BEd10v 3 10 B500A 41.60 0.020 5.95 11.3 9.20 5.73 10.2 6.02 No 
BEd10v 3 10 B500A 49.56 0.072 10.06 3.5 9.20 7.86 14.6 6.02  
BEd16a 3 16 B500A 54.00 0.020 8.20 9.7 8.58 7.23 8.2 5.61 No 
BEd16a 3 16 B500A 56.06 0.082 9.46 3.6 8.58 8.47 4.6 5.61  
BEd16a 3 16 B500A 55.39 0.103 9.62 5.8 8.58 8.40 6.9 5.61  
BEd16r 3 16 B500A 56.07 0.082 7.29 6.2 8.58 6.44 11.4 5.61 No 1) 

BEd25a 3 25 B500A 49.00 0.020 6.72 11.6 8.02 6.26 12.7 5.24 No 
BEd25a 3 25 B500A 52.53 0.078 8.81 2.0 8.02 8.57 2.4 5.24  
BEd25a 3 25 B500A 49.00 0.097 8.77 4.9 8.02 8.72 5.4 5.24  
BEd10a n 3 10 B500A 30.00 0.070 11.17 5.2 9.20 9.44 3.8 6.02  

[18] BEV1 4 40 B500A 36.50 0.064 8.76 8.7 7.48 6.57 11.7 4.88 No 
BEV2 2 40 B500A 70.30 0.064 8.49 5.6 7.48 6.12 1.6 4.88  
BEV3 2 40 B500A 116.4 0.064 9.49 11.1 7.48 7.16 2.7 4.88 No 
BEV4 4 10 B500A 34.00 0.052 10.28 16.5 9.20 6.22 26.6 6.02 No 
BEV5 3 20 B500A 35.70 0.056 10.11 6.1 8.29 8.45 14.2 5.42  
BEV6 2 50 B500A 35.90 0.067 8.38 1.2 7.23 6.73 0.3 4.72  
BEV7 2 40 B500A 37.30 0.064 7.07 0.9 7.48 6.11 - 4.88 No 
BEV8 2 40 B500A 40.80 0.064 7.50 3.8 7.48 6.43 - 4.88  
BEV13 2 40 B500A 35.40 0.079 8.31 0.7 7.48 6.75 6.7 4.88  

1) debonded length: 10 ds 

 

The results show that out of 26 test series, 11 were not qualified according to the criteria laid 
for the BET. All test series with a related rib area fR smaller than 0.056 are identified and do 
not fulfil the bond stress criteria and/or the criteria for the maximum COV given in equation 6 
and 7. 

The reinforcing bars marked with an imprint are only qualified if the bar is tested with the 
imprint located outside of the bond length (see Table 2, series BE_stat_EP). If the imprint is 
located within the bond length (series BE_stat_EP_Pr), the scatter is larger than the provided 
criteria and therefore not qualified. In the test series, the COV-criterion is not fulfilled for τmax 
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and τ0.1. With test series BEV1 and BEV3, the COV-criterion for τmax is exceeded. Since all 
other criteria are clearly fulfilled, this might indicate that the number of tests (4 (BEV1) and 2 
(BEV4) should be increased. This is also the case for series BEV7, where the τmax-criterion is 
not fulfilled. 

The results show that the proposed criteria are suitable to assess the bond behaviour of 
reinforcing steel bars with respect to the bond behaviour as an alternative for the related rib area 
based on a Beam End Test. 

7 CONCLUSIONS 

To get more precise information about the bond slip behavior and the detailed knowledge of 
the Beam End Test there are still some parameters that should be investigated more in detail. 
In the common design formulae, the influence of the concrete compression strength is 
considered by a square root function . The tests show that this might not be completely realistic, 
especially for concrete strengths between 60 N/mm2 and 120 N/mm2. The influence of the 
related rib area fR turned out to be higher in the new tests than described in [17]. This should 
be further investigated for different bar diameters and a larger variety of related rib areas. 

The evaluation of newer tests showed that the criteria according to [17] have to be modified. 
Proposals for new criteria are given in this article. 

As a conclusion, the Beam End Test is considering the above-mentioned parameters, generally 
appropriate for testing static bond behavior of cast-in reinforcement bars. Moreover, the testing 
procedure relates to low effort and cost. The test specimen is relatively small and easy to handle. 
Furthermore, the test setup is well reproducible. Since this is important to ensure that the test is 
always conducted in the same way to get reproducible results the Beam End Test is generally 
suitable for the use in future standards. The assessment criteria given can easily be adopted for 
assessing the bond behavior of various reinforcing elements.  
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ABSTRACT 

Use of large bars is advantageous in construction of large structures, like nuclear power 
facilities, where reinforcement congestion is a common challenge. Nevertheless, ACI 318-19 
prohibits tension lap splices of bars with a diameter larger than 36 mm because of the limited 
test data available. The fib Model Code also limits the use of large bars, but it does provide 
crack control and confining reinforcement criteria if large bars are used.  

This paper reports results of eleven monotonic four-point bending tests of beams with lap 
splices near midspan (within the constant-moment, zero-shear region). The lap splices, which 
were all bottom-cast, failed without yielding of the lap-spliced bars. Seven beams had 43-mm 
longitudinal bars and four had 57-mm longitudinal bars. Other variables included the target bar 
stress at failure (420 or 690 MPa), concrete compressive strength (34 or 69 MPa), and amount 
of transverse reinforcement distributed along the lap splice. The concrete clear cover to the lap-
spliced bars was approximately 1.15 times the bar diameter. Recommendations are made for 
modifying development length equations to produce safe designs with large-diameter bars. A 
minimum amount of confining reinforcement and clear cover are recommended for lap splices 
of large bars. Lastly, unconfined lap splices longer than 50 times the bar diameter should not 
be permitted. This recommendation is based on the premise that lap splice and development 
lengths are equal, as in ACI 408R-03. 

1  INTRODUCTION 

The purpose of this study is to further the understanding of the behavior of large-diameter bar 
lap splices so that existing design provisions can be adapted for use with 43- and 57-mm bars. 
The authors are aware of six prior studies of lap splices with bars larger than 36 mm by Ferguson 
and Thompson [1], Ferguson and Krishnaswamy [2], Thompson et al. [3], Ichinose et al. [4], 
Hassan, Lucier, and Rizkalla [5], and Hegger et al. [6]. Of these, only Thompson et al. [3], 
Hassan, Lucier, and Rizkalla [5], and Hegger et al. [6] reported results from tests of bottom-
cast bars larger than 36 mm with lap splice lengths and other variables respresentative of 
modern practice.  

The authors are, therefore, aware of 17 tests of bottom-cast lap splices within a constant-
moment region of a beam using bars with diameters larger than 36 mm and lap splice lengths, 
ℓs, longer than 15 times the bar diameter, 𝑑 . Thompson et al. [3] reported tests of two 
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specimens with 43-mm bars and a lap splice length of 35𝑑 . Both specimens failed before 
reaching a bar stress of 420 MPa, so the results are not directly applicable to modern practice. 
Hassan et al. [5] tested eight beam-splice specimens that used 64-mm threaded bars and had 
ℓs/db from 52 to 94. The relative rib area of the threaded bars was reported as 0.16, which is 
much larger than the average value of 0.0727 reported in ACI 408R-03 for conventional 
reinforcing bars. Hegger et al. [6] reported tests of eight specimens with 40- and 50-mm bars 
in normal-strength concrete. Results from these three studies are therefore relevant, but more 
data are needed to develop design provisions for large-bar lap splices.  

Evidence of a size effect has been observed in bond tests performed with large diameter bars. 
Ichinose et al. [4] investigated size effect on bond strength using both pullout and lap splice 
tests with short lap-splice lengths of 12.6𝑑 . They observed that less concrete cover and lack 
of transverse reinforcement results in a larger bar size-effect, and that “bond strength is 
proportional to about -0.2 to -0.3 power of bar diameter”. The fib Model Code (2010 [7]) 
appears to reflect these findings, as the basic bond strength equation includes a -0.3 power on 
bar diameter in the 𝜂  factor for bars with diameters greater than 25 mm.  

This paper reports additional tests of specimens with large-diameter bars and materials 
representative of modern practice. The paper also reports analyses of an existing database that 
demonstrate the size effect identified by Ichinose et al. [4] is evident across a wide range of bar 
sizes and must be accounted for in design of large-bar lap splices. The analyses indicate that 
the fib Model Code lap splice length equation is conservative for large bars whereas the ACI 
408R-03 [8] design equation requires modification. Separate analyses, reported by Rulon et al. 
[9], show that the ACI 318-19 [10] design provisions also must not be used for large bars 
without modification. 

2 EXPERIMENTAL PROGRAM 

2.1 Specimens 

Eleven large-scale beam lap splice specimens with lap splices at midspan were tested in four-
point bending under monotonically increasing force until failure. Elevation and section views 
of the specimens are shown in Figure 1 and 2 (see Rulon et al. [9] for specimen-specific figures). 
Specimen properties are listed in Table 1. 

The specimens were designed to obtain a lap splice failure of the longitudinal bars at midspan. 
Beam cross-sectional dimensions (Table 1) were selected to avoid flexural compression damage 
prior to lap splice failure. All specimens had either 43- or 57-mm lap spliced bars. The support 
span length (Figure 1) was not less than the lap splice length plus two times the overall beam 
depth, h. This allowed lap splice behavior to be observed without localized effects from 
supports.  

Lap splice lengths, ℓs, were selected to obtain a nominal bar stress of either 420 or 690 MPa to 
represent the range of bar stresses used in practice. Other variables included concrete 
compressive strength, cover, spacing, and amount of confinement. Concrete clear cover (c in 
Figure 2) was 50 mm for the 43-mm bars and 65 mm for the 57-mm bars. These cover values 
resulted in (cover to bar center)/db  1.65 and (clear cover to bar)/db  1.15. Conventional U-
shaped hooked 13-mm Grade 420 stirrups were used for transverse reinforcement within the 
lap splice and shear regions. 
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Figure 1: Elevation view of test specimen 

 

  

Figure 2: Cross sections within the lap splice region 

 

Table 1: Specimen properties a 

ID 
db 

mm 
h 

mm 
d 

mm 
b 

mm 
ℓs/db 

fs b 
MPa 

f’c 
MPa 

c c 
mm 

𝐴  
mm2 

S1 
mm 

S2 
mm 

14-a 

43 810 740 460 

36 

420 
34 

50 

0 - 
210 14-b 24 

260 
170 

14-c 18 80 
14-d 28 

69 
0 - 

340 
14-e 14 260 120 
14-f 72 

690 34 
0 - 

120 
14-g 36 260 80 
18-a 

57 910 820 610 

36 

420 
34 

65 260 

200 
170 

18-b 28 100 
18-c 24 

69 
200 

240 
18-d 18 100 
a db = bar diameter, h = overall beam depth, d = effective depth, b = beam width, ℓs = lap 
splice length, f’c = target concrete compressive strength, c = clear cover to longitudinal bar, 
𝐴  = total cross-sectional area of legs crossing the horizontal splitting plane within S1, S1 = 
stirrup spacing within splice, S2 = stirrup spacing within shear region. 
b Target bar stress at which lap splice failure was nominally expected. Bar yield stresses were 
always greater than fs. 
c Equals 1.18db and 1.11db for specimens with 43- and 57-mm bars. The clear side cover and 
clear bottom cover equaled c and clear spacing between lapped bars within the splice was 
nominally 4c. 
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2.2 Materials 

Steel reinforcement consisted of Grade 420 13-mm diameter transverse bars and either Grade 
550 or 830 longitudinal bars. The specimens failed while the bars were still linear elastic, except 
for 14-g, which exhibited bar stresses larger that the proportional limit of the Grade 830 bars 
(but still less than the yield stress determined with the 0.2% offset method). More complete 
reinforcement properties are given by Rulon et al. [9]. 

Concrete was obtained from a local ready-mix plant and placed so that the first and last concrete 
from the truck were located near the beam ends away from the lap splice. Concrete compressive 
strengths obtained from tests of 150 by 300 mm cylinders are in Table 2. Rulon et al. [9] present 
more details, including mixture proportions and plastic concrete properties. 

2.3 Test Setup and Instrumentation 

Specimens were cast with the lap splice at the bottom of the formwork and then rotated 180 
degrees about their longitudinal axis and tested in the position shown in Figure 1. Hydraulic 
jacks applied downward force near the beam ends (“P” in Figure 1), producing a nearly 
constant-moment condition at the lap splice location. Beam supports consisted of a roller and a 
pin. Load was applied slowly and paused periodically to mark cracks. 

Force applied to the beam was measured with load cells. Longitudinal bar strains were 
measured with 120-ohm strain gauges placed on each bar approximately 50 mm from the end 
of the lap splice (outside the splice). Specimens 18-c and 18-d also had strain gauges on the 
transverse reinforcement within the lap splice. Vertical beam displacements were measured 
using three potentiometers. One potentiometer was located below the beam at midspan while 
the other two were under the loading points near the beam ends. Beam deflection was taken as 
the difference between the midspan (upward) displacement and the average of the (downward) 
displacements measured under the loading points. An optical tracking system was used during 
the tests of 18-c and 18-d that allowed for measurement in three-dimensional space of the 
positions of multiple markers fixed to the surface of the specimens.  

3 EXPERIMENTAL RESULTS 

3.1 Overall Response and Observed Cracking 

The applied load versus midspan deflection results had similar characteristics in all tests. 
Sample plots are shown in Figure 3. The applied load shown is the force applied to the beam 
neglecting specimen self-weight and test frame weight, and the deflection is the vertical 
displacement of midspan minus the average vertical displacement at the supports.  

The response is linear-elastic until cracking, followed by a region where load and deflection are 
approximately linearly related. Load step pauses are visible as drops in both load and deflection. 
In specimens with no confinement (Figure 4, left), lap splice failure occurred suddenly and with 
no apparent reduction in stiffness prior to failure. Specimens with confinement exhibited some 
minor softening prior to lap splice failure (Figure 3, right) that was not a result of reinforcement 
yielding. This softening is attributed to bar slip within one of the lap splices prior to lap splice 
failure.  
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Figure 3: Load-deflection: 14-a (left) and 18-a (right) (1 kip = 4.45 kN, 1 in. = 25.4 mm) 

 

During testing, cracks were first observed near the ends of the lap splice. As these cracks 
widened, additional flexural-tension cracks oriented perpendicular to the beam axis developed 
within and outside the lap splice. Splitting cracks were also observed on the tension face parallel 
to the longitudinal reinforcement. Specimens ultimately failed by splitting and spalling along 
the lap splice before yielding of the bars. Specimens with unconfined lap splices failed 
explosively whereas specimens with confined lap splices failed more gradually (Figure 4). 

   

Figure 4: Specimens after failure: unconfined 14-d (left) and confined 14-g (right) 

 

3.2 Bar Stress Calculations 

The stress at failure in the lap-spliced bars was estimated for each specimen (Table 2). These 
bar stresses are based on the beam moment at the center of the lap splice (midspan), which was 
calculated based on the applied loads, test frame weight, and specimen self-weight. The stress 
in the longitudinal bars was estimated from the moment using a moment-curvature analysis 
considering a singly-reinforced beam and realistic constitutive models for the concrete and steel 
(Rulon et al. [9]].  

Table 2 also shows bar stresses calculated based on ACI 408R-03 [8] (Eq. (1)) and the fib Model 
Code [7] (Eqs. (2) to (4)). To facilitate comparisons against measured bar stresses, Equations 
(1) and (2) are shown after solving for bar stress, with lap splice length, ℓ , and measured 
concrete compressive strength, 𝑓 , as inputs. Variables in the original equations set equal to 1 
are omitted from Eqs. (1) to (4). In these equations strength reduction factors = 1 (i.e. 𝜙 = 1 and 
𝛾  = 𝛾 = 1), so test/calculated stresses should, on average, be near 1.0.  

546



   
 

𝑓 1.83
ℓ
𝑚𝑖𝑛 , , 4 57.4𝜔 𝑓 /   (MPa)          (1) 

𝑓
ℓ                (MPa)          (2) 

𝑓
.

max 20 𝐾 , , 0 𝑓 , min 2.5𝑓 , , 1.5 𝑓    (3) 

𝑓 , 1.75𝜂 𝜂
 

.
                     (4) 

Where, 𝑐 𝑐𝑚𝑖𝑛 𝑑𝑏/2; 𝜔 0.1 𝑐 𝑐⁄ 0.9 1.25; 𝐾 ,

6.26 9.6𝑅 0.28 0.03𝑑 0.22 𝐴 𝑓 𝑠𝑛⁄ ; 𝑠  spacing of stirrups; 𝑛  number of bars 
being lap spliced; 𝑅  relative rib area; 𝑐 𝑐;  𝑐 2𝑐; 𝐾 , 𝐴 𝑛𝑠𝑑⁄ 0.05; 
𝛼  0.5 for 𝑑 25 mm and 1 for 𝑑 50 mm and interpolated in between; 𝜂
1 for 𝑑 25 mm and 25 mm 𝑑⁄ .   otherwise; and 𝜂  a series of constants depending 
on bar grade, taken herein as 171𝑓 .  in MPa. 

Table 2: Bar stresses at failure 

ID 

Concrete 
Compressive 
Strength fcm a 

MPa 

Beam Moment 
at Lap-Splice 

Center 
kNꞏm 

fs b 
Bar Stress 
at Failure 

MPa 

Calculated Bar Stress c 
ACI 408 
Eq. (1) 
MPa 

Test/
Calc. 

fib 
Eqs. (2) to (4) 

MPa 

Test/
Calc. 

14-a 41.5 728 371 434 0.85 401 0.92 d 
14-b 41.3 742 379 450 0.84 325 1.17 
14-c 40.8 809 415 456 0.91 318 1.31 
14-d 66.3 708 359 404 0.89 398 0.90 d 
14-e 75.3 728 368 445 0.83 304 1.21 
14-f 38.2 978 505 706 0.71 573 0.88 d 
14-g 34.5 1442 754 771 0.98 443 1.70 
18-a 39.1 1756 462 529 0.87 370 1.25 
18-b 37.3 1733 459 536 0.86 325 1.41 
18-c 67.1 1648 423 495 0.86 344 1.23 
18-d 70.3 1687 434 513 0.85 304 1.43 

 
Mean: 0.86 Mean: 1.22 
CV e: 0.07 CV e: 0.20 

a Obtained from tests of 150 by 300 mm cylinders 
b Obtained from beam moment at lap splice failure using moment-curvature analysis 
c Minimum lap splice length requirements are neglected 
d No transverse reinforcement within the lap splice, violating fib Model Code (2013) Section 
6.1.3.1 

e CV = Coefficient of variation 
 

Table 2 shows ratios of test to calculated (T/C) bar stresses. Equation (1), based on ACI 408R-
03 [8], provided the best fit of the data in terms of scatter, with a coefficient of variation (CV) 
of 0.07 compared with 0.20 for Eqs. (2) to (4) (based on fib Model Code [7]).  

With strength reduction factors set to 1.0, it was expected that mean T/C values in Table 2 
would be near 1.0. Nevertheless, values based on the fib Model Code [7] equations were greater 
than 1.0 for all specimens with transverse reinforcement (mean of 1.34) and less than 1.0 for 
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specimens without transverse reinforcement (mean of 0.90). The T/C values for ACI 408R-03 
[8] were all less than 1.0, with an overall mean of 0.86 (0.88 for specimens with transverse 
reinforcement and 0.82 for specimens without), indicating that closer study is needed to 
determine whether the ACI 408R-03 equation is applicable to large bars without modification.  

Table 2 shows that 14-f, which had the only lap splice longer than 50𝑑  in this study, had a very 
low T/C value relative to ACI 408R-03 [8]. As will be discussed later, long unconfined lap 
splices are potentially problematic. Table 2 also shows that 14-a, 14-d, and 14-f had low T/C 
values relative to the fib Model Code [7] equations. These were the lap splices with no 
transverse reinforcement, and thus they did not comply with the minimum area of transverse 
reinforcement required in fib Model Code Section 6.1.3.1. If results from 14-a, 14-d, and 14-f 
are neglected, Eqs. (2) to (4) had a mean T/C of 1.34 with a CV of 0.12.  It therefore appears 
the Model Code provisions are acceptable for use for design of large-bar lap splices with 
transverse reinforcement. 

4 DISCUSSION 

4.1 Effects of Bar Size 

The ACI 408 Database [11] was used to examine whether Eq. (1), which had a mean T/C of 
0.86 for the current tests (Table 2), adequately accounts for bar size. Results used for these 
comparisons were from specimens with and without transverse reinforcement, bottom-cast bars 
with ℓ  300 mm, ℓ 16𝑑 , and, for cases of unconfined lap splices, ℓ 50𝑑  (see 4.3).  

Figure 5 shows the bar stress at failure from tests versus bar stress calculated with Eq. (1) for 
specimens from the ACI 408 Database [11] and this study (circles and triangles, respectively). 
The dotted line represents T/C = 1.0. Equation (1) provides an accurate estimation of bond 
strength, with a mean T/C of 1.02 and a CV of 0.12, for the specimens from the ACI 408 
Database [11]. Conversely, the nine tests from this study in Figure 5 had a mean T/C of 0.88. 
This mean (0.88) is more than one standard deviation (0.12) away from the mean T/C for the 
entire database (1.02). These differences are statistically significant based on a two-sample 
Student’s t-test assuming equal variances, with p less than 0.001, where p values less than 0.05 
are taken as evidence of statistical significance. Further study showed that the low T/C values 
were not correlated with 𝑓 , 𝑓 , ℓ 𝑑⁄ , or 𝑐𝜔 𝐾 , 𝑑⁄  (Rulon et al. [9]). 

 

Figure 5: Test versus calculated bar stress for Eq. (1) (1 ksi = 6.895 MPa) 

548



   
 

Table 3 shows the results plotted in Figure 5 sorted into eight groups based on bar diameter and 
presence of transverse reinforcement within the lap splice. A mean, minimum, and maximum 
T/C is reported for each bar size group, along with the percent of test results with T/C < 1.0. 
Approximately half of the specimens should have T/C below 1.0 since Eq. (1) has a strength 
reduction factor of 1.0.  

Table 3: Test to calculated bar stress at failure based on Eq. (1) (ACI 408R-03 [8]) 

 Bar Diameter Count a Mean T/C <1.0  Min. Max. 

U
nc

on
fi

ne
d < 22 mm 25 1.06 32% 0.92 1.24 

22 to 32 mm 75 1.01 49% 0.74 1.27 
36 mm 60 0.97 67% 0.69 1.28 

> 36 mm 4 0.89 100% 0.85 0.93 

C
on

fi
ne

d 

< 22 mm 41 1.11 12% 0.83 1.45 
22 to 32 mm 174 1.03 47% 0.78 1.48 

36 mm 74 0.97 62% 0.73 1.16 
> 36 mm 14 0.92 79% 0.79 1.19 

a 467 specimens from the ACI 408 Database [11] and this study that were bottom-cast and 
had ℓ 300 mm, ℓ 16𝑑 , and, for specimens without stirrups, ℓ 50𝑑  

 

Table 3 shows a clear trend associated with bar diameter across all bar size groups, indicating 
that Eq. (1) does not adequately account for bar diameter. The mean T/C decreases as the bar 
diameter increases for both unconfined and confined specimens. Likewise, the percentage of 
tests with T/C less than 1.0 increases with bar diameter.  

4.2 Accounting for Effects of Bar Size in Design 

Section 4.1 shows that Eq. (1) becomes less conservative as bar diameter increases. This finding 
supports prior observations of a possible size effect in bond (Thompson et al. [3], Ichinose et 
al. [4], and Hegger et al. [6]). Two ways of modifying Eq. (1), shown as Eq. (5) after solving 
for ℓ , to better account for bar diameter are described in this section: (1) a bar size factor, 𝜓 , 
in the numerator (Eqs. (6) and (7)) or (2) an exponent of 1.35 on bar diameter (Eq. (8)). A note 
of caution is warranted for Eq. (7) since there are no tests in the database with 32 mm bars; it 
is proposed to set 𝜓  1.0 for 32 mm bars, although 1.15 would also be appropriate.  

ℓ
/ .

.
𝑐408 ,

𝑑            (MPa)          (5) 

ℓ
/ .

.
𝑐408 ,

𝑑            (MPa)          (6) 

      (MPa)          (7) 

ℓ
/ .

.
𝑐408 ,

𝑑 .           (MPa)          (8) 

𝜓𝑠
1.0 for 32 mm and smaller bars

1.15 for 36 mm bars
1.25 for 43 mm and larger bars 
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Table 4 shows the same T/C statistics as Table 3 but for Eqs. (6) to (8). Table 4 shows that both 
proposed modifications produce mean T/C that are not correlated with bar diameters. Also, the 
percent of specimens with T/C below 1.0 are no longer correlated with bar diameter in Table 4. 
These modifications, therefore, cause the level of conservatism to be independent of bar size.  

Table 4: Test to calculated bar stress at failure with proposed modifications 

 Bar Diameter Count Eqs. (6) and (7) Eq. (8) 
Mean T/C < 1.0 Min. Max. Mean T/C < 1.0 Min. Max. 

U
nc

on
fi

ne
d < 22 mm 25 1.06 32% 0.92 1.24 0.99 60% 0.81 1.17 

22 to 32 mm 75 1.01 49% 0.74 1.27 1.01 49% 0.74 1.27 
36 mm 60 1.05 30% 0.75 1.39 1.03 37% 0.74 1.36 

> 36 mm 4 1.08 25% 0.95 1.38 0.98 75% 0.94 1.03 

C
on

fi
ne

d 

< 22 mm 41 1.11 12% 0.83 1.45 1.04 32% 0.78 1.37 
22 to 32 mm 174 1.03 47% 0.78 1.48 1.03 49% 0.78 1.48 

36 mm 74 1.07 24% 0.80 1.28 1.04 31% 0.78 1.25 
> 36 mm 14 1.08 36% 0.95 1.38 1.04 50% 0.88 1.30 

 

Figure 6 shows results from the same tests used in Table 4 plotted as measured stress versus 
calculated stress for Eqs. (6) and (7) (left) and Eq. (8) (right). The data are separated into groups 
of specimens with bars smaller than 36 mm and specimens with larger bars. Figure 6 shows 
considerable overlap between the groups of specimens with smaller and larger bars for either 
method of modifying Eq. (5). For the proposed bar size factor (Eqs. (6) and (7)), the slope of 
the trendline for specimens with bars smaller than 36 mm is 1.04 and the slope for specimens 
with larger bars is 1.05. The proposed exponent on bar diameter in Eq. (8) has a similar effect, 
with the slope for specimens with bars smaller than 36 mm equal to 1.02 and the slope for 
specimens with larger bars equal to 1.03. Use of either proposed method for modifying Eq. (5) 
therefore causes the ACI 408R-03 equation to be similarly conservative for all bar sizes.  

 

Figure 6: Test versus calculated bar stress by bar diameter group for Eqs. (6) and (7) (left) 
and Eq. (8) (right) (1 ksi = 6.895 MPa) 

 

Note that the exponent in Eq. (8) of 1.35, which is obtained by multiplying Eq. (5) by 𝑑 . , is 
similar to the effect that 𝜂  has on the fib Model Code development length equation. The 
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variable 𝜂 , defined as 1 for 𝑑 25 mm and 25 mm 𝑑⁄ .   otherwise, is in the 
denominator when Eq. (2) is solved for ℓ . In effect, the fib Model Code equation for 
development length is proportional to 𝑑 .  when 𝑑  25 mm.  

4.3 Long Unconfined Lap Splices 

The low T/C bar stress ratio for 14-f in Table 2 is an outlier from the other data in this study. 
Specimen 14-f had ℓs/db = 72 and had a bar stress of 505 MPa at failure, corresponding to T/C 
of 0.71 when compared with Eq. (1). For comparison, 14-g with ℓs/db = 36 and transverse 
reinforcement had a bar stress at failure of 754 MPa and T/C of 0.98 when compared with Eq. 
(1). To understand whether the 14-f result was an anomaly or evidence of a problem with long 
and unconfined lap splices, the literature was reviewed to identify other tests of long and 
unconfined lap splices. The fib Model Code equations are not discussed in this section because 
the fib Model Code prohibits unconfined lap splices for large bars (𝑑  25 mm).  

Seliem et al. [12], Richter [13], and Frosch, Fleet, and Glucksman [14] all report results from 
tests with unconfined lap splices longer than 60db that failed at bar stresses that were less than 
expected based on Eq. (1). Furthermore, the T/C tends to decrease as ℓs/db increases. One 
interpretation is that a limit, perhaps 60db, exists beyond which increasing the length of 
unconfined lap splices does not produce an increase in bar stress at failure. Specimens U-80-5, 
U-100-5, and U-120-5 from Frosch, Fleet, and Glucksman [14] illustrate this. These specimens, 
which had 16 mm-diameter bars, the same concrete, and lap splice lengths of 80, 100, and 120 
times the bar diameter, exhibited bar stresses at failure of 705, 715, and 714 MPa. A length of 
ℓs/db = 80 may be beyond the limit at which increases in unconfined lap splice length can be 
expected to provide increases in strength.  

The authors recommend prohibiting use of unconfined lap splices longer than 50db. This limit 
is selected instead of 60db because (1) there are few data available with lap splices longer than 
50db, and (2) the 11 test results in the ACI 408 Database [11] that had unconfined bars with a 
lap splice length between 50 and 60db had a mean T/C of 0.90 based on Eq. (1). The mean T/C 
for specimens in the ACI 408 Database [11] with bottom-cast unconfined lap splices with lap 
splice lengths ≤ 50db is 1.01. 

5 CONCLUSION 

Eleven large-scale beam specimens were tested to measure the strength of lap-spliced 43- and 
57-mm bars. Specimens had a clear cover to the lap-spliced bars of approximately 1.15 times 
the longitudinal bar diameter, varied amounts of transverse reinforcement, nominal concrete 
compressive strengths of 35 or 69 MPa, and target bar stresses at splice failure of 420 or 690 
MPa for the 43-mm bars and 420 MPa for the 57-mm bars. The results justify the following 
conclusions: 

1. Lap splices of 43-mm bars can develop bar stresses up to 690 MPa and lap splices of 
57-mm bars can develop bar stresses of at least 420 MPa. These limits reflect the scope 
of the text matrix, as there was no indication that higher bar stresses cannot be attained.  

2. The ACI 408R-03 equation (Eq. (1)) for lap splice length (with 𝜙 = 1.0) becomes less 
conservative as bar size increases, and these differences are statistically significant. The 
mean test/calculated value of 0.86 with Eq. (1) for the tests reported herein is 
considerably less than the mean test/calculated value of 1.02 obtained with Eq. (1) for 
the ACI 408 Database [11]. Bar size effects were also observed within the ACI 408 
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Database [11] when comparisons were made between groups of specimens with 19 mm 
and smaller bars, 22 to 32 mm bars, 36 mm bars, and bars larger than 36 mm. This trend 
is evident for both unconfined and confined specimens, although it is more pronounced 
for unconfined specimens. 

3. The fib Model Code equation (Eq. (2)) for lap-splice length (with 𝛾  = 𝛾  = 1.0) 
produced mean test/calculated values near 1.3 for specimens in this study with 
transverse reinforcement, implying that it more accurately accounts for bar diameter 
than Eq. (1). The fib Model Code prohibits large-bar-lap splices without transverse 
reinforcement, so those specimens are omitted in this comparison. 

4. Two alternatives are proposed for modifying ACI 408R-03 development length 
equations to obtain similar ratios of test-to-calculated bar stress across all bar sizes. 

a. Bar size factor in numerator of development length equation: Adding a 1.15 
factor for 36 mm bars and a 1.25 factor for bars larger than 36 mm to the 
numerator of Eq. (5) produces similar mean test/calculated values across bar 
sizes. This also causes the percent of specimens with test/calculated values 
below 1.0 to no longer be correlated with bar size. 

b. Exponent on bar diameter: Multiplying Eq. (5) by 𝑑 .  results in similar ratios 
of test-to-calculated bar stress across all bar sizes. This recommendation is 
similar to the 𝜂  factor in the fib Model Code equations.  

5. Transverse reinforcement should be required throughout lap splices of 43- and 57-mm 
bars, regardless of bar stress (as recommended by Ferguson and Krishnaswamy [2]).  

6. A minimum clear cover of one bar diameter and a minimum clear spacing of two bar 
diameters is recommended for all lap splices. There is insufficient evidence that lap 
splices of 43- and 57-mm bars are functional with less cover.  

7. The authors recommend prohibiting unconfined lap splices longer than 50db. This 
recommendation is based on the premise that lap splice and development lengths are 
equal, as in ACI 408R-03 [8].  
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ABSTRACT 

The use of shotcrete has considerably increased in the past few years and is nowadays used to 
build full-depth structural concrete elements such as shear walls, columns, thin shells and tunnel 
linings. However, concerns regarding the encapsulation quality of the reinforcing bars have 
been raised by structural engineers as imperfections could be specifically created behind 
reinforcing bars if the concrete is incorrectly sprayed. Essentially, very little research has been 
completed on the subject and the current reinforcing bar encapsulation acceptance guidelines 
rely completely on empirical evidence. This paper presents the results of a doctoral study 
aiming to increase the scientific understanding of the bar bond stress reduction caused by the 
presence of such imperfections and quantitatively account for this phenomenon in the current 
North American inspection and design codes for shotcrete structures. For this purpose, 
modification factors for the development length equation of reinforcing bars in tension have 
been proposed based on results obtained from cast in-place “beam-end” specimens with 
artificial voids and a Finite Element (FE) model of the specimen. The main parameters studied 
include the load at failure and the failure mode of the specimens which were found to be 
influenced by the percentage of the bars’ un-bonded perimeter, the void length over the bar and 
the concrete cover. An analytical phase, based on possibility theory, served to compute and 
propose the modification factors. The selection of modification factors for shotcrete depends 
on the un-bonded perimeter, the voids’ length and the bond failure risk vis-à-vis a building’s 
level of importance which ultimately relates to an equal bond performance probability of a bar 
in contact with a void in comparison to a perfectly encapsulated bar.  

1  INTRODUCTION 

The use of sprayed concrete has become a viable and practical alternative in comparison with 
cast in-place (CIP) concrete to build complete reinforced concrete elements. Indeed, improved 
mixtures developed over the past few years have considerably helped to reduce the amount of 
rebound whilst increasing the possible buildup thickness of shotcrete [1]. In addition, the 
equipment has also evolved considerably allowing the optimization of the entire spraying 
procedure. However, imperfections such as voids or entrapped aggregates could be created 
behind the reinforcement if, among others, the experience of nozzle operators is not adequate, 
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if the elements present heavily congested zones of reinforcement, or if the job site conditions 
make it difficult to spray the concrete. In wet-mix shotcrete, imperfections are mainly created 
if the dosage of set-accelerating admixtures is excessive whereas in dry-mix shotcrete they are 
mainly created by the inadequate experience of nozzlemen (refer to Fig. 1a and 1b).  

 

Figure 1: (a) correct and (b) incorrect shotcrete placement method resulting in voids behind 
reinforcing bars 

 

Unfortunately, the issue has not been properly addressed and reliable guidelines for the design 
and the evaluation of shotcrete structures whenever imperfections at the bar-concrete interface 
are expected have not been established. In the past, the first official attempt came with the 
introduction of the core-grading system in the American Concrete Institute’s (ACI) document 
“506.2-95: Specification for shotcrete” [2] in which the imperfections behind reinforcing bars 
were visually graded from 1 (perfect encapsulation) to 5 (poorest encapsulation). Nonetheless, 
despite the effort, the reliability of the core-grading system was widely questioned [3] and it 
has even led some engineers to make unsupported design decisions [4]. Consequently, the core-
grading system was removed in the 2013 version of the document (ACI 506.2-13) and was 
recently replaced (up to a certain level) by the ACI’s technical note “506.6T-17 Visual shotcrete 
core quality evaluation technote” [5] in which the size of the imperfections is rather reported as 
a percentage of the bars’ perimeter. Still, the adopted percentage limits in the “506.6T-17” 
technote defining different qualities of encapsulation (from “very good” to “poor”) were 
established based on experience and not on the actual bond strength performance of reinforcing 
bars with varying encapsulation qualities. 

In that regard, an alternative (and perhaps a more advantageous way to deal with possible 
imperfections behind reinforcing bars for shotcrete design and inspection purposes) is to use 
modification factors for the development length (ℓd) equation of reinforcing bars in tension, as 
expressed by Eq. 1a and 1b (in SI units) according to the ACI 318M-19 design code [6]. The 
modification factors are intended to be used based on the expected inadequately encased 
perimeter of the bars, i.e. the un-bonded perimeter (u.p.) and the building’s importance level as 
defined by the American Society of Civil Engineers (ASCE) [7]. Making use of the 
modification factors during the design phase of shotcrete structures would allow the evaluation 
of cores taken from pre-construction panels1 (or even actual structures if needed) to be less 

                                                 
1Pre-construction panels are replicas of actual members of the structure that are sprayed, cored and evaluated in 
complex projects to verify if the mixture, equipment, and the crew can guarantee the quality of shotcrete. 

(a) (b) 
  

Direction of 
shotcrete 

  

2 

1 

3 
Adapted from Crom, T. R., 1981 
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severe as actions to counteract the possible bar stress loss due to the presence of imperfections 
behind reinforcing bars would have been already considered in the calculations.  

ℓd =  1
1.1

fy
λ�f c

,
ψtψeψsψg

�cb+ Ktr
db

�
db         (1a) 

Ktr= 40Atr
sn

                             (1b) 

Eq. 1a incorporates modification factors (ψt, ψe, ψs and ψg) which were added over the years by 
ACI Committee 318 to the original equation proposed by Orangun et al. [8]. The “top-bar” 
factor (ψt) [9-11] accounts for the adverse effect of bleeding water on bond, the “bar coating” 
factor (ψe) [12, 13] accounts for the adverse effect of epoxy or zinc bar coatings on bond, the 
“bar size” factor (ψs) [6] acknowledges the more favorable bond performance of small size bars 
in comparison to larger bars and lastly, the “reinforcement grade” factor (ψg) accounts for the 
effect of reinforcing yield strength on the required development length. Historically, such 
modification factors have been determined by computing bond performance ratios between 
“control” bond specimens (“beam-end”, “beam-splice”, “development length” or other types of 
specimens) and those incorporating the variable under study. The load at failure, the slip at 
failure or the loads at a given slip value have been used in the past to compute such ratios. 
However, since the adverse effect of inadequately encased bars on bond (as it may occur in 
shotcrete) is not explicitly accounted in Eq. 1a, a comprehensive doctoral investigation [14] 
(including 5 peer reviewed articles) was undertaken to overcome the shortcoming of the current 
design and evaluation procedures. Thus, the aim of this paper is to present the methodology of 
such investigation that led to the proposal of a set of modification factors for the ℓd equation 
whenever imperfections are expected behind bars whenever sprayed concrete is used. 

2 GLOBAL METHODOLOGY 

The methodology of the investigation included an experimental, an analytical, and a Finite 
Element (FE) modeling phase. During the experimental phase, “pull-out” specimens (built with 
shotcrete and cast in-place concrete -CIP-) and “beam-end” specimens (built only with CIP 
concrete) were tested. The “pull-out” specimens were only used for variable screening purposes 
and to depict tendencies (especially with regard of the un-bonded perimeter threshold beyond 
which the load was considerably reduced in comparison with perfectly encapsulated bars). In 
contrast, the “beam-end” specimen was used for the actual proposal of modification factors 
since their stress field is representative of most reinforced concrete members in flexure (both 
the bar and the concrete around it are placed in tension) [15]. For this reason, the current paper 
will focus only on the “beam-end” specimen results obtained experimentally and with the FE 
model as well as the analytical phase of the investigation. The “beam-end” specimens were not 
built using shotcrete because an early attempt showed that imperfections, created in other 
locations away from the test reinforcing bar, made it difficult to test the specimen. The solution 
was to use silicone inserts encased with a CIP shotcrete mixture to recreate actual shotcrete 
voids. The main advantage of using artificial voids was that they allowed to obtain bar stress 
values with the use of known and controlled variables. Then, to account for the inherent size 
variability of shotcrete voids along the reinforcement, principles of possibility theory were 
applied to ultimately compute bar stress ratios (similar to those used to establish the current 
modification factors for ℓd) and link them to the building’s level of importance established by 
the ASCE [7]. The FE model, of the “beam-end” specimen served to confirm the experimental 
results, study additional variables and establish reasonable limits for the use of the proposed 
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modification factors based on the load-slip behaviour of the specimens as well as their suspected 
change in failure mode, i.e. from splitting to pull-out.  

3 EXPERIMENTAL METHODS 

3.1 Bond specimens 

The “beam-end” specimens, as shown in Fig. 2a and 2b were built in accordance with the 
ASTM A944-10 standard [16] and consisted of 210 x 600 x 450 mm prisms with a test bar 
passing through a small PVC sleeve at the loaded end and through a larger sleeve at the un-
loaded end. The sleeves serve to control the bonded length of the test bar whilst avoiding a 
conical concrete failure at the loaded end. Test bars of 15.9 and 19.1 mm nominal diameter (db) 
were used and the bonded length was set to 100 and 120 mm for each bar size respectively 
(6.3db). The concrete cover above the test bars was set to 2.5db. The specimens incorporate 
flexural bars and stirrups to guarantee an adequate behavior in flexure and in shear and 
transversal PVC sleeves were placed in between the stirrups to facilitate moving the specimen. 
The studied un-bonded perimeters corresponded to 0 (perfect encapsulation) and 10, 20 and 
30% of the bar’s perimeter using artificial voids as shown in Fig. 2c.  

 

Figure 2: (a and b) Cast in-place “beam-end” specimens and (c) un-bonded perimeters tested 
 

The specimens were tested by pulling the test bar whilst retaining the specimen with a 
compression reaction plate and with a tie-down plate using a 311 MTS testing frame at 0.5 
mm/min displacement control. The complete test set up is well described by Basso et al. [14]. 
A typical shotcrete mixture including a water-reducer was used to avoid as much as possible a 
bond strength reduction due to possible bleeding water.  

3.2 Results and discussion 

The bar stress – slip curves at the un-loaded end of specimens with 15.9 mm reinforcing bars 
are shown in Fig. 3a for un-bonded perimeters ranging from 0 to 30%. As can be seen in Fig. 
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3a, an u.p. of 10% causes no apparent change in the overall bond behavior of a bar in 
comparison to a perfectly encapsulated bar (0% u.p.). The apparent decrease begins when the 
un-bonded perimeter of the artificial voids becomes 20%. In terms of the bond stress at failure 
fsmax (refer to Fig. 3b), it can also be observed that the values start decreasing at un-bonded 
perimeters of 20%. In such case, the stresses had been reduced in between 3-8% relative to 
perfectly encapsulated bars and in the range of 20-25% when the un-bonded perimeters attains 
30%. As seen in Fig. 3b, the bar stress at failure reduction is independent of the tested bar sizes 
and is best characterized by a second-order polynomial regression [14].  In general, the bond 
behavior of the specimens depict an un-bonded perimeter threshold of around 20% beyond 
which an important change of the bond performance occurs. 

 

Figure 3: (a) Stress-slip curve of 15.9 mm bars and (b) effect of the u.p. on the bar stress at 
failure for 15.9 and 19.1 mm 

 

In terms of the failure mode, the majority of the specimens failed by splitting as can be seen in 
Fig.  4a and 4b respectively. The only specimen with an unusual mode of failure possessed a 
30% u.p. Initially, it failed by splitting presenting an initial crack on its top surface but, as 
loading continued, the crack stopped to grow and the failure mode transitioned into a pull-out 
mode no further cracks appeared on the specimen as the bar was being pulled out. As such, it 
is believed that un-bonded perimeters larger than 30% might cause the failure mode to change 
from splitting to pull-out whenever voids cover the entire bonded length of the reinforcing bar. 

 

Figure 4: (a) Y- and (b) T-shape splitting patterns at the front surface (grids are 15 x 15 mm) 
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This stage of the research showed that actions to counteract the change in the stress – slip 
behavior and the reduction of the bond stress at failure certainly need to be considered in the 
design of reinforced shotcrete structures if voids having un-bonded perimeters equal or larger 
than 20% are likely to be created behind reinforcing bars. However, one of the challenges that 
needed to be addressed at that moment concerned the inclusion of the size variability of the 
voids found in actual shotcrete elements. Since only artificial voids with precise sizes had been 
tested, a simple ratio computed between the average bar stresses at failure between bars with 
perfect encapsulation and those having voids would imply that 50% of the time, the ratio (if 
used as a modification factor for ℓd) would be insufficient to guarantee the same bond 
performance as perfectly encapsulated bars. Such issue was not crucial for the current 
modification factors (ψt, ψe, ψs and ψg) because such parameters (the position, size, coating 
thickness and grade of the bars) are well-known before the concrete is placed. However, in 
shotcrete, voids may be created over the entire length of the bonded length or only in localized 
areas. In addition, wherever they are present, their un-bonded perimeters (u.p.) may vary from 
10% to 60% away from the mean u.p. as observed with bond shotcrete specimens [14]. 
Principles of possibility theory, as described subsequently, were used to overcome this 
limitation.  

4 ANALYTHICAL PHASE 

4.1 Methodology 

Possibility theory [17] refers to an approach to model the epistemic uncertainty (lack of 
knowledge) of a phenomenon or variable. With this theory, the uncertainty of a variable (x) is 
defined using a possibility function (π(x)) which varies from 1 to 0. When π(x) = 1 it is 
considered that the value of x is “unsurprising” or “closest to the true” value and when π(x) = 
0, its value is not considered as a possibility. The concept can be extrapolated to two variables 
(x, y) as shown in Fig. 5 for the un-bonded perimeter (u.p.) and the bar stress at failure (fsmax) 
to which, the range of uncertainty (i) can be specified based on experience. In the present study, 
the uncertainty (i) associated to the u.p. was randomly assigned to each single “crisp” (precise) 
CIP result between i = ±10 to ±60%. A fixed value of i = ±2% was added to fsmax to account 
for measurement error. The distribution function between π = 1 and 0, which in this case was 
chosen as linear, defines the set of values that are plausible from those that are less plausible 
(the projection of values obtained for a given horizontal cut at a given π value of the pyramid 
in Fig. 5). As such, each pyramid represents a pseudo-shotcrete result built with CIP specimens 
having artificial voids but with actual shotcrete variability. Such types of values are normally 
called fuzzy numbers in the literature (and represented with a tilde over them) since they do not 
incorporate random but epistemic uncertainty. 

 

Figure 5: Possibilistic representation of a bar stress at failure “crisp” value 
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By converting all “crisp” values presented in Fig. 3b and plotting them as shown in Fig. 6, it is 
possible to portray the bar stress reduction as the u.p. increases whilst incorporating the 
uncertainty linked to the size of actual shotcrete voids.  

Figure 6: Polynomial regression using fuzzy input-output values  

Thus, the tendency can be used to compute bar stress ratios that can eventually be used as 
modification factors for the ℓd equation (refer to Eq. 1a) if voids are expected to appear in 
shotcrete structures. Tendencies using fuzzy data can thereof be made using fuzzy regression 
techniques. The fuzzy model that was used in Fig. 6 represents the one proposed by Hong et al. 
[18] as expressed in Eq. 2.

Y� =  A�0 ⊕ (A�1 ⊗ X�) ⊕ (A�2 ⊗  X�2) (2) 

The fuzzy polynomial model considers outputs, inputs, and regression coefficients to be fuzzy 
numbers. Accordingly, the tendency lines are linked to possibility functions in the same manner 
as fuzzy numbers meaning that the central line corresponds to the “closest to the true” value 
and values that fall beyond the outer bounds are considered as impossible outcomes. For a 20% 
u.p. for instance, the bar stress at bond failure of pseudo-shotcrete values might vary from 166
to 260 MPa with its “closest to the true” value being 213 MPa.

4.2 Bar stress ratios 

The fuzzy polynomial model shown in Fig. 6 can then be used to compute bar stress ratios 
(BSR), as defined by Eq. 3, i.e. the bond performance of perfectly encapsulated test bars relative 
to test bars having voids. 

BSR = Y�(u.p.  = 0%)
Y�(u.p.  > 0%)

(3) 

As an example, the BSR for the 20% u.p. was calculated using arithmetic operations rules on 
fuzzy numbers [17] and is presented in Fig. 7. In that case, the “closest to the true” value 
represents a BSR of 1.1 but this does not mean that higher values should not be considered. 
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Still, the challenge resides in selecting the most appropriate value for a specific structure and 
doing so by means of a possibility distribution may present some difficulties. Alternatively, the 
information contained in a fuzzy number can be transformed to probabilistic information which 
is perhaps a more comfortable way for most engineers to deal with uncertainty. 

 

Figure 7: fuzzy BSR for a 20% u.p. 

 
Table 1:  Cumulative probability of equal 

bond performance for a 20% u.p. 
Bar stress ratio, 

BSR Cumulative probability 

1.0 35 % 
1.1 72 % 
1.2 87 % 
1.3 93 % 
1.4 98 % 
1.5 100 % 

 

 

 

 

Within this study, the possibility – probability transformation method proposed by Dubois et 
al. [19] as expressed by Eq. 4 was used to obtain the probability density function of the BSR 
(Pro(BSR)).  

Pro(BPR) = ∫ dα

|Lα|
π = 1

π =0                  (4) 

Where Lα = the length of the interval at a given possibility function value between 1 and 0. 

The cumulative probability of equal performance to perfectly encapsulated bars for those 
having a 20% u.p. is presented in Table 1 with the use of BSR’s from 1.0 to 1.5. In this case, it 
may seem a safer option to increase the development length (ℓd) by at least 1.1 to guarantee a 
probability of equal bar bond performance relative to a perfectly encased bar of 72 %.  

5 FINITE ELEMENT MODEL AND ANALYSIS 

5.1 Geometry and modeling technique 

A “rib-scale” representation of the “beam-end” specimen using a 15.9 mm test bar was modeled 
using Abaqus 6.13. The concrete was defined using the Concrete Damage Plasticity (CDP) 
constitutive law and the steel was defined as an elastic perfectly-plastic material. The ribs were 
modeled normal to the longitudinal axis of the bar and the interaction between the test bar and 
the concrete was defined through a general contact algorithm. The adhesion component of the 
bond mechanism was defined with a “zero-thickness” cohesive law that was assigned in the 
normal and in the two shear directions of the interface. The friction component was defined 
with a Coulomb friction law in the two shear directions and a “hard” pressure-overclosure 
relationship allowed separation in the normal direction. As such, the different sections of the 
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bar-concrete interface were progressively placed on a contact/stick, a contact/slip or a 
separation state as the load progressed. 

The concrete and the test bar elements were modeled using 8-node linear brick elements with a 
one-point integration scheme (C3D8R) and a relaxed stiffness hourglass control method. The 
flexural bars and the stirrups were modeled using 2-node linear truss elements (T3D2) and were 
embedded in the concrete assuming perfect bond. The imperfections were modeled by 
removing the concrete elements needed to uncover the ribs around the test bar. The translational 
degrees of freedom of the nodes covering the same area of the compression reaction plate and 
the tie-down plate were restrained. Moreover, the load was uniformly applied on the test bar by 
imposing a “smooth” displacement function. Once the model was calibrated, the parameters 
that were studied, as shown in Fig. 8, included the void length over the bonded length of bars 
(VL/ℓb = 1.0 and 0.5), the concrete cover (Cb/db = 2.5 and 5.0) and un-bonded perimeters of up 
to 40% all with specimens having a longer bond length (ℓb/db = 12.5). 

 

Figure 8: Variables of the FE model 
 

5.2 Results and discussion 

From Fig. 9, where the stress-slip curves of the FE “beam-end” specimens are presented, it can 
be seen that fsmax decreases as the u.p. increases from 0% to 40%. However, the overall 
behaviour between specimens is different depending on their amount of concrete cover. Indeed, 
fsmax decreases gradually with a large slip increase for cb/db = 2.5 specimens whereas its decrease 
for specimens with a cb/db = 5.0 is somewhat abrupt without any significant slip increase.

 
Figure 9: Stress-slip curves at the un-loaded end for (a) cb/db = 2.5 and (b) cb/db = 5.0 
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Indeed, the slip value at bar failure is considerably higher for a 2.5cb-30up-1.0VL specimen in 
comparison to a perfectly encapsulated bar whereas, for cb/db = 5.0 concrete cover specimens, 
it is not the slip of the bar but the reduction of fsmax that may compromise the bond performance 
of a bar for that same u.p. The more pronounced reduction of fsmax for cb/db = 5.0 specimens as 
the u.p. increases could be due to a premature mode of failure change from concrete splitting 
to a bar pull-out in comparison with cb/db = 2.5 specimens. It is possible that a larger concrete 
cover (or other type of bar confinement such as stirrups and concrete fibers) could substantially 
favour concrete crushing in front of the reinforcing bar ribs as bearing occurs on smaller 
concrete surfaces around the bars with the presence of voids. The effect of the concrete cover 
and the increase of the u.p. shows that beyond a 20% u.p., fsmax decreases more drastically for 
cb/db = 5.0 specimens than those with cb/db = 2.5. Voids covering half of the reinforcing bar’s 
bonded length have a considerable influence on the stress-slip behaviour. Indeed, the 30up-
0.5VL specimen shows approximately the same behaviour as the 20up-1.0VL specimen and 
the 40up-0.5VL shows a better stress-slip performance than the 40up-1.0VL specimens for both 
concrete covers. Based on the above discussion, it seems adequate to set a 20% u.p. as a void 
size limit if they are present over the entire bonded length of a reinforcing bar being developed. 
In a similar way, a 30% u.p. could be accepted if the voids cover 50% or less of the bar’s bonded 
length.  

The 20% u.p. limit suggested can be highlighted when analyzing the concrete’s Maximum 
Principal tensile stresses (Smax) as well as the radial (σr) stresses around the specimens’ 
reinforcing bars as shown in Fig. 10. The stresses are shown at 80% of fsmax to avoid comparing 
values for a completely “plasticized” concrete. Moreover, to alleviate the text, only the images 
taken from cb/db = 5.0 specimens are depicted although a similar behaviour was observed for 
cb/db = 2.5 specimens. 

 

Figure 11: Principal stress in tension and Radial stresses of cb/db=5.0 specimens at 80% fsmax 
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6 RECOMMENATIONS FOR THE DEVELOPMENT LENGTH EQUATION 

Based on the results found from both the experimental and the FE campaign, Table 2 was 
developed. As seen, modification factors for un-bonded perimeters larger than 20% (for voids 
covering the entire bonded length) or 30% (for voids covering half of the bonded length), were 
not included due to a possible bar pull-out failure. The modification factors are linked to the 
equal probability of bond failure as described in section 4.2 but lower values than 50% were 
not deemed appropriate. Such probabilities were coupled with the level of importance of 
structures as defined by the ASCE [7].  

Table 2: Selection table for the shotcrete modification factors  
Un-bonded perimeter, u.p. Modification factor 

On 100% ℓd On ≤ 50% ℓd 1.0 1.1 1.2 1.3 1.4 1.5 

0% 0% 
100% 

(I – IV) 
- - - - - 

10% 20% 
60% 82% 92% 97% 100% 

- 
(I) (I / II) (II / III) (III / IV) (IV) 

20% 30% - 
72% 87% 93% 98% 100% 
(I) (I / II) (II / III) (III / IV) (IV) 

 

The proposed selection procedure of the modification factors for shotcrete could go as follows: 

A. When voids cover the entire bonded length (100% ℓd) of the bar being developed 
a. Use a modification factor of at least 1.0 for u.p. of around 10% or less.  
b. Use a modification factor of at least 1.1 for u.p. of around 20%.  

B. When voids cover half the bonded length (≤ 50% ℓd) of the bar being developed 
a. Use a modification factor of at least 1.0 for u.p. of around 20% or less.  
b. Use a modification factor of at least 1.1 for u.p. of around 30%.  

C. The acceptance or correction of ℓd made with modification factors for u.p. larger than 
20% if voids cover the entire bonded length of the bar or larger than 30% if voids cover 
half of the bonded length of the bar is not recommended. 

D. Modification factors greater than the minimal recommended above might be used by 
the structural engineer based on the risk category of the building given an expected 
encapsulation quality of the reinforcing bars. 

E. The modification factors proposed herein are not recommended to be used in 
conjunction with Ψt or Ψe as shotcrete presents little (if any) bleeding and because coated 
bars are not normally used with shotcrete. 

7 CONCLUSION 

A comprehensive research program was undertaken with the objective to enhance the current 
evaluation methods used to assess the encasement quality of reinforcing bars and to propose 
modification factors for the development length equation in North American design codes when 
shotcrete is used. This was accomplished by completing an extensive experimental, analytical, 
and Finite Element (FE) modeling phases. The bar stresses and the failure mode of specimens 
were analyzed based on different sizes of voids and concrete covers. With principles of 
possibility theory in combination with the results of the FE model, modification factors were 

564



   
 

proposed for the development length equation based on bar stress ratios. Modification factors 
can be used if voids are expected and chosen based on the expected un-bonded perimeter and 
on the risk category of the structure. The appropriateness of a used value can also be verified 
in field, if need, based on the encapsulation quality of a reinforcing bar observed from structure 
cores or from pre-construction panels.  
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ABSTRACT 

An extensive effort has been realized to develop applicable techniques for investigating the 
transmission length of prestressing force in pretensioned concrete members. The current design 
codes specify equations to calculate analytically its value. The exact value depends on lot of 
factors. The most important are strictly connected with type of concrete. For members precasted 
of high-strength and high-performance concrete (HPC) there are no standardized provisions for 
designing. Number of publications is also limited. For these reasons in 2012 year in Cracow 
University of Technology started research program including the experimental determining of 
transmission length in axially prestressed concrete members made of HPC. The value of 200 
kN of prestressing force was designed. Tensioning force release as well as tests were performed 
for concrete maturity of 24 and 72 hours. Experimental tests included: continuous data 
registration of tensioning force, measurement of concrete strains along the strand axis on the 
concrete surface before detensioning, just after and time dependent. 

Based on the executed measurements of concrete strains in the longitudinal direction, the 
transmission length was calculated according to the 95% of average maximum strain (AMS) 
method. The development of concrete strains over time and its influence for the transmission 
length was also analyzed. The transmission length calculated according to the proposed 
procedure in which the increment difference of the concrete longitudinal strain, measured on 
the external beam surface starting from the end of the precast element to the average maximal 
concrete strains are taken into consideration, should be recommended to practical application. 

1 INTRODUCTION – PREVIOUS INVESTIGATION 

Pretensioned concrete is a type of prestressed concrete in which the prestressing force in strands 
is transferred to the concrete by the bond between the two materials. The required length for 
transferring the prestress is called transmission length (lt). After release of the prestressing 
strands, the prestress is fpi (where fpi is the strand stress accounting for instantaneous prestress 
loss). At service state, the prestress reduces to fpe (where fpe is strand stress accounting for 
instantons and time dependent prestress losses). Transmission length depends on: concrete 
compressive strength at release, strand stresses, release methods, strand diameter, strand surface 
condition, concrete cover and concrete quality. From among of a lot of experimental 
investigation concerning the transmission length of prestressing force only in several cases the 
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pretensioned members were fabricated of HPC [1-6]. The ACI 318-19 [7] specifies that 
transmission length can be estimated as 50 db for shear design specifications, or it can be 
calculated using Eq. (1). 

1
20,7t pe bl f d= ⋅ ⋅   (fpe in MPa)  (1) 

where db is the nominal strand diameter, fpe is the prestress including all losses.  

The computed bond strength of 3,02 MPa is adopted to formulation of this equation. 

EC2 [8] provides Eq. (2) to calculate the transmission length. 

1 2
pi

t
bpt

l
f
σ

α α φ= ⋅ ⋅ ⋅  (average value)  (2) 

The design values of the bond strength is shown in Eq. 3. 

1 1 ,bpt p ctd Rf fη η= ⋅ ⋅   (3) 

Equation (2) is used to compute an average transmission length. In structural design, a short 
transmission length can used when checking concrete stress at release (coefficient 0,8), and  
a long transmission length can be used at service loads when, the moment and shear capacity 
are considered (coefficient 1,2). 

For the plain seven-wire steel strand (α2 = 0,19; ηp1 = 3,2) with good bond condition (η1 = 1,0) 
and that is gradually released (α1 = 1,0), the bond strength in the transmission zone is computed 
as shown in Eq. (4) 

,3, 2b ctd Rf f= ⋅    (4) 

Eurocode 2 [prEN 1992-1-1, September 2021] [9] provides Eq. (5) to calculate the basic value 
of the transmission length lpt: 

1 2 0

11,5 ( )
pmc

pt p
ck

l
f t

α α σγ φ
η
⋅ ⋅

= ⋅ ⋅
⋅

   (5) 

where: γc is partial factor for concrete. In case of persistent and transient design situation 
γc =1,5; α1 = 1,0 for gradual release, α1 = 1,25 for sudden release, α2 = 0,40 for indented wires,  
α2 = 0,26 for 3 and 7 - wire strand; φp is the nominal diameter of the tendon, σpm0 is the tendon 
stress just after release; η1 = 1,0 for tendons located in favourable position during concreting, 
η1 = 0,7 otherwise. fck(t) is the concrete compressive strength at time of release which may be 
taken as: 

[ ]2/3( ) ( )ck cc ckf t t fβ= ⋅   (6) 
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Depending on the design situation, the design value of the transmission length should be taken 
as: 
- 1 0,8pt ptl l= ⋅ for the verification of local stresses at release 
- 2 1, 2pt ptl l= ⋅ for ultimate limit states (shear, anchorage, etc.). 

Alternative models for the transfer of prestressing force may be used, if adequately justified 
and if the transmission length is modified accordingly. 

Mitchell et al. [1] carried out the experimental investigation in which twenty-two precast, 
pretensioned concrete beam specimens were fabricated and tested to determine the influence of 
concrete strength on the transfer length and development length of pretensioning strand. The 
main variables were the concrete compressive strength, with fci at 28 day, varying from 31 to 
89 MPa (4 200 to 12 900 psi) and the strand diameter: 9,5; 12,7 and 15,7 mm. The 9,5 mm 
diameter stress-relieved strand had an ultimate strength of 1813 MPa (263 ksi) and the strand 
was slightly rusted. The low-relaxation 12,7 mm and 15,7 mm diameter strands had ultimate 
strengths of 1903 and 1793 MPa respectively, and both sizes had smooth, untreated surfaces. 
The mix designs for the three types of concrete were prepared. The higher strength concretes 
(type 2 and type 3) did not require steam curing to reach the desired 24-hour release strength 
(48 and 50 MPa respectively).  

In case of beam 13/75-950 (fpi = 1303 MPa) the measured transfer length at release was equal 
330 and 405 mm, and for beam 13/89-950 (fpi = 1329 MPa) the measured transfer length at 
release was 387 and 387 mm. In both cases the beams were pretensioned with 12,7 mm dia. 
strand. Based on the obtained experimental results, Mitchell et al. [1] demonstrated the 
reduction of the average transfer lengths with increasing concrete strength, for different strand 
sizes investigated. They proposed expression for transfer length, Eq. (7), that was based on the 
current ACI Code expression, modified by replacing fse with fpi and by an additional factor to 
account for the concrete compressive strength at the time of transfer. This expression is 
applicable immediately after transfer for the condition of gradual release. 

1 20
20,7t pi b

ci

l f d
f

= ⋅ ⋅ ⋅   (7) 

It should be underline that 9,5 mm diameter strand was slightly rusted and 12,7 and 15,7 mm 
diameter strands had smooth, untreated surfaces. Moreover, the low values of fpi were due to 
problems during stressing 15,7 mm strand in beams 16/89-975 and 16/89-675.  

Den Uijl [2, 3] studied the influence of high performance concrete (HPC) in the transfer length 
and bond splitting action of plain seven-wire strand. The transfer length was estimated from the 
longitudinal surface strains measured on the top side on concentrically pretensioned concrete 
beams of 3,0 m long. Moreover, the draw-in of the strands was measured and bond splitting 
cracks were observed if any, during release of the prestressing force. The 13 rectangular 
prismatic beams contained 1 or 2 concentrically placed 9,3 or 12,5 mm diameter strands. The 
tensioning force was released after 12 and 19 hours. An average compressive cube strength of 
40,5 and 70,8 MPa, respectively and an average tensile splitting strength of 4,1 and 5,2 MPa 
respectively were attained at release. At the active side the prestressing force was gradually 
released. The Demec disks were localized at distance 4×50, 8×100 and 200 mm from the end 
of beam. The first point was stabilized 20 mm from both beam ends.  
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Den Uijl [2, 3] in his study was concentrated on the transfer length and bond splitting action of 
plain seven-wire strand. Based on the investigation carried out the following conclusions were 
drawn: 
− the transfer length at a cover of 3·ϕp was found to be about two times less than in normal 

gravel concrete (NC) with the same compressive strength at release, 
− the transfer length increased as the concrete cover was smaller,  
− compared to NC the confining action of HPC was found to be more effective, resulting in a 

smaller concrete cover required to prevent the incidence of visible bond splitting cracks. 

Additionally, based on the data presented in paper [2], it can be concluded that transmission 
length in HPC members prestressed with 12,5 mm diameter strand is shorter of 10 % in relation 
to that prestressed with 9,3 mm diameter strand. For example in case of ratio c/ϕp = 2,0 the 
average value of transmission length for 12,5 mm strand was 359,5 mm whereas for 9,3 mm 
strand was 396,5 mm in pretensioned member with the same compressive strength at release  
fci = 67 MPa. The analogous average value of lt for 12,5 mm strand was 485 mm whereas for  
9,3 mm strand was 533 mm in pretensioned member with the same compressive strength at 
release fci = 42 MPa. It should be emphasized that in case of ratio c/ϕp = 3,0 the average value 
of transmission length for 12,5 mm strand was 302,5 mm with concrete compressive strength 
at release fci = 69 MPa. 

Ramirez and Russell [10] proposed another set of equations for predicting the initial 
transmission length as shown in Eq. (8). 

315 40t b b
ci

l d d
f

= ⋅ ≥ ⋅ ; fci in MPa  (8) 

where lt  is transmission length, fci is concrete compressive strength at release (at 1 day), and db 
is strand diameter. 

Dang at al. [11] using the experimental data from their study proposed two equations to predict 
transmission length at release for 17,8 mm (0,7 in.), 1860 (Grade 270) prestressing strands as 
shown in Eq. (9). 

2,63
t b

ci

l d
f
κ⋅

= ⋅ ;  fci in MPa  (9) 

A κ coefficient of 96 indicated the most appropriate value representing the relationship of 
transmission length at release and concrete compressive strength. The upper bound and lower 
bound of the predicted transmission length are summarized in Eq. (10). 

213 297
b t b

ci ci

d l d
f f

⋅ < < ⋅ ;  fci in MPa  (10) 

The lower bound should be used to check allowable stresses at release. The upper bound should 
be used when determining shear strength and moment capacity. 
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2 RANGE AND MANNER OF EXPERIMENTAL INVESTIGATION 

In order to evaluate the transmission length in the axially prestressed high performance concrete 
specimens cross-section of 160×160 mm, experimental research took into account the following 
factors having a substantial impact on this parameter: 
- specimen length (160, 280, 370, 500, and 1010 mm), 
- concrete compressive strength at release of tensioning force (fci = 40 MPa (24 hours concrete 

curing), fci = 60 MPa (72 hours concrete curing)). 

The specimens were made from especially designed cement concrete composition, class 
C80/95. Concrete mix ingredients were: rapid hardening Portland cement 42,5, river sand  
(0÷2) mm, basalt aggregate (2÷8) and 8÷16) mm, silica fume, water and superplasticizer. 
Seven-wire prestressing steel strands class Y1860, with diameter of 15,7 mm, cross-section area 
of 150 mm2, and lay length of 249 mm were used in experimental investigation.  

For each concrete compressive strength at release 2 sets of concrete specimens were casted. 
One set of the specimens is presented in Fig. 1. 

3 PROGRAM OF INVESTIGATION AND CONDUCTING OF MEASUREMENTS 

Experimental program was realised using a special tensioning bed constructed in the laboratory 
of the Institute for Materials and Building Structures, in which there is possible simultaneous 
tensioning of two strands (Fig. 1).  

The following program was assumed: 
− simultaneous tensioning of two strands of 
15,7 mm to a suitable force to obtain a value of 
about 200 kN before detensioning, with 
continuous tensioning force registration, 
− pouring of the concrete mix into the forms, 
− uncovering the concrete specimen after 
twenty two hours (or seventy hours) of curing, 
measurement of the concrete temperature on the 
top specimen surface, 
− distribution of measuring points on the top 
surface specimen along the strands axis and 
positioning the demec disk, 
− execution of the first readings used for the 
detachable DEMEC type mechanical gauges 
immediately before detensioning, 
− gradual prestressing force release, cutting 
the strands, 
− executing the second readings with DEMEC 
detachable mechanical gauges immediately after  
detensioning force in both strands. 

Figure 1: Prestressing bed with HPC  
specimens casted under tensioned strands  
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Under the assumption that the shape of the strain profile at the interface of concrete and strand 
is the same as that on concrete surface most researches [12-16] have applied DEMEC or ERSGs 
to measure concrete strain instead of strand strain to avoid bond loss due to gauge attachment. 
If sufficient numbers of ERSGs are provided, concrete gauges can give shape of strain profile 
that are very close to the shape of strand strains. This makes it possible to obtain realistic 
transfer lengths from surface strain gauges [12].  

Location of demec disks on the top surface axially pretensioned high performance concrete 
specimens is presented in Fig. 2. 

 

Figure 2: Location of demec disks on the top surface axially pretensioned high performance 
concrete specimens (all dimensions in mm). 

 

After cutting both strands and execution of second readings with DEMEC gauge, the testing 
concrete specimens with the strand embedment length from 40 to 460 mm were prepared for 
bond strength testing. The measurement of concrete strains were continued only on concrete 
specimens of 1010 mm long. 

4 DISCUSSION OF THE RESULTS 

The measurement of the concrete strain on the specimen with the strand embedment length 
varied from 40 to 460 mm were realised only for concrete compressive strength at release of 60 
MPa. Distribution of average values of the longitudinal concrete strains measured on the top 
surface axially pretensioned high performance concrete specimens at release are presented in 
Fig. 3. Average values of concrete strains are marked in the middle of the each measuring base 
(50 mm). Coordinate axis is localized at the concrete specimen end with free strand end (left 
side of Fig. 3). The increment difference of the concrete longitudinal strain measured on the 
external beam surface starting from the both end of concrete specimen to the average maximal 
concrete strain were calculated. The obtained results are demonstrated in Fig. 4. 
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Figure 3: Distribution of average values of the longitudinal concrete strains measured on the 

top surface axially pretensioned high performance concrete specimens at release  
 

It can be observed the development of the transmission length in relation to the steel strand 
embedment length. The increment difference of the concrete strains is separated for specimen 
with the embedment length of 120 mm. In case of concrete specimen with the embedment 
length of 460 mm, the increment difference of the concrete strains is almost symmetrical. The 
concrete plateau is visible for concrete specimen of 1010 mm long. The transmission length is 
equal to 325 mm, however the last point is localized at the distance of 375 mm. 
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Figure 4: Average values of the increment difference of the concrete longitudinal strain 
measured on the top surface axially pretensioned high performance concrete specimens  

at release  
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Distribution of average values of the longitudinal concrete strains measured on the top surface 
axially pretensioned HPC specimens of 1010 mm long for concrete compressive strength at 
release of 40 MPa and 60 MPa are presented in Fig. 5 and Fig. 6, respectively. The average 
maximum concrete strains (AMS) calculated in the middle section of each specimen at release 
and after 7 and 28 days are also written. Average values of the increment difference of the 
concrete longitudinal strain measured on the top surface axially pretensioned HPC specimens 
of 1010 mm long at release and after 7 and 28 days are shown in Fig. 7a and Fig. 7b for fci =  
40 MPa and 60 MPa respectively. Significant increment difference of the concrete longitudinal 
strains is developed with time at the distances of 50 mm from both concrete specimen ends. 
Based on the longitudinal concrete strains presented in Fig. 5 and Fig. 6 it was calculated the 
transmission length to which the 0,95·AMS method was used. It should be emphasized that the 
linear concrete strain distribution at the ascending branch of the strain profile can be assumed 
only at the time of tensioning force release. After 7 and 28 days the concrete strain profile has 
convex shape. Additionally, the transmission length signed as lt.graph were calculated to the 
intersection points of AMS line and the ascending lines of concrete strain profile from the 
specimen ends. All the values evaluated based on the concrete strains are presented in Table 1. 

Based on experimental results, for the pretensioned precast high performance concrete 
members in which the 15,7 mm diameter steel strands are used, the following Eq. (11) is 
proposed to calculate the average value of transmission length: 

3
16

pi
t

b

f
l

f
φ= ⋅ ⋅   (11) 

where 1,33b cif f= ⋅ respectively to fpi = (0,70 – 0,75)·fpk, and fci = (40÷60) MPa. 

Transmission length calculated according equation 11 is compared with other established 
approaches in table 1. 

Table 1. Transmission length calculated according to codes and researcher’s equations 
Transmission 
length [mm] 

ACI 318-
19 

ACI 318-
19; 50·ϕ EC2 prEN 

1992 
Mitchel 

[1] R&R [10] Dang [11] Eq. 11 lt,a      
(table 2) 95%·AMS 

fci = 40 MPa 993 785 614 676 702 782 627 458 375 310 

fci = 60 MPa 985 785 505 548 569 638 511 371 325 265 
 

 

Figure 5: Distribution of average values of the longitudinal concrete strains measured on the 
top surface axially pretensioned HPC (fci = 40 MPa) specimens of 1010 mm long 
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Figure 6: Distribution of average values of the longitudinal concrete strains measured on the 
top surface axially pretensioned HPC (fci = 60 MPa) specimens of 1010 mm long 

 

 

 

Figure 7: Average values of the increment difference of the concrete longitudinal strain 
measured on the top surface axially pretensioned HPC specimens of 1010 mm long: a) fci = 

40 MPa, b) fci = 60 MPa. 
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Table 2. Longitudinal concrete strains (AMS) and corresponded transmission lengths 

Specimen 
parameters Notation 

Average values of the maximum longitudinal concrete strains measured on the 
top surface of concrete specimen at the level of 15,7 mm prestressing steel 

strand and calculated transmission lengths 

Tensioning release 7 days 28 days 

Active  
end 

Passive 
 end 

Active  
end 

Passive  
end 

Active  
end 

Passive  
end 

fci = 60 MPa, 
lemb = 1010 mm 
160×160 mm 

15,7 mm 

AMS, [µε] 202,73 419,61 569,13 
lt,a [mm] 325 (375)  325 (375)  325 (375)  325 (375)  325 325 

εave(lt,a) [µε] 33,38 33,38 68,38 67,57 92,82 92,82 
lt,graph [mm] 275 275 340 360 385 340 

0,95·AMS [µε] 192,59 398,63 540,67 
lt(0,95·AMS) [mm] 265 265 260 265 260 260 

fci = 40 MPa, 
lemb = 1010 mm 
160×160 mm 

15,7 mm 

AMS, [µε] 175,90 417,66 604,52 
lt,a [mm] 375 375 375 375 (425) 375 (425) 375 

εave(lt,a) [µε] 25,13 25,13 59,67 57,23 83,74 85,14 
lt,graph [mm] 325 325 320 370 355 390 

0,95·AMS [µε] 167,10 396,78 574,30 
lt(0,95·AMS) [mm] 310 305 295 320 300 300 

AMS - Average Maximum Strains measured on the concrete surface in central section of specimen, 
lt,a - transmission length analytically calculated on the point in which the increment difference of the concrete 

longitudinal strain meet the AMS value, 
εave(lt,a) - average value of the increment difference of the concrete longitudinal strains calculated at the transmission 

length, 
lt,graph - transmission length graphically designated in relation to AMS, 
lt(0,95·AMS)  - transmission length graphically designated in relation to 0,95·AMS, 

5 CONCLUSIONS 

Based on the obtained results the following conclusions were drawn:  
- The transmission length calculated according to the proposed procedure in which the 

increment differences of the concrete longitudinal strains measured on the external beam 
surface starting from the end of the precast element to the average maximum strains are 
taken into consideration should be recommended in practical application. 

- Values of the transmission length analytically calculated (lt,a) according to the proposed 
method are higher about 15% in relation to the typically used the 95%AMS method but are 
more stable over time. 

- No bond splitting cracks were observed during the detensioning of prestressing strands in 
high performance concrete precast beams. This could be explained by taking into account 
the higher tensile concrete strength in relation to normal concrete and higher bond strength 
to the seven-wire steel strand. 

- The experimental investigation carried out demonstrate that the bond strength increases 
proportional to the square root of the compressive strength. Moreover, the bond strength 
varied for different steel strand size and depends on the level of prestressing strand stress, so 
these two important observations should be taken into consideration in the case of 
modification of the standard equation for transmission length. 

- For the pretensioned precast high performance concrete members in which the 15,7 mm 
diameter steel strands are used, the Eq. (11) is proposed to calculate the average value of 
transmission length. 

- Further experimental investigation are needed, in which the pretensioned precast members 
are eccentrically prestressed and the other aggregate type for example gravel and limestone 
are used to mix composition of high performance concrete. 
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ABSTRACT 

This work proposes two new formulations for designing both transmission and anchorage lengths 
in prestressed reinforced concrete members. Such two length values represent, respectively, the 
distance required to transmit completely the prestressing force in the concrete, and the overall 
distance needed to fully anchor the tendon force in the concrete at the ultimate limit state. The 
two formulations proposed here are based on a reliability-based design, starting from the 
equations discussed within the fib TG2.5 “Bond and Material Models” and from the current 
approach present in the fib MC2010. For such scope, two datasets were collected, one for each 
investigated variable, which comprise more than 1000 experimental evidences from literature. 
The collected results were used to carry out a probabilistic calibration of the two formulations, 
and to evaluate the model uncertainty for both the investigated cases. Lastly, suitable coefficients 
are proposed to compute the two lengths, targeting to the required reliability level.  

1 INTRODUCTION 

In prestressed concrete elements with pre-tensioned tendons, the global behavior of the 
members depends on the bond between prestressing steel and concrete. For the correct design 
of a pre-tensioned concrete element, two different bond situations should be considered, which 
depend on the radial deformation of the tendon [1]. Indeed, at prestress release, the radial 
expansion of the strand due to the Hoyer effect leads to a push-in condition, while, under 
external loads, a pull-out situation occurs when steel stress increases. These two circumstances 
identify two different lengths, named transmission and flexural bond length respectively. The 
sum of these two distances represents the anchorage length, i.e., the length over which the 
ultimate tendon force is fully anchored in the concrete. In the design practice, the transmission 
length value is used mainly for the verification of the transverse stresses near the beam ends at 
the Serviceability Limit State (SLS) or for anchorage length calculation and shear verification 
at the Ultimate Limit State (ULS). Instead, the anchorage length is needed to evaluate the length 
over which a tendon is fully anchored at ULS, to prevent a premature failure when moment and 
shear capacity of the member need to be verified. For this paper’s purpose, we will deal on SLS 
verification for the transmission length (the shorter the transmission length, the more onerous 
the SLS verification) and ULS verification for the anchorage one (the longer the anchorage 
length, the more onerous the ULS verification).  
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Concerning bond mechanisms, bond strength in prestressed concrete is due to adhesion, friction, 
and mechanical interlocking [2], and it is higher in the first part of the anchorage length due to 
the Hoyer effect. Moreover, bond strength depends on many other factors, such as concrete tensile 
strength, the depth of the concrete cover, the nominal strand diameter [3]. Transmission and 
anchorage lengths depend also on strands prestress magnitude and release method [4], which can 
be performed either by flame cutting the strands (sudden release) or by gradually releasing the 
tendons (by using hydraulic jacks, heat annealing, or by sawing through concrete and the steel). 
All these aspects are considered in the actual design formulations proposed by the fib Model Code 
2010 and in the new proposal for fib Model Code 2020, which is still under discussion within the 
fib TG2.5 “Bond and Material Models”, which are reported below.  

1.1 fib Model Code 2010  

In fib Model Code 2010 [5], both the transmission length lbpt and the anchorage length lbpd 
computation start from the evaluation of the bond strength fbpd, which can be estimated as: 

𝑓𝑓𝑏𝑏𝑏𝑏𝑏𝑏 = 𝜂𝜂𝑏𝑏1𝜂𝜂𝑏𝑏2𝑓𝑓𝑐𝑐𝑐𝑐𝑏𝑏                        (1) 

where ηp1 is a factor that considers the geometry of the prestressing tendon while ηp2 takes into 
account the position of the tendon. The values of these factors are reported in Table 1. Finally, 
fctd is the design concrete tensile strength, computed at the time of release for the transmission 
length evaluation or at 28 days for the anchorage length estimation. 

Table 1: Factors for computation of Eq. (1). 
Factor Value Description 

ηp1 
1.4 For indented and crimped wires 
1.2 For 7-wire strands 

ηp2 

1.0 For all tendons with an inclination of 45–90° with respect to the horizontal 
during concreting 

1.0 For all horizontal tendons which are up to 250 mm from the bottom or at least 300 
mm below the top of the concrete section during concreting 

0.7 For all other cases 
 

Then, the basic anchorage length of a single pre-tensioned tendon lbp needs to be assessed. This 
value represents the distance necessary to develop the full strength in an un-tensioned tendon, 
and it can be computed as: 

𝑙𝑙𝑏𝑏𝑏𝑏 = 𝐴𝐴𝑠𝑠𝑠𝑠
𝜋𝜋Ø

𝑓𝑓𝑠𝑠𝑝𝑝𝑝𝑝
𝑓𝑓𝑏𝑏𝑠𝑠𝑝𝑝

                          (2) 

where Asp and Ø are the cross-sectional area and the nominal diameter of the tendon, 
respectively, while fptd is the design tendon ultimate strength. 

Finally, the transmission length lbpt can be computed as: 

𝑙𝑙𝑏𝑏𝑏𝑏𝑐𝑐 = 𝛼𝛼𝑏𝑏1𝛼𝛼𝑏𝑏2𝛼𝛼𝑏𝑏3𝑙𝑙𝑏𝑏𝑏𝑏
𝜎𝜎𝑠𝑠𝑝𝑝
𝑓𝑓𝑠𝑠𝑝𝑝𝑝𝑝

                      (3) 

where the factor αp1 considers the type of release, the factor αp2 allows to consider the action 
effect to be verified (i.e., if the lbpt is calculated to assess the transverse stresses or to estimate 
the anchorage length), and finally, the term αp3 depends on the geometry of the tendon. The 

580



values of these factors are reported in Table 2. Lastly, the term σpi represents the initial prestress 
of the tendon. 

Table 2: Factors for computation of Eq. (3). 
Factor Value Description 

αp1 
1.0 For gradual release of the tendons 

1.25 For sudden release of the tendons 

αp2 

1.0 For calculation at ULS of anchorage length and shear capacity. This factor is 
associated to lbpt,0.95 

0.5 For verification of transverse stress due to development and distribution of prestress 
in the anchorage zone. This factor is associated to lbpt,0.55 

αp3 
0.5 For strands 
0.7 For indented or crimped wires 

The design anchorage length can instead be calculated as: 

𝑙𝑙𝑏𝑏𝑏𝑏𝑏𝑏 = 𝑙𝑙𝑏𝑏𝑏𝑏𝑐𝑐 + 𝑙𝑙𝑏𝑏𝑏𝑏
𝜎𝜎𝑠𝑠𝑝𝑝−𝜎𝜎𝑠𝑠𝑝𝑝𝑠𝑠
𝑓𝑓𝑠𝑠𝑝𝑝𝑝𝑝

 (4) 

where σpd and σpcs are the tendon stress under design load and the tendon effective prestress 
(including all losses), respectively.  In this case, the transmission length is lbpt,0.95, computed 
from Eq. (3) with αp2 = 1.0. 

1.2 Proposal for fib Model Code 2020 

In the proposal for the next fib Model Code, the TG2.5 has proposed a new formulation for 
evaluating the transmission and the anchorage length, which can still be made according to Eqs. 
(3) and (4). What is now different is the evaluation of the basic anchorage length lbp, that
integrates in a unique formula the computation of the bond strength. This new equation for lbp
replaces the old Eqs. (1) and (2), as follows:

𝑙𝑙𝑏𝑏𝑏𝑏 = 𝛾𝛾𝑐𝑐
𝐴𝐴𝑠𝑠𝑠𝑠
𝜋𝜋Ø

𝑓𝑓𝑠𝑠𝑝𝑝𝑝𝑝
𝜂𝜂𝑠𝑠1𝜂𝜂𝑠𝑠2𝑓𝑓𝑝𝑝𝑐𝑐(𝑐𝑐)1/2 (5) 

where ηp1 is still a factor that considers the geometry of the prestressing tendon and ηp2 takes 
into account the position of the tendon. The new values of these terms are reported in Table 3. 
Moreover, this new formulation depends directly on fck(t), which is the characteristic concrete 
compressive strength at time t, where t is the time of release for lbpt evaluation and 28 days for 
the lbpd estimation. Lastly, γc is the partial safety factor for concrete. 

Table 3: New factors for computation of Eq. (5). 
Factor Value Description 

ηp1 
0.42 For indented and crimped wires 
0.36 For 7-wire strands 

ηp2 

1.0 For all tendons with an inclination of 45–90° with respect to the horizontal 
during concreting 

1.0 For all horizontal tendons which are up to 250 mm from the bottom or at least 300 
mm below the top of the concrete section during concreting 

0.7 For all other cases 
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1.3 Objective of the work 

Starting from the work from fib TG2.5, and according to the approach of the forthcoming fib 
Model Code 2020, this paper aims to propose two new reliability-based formulations for the 
transmission and anchorage length design in prestressed concrete elements. The probabilistic 
calibration of the two formulations is performed assessing the related model uncertainty. To 
this end, an extensive experimental database of more than 1000 test has been obtained from the 
scientific literature on the topic, which is described in Section 2. The two calibrated 
formulations are then used for deriving specific coefficients for computing the transmission and 
anchorage length related to different target reliability indexes. 

2 DATASET OF EXPERIMENTAL MEASURES 

A dataset comprising 899 transmission length measures and 206 anchorage length tests has 
been collected, starting from the existing database from [6]. These experimental data come from 
30 different experimental campaigns described in 35 papers and reports gathered from literature 
[7]. For each specimen, geometrical data of the beams and strands, material properties of both 
concrete and steel, and test method are reported. Since this dataset aims to assess the reliability 
of the design formulations, it has been filtered to obtain a more homogeneous sample. In 
particular, the specimens that represent some specific conditions, out of the range of application 
of the fib Equations, have been omitted, e.g., those specimens with coated or rusted strands, or 
realized with concrete classes greater than C90/105. Moreover, since almost all the collected 
specimens employed seven-wire strands, also two specimens cast with indented wires have 
been excluded. This filtering operation reduced the dataset to 598 transmission length measures, 
while it leaves all the 206 anchorage length tests. Some characteristics of specimens forming 
the transmission length filtered dataset are summarized below: 

(i) the mean concrete compressive strength at 28 days ranges between 30 and 89 MPa, 
while the same value tested at prestress release is between 19 and 76 MPa;  

(ii) the prestressing stress of the majority of the specimens (461 out of 598) is around 
1375±50 MPa. The applied prestress of the remaining 137 specimens ranges from 
871 to 1800 MPa; 

(iii) the employed strands have a nominal diameter between 9.5 and 18.0 mm; 
(iv) a total of 475 out of 598 measures were calculated with the 95% AMS method [8], 

while most of the remaining 123 measures were taken employing the ECADA 
method [9]; 

(v) more than two-thirds of the specimens were realized performing a sudden release of 
the strands (425 out of 598); 

(vi) more than 85% of the tested beams (510 out of 598) are small scale specimens, while 
the remaining 88 are full-scale beams; 

Analyzing the anchorage length dataset instead, it can be observed that: 

(i) the mean concrete compressive strength at 28 days ranges between 25 and 100 MPa, 
while the same value tested at prestress release is between 21 and 71 MPa;  

(ii) the initial prestress of the specimens ranges 871 and 1424 MPa, while the ultimate 
strength of strands varies between 1655 and 1903 MPa; 

(iii) the employed strands have a nominal diameter between 6.4 and 15.7 mm; 
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(iv) the release method was almost equally distributed among the tested specimens: in 
99 specimens, strands were gradually released, while the remaining 107 strands 
were flame cut; 

(v) from the 206 bending tests, it was possible to group the specimen into 41 
homogeneous samples, to obtain 41 lower and/or upper boundaries of the real 
anchorage length value. Indeed, it is recalled that the anchorage length measurement 
is an iterative process, i.e., multiple flexural tests of the same specimen need to be 
carried out to identify the required failure mode, namely the anchorage one. 

3 ASSESSMENT OF RESISTING MODEL UNCERTAINTIES 

Model uncertainty ϑ can be considered as a random variable (r.v.), which accounts for the 
effects of factors affecting both resistance and action models. As reported in [10-11], it can be 
evaluated by means of a multiplicative or an additive relationship. Following the former 
approach, it is possible to derive the following expression:  
 
𝑅𝑅(𝑋𝑋,𝑌𝑌) ≈ 𝜗𝜗 ∙ 𝑅𝑅𝑚𝑚𝑚𝑚𝑏𝑏(𝑋𝑋)                      (6) 

where 𝑅𝑅(𝑋𝑋,𝑌𝑌) represents the actual structural response, i.e., the one derived from laboratory 
tests in this case, ϑ is the model uncertainty and 𝑅𝑅𝑚𝑚𝑚𝑚𝑏𝑏(𝑋𝑋) is the resistance estimated by the 
model, i.e., in this case using Eqs. (3-5) and the coefficients in Table 3 (proposal for the fib 
MC2020). X and Y are two vectors of known and unknown variables, respectively, that can 
influence the structural response and the model. Note that R(X,Y) is a function of both X and Y, 
while Rmod is a function of only X.  
Starting from the i-th experimental observations collected from the dataset, a sample of the i-th 
outcomes of ϑ can be computed as: 
 
𝜗𝜗𝑖𝑖 = 𝑅𝑅𝑝𝑝(𝑋𝑋,𝑌𝑌)

𝑅𝑅𝑚𝑚𝑚𝑚𝑝𝑝,𝑝𝑝(𝑋𝑋)                          (7) 

where 𝑅𝑅𝑖𝑖 is the actual resistance obtained from laboratory tests, and 𝑅𝑅𝑚𝑚𝑚𝑚𝑏𝑏,𝑖𝑖 is the resistance 
estimated by the model. In this work, 𝑅𝑅𝑖𝑖 and 𝑅𝑅𝑚𝑚𝑚𝑚𝑏𝑏,𝑖𝑖 are substituted respectively by 𝑙𝑙𝑖𝑖 and 𝑙𝑙𝑚𝑚𝑚𝑚𝑏𝑏,𝑖𝑖, 
which represent the actual transmission or anchorage length evaluated from laboratory test and 
estimated by the model, respectively. 

Figure 1 shows the sample of 𝜗𝜗𝑖𝑖, computed for the transmission (a) and anchorage length (b), 
respectively. Analyzing in detail the values assumed by 𝜗𝜗𝑖𝑖, a dependency on the prestress force 
release mode was observed, even though a proper coefficient was already present in the model 
equations (coefficient αp1). This results in an effect on average trend and data dispersion, and it 
is particularly evident for the anchorage length. 

To remove the dependency on the prestress release mode, four new distributions of 𝜗𝜗 were 
calibrated, distinguishing the following cases: transmission length with gradual prestress 
release; transmission length with sudden prestress release; anchorage length with gradual 
prestress release; anchorage length with sudden prestress release. To this objective, the 
coefficient αp1 was removed from Eq. (3) (or set at 1, in all cases). After this operation, the 
independence of 𝜗𝜗𝑖𝑖 from all the other parameters considered by Eqs. (3-5) was verified. Such 
operation allows the statistical characterization of the model uncertainties to be performed 
univocally for all the range of variation of the parameters. 
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Figure 1: Computation of 𝜗𝜗𝑖𝑖 for the transmission (a) and anchorage length (b) for both 

gradual (G – in red) and sudden (S – in blue) release 
 
To calibrate the distributions, a different procedure was followed for transmission and 
anchorage lengths. Indeed, the experimental observations have a different numerousness in the 
two cases, and also the data type changes. There are many observations for transmission length, 
instead few data, most of them censored, are available for the anchorage length. 

Let us start from the transmission length ϑ distributions. First, the assumptions of normality for 
𝜗𝜗 and 𝑙𝑙𝑙𝑙(𝜗𝜗) were verified by means of a Chi-Square goodness-of-fit test, with significance 
level α = 0.05. Figure 2 shows that the hypothesis of normality for 𝜗𝜗 is not verified, while the 
same hypothesis for 𝑙𝑙𝑙𝑙(𝜗𝜗) is not rejected. In agreement with [10-12], and according to this 
result, we assumed that the most likely probabilistic distribution for model uncertainties of the 
transmission length is the lognormal one. 

 

 
Figure 2: Normal probability plot of 𝜗𝜗  (a) and 𝑙𝑙𝑙𝑙𝜗𝜗 (b) for the transmission length for both 

gradual (G – in red) and sudden (S – in blue) release 
 
The expected value and the standard deviation for both the distributions of transmission length 
(with gradual or sudden release of prestress force) are estimated with the Bayesian inference 
procedure, assuming a non-informative prior distribution, according to [13-14]. The results in 
terms of mean value 𝜇𝜇𝜗𝜗, standard deviation 𝜎𝜎𝜗𝜗 and coefficient of variation 𝛿𝛿𝜗𝜗 are reported in 
Table 4. Results show that prediction of transmission length is quite accurate for both the 
gradual and sudden release cases, whose expected values are respectively 1.05 and 1.10. 
However, the dispersion associated to sudden release (0.36) is greater than the one associated 
to gradual release (0.26), as demonstrated by the values assumed by 𝛿𝛿𝜗𝜗.  

Regarding the anchorage length, the available experimental dataset is much more limited, and 
it includes several right and left censored data. It should be recalled that the experimental 
evaluation of this quantity is still matter of research and scientific discussion, since repeated 
bending tests are necessary to assess the length at which anchorage failure occurs. As a result, 
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most of the data do not identify exactly the anchorage length, but provide useful information 
which can contribute to the dataset. To consider the information carried by this partial data, the 
Maximum Likelihood Method (MLE) has been adopted for deriving the distribution of 𝜗𝜗. In 
this case, however, the normality test of ϑ and of ln(ϑ) was not verified due to the reduced 
number of experimental evidences, but we assumed that lognormal distribution applies, both 
for the gradual and sudden release cases. This assumption seems reasonable: first, it is the same 
distribution used for the transmission length, which represents physically one part of the 
anchorage length; then, many works on model uncertainty assessment have used the same 
distribution, also for ϑ applied to resistance models of reinforced concrete and bond 
mechanisms [10, 12]. Results are reported in Table 4, together with those of transmission 
length, and show that the anchorage length is highly underestimated for the sudden prestress 
release case (𝜇𝜇𝜗𝜗 = 1.84). This means that the experimental anchorage length is significantly 
higher than that estimated by the model. On the contrary, the anchorage length computed by 
the model in case of gradual release seems to be slightly overestimated (𝜇𝜇𝜗𝜗 = 0.81). The 𝛿𝛿𝜗𝜗 of 
the two distributions are comparable (0.21 and 0.25, respectively for gradual and sudden 
release). 
 

Table 4: 𝜇𝜇𝜗𝜗, 𝜎𝜎𝜗𝜗 and 𝛿𝛿𝜗𝜗 of the model uncertainty distributions 
Lognormal 
distribution 

Transmission length Anchorage length 
Gradual release Sudden release Gradual release Sudden release 

𝜇𝜇𝜗𝜗 1.05 1.10 0.81 1.84 
𝜎𝜎𝜗𝜗 0.28 0.40 0.17 0.47 
𝛿𝛿𝜗𝜗 0.26 0.36 0.21 0.25 

 

4 PROBABILISTIC MODEL 

For both the transmission length 𝑙𝑙𝑏𝑏𝑐𝑐 and the anchorage length 𝑙𝑙𝑏𝑏𝑏𝑏𝑏𝑏, two quantities are assumed 
to be random variables, whereas all the others are assumed to be deterministic ones. The first 
r.v. is the concrete compressive strength 𝑓𝑓𝑐𝑐, which follows a lognormal distribution with mean 
value 𝑓𝑓𝑐𝑐𝑚𝑚 and coefficient of variation 𝛿𝛿𝑓𝑓𝑝𝑝 = 0.15 ([10]). The second r.v. is the model uncertainty 
ϑ, described by a lognormal distribution with 𝜇𝜇𝜗𝜗 and 𝛿𝛿𝜗𝜗, which values are reported in Table 4. 
Note that the relatively high value of 𝛿𝛿𝑓𝑓𝑝𝑝 represents the variability of cast in place concrete 
members, while in laboratory conditions or for precast concrete subject to factory controls 𝛿𝛿𝑓𝑓𝑝𝑝 
may result in lower values (0.05÷0.06). However, to the end of this paper, the choice of 
adopting the largest 𝛿𝛿𝑓𝑓𝑝𝑝 value seems a precautionary and reasonable assumption.  

The probabilistic models of the two lengths are derived following the same procedure, starting 
from Eq. (3) or from Eq. (4), in case of transmission (lbt) or anchorage (lbpa) length, respectively. 
They can be both rewritten as: 

𝑙𝑙𝑏𝑏𝑐𝑐/𝑏𝑏𝑏𝑏𝑏𝑏(𝑓𝑓𝑐𝑐,𝜗𝜗) = 𝜗𝜗 ∙ 𝐴𝐴(𝑡𝑡) ∙ 𝑓𝑓𝑐𝑐
−1

2                    (8) 

where 𝐴𝐴(𝑡𝑡) represents the multiplicative term grouping all the deterministic parameters of Eq. 
(3) or Eq. (4), as reported in Table 5. 
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Table 5: Equations for 𝐴𝐴(𝑡𝑡) of Eq. (8) with 𝛼𝛼𝑏𝑏2 = 0.75 (intermediate between 0.5 and 1) 

Transmission length Anchorage length 
𝐴𝐴𝑠𝑠𝑏𝑏
𝜋𝜋Ø

𝛼𝛼𝑏𝑏2𝛼𝛼𝑏𝑏3𝜎𝜎𝑏𝑏𝑖𝑖
𝜂𝜂𝑏𝑏1𝜂𝜂𝑏𝑏2[𝛽𝛽𝑐𝑐𝑐𝑐(𝑡𝑡)]1/3 

𝐴𝐴𝑠𝑠𝑏𝑏
𝜋𝜋Ø𝜂𝜂𝑏𝑏1𝜂𝜂𝑏𝑏2

�
𝛼𝛼𝑏𝑏2𝛼𝛼𝑏𝑏3𝜎𝜎𝑏𝑏𝑖𝑖
[𝛽𝛽𝑐𝑐𝑐𝑐(𝑡𝑡)]1/3 + �𝜎𝜎𝑏𝑏𝑏𝑏 − 𝜎𝜎𝑏𝑏𝑐𝑐𝑠𝑠�� 

 

Using the formulation of [11], it is possible to derive a specific quantile 𝑞𝑞 of the length 𝑙𝑙 
distribution defined in Eq. (8) as: 

𝑙𝑙𝑏𝑏𝑐𝑐,𝑞𝑞/𝑏𝑏𝑏𝑏𝑏𝑏,𝑞𝑞 = 𝐴𝐴(𝑡𝑡) ∙ 𝜇𝜇�𝑓𝑓𝑝𝑝
−1

2 ∙ 𝜇𝜇�𝜗𝜗 ∙ 𝑒𝑒
Φ−1(𝑞𝑞)∙�𝑙𝑙𝑙𝑙�𝛿𝛿𝜗𝜗

2+1�+14𝑙𝑙𝑙𝑙�𝛿𝛿𝑓𝑓𝑝𝑝
2 +1�           (9) 

where 𝜇𝜇�𝑓𝑓𝑝𝑝 and 𝜇𝜇�𝜗𝜗 are the median values (q = 0.50) of the 𝜗𝜗 and 𝑓𝑓𝑐𝑐 distributions, respectively. 
Since code provisions are usually expressed in function of the characteristic value 𝑓𝑓𝑐𝑐𝑐𝑐, defined 
as the 0.05 quantile of the 𝑓𝑓𝑐𝑐 distribution, Eq. (9) can be re-written as 

𝑙𝑙𝑏𝑏𝑐𝑐,𝑞𝑞/𝑏𝑏𝑏𝑏𝑏𝑏,𝑞𝑞 = 𝐴𝐴(𝑡𝑡) ∙ 𝑓𝑓𝑐𝑐𝑐𝑐
−1

2 ∙ 𝜇𝜇�𝜗𝜗 ∙ 𝑒𝑒
−1

2Φ
−1

(0.05)∙�𝑙𝑙𝑙𝑙�𝛿𝛿𝑓𝑓𝑐𝑐
2 +1�+Φ−1(𝑞𝑞)∙�𝑙𝑙𝑙𝑙�𝛿𝛿𝜗𝜗2+1�+1

4𝑙𝑙𝑙𝑙�𝛿𝛿𝑓𝑓𝑐𝑐
2 +1�

= 𝐴𝐴(𝑡𝑡) ∙ 𝑓𝑓𝑐𝑐𝑐𝑐
−1

2 ∙ 𝜁𝜁𝑞𝑞(10) 

where the probabilistic coefficients 𝜁𝜁𝑞𝑞 is function of 𝑞𝑞, 𝜇𝜇�𝜗𝜗, 𝛿𝛿𝑓𝑓𝑝𝑝 and 𝛿𝛿𝜗𝜗 and can be easily compute 
for each target quantile q. 

5 RESULTS AND DISCUSSION 

5.1 Transmission length 

In the design practice, the transmission length value is mainly used for SLS verification of the 
transverse stresses at the beam ends, other than for shear capacity verification (not analyzed 
here). As already recall, the shorter the transmission length, the more onerous the SLS 
verification. The transmission length for each desired quantile 𝑞𝑞 can be computed with Eq. (10), 
changing the probabilistic coefficients 𝜁𝜁𝑞𝑞. In this document only some significant notable cases 
are reported (Table 6): the median transmission length (𝜁𝜁𝑚𝑚, 𝑞𝑞 = 0.50), the characteristic (𝜁𝜁𝑐𝑐, 𝑞𝑞 
= 0.05) and the design length (𝜁𝜁𝑏𝑏). The latter one can be set in function of a certain reliability 
index 𝛽𝛽, introducing Φ−1(𝑞𝑞) = − 𝛼𝛼𝑅𝑅 ∙ 𝛽𝛽 in Eq. (10), where 𝛼𝛼𝑅𝑅 is the FORM correction factor, 
here assumed equal to 0.8 for dominant resistance variable [10, 15]. According to [15], 𝜁𝜁𝑏𝑏 is 
computed for two target reliability index values, 2.9 for short term verification (1 year) and 1.5 
for long term verifications (50 years). 

 Table 6: Probabilistic coefficients 𝜁𝜁𝑞𝑞 for the transmission length computation 

Gradual release Sudden release 
𝜁𝜁𝑚𝑚 𝜁𝜁𝑐𝑐 𝜁𝜁𝑏𝑏 𝜁𝜁𝑚𝑚 𝜁𝜁𝑐𝑐 𝜁𝜁𝑏𝑏 

𝑞𝑞 = 0.5 𝑞𝑞 = 0.05 𝛽𝛽 = 1.5 𝛽𝛽 = 2.9 𝑞𝑞 = 0.5 𝑞𝑞 = 0.05 𝛽𝛽 = 1.5 𝛽𝛽 = 2.9 
0.90 0.58 0.65 0.48 0.92 0.51 0.60 0.40 

 

Transmission length as a function of fck, evaluated with Eq. (10), adopting 𝐴𝐴(𝑡𝑡) from Table 5 
and probabilistic coefficients 𝜁𝜁𝑞𝑞 from Table 6 is plotted in Figure 3, for a given set of parameters 
(Ø = 15.2 mm, t = 3 days and 𝜎𝜎𝑏𝑏𝑖𝑖 = 1300 MPa) for both gradual (Figure 3a) and sudden (Figure 
3b) prestress release. In these graphs, also the transmission length computed with Eq. (3) is 
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represented (black line): results demonstrate that it is close to the design value computed with 
𝛽𝛽 = 1.5 for the gradual release case, while for the sudden release it is closer to the median value. 
This is due to the higher uncertainty associated to the sudden release case, as can be easily seen 
in Figure 3c where the two CDF have a different dispersion (𝑓𝑓𝑐𝑐𝑐𝑐 = 50 MPa). This result means 
that Eq. (3) brings to different safety level if gradual or sudden prestress force release is applied: 
especially, the transmission length for sudden release case should be reduced. 

 

 

Figure 3: Transmission length computation for gradual (a – red) and sudden (b - blue) 
release; probabilistic coefficients 𝜁𝜁𝑞𝑞 for different 𝛽𝛽 (c) and transmission length CDF (d) 

 

5.2 Anchorage length 

The anchorage length is needed for the calculation of the moment and shear capacity of the 
members at ULS. Thus, the longer the anchorage length, the more onerous the ULS verification. 
The anchorage length for a specific quantile 𝑞𝑞 can be computed with Eq. (10). As done for lbt, 
here only some significant notable cases are reported (Table 7): the median length (𝜁𝜁𝑚𝑚, 𝑞𝑞 = 
0.50), the characteristic (𝜁𝜁𝑐𝑐, 𝑞𝑞 = 0.95) and the design anchorage length (𝜁𝜁𝑏𝑏). In this case, 𝜁𝜁𝑏𝑏 can 
be set in function of a certain reliability index 𝛽𝛽, introducing Φ−1(𝑞𝑞) =  𝛼𝛼𝑅𝑅 ∙ 𝛽𝛽 in Eq. (10). 
According to [15], 𝜁𝜁𝑏𝑏 is computed for 𝛽𝛽 = 3.8 and 𝛽𝛽 = 4.3, respectively in case of moderate or 
high consequence failure. 

Table 7: Probabilistic coefficients 𝜁𝜁𝑞𝑞 for the anchorage length computation 

Gradual release Sudden release 
𝜁𝜁𝑚𝑚 𝜁𝜁𝑐𝑐 𝜁𝜁𝑏𝑏 𝜁𝜁𝑚𝑚 𝜁𝜁𝑐𝑐 𝜁𝜁𝑏𝑏 

𝑞𝑞 = 0.5 𝑞𝑞 = 0.95 𝛽𝛽 = 3.8 𝛽𝛽 = 4.3 𝑞𝑞 = 0.5 𝑞𝑞 = 0.95 𝛽𝛽 = 3.8 𝛽𝛽 = 4.3 
0.70 1.01 1.37 1.50 1.57 2.42 3.47 3.86 

 

Anchorage length as a function of fck, evaluated with Eq. (10), adopting with 𝐴𝐴(𝑡𝑡) from Table 
5 and probabilistic coefficients 𝜁𝜁𝑞𝑞 from Table 7 is plotted in Figure 4, for a given set of 
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parameters (Ø = 15.2 mm, t = 3 days, 𝜎𝜎𝑏𝑏𝑏𝑏 = 1800 MPa and 𝜎𝜎𝑏𝑏𝑐𝑐𝑠𝑠 = 1200 MPa) for both gradual 
(Figure 4a) and sudden (Figure 4b) prestress release. In these graphs, also the anchorage length 
computed with Eq. (4) is represented (black line): results show that the lbpd computed with Eq. 
(4) is too conservative for the case of gradual release. In fact, this curve stands upper than the 
one computed assuming 𝛽𝛽 = 4.3. On the contrary, 𝑙𝑙𝑏𝑏𝑏𝑏𝑏𝑏 computed with Eq. (4) in case of sudden 
release is seriously underestimated, providing values even lower than the characteristic values 
evaluated with Eq. (10). The reliability level associated to Eq. (4) is totally different between 
the gradual and the sudden release case; for obtaining a comparable safety level, the design 
length in case of gradual release should be reduced, while the design length in case of sudden 
release should be significantly increased. Finally Figure 4c shows the two 𝑙𝑙𝑏𝑏𝑏𝑏𝑏𝑏 CDF for 𝑓𝑓𝑐𝑐𝑐𝑐 = 
50 MPa, while Figure 4d shows the trend of 𝜁𝜁𝑏𝑏 for different values of 𝛽𝛽. 

 

 

Figure 4: Anchorage length computation for gradual (a - red) and sudden (b - blue) release; 
probabilistic coefficients 𝜁𝜁𝑞𝑞 for different 𝛽𝛽 (c) and anchorage length CDF (d) 

 

6 CONCLUSIONS 

In the present work, the probabilistic calibration of the expressions for computing the 
transmission and anchorage length for prestressed concrete element has been carried out, 
starting from the Equations proposed by the fib TG2.5 for the forthcoming fib Model Code 
2020. For such scope, two datasets were collected, one for each investigated variable, which 
comprise more than 1000 experimental evidences from scientific literature. The key step of the 
probabilistic procedure is the introduction of the random variable 𝜗𝜗, that represents the model 
uncertainty due to factors affecting test and model results, defined as the ratio between the 
experimental value and that predicted by the model. Thanks to 𝜗𝜗, it is possible to calibrate the 
model prediction, include the model uncertainty and compute the quantity of interest for a 
specific target quantile. On the specific case study, the following considerations can be made: 

• the type of prestress force release (gradual or sudden) significantly affects both the 
transmission and anchorage length. The coefficient αp1 which applies in the current 
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formulation of the transmission length is not able to capture the effect on the overall 
anchorage length; 

• regarding the transmission length, current formulations predict quite well the expected 
values for both the type of release. However, the model uncertainty for the sudden 
release case is higher than the one associated to the gradual release. Thus, the design 
lengths computed with current formulation are associated to different safety levels. 
They need to be corrected for targeting the same reliability index. The design 
transmission length computed in case of sudden release needs a higher reduction than 
that computed in case of gradual release for reaching the same reliability level; 

• regarding the anchorage length, current formulations seem not able to properly predict 
the experimental length. For the gradual release case, the anchorage length is slightly 
overestimated, while for the sudden release case the anchorage length is highly 
underestimated; 

• the proposed formulations do not only represent a key introduction for reliability-based 
design of the transmission and anchorage length in prestressed concrete elements, but 
also for assessing the reliability of existing lengths designed with current standards. 
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ABSTRACT 

Bond between steel reinforcement and concrete is the basic and fundamental mechanism which 
assures load transfer between the two materials in reinforced concrete elements. Even though 
bond has been widely investigated during the last decades, the number of parameters involved 
in the mechanism, as well as the number of possible geometrical configurations of the final 
element, are such that both models for the local bond-slip law and for anchorages or lap splices 
still need further investigation. As evidence of this, design-oriented documents, such as the fib 
Model Code, are constantly updated. Significant modifications of the bond models and the 
methods for the calculation of the anchorage length are foreseen in the next generation of codes. 

The use of post-installed reinforcement offers a reliable solution for the connections in concrete 
structures, the strength and the stiffness being similar to traditional cast-in rebars. Many 
applications may be found in the rehabilitation and strengthening of existing structures. 
Nonetheless, post-installed rebars are becoming popular also in new constructions to make 
easier building and flexibility in design. Within this framework, structural designers often face 
the need of overlapping existing and new rebars, with a lack of design recommendations. This 
paper aims to investigate the load transfer of the new-to-existing lap splices. Numerical 
simulations were carried out with a commercial code, particularly an experiment from the 
literature was reviewed and numerically revaluated, also simulating the effects of different 
splice lengths, not counted in the original study. Inverse analysis was used to calibrate a local 
bond-slip law, which was the input for the following simulations. Failure mode and crack 
pattern are discussed showing that splitting is the dominant failure mode for short lap splices. 

1  INTRODUCTION 

1.1 Background 

It is well known how bond is the fundamental mechanism for the functioning of reinforced 
concrete structures. State-of-art knowledge about bond of cast-in rebars was summarized in the 
fib bulletin n.10 [1], where the local bond behavior and models for the design of anchorages 
were extensively discussed. Nevertheless, a shared view about this topic is far to be achieved, 
such that significant changes are expected in the next generation of design guidelines. More 
recently, the introduction of efficient and reliable post-installed systems is driving a revolution 
in the construction industry. 
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Post-installed reinforcement with adhesive mortars is becoming the main design solution in 
many applications for repair and refurbishment of existing structures. Common cases are, for 
instance, the addition of new concrete elements like cantilevers or shear walls, or the 
substitution of damaged parts due to fire or earthquake. In addition, post-installed reinforcement 
can be effectively adopted to speed up the construction process of new structures. An example 
for column to foundation connections is presented in [2]. Hence, new contents are widened the 
public debate about bond in concrete. Main concerns about post-installed reinforcement are 
linked to possibility of reaching the same level of safety of the cast-in counterpart. For this 
reason, the current design approach is based on the hypothesis that post-installed reinforcement 
can be designed with the same rules for cast-in, as far as it exhibits a more favorable behavior. 
More details about guidelines are available in [3]. In the cited paper, a summary of the 
qualification procedure, as well as the design approach in Europe, was provided. Adhesive 
mortars for use in post-installed reinforcement shall be provided with a European Technical 
Approval (ETA) got based on a specific assessment procedure [4]. A system with this ETA can 
be used for lap splices and anchorages under static loading [5], under fire [6] and in seismic 
loading [7]. The anchorage length for post-installed rebars is evaluated using the same equation 
for cast-in rebars with a limitation regarding the bond strength; its value cannot be larger than 
the design bond strength calculated for cast-in rebars as function of the concrete class. A rather 
conservativism is claimed concerning the inherent limitations which arise in the use of such 
models also for post-installed reinforcement. Unfeasible anchorage lengths, for instance, results 
in case of rigid joints. Adhesive mortars are generally characterized by larger bond strengths 
when pullout governs the failure mechanism. Higher performances are due to a mechanism 
similar to mechanical interlock for cast-in ribbed bars, but which takes place along the 
roughness of the drilled hole with a more even distribution. However, higher stiffness of some 
adhesives may lead to a rather different transfer mechanism with a reduction of the transfer 
length. Consequently, bond stress concentration may be expected at the anchorage zone with 
excessive radial stresses and more risk of splitting [8]. 

1.2 Scope and research significance 

In this paper, a discussion on the influence of lap splice length for connection of new-to-exiting 
rebars is presented. To this scope, a numerical investigation was carried out aiming to 
understand the load transfer mechanism in presence of post-installed reinforcement with high 
bond adhesives. The simulations account for different values of lap lengths, where the reference 
case is based on a previous experimental study from the literature, where post-installed 
reinforcement behavior was initially characterized by means of confined pullout tests (at the 
single rebar scale) and later evaluated in structural tests (at the sub-element scale) representing 
real site applications. An initial calibration is then carried out starting from such literature data, 
with a particular focus on adapting current local bond-slip law for cast-in rebars to the post-
installed counterparts. Therefore, predictive analyses were developed varying the lap length. 
The results show how numerical simulations with Finite Elements Modelling (FEM) can be 
adopted by structural designers to predict the behavior of post-installed reinforcement. Insights 
about the load transfer and the crack pattern are given showing how higher bond strength and 
stiffness of post-installed reinforcement may lead to early failure by splitting. 

The outline of the paper is as follows: a summary of the selected case study from the literature 
is presented as premise for the numerical investigation; then, a section titled “Numerical 
investigation” introduces both the calibration and the predictive modelling, which are listed in 
dedicated paragraphs. A brief discussion with comments on the failure modes and the crack 
patterns precedes the conclusions. 

592



   
 

2 CASE STUDY FROM THE LITERATURE 

The experiments carried out by Randl and Kunz [8]–[10] were taken as reference for the 
numerical investigation. The cited study dealt with the behavior of post-installed reinforcement 
highlighting possible issues in design and providing useful information for structural designers. 
It was early presented in the framework of the last Bond in Concrete conference of 2012 with 
a contribution regarding concrete splitting failure mode [8]. Then, an extended version of the 
proceeding was published on Structural Concrete, the journal of the fib, in which the 
experimental results were used to provide full guidance in design of post-installed 
reinforcement at ultimate and serviceability conditions [10]. A year later, a third contribution 
was presented at the fib Symposium 2015 thus concluding the research with evaluations about 
the long-term behavior of adhesives in presence of sustained loads [9]. The investigation hereby 
presented is mainly focused on the structural behavior of post-installed rebars, thus results from 
tests with sustained loads will not be considered. 

In the experimental campaign, specific structural tests were performed, particularly (i) 
anchorage of a new corbel on an existing wall and (ii) a new cantilever added to a simply 
supported slab, also called “splice tests”. The product dependency, which is well known in the 
field of post-installed fastenings, was taken into account by using two adhesives: (i) a hybrid 
mortar including organic and cementitious components; (ii) a high-bond epoxy mortar. In the 
original study, the different products were identified as “adhesive A” and “adhesive B”, 
respectively. Their bond-slip behavior was evaluated with a series of confined pull-out tests. 
The tests were designed to favor splitting failure, namely a pair of closely spaced rebars was 
loaded in tension and the bond stress at failure was estimated from the measured peak loads. 
Such bond stresses were compared with predicted values according to a new approach based 
on Eurocode 2. 

The following discussion is related to splice tests only; details of the corbel tests are available 
in the original publications. The slab specimens, both the simply supported part and the added 
cantilever, were cast with nominal C20/25 concrete. The cold joint interface (i.e. the joint 
between the two parts casted at different time) was roughened by high-pressure water jetting 
before cast the added concrete part. The diameter of reinforcement was 12 mm and the steel 
grade was BSt 550. Several specimens were built with different splice lengths ranging from 
240 mm to 400 mm. It is worth noticing how the shortest splice corresponds to 20 times the 
nominal bar diameter, which is the upper limit for post-installed anchorages. As stated in [10], 
the embedment length was always significantly less than that calculated according to Eurocode 
2. In all the splice tests, obviously the first crack was located at the interface of new-to-existing 
concrete, later other transversal cracks due to bending were observed mainly in the cantilever 
part. Post-installed reinforcement failure changed depending on the lap length. For specimens 
with short lap length, which were assembled with adhesive A only, failure was characterized 
by splitting cracks in the new concrete followed by pullout of the rebars. None of these 
specimens were provided with transversal reinforcement. The failure for larger lap lengths was 
influenced by (i) the adhesive type and by (ii) the presence of transverse reinforcement. Rebar 
yielding for adhesive A or bar pullout with splitting of the new concrete for adhesive B were 
observed in lack of any transversal reinforcement. The presence of closely spaced stirrups 
resulted in yielding of the reinforcing bars irrespective of the adopted adhesive. The splice tests 
were discussed and commented also with respect to deflections and crack widths providing 
further insights on serviceability. Interestingly, the stiffness of the mortar was found the main 
responsible for the differences in cantilever deflections and development of splitting cracks. 
The observations from the confined pullout tests, in fact, implied that the main load transfer is 
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influenced by the higher bond stiffness of adhesives compared to cast-in-place rebars. As result, 
post-installed reinforcement creates larger splitting forces as observed in [11], where a rather 
similar behavior was observed from testing modified beam-end specimens. Finally, a method 
for the estimation of the crack widths was proposed by calculating the slip of the cast-in side of 
the bar according to fib Model Code 2010 and by adding the slip of the bonded part based on 
specific testing. 

3 NUMERICAL INVESTIGATION 

The behavior of lap splice connection of new-to-existing rebars is the topic of this numerical 
investigation. In absence of a specific experimental campaign, data from the literature were 
taken as reference in order (i) to calibrate the constitutive laws of the materials and (ii) to tune 
the modelling strategy. To this scope, confined pull-out tests and splice tests in [10] were first 
simulated; then, predictive modelling was developed to extend the mentioned experimental 
study. Numerical analyses, in fact, may provide a suitable and reliable strategy as an alternative 
way to laboratory or field testing [12]. 

The simulations with Finite Elements Method (FEM) were carried out with ATENA v5 from 
Červenka Consulting licensed to Politecnico di Milano. Some of the key features of the code 
are (i) the presence of advanced material models for concrete (e.g. smeared crack model, micro-
plane model) and for reinforcement, (ii) a realistic visualization of the crack pattern. Further 
details about features, models and algorithms of the software are available in [13]. 

The matrix of the numerical models is presented in Table 1, where “PO” stands for pullout and 
“S” for splice test. It has to be remarked that each row of the table may identify a group of 
analyses, whenever a sensitivity study was performed. 

Table 1: Matrix of the numerical models 

Code  (mm) lb (mm) lb /  (-) 
PO-240 12 240 20 
S-240 12 240 20 
S-360 12 360 30 
S-400 12 400 33.3 
S-480 12 480 40 
S-600 12 600 50 
S-720 12 720 60 

 

Generally speaking, a numerical analysis is composed of many steps as (i) the input phase, (ii) 
the solution and (iii) the post-processing. A “good” simulation is usually sought through a 
proper combination of the input strategy and the algorithm for the solution. The adroit user can 
control some features of the solver to launch cost-efficient analyses while preserving the quality 
of the solution [14]. Numerical results are considered objective if they are not significantly 
affected by the adopted mesh [12]. To exclude the influence of the mesh size, a sensitivity 
analysis was performed for every simulated geometry. However, results are not shown due to 
the limited length of this contribution. 
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3.1 Calibration of the bond-slip law 

In ATENA, rebars in reinforced concrete elements can be modelled as truss elements active in 
tension and compression depending on the presence of surrounding material. For instance, the 
response to compression of post-tensioned tendons can be disabled. When modelling 
reinforcing bars as embedded line elements, the code algorithm follows this procedure: (i) first 
the mesh of the solid element is created; (ii) then, the mesh of embedded linear isoparametric 
elements with two nodes (i.e. the reinforcing bars) is generated on the basis of the solid elements 
mesh. In this last stage, the degrees of freedom (DOFs) of the nodes belonging to the bar are 
kinematically linked to the DOFs of the underlying solid elements. The code allows for the 
definition of a bond-slip law along the embedded reinforcement [13]. In such case, many bond 
models are available, as the one from CEB-FIP model code 1990 or a user defined one. 

Confined pull-out tests on adhesive B in [10] were simulated in order to calibrate the bond-slip 
law for post-installed reinforcement. Behavior of high-bond epoxy mortar was found more 
interesting for the following parametric study on lap splices. A 3D domain was defined as 
follows (Figure 1): (i) a concrete block 150150270 mm3; (ii) a steel plate 30 mm thick with 
a center hole equal to 2 times the bar diameter (i.e. 24 mm); (iii) a line element 12 mm diameter, 
embedded 240 mm in the concrete block and protruding 80 mm from the concrete surface; (iv) 
a small steel prism 101030 mm3 at the opposite end of the rebar with respect to the embedded 
part. Such prism was an artefact to avoid convergence issues due to a loaded end of a rebar 
outside concrete. 

  
(a) (b) 

Figure 1: Simulation of confined pullout: (a) model layout (measures in millimeters), (b) 
mesh and restraints. 

 

An isotropic elastic material with 200 GPa Young’s moduls was assigned to 3D steel elements. 
The model for the rebar was elastoplastic with isotropic and kinematic hardening. The yield 
and the tensile strengths were set from the corresponding values in [10]. With the only exception 
of compressive strength, which was equal to 46 MPa, concrete mechanical or fracture properties 
were not declared in the original study. Therefore, they were automatically generated by the 
software from the compressive strength by using fib Model Code 2010 equations with mean 
values format [15]. The constitutive model for concrete was smeared crack model with fixed 
crack [13]. The use of fixed crack was driven by the stress-strain field of the problem, which 
was not expected to experience significant modification in directions during the analysis. The 
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mesh was structured for the concrete part with linear hexahedra and full integration scheme, 
while steel parts were meshed with linear tetrahedra. The average mesh size was approximately 
20 mm. Full contact was assigned at steel-to-concrete interface thus also simulating the effect 
of friction on the confined surface. The analysis was load-controlled with a step rate of 1 
kN/step. A full Newton scheme was adopted for the solution. The bond-slip law for the 
embedded rebar was derived starting from the model for cast-in reinforcement and assuming 
“unconfined concrete” and “good bond conditions”. Assuming the model from CEB-FIP Model 
Code 1990, different trials for the α exponent and for τmax were repeated in order to fit the 
experimental curve (Figure 2b). In absence of more detailed information, same slip values of 
cast-in reinforcement were assumed. The best-fit (Figure 2a) was obtained for α and τmax equal 
to 0.15 and 2.0, respectively. 

(a) (b) 

Figure 2: Simulation of confined pullout: (a) back-calculated local bond-slip law, (b) 
numerical Vs experimental curves. 

 

3.2 Simulation of the slab tests 

Splice test with 400 mm lap length and without transversal reinforcement in [10] was simulated 
to validate the calibrated bond-slip law for post-installed reinforcement. The layout of the 
model, in which the position of reinforcing bars is highlighted, is shown in Figure 3. The 
modelling strategy was similar to the previous case, with concrete modelled as 3D volumes and 
the rebars as line elements. Thick steel plates in contact with concrete were used to simulate the 
position of the supports and to apply the load. The model was restrained in correspondence to 
the steel plates of the supports. Full contact was assigned to all steel-to-concrete contacts. The 
analysis was displacement-controlled with a step-increasing displacement imposed at the steel 
plate on the tip of the cantilever. The constitutive models for the materials were the same as the 
pullout test simulation, with difference in values of concrete parameters which were generated 
from a concrete strength of 41 MPa. The bond-slip law for rebars was different depending on 
the position in the domain. For all cast-in rebars, the shape of the bond-slip curve was 
automatically generated from the assumed concrete strength. Conversely, the previously 
calibrated bond-slip law was assigned to the post-installed part of lap splices. Hook ends of 
rebars were modelled as “no-slip” nodes. The interface of new-to-existing concrete was 
modelled by using an interface material with Mohr-Coulomb behavior (i.e. friction behavior). 
Such a model is available in ATENA and consists of a classic “penalty approach” with cohesion 
(i.e. tensile strength of the interface) and residual friction properties (i.e. aggregate interlock). 
The introduction of an interface leads to additional non-linearities; therefore, the solution was 
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searched through the arc-length method. The model was meshed with linear hexahedra for 
concrete and linear tetrahedra for steel parts. The mesh was rather coarse to speed up the 
analyses, nevertheless the average mesh size was at least 65 mm to avoid shear locking issue. 

 

Figure 3: Simulation of splice tests: model layout (measures in millimeters). 
 

A preliminary parametric study upon some of the most important parameters for concrete 
fracture was carried out. In fact, in absence of detailed knowledge, sensitivity to change in 
concrete parameters should be assessed. Therefore, the analyses were repeated many times as 
the tensile strength and the fracture energy in the range of 1.252.5MPa and 77144 Nm, 
respectively. The ranges are representative of typical low strength mixes. However, it has to be 
pointed out that fracture energy strongly depends on the aggregate size and type and results 
could be affected by some uncertainties. The best fit combination was found for a tensile 
strength value in the range 1.75 MPa to 2.0 MPa and for a facture energy value equal to 77 Nm. 
The crack pattern at the peak load was characterized by the presence of bending cracks in the 
added cantilever and splitting cracks in correspondence of the cast-in side of the lap splices 
(Figure 4a). The numerical load-crack width curve is in good agreement with the experimental 
one (Figure 4b). It must be remarked that crack width values were taken as the horizontal 
displacement of the edge of the cantilever with respect to the simply supported part. 

  
(a) (b) 

Figure 4: S-400 simulation: (a) crack pattern, (b) numerical Vs experimental curves for fct = 
2.0 MPa and Gf = 77 Nm. 
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3.3 Parametric study on lap splice length 

The possibility to vary the length of new-to-existing rebars was numerically investigated via 
parametric analyses. The simulations were repeated by using the previously validated model 
but with different rebar lap splice lengths in the range 240720 mm. Considering two different 
values for the concrete tensile strength, the total number of analyses was equal to 10 with 5 
different lap splice lengths. Significant differences in the failure modes, and hence in the peak 
loads, can be observed from the numerical results. Splitting cracks in the new concrete part with 
a rather brittle behavior characterized the model with shorter lap length (Figure 5a), also in 
presence of a large concrete cover as 3 bar diameters (i.e. 46 mm). On the other hand, yielding 
of reinforcing bars with development of multiple bending cracks were typical of longer splice 
lengths (Figure 5b). 

  
(a) (b) 

Figure 5: Crack pattern from the parametric study: (a) S-240, (b) S-720. 
 

4 DISCUSSION 

In this section, results from the parametric study on lap splice length are discussed focusing on 
(i) crack pattern, (ii), rebars stresses and (iii) crack width. 

The numerical results, particularly the crack patterns, were consistent with the experimental 
observations in [10], despite differences in the investigated lengths. Higher bond strength and 
higher stiffness of some adhesive mortars, in fact, seem 

 related to a different load transfer which takes place at a lower distance, thus creating larger 
splitting forces [10]. As consequence, in lack of any confinement, splitting cracks prevent 
reinforcement from yielding. 

Plots of Figure 6 shows average rebar stresses and average crack widths as function of the lap 
splice length. The values were evaluated from the binary files of the analyses by defining 
specific monitors in the domain: (i) rebars section at the cold-joint interface for stresses; (ii) top 
edge cantilever for crack widths indirectly measured as nodal displacement. Results are plotted 
for the two different values of concrete tensile strength used in the simulations. Yielding of the 
rebar was achieved only after 600 mm. It is worth noting the snap-back in the results for fct = 
2.0 MPa at 480 mm lap length. In this case, the reduction of rebar stresses, with respect the 400 
mm case, may be due to a change in the crack direction. The increase in the lap splice length 
seems associated to a reduction of the crack width at the interface of the two parts casted at 
different times. The 240 mm case was characterized by wider crack width which could be 
related to premature bond failure of rebars with significant slip. 
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(a) (b) 

Figure 6: Parametric study: (a) lap length-rebar stress, (b) lap length-crack width. 
 

5 CONCLUSIONS 

In reinforced concrete structures, anchorage of reinforcing bars is designed as function of the 
longitudinal forces to be transferred into concrete. The total transfer is generally preferred 
promoting steel failure over brittle concrete-related failure modes, namely concrete splitting, or 
pullout of the bar. Many detailing for anchorage can be found in real applications like end 
anchorages or lap splices. The latter usually occurs when the length of a rebar is insufficient; in 
such condition, the longitudinal forces are transferred from that bar to another through the 
surrounding concrete. Lap splices are also very common for site applications with post-installed 
reinforcement. Post-installed systems with adhesive mortars are very common on modern 
construction sites. In fact, they represent a reliable and robust alternative to traditional cast-in 
rebars, particularly for repair and refurbishment. Thus, lap splice connections with post-
installed reinforcement can be found whenever a new concrete part is added to an existing 
structure. Current guidelines allow the design of post-installed reinforcement the same way of 
cast-in connections with limitations on the bond strength. However, in order to get a safe design, 
other aspects should be taken into account more than the mere resistance. 

Within this framework, the behavior of lap splice connections of new-to-existing rebars was 
numerically investigated. A commercial code with a built-in local bond-slip model was used 
for the simulations. The calibration of the bond-slip law, as well as that of the modelling 
strategy, was carried out through inverse analysis from literature data. Confined pullout and 
specific structural tests with lap splices in a new added cantilever were taken as reference. The 
results were correctly reproduced both in terms of failure mode and crack pattern, with minor 
inconsistencies probably related to insufficient details about material properties. Successively, 
a parametric study was developed varying the lapped length in the simulation of the same 
structural test. The results confirmed that short lap splice lengths with high-bond adhesive 
mortars may lead to a stress concentration with potential early failure due to concrete splitting. 
Such an effect can be mitigated by adopting longer lap splices to get yielding of reinforcement. 
However, in lack of any transversal reinforcement, splitting cracks may affect the new concrete 
portion irrespective of the lapped length, as observed from the crack contour plots. 
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ABSTRACT 

The paper describes load tests on end sections of  half joint (or dapped end) precast prestressed 
concrete bridge beams after over 40 years in service. Test beams with a cross section 
approximately 1m deep and 1m wide and 6m long were cut from the deck of a bridge under 
demolition. Beams were tested in three-point bending under displacement control at shear spans 
which varied between 0.75m and 2.5m. Main longitudinal reinforcement in the full depth 
section adjacent to the half joint was a layer of 15.2mm 7 wire strand spaced at 51mm centres. 

Beam failure initiated with slip of strand in all but one of the 2.5m shear span specimens before 
eventual concrete crushing in the top face and was accompanied by splitting across the 
horizontal plane passing through the strand. The complex detailing of reinforcement in the end 
region of the beams makes analysis of strand anchorage complex and conclusions somewhat 
uncertain, but anchorage resistance appears to have been lower than would be expected from 
application of design provisions in EC2. Some further comparisons are made with results from 
other investigations. 

Although calculations indicated tension laps in vertical links had sufficient lap length to develop 
their yield strength, observations after the conclusion of the load test showed substantial end 
slips (>15mm) with no indication of yielding. The paper considers whether lap capacity may 
have been impaired by steeply inclined cracks. The paper reflects on the importance of 
lap/anchorage ductility when two or more sets of reinforcement are required to act in 
combination and concludes that it is essential to consider both deformation capacity and 
maximum resistance in assessing overall member capacity. Shear resistance on the interface 
between precast units and the in-situ top slab are also considered. 

1. INTRODUCTION

Half-joints were introduced into bridge decks as a means of simplifying design and construction 
operations. Assessment of one bridge in the north-west of England constructed in 1971 identified 
several detailing deficiencies which resulted in it being provisionally rated sub-standard. 
Although some signs of corrosion close to the support were visible, the bridge had continued to 
carry unrestricted traffic with no indication of structural distress.  A further 10 structures within 
the region and a total of around 400 other bridges within the UK are of similar construction and 
it was evident that many of these would also be rated sub-standard. The lower bound strut and tie 
models described in current guidance and typically used in assessment analyses were widely 
considered to be very conservative and readily applicable only in cases with simple geometrical 
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and reinforcement detailing and when reinforcement is appropriately anchored (Highways 
Agency [1]). Thus, when the need to reconstruct one of these bridges arose it was decided to 
undertake destructive load tests on sections taken from the deck with the aim of developing less 
conservative assessment procedures (BBMM [2]). This paper briefly describes the load tests 
conducted at Heriot-Watt University [3] and discusses issues related to anchorage of prestressing 
strand and reinforcement that emerge from the results. Interfacial shear between the precast 
concrete beams and the in-situ concrete deck slab is also discussed.  

2 DESCRIPTION OF STRUCTURE AND TEST SPECIMENS 

The suspended span of the bridge deck comprised eight “top hat” type precast pretensioned box 
beams 76ft 7in (23.3m) long composite with a cast in-situ concrete top slab and infill concrete 
between the beams (BBMM [2]). The half joints or dapped ends of the precast beams were 
supported on similar ends of the supporting structure, Fig. 1. During deconstruction longitudinal 
saw cuts through the deck slab first separated the deck into individual beams, then 6.0m lengths 
were cut from each end of each beam to provide a total of 16 test specimens. External beams 
had slightly different detailing to that of internal beams, and only test specimens taken from 
internal beams are considered here. 

 

Figure 1: Half joint bridge deck - schematic 
 

Figure 2 shows a longitudinal 
and three transverse sections of 
individual precast half-jointed 
beam specimens terminating in 
a solid end diaphragm and nib 
approximately half the depth of 
the full cross section, hence 
termed the half-joint. Infill 
concrete and a top slab 
nominally 127mm thick were 
cast once all eight beams were 
in place. The beam/slab 
interface was unreinforced 
over the length of the end 
diaphragm. The beam end in 
the half-joint region is skewed 
by approximately 16o. Figure 3 
shows the arrangement of both 
longitudinal and transverse 
reinforcement, with some 
additional details of strand 
shown in Fig. 4.  

Figure 2: Details of ‘top hat’ beam cross section 
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The longitudinal reinforcement comprises:  
 A bottom Layer 1 of eighteen 15.2mm tendons of which ten were disbonded over 1.8m 
from the end face of the beam, with the remainder disbonded to 2.95m from the end. 
 A Layer 2 located 102mm above the soffit with twelve fully bonded tendons and a 
further four disbonded over their end 1.8m.  
 Layers 3-5 located at 51mm increments above layer 2 and each comprising two 
15.24mm tendons, disbonded over their end 1.8m. 
 A top layer of two 15.24mm fully bonded tendons. 
 Three layers of four 12.7mm diameter plain bars. 
 At mid-depth of the solid end diaphragm and extending into the bottom of the nib, ten 
U-shaped 25.4mm diameter ribbed bars 

The transverse reinforcement comprises: 
 stirrups with six 15.9 mm diameter legs spaced at 90mm within the nib region and 
enclosing the 25.4mm nib longitudinal ribbed bars. 
 stirrups with six 15.9 mm diameter legs spaced at 95mm throughout the end diaphragm 
but which do not enclose Layer 2 strand.  
 five 15.9mm diameter U-bars at 95mm centres over 570mm from the end of the full-
depth section in the half-joint region and enclose strand Layers 1 and 2. U-bars extend to 
584 mm above the bottom face of the solid end diaphragm and overlap 500 mm with the 
stirrups described in the preceding item. 
 stirrups with four 15.9mm diameter legs spaced at 105 mm throughout the box section 
webs. Only two of the four vertical legs extend below the two bottom layers of strand. 

An initial assessment had identified several deficiencies in detailing of reinforcement 
(BBMMJV [2]): (1) only 5 out of 41 stirrups within the end diaphragm enclose bonded Layer 
2 tendons in the lower half of the section, 2) half those in the box section do not enclose the 
two bottom layers of tendons; 3) upper ends of U links do not extend into the compression zone 
and are not anchored by a bend or hook as required by EC2 (CEN [4]); (4) end anchorage of 
bonded strands; unlike ordinary reinforcement or post-tensioning, bonded strand has no hook, 
bend or bearing plate contributing to anchorage, nor is there any transverse compression from 
a support reaction to enhance bond. 

Principal parameters varied in work reported here are load position and the presence/absence 
of the in-situ top slab. Beams were tested in three-point bending with the load applied at 0.75m, 
1.2m, 1.5m and 2.5m from the centre of the support. Apart from the pair of 2.5m specimens 
where the top slab was removed in both cases, half the tests were conducted after the top slab 
had been removed prior to test. 

2.1  Condition of the specimens prior to testing 

The specimens were in generally good condition; however, two areas with visible defects were 
identified.  The first was located on the soffit at the end of the full-depth section where concrete 
cover had spalled up to 300 mm from the end, exposing Layer 1 strands. All tendons in this 
layer were disbonded in plastic sleeves to 1.8 m or more from the end face. Over time, moisture 
had penetrated along the sleeves from their exposed ends resulting in corrosion of the tendons. 
The internal pressure generated by the expansive corrosion products resulted in concrete cover 
cracking and ultimately spalling leaving the lower layer of strand fully exposed in some cases. 
However, as these strands were disbonded the effect of these defects would be insignificant. 
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Corrosion also resulted in 
at least two of the shear 
links which extend below 
the bottom layer of strand 
being exposed and 
corroding, with a loss of 
around 20% of their 
initial cross-section area. 

Initial inspection showed 
ends of the second 
(upper) layer of the 
strands had also started to 
corrode. When these 
strands were exposed, 
either after testing or in a 
few cases by hydro-
demolition, it was clear 
that deterioration was 
superficial extending no 
further than 30 mm from 
the tendon ends. Beyond 
this the strands appear to 
have been in good 
condition. 

 

 

Figure 4: Details of bottom strand 
 

2.2  Material properties  

Strength of both precast and in situ concrete was assessed from uniaxial compression tests on 
100mm cores. Strengths obtained from cores were modified to express strength as the 
equivalent of 200 mm height and 100 mm diameter concrete cylinders (BSI [5]). Mean strengths 
were assessed at 49MPa and 31.5MPa for precast and in-situ concrete respectively. Samples of 
bar specimens were obtained from the half-joint region of the beams after testing. Bars were 
tested in uniaxial tension and values of stress and corresponding strain at yield (fy, εy) and peak 

Figure 3: Reinforcement details for test beams 
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load (fu, εu) determined from stress-strain plots. Average values are shown in Table 1. Product 
certification specified strand had a nominal diameter of 15.2mm, a cross-sectional area of 
141mm2 and an ultimate strength of 1800 MPa. Samples taken from test specimens reported a 
0.02% proof stress of 1578MPa. 

Table 1: Properties of steel reinforcement 
 

 

 

 

 

2.3  Test arrangement 

As test specimens were too heavy to be moved inside the Structural Engineering Laboratory a 
purpose-built test setup designed to impose a load of up to 4,000kN was fabricated in an outside 
yard. The rig was approximately 10 times stiffer than beam specimens within its elastic range, 
providing a displacement capacity of up to 90% of the actuator stroke. The reaction system was 
a concrete filled 1,12m diameter steel pipe with support frames welded in position to provide a 
5.2m span. Load was applied by two 2,000kN hydraulic actuators mounted on a transverse steel 
UC section, tied down to the steel pipe by threaded rods. The position of the transverse beam 
and hydraulic actuators could be varied to allow tests at different shear spans.  Load was applied 
through plates positioned directly over the webs of the box cross-section. Specimens were 
simply supported on two rubber bearings at each end which mimicked the in-situ support. A 
fully automated 16-bit proportional–integral–derivative (PID) controller fitted with a closed 
loop displacement-control system regulated the hydraulic cylinders and provided displacement 
control for applied loading. 

An extensive range of conventional instruments were installed to monitor applied loads and 
reactions and to monitor displacements, and digital image correlation (DIC) monitored overall 
strains.  Two sets of measurements are of particular relevance to issues discussed in this paper: 

- end slip on two of the fully bonded strands in Layer 2 
- relative movement between precast beam and in-situ slab  

Beams were loaded at a constant rate of displacement (0.01 mm/sec) with loading halted at 
200kN increments to allow crack observations and documentation. Loading continued beyond 
peak, typically until load reduced by 40-50% from peak value.  

3 OBSERVATIONS FROM TESTS  

The principal parameters and peak loads for each test are presented in Table 2. Figure 5 shows 
load vs load deflection points for specimens tested with the top slab removed. It is evident that 
in all specimens except 3A-9, one of the two specimens tested on a 2.5m shear span, failure 
was brittle. Only 3A-9 shows strain softening prior to peak load and a relatively modest rate of 
reduction post-peak. Specimens in which the in-situ slab was retained show broadly similar 
behaviour but slightly higher peak strengths. Inclined cracking developed in the box section 

ϕ fy εy fu εu 

(mm) (MPa)  (MPa)  
12.7  341  0.0017  449  0.18 

15.9  458  0.0023  646  0.14 

25,4  447  0.0023  599  0.17 
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webs at between 80% and 100% of peak load and propagated horizontally at the level of the 
upper face of the bottom flange towards the nib end. Figure 6 shows the pattern of cracking in 
3A-7 at the conclusion of the test. 

The effective depth of the nib in a half joint is less than half that of the main span and main 
reinforcement to the nib extends only a relatively short distance into the span. The capacity of 
the nib has therefore been of particular concern in the design of half joints. Although diagonal 
cracks running diagonally upwards from the root of the nib was observed in these tests, they 
remained narrow. Surface strains at the root of the nib were modest and reduced after peak load 
was passed. Nib capacity clearly was not responsible for failure in these tests. 

 

Figure 5: Load deflection plots for beams with top slab removed 

 

Figure 6: Cracking at conclusion of test, 3A-7 

The scope of the remainder of this paper is limited to a discussion of those aspects of behaviour 
of direct relevance to bond and anchorage. The issues considered are:  

1 bond between precast beams and in-situ slab. 
2 end anchorage of bonded prestressing strand. 
3 laps in vertical links within the end diaphragm. 
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Table 2: Details of test parameters and summary of results 
 

Specimen 
Ref 

Shear 
Span 

Top Slab 
Max 
Load 

applied 

Max. 
reaction 

Tendon 
Slip @ 
peak 

Defln 
@ peak 

load 

Defln @ 
conclusion 

of test 

Failure 
mode 

(m)   kN kN mm mm mm   
3A-1 1.2 Preserved 2433 1848 - - >5 A/F 
3A-2 1.2 Removed 2201 1696 - 1.9 >5 A/F 
3A-3 1.2 Removed 1680 1262 0.5 1.6 >5 A/F 
3A-4  1.2 Preserved 2115 1630 0.45 1.5 >5 A/F 
3A-5 0.75 Preserved 2605 2386 0.05 1.2 >20 A/F 
3A-6 0.75 Removed 2798 2471 0.01 2.5 >20 A/F 
3A-7 1.5 Preserved 2405 1800 0.1 1.7 >20 A/F 
3A-8 1.5 Removed 1788 1379 0.15 1.8 >20 A/F 
3A-9 2.5 Removed 2662 1312 0 3.0 45 A/F 
3A-10 2.5 Removed 2279 1543 0.05 10.0 45 F 

Key: A – Strand anchorage F – Flexural 
 

3.1 Bond Between Precast Beams and In-Situ Slab 

Four tests were conducted with the top slab intact. No slip was measured by the transducers in 
any test and no signs of slip were detected visually. The load carried by specimens with top slab 
intact averaged 12.5% higher than their companion specimens in which the top slab was largely 
removed prior to test, closely corresponding to the difference in effective depths. It was evident 
that the top slab remained fully bonded in each case. The shear stress acting on the precast/in-
situ concrete interface has been calculated by elastic analysis using the transformed area 
approach to account for the differing properties of in-situ and precast concrete, Eq. 1. 

 𝑣         Eq. 1 

where V is the applied shear on the section, Q the first moment of area of the in-situ slab, I the 
second moment of the whole section and b the breadth of the shear interface. The maximum 
values of shear stress on the interface are for 3A-5 tested on a 0.75m shear span, where section 
properties are based on the end diaphragm, and 3A-1 where the box section properties are 
relevant. Using measured peak nib reactions of 1848kN and 2386kN for 3A-1 and 3A-5 
respectively, corresponding interface shears are 1.03MPa and 1.08MPa. Mean concrete 
compressive strength of the in-situ slab was 31.5MPa, which corresponds to a mean tensile 
strength fctm =2.4MPa according to Table 3.1 of EC2. For an unreinforced ‘smooth’ surface 
under no transverse stress, EC2 allows an interface shear resistance of 0.35 times the tensile 
strength of concrete, corresponding to  a mean shear resistance of 0.84MPa here. No interface 
slip was measured in any test in which the in-situ slab was retained, thus after over 40 years in 
service EC2 provisions remained safe. 

3.2 Anchorage of prestressing strand 

Figure 7 shows a simple strut and tie model for the beam end to illustrate the difficulty in 
providing adequate strand anchorage (Highways Agency [6]). Note that more recent guidance 
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covering more refined models is published 
(Highways England [7]). Assuming diagonal 
struts are inclined at 45o, strand tie CD is 
required to develop a tension equal to the 
reaction force on the nib over a very short 
bond length. The anchorage problem is more 
acute with pre-tensioned strand than with 
rebar, where an end hook or bend can be 
provided, or with post-tensioning where strand 
is anchored against a bearing plate, nor is 
transverse compression from a support 
reaction present to enhance bond, as at a 
conventional end support.  

In all except 3A-9, one of the 2.5m shear span specimens, slip of bonded tendons in Layer 2 
initiated at around 95% to 100% of peak load, Fig 8. A reduction in neutral surface depth and 
the consequent increase in lever arm as strand slipped allowed load to increase slightly to a 
peak value at a load point displacement of 1-2mm and increases in inclined cracking, leading 
to formation of horizontal cracking towards the nib end from the point where inclined cracks 
reached the web/bottom flange interface. The bottom flange intersects the outside face of the 
diaphragm 114mm above the beam soffit, almost level with tops of Layer 2 strand. At the 
conclusion of the tests horizontal cracking was observed through Layer 2 strand on the end face 
of the solid end diaphragm across the full section width, Fig 9. No appreciable differential 
longitudinal displacement across these cracks was noted, although this was not instrumented. 
No strand slip was measured on 3A-9 at any stage despite loading being continued until 
deflection reached four times that at peak load. It was evident that in all except 3A-9 failure 
initiated with slip of tendons fully bonded to the end of the beam. 

 

 

3A-9 was the only specimen in which strand did not undergo appreciable end slip and which 
failed in a flexural mode. The critical location for tension capacity of strand would have been 
at the end of the debonded length of many tendons, 1.8m from the end face, and extensive 
cracking developed to this point, Fig 10. Figure 11 shows a free-body diagram of forces acting  

Figure 7: Simple strut & tie model of half 
joint BD44/15  (Highways Agency [6]) 

Figure 9: Cracking on plane through 
Layer 2 strand at conclusion of test, 3A-1 Figure 8: End slip of strand, 3A-4 
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on the portion of 3A-9 from reaction to the edge of the loading plate. The ultimate support 
reaction may be calculated assuming a rigid body rotation about the edge of the loading plate  

and equating external and internal work when the free body forces act through the associated 
(virtual) displacements. Using the rectangular stress block of EC2 for concrete in compression 
and assuming bar and strand act at yield and 0.2% proof strength respectively, the ultimate 
support reaction is estimated at 1451kN, 5% less than carried in the physical test. As calculated 
strength does not include strain hardening effects this represents excellent agreement with 
capacity measured in the physical test. Peak load was preceded by strand slippage in all other 
specimens including 3A-10, nominally identical to 3A-9, and in which the peak load of 1283kN 
was 15% less than 3A-9. This suggests 15.2mm strand cannot safely be fully anchored with a 
bond length of less than 1.8m.  

An expression for design anchorage length lbpd is given by Eq. 8.21 in EC2 (CEN [4]), 
reproduced below as Eq. 2. For comparison with test results mean strengths are used and partial 
safety factor γc = 1.0 in all calculations.  

lbpd = lpt2d + α2ϕ(σpd - σpm∞)/fbpd     Eq. 2 

lpt2d = 1.2α1α2 ϕ σpm0/fbptm      Eq. 3 

where lpt2d is the transfer length, ϕ is the nominal strand diameter of 15.2mm, gradual release is 
assumed, for which α1 = 1.0, and coefficient α2 takes a value of 0,19 for 7-wire strand. No 
records are available to determine parameters relevant to the release stage and these must be 
estimated from typical practice supplemented by checks on stress limits at transfer. Tendons 
have been assumed initially stressed to 1184MPa, 75% of their 0.2% proof strength. After 5% 
elastic loss on release σpm0 = 1124MPa. Based on an assumed mean concrete compressive 
strength of 28MPa at release, mean bond strength at release fbptd is estimated at 8.86MPa and 
lpt2m at 440mm. The term σpd - σpm∞ represents the difference between the design stress to be 
anchored σpd = 1578MPa, the 0.2% proof stress in test beams and σpm∞ the stress in the tendon 
after all losses. A further 20% loss over the lifetime of the structure has also been assumed, 
giving σpm∞ = 900MPa at time of load test. Mean anchorage bond strength fbpd is calculated at 
4.02MPa from estimated concrete compressive strength of 49MPa in the precast units. Based 
on these assumptions, mean anchorage length lbpd is calculated to be 926mm, approximately 
half of the 1.8m distance to the point where additional strands become bonded. These findings 

Figure 10: Cracking of 3A-9 at 
conclusion 

Figure 11: Free body diagram of forces, 3A-9 
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question whether EC2 provisions are adequate to determine the bond length necessary to fully 
anchor 7 wire strand for the detail in these beams. 

This assessment is supported by conclusions of Russell & Burns [8] from their tests on 
conventionally supported prestressed beams. By conducting tests on varying but relatively short 
increments of shear span they determined the shear span at which failure transitioned from a 
flexural to a shear/bond mode. Ultimate strand strength was 1905MPa, concrete cylinder 
strengths at time of test were in the range 35MPa to 51MPa, and strand was spaced at 51mm 
centres as in present tests. They evaluated the development (anchorage) length of 15.2mm 
strand at between 2130mm and 2440mm (140ϕ to 160ϕ). Deatheridge et al [9] report tests on 
beams reinforced with ½” strand in which embedment lengths in excess of 228 times the strand 
diameter were required for their nominal flexural strength to be achieved. Even in tests with 
embedment lengths exceeding 300ϕ some end slip of strands was observed. Unlike the present 
tests, beams in both these investigations were simply supported, and compressive stresses 
produced by the support reaction and would have enhanced anchorage.     

Strand slip at peak load did not exceed 0.5mm in any of these large beam tests, and several tests 
peak load slip was less than 0.1mm. Load fell rapidly post peak in the current tests, as also 
observed by Russell & Burns where bond failure occurred. Tests on single strand typically 
report peak anchorage resistance is attained at much larger slips with no splitting on a plane 
through the strand as observed in tests described here and those by Russell & Burns. The 
splitting mode of bond failure is well recognized in ribbed reinforcing bars where bond action 
generates radial bursting stresses which tend to split surrounding concrete cover. Cracks were 
observed at the conclusion of tests on a plane through the layer of fully bonded strand, 
consistent with a splitting mode of failure, on the end face of the diaphragm. Clear spacing 
between strand in these tests was 2.3ϕ.  Ribbed bars typically fail by splitting when clear 
spacing between bars is less than 6ϕ and is invariably brittle if no confining reinforcement 
crosses the splitting surface. The nominal quantity and wide transverse spacing of links crossing 
the plane of bonded strand in Layer 2 would have offered minimal confinement to restrain 
splitting near the centre of these beams. Beams tested in this and other investigations raise 
concerns over the adequacy of  EC2 provisions for anchorage of strand in a splitting mode of 
failure. 

3.3 Laps in vertical links within the end diaphragm  

The ‘U’ bars within the end diaphragm which terminate at a height of 550mm above the level 
of the second layer of tendons, Fig 4, do not satisfy current EC2:2004 [4] [Cl. 8.5] requirements 
for anchorage of links as they do not 
terminate in a bend or by welding to a 
transverse bar. They could, however, be 
considered to lap to the other set of links in 
the end diaphragm. For 37mm minimum 
cover (cd=37mm), a concrete strength of 
49MPa with all bars lapped at the same 
section (α6=1.5) and setting γc  =  1.0, EC2 
provisions would require a lap length lo 
=246mm to develop σsd=458MPa, the yield 
strength of U bars, Table 1, and therefore 
about half the available lap length. 
Observations at the conclusion of the test 

Figure 12: Slip at top of 'U' bar at  
conclusion of test 
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noted end slip of up to 15mm noted in some specimens with no evidence of link yielding, Fig 
12. It seems likely that anchorage of stirrups was weakened by steeply inclined web cracking 
that impaired confinement from concrete cover available to resist bursting forces generated by 
bond action. 

4  IMPLICATIONS OF FINDINGS FOR STRUCTURAL ASSESSMENT 

4.1  Strut & tie lower bound models 

‘U’ bars are entirely responsible for the force to be resisted by tie BC in the simple Strut and 
Tie model in Fig. 7. The force in tie BC equals the nib reaction force. There are a total of 10 
legs each of 15.9mm diameter within the end diaphragm of the beam. It is debateable how many 
of these stirrups might reasonably be allocated to tie BC, but even with all 10 acting at their 
yield strength of 458MPa their total tensile capacity amounts to 909kN, as little as 37% of the 
maximum nib reaction measured in tests, Table 2.  Results confirm that lower bound strut and 
tie models described in current guidance and typically used in assessment analyses may be very 
conservative. 

4.2  Collapse models 

Bond-loss resistance models for pretensioned I-girders have been proposed by several 
researchers, the latest of which appears to be that by Naji et al [10]. These models have some 
similarities to the form of analysis shown in Fig 11. However, in Naji’s model the notional 
failure interface runs from load point to support reaction and therefore would not intersect 
longitudinal strand below mid height in a half joint situation. This assumption avoids 
difficulties in determining force developed in strand as the failure interface intersects bottom 
strand within the transfer length. Naji’s model does allow that vertical reinforcement may not 
reach yield, with link stress reducing as shear span increases and the failure interface becomes 
less steeply inclined. However, kinematic considerations would suggest an opposite trend. 

Space does not permit a detailed description of 
the various collapse mechanisms postulated 
and analysed as part of this study; only the 
simplest has been shown in Fig. 11. Suffice to 
say that failure capacity was overestimated for 
all tests except 3A-9 where a flexural failure 
occured. Collapse methods are acknowledged 
to be upper bound approaches which therefore 
tend to overestimate capacity. They also rely 
on all except the final component to yield 
behaving in a ductile manner. Splitting bond 
failures are non-ductile: they may even be 
explosive (Tepfers [11]). For this reason, fib 
MC2020 will recommend that where two or more 
sets of reinforcement are to be taken to act in 
combination it must be verified that adequate 
deformation capacity is available. To illustrate, consider the deformations associated with the 
forces in reinforcement at B, C & D in the half joint detail shown in Fig 13. The rate of 
development of stress in bar B will exceed that in C, which will exceed that in D. As bond 
failure may be non-ductile, resistance of reinforcement at ’B’ may start to reduce before 

Figure 13: Collapse model, schematic 

611



resistance at ‘C’ and ‘D’ develops fully. It is not permissible to assume that all sets of 
reinforcement act at their individual maxima in a collapse analysis. 

5. CONCLUSIONS

Deconstruction of a 40+ year old bridge provided a rare opportunity to conduct physical tests 
to failure on full scale elements with complex and deficient reinforcement detailing. The ten 
prestressed-concrete half-jointed specimens obtained from the suspended span of the bridge 
were tested simply supported under three-point loading on a range of shear spans. The in-situ 
top slab was retained in some instances and removed in others. Results from these tests on 
beams representative of a wider population of critical bridge structures in the UK have provided 
evidence to support their continued use.  

In all but one test failure was initiated by slip of prestressing strand and was non-ductile. 
Splitting on the plane through fully bonded strand showed strand failed in anchorage. 
Anchorage capacity appears to have been below that expected from EC2 design provisions.  

Laps in vertical stirrups assessed as having adequate capacity also failed with significant end 
slip, although it is not clear at what stage during the loading sequence lap failure occurred. 
Failure is believed to be due to steeply inclined cracking.  

The in-situ slab remained bonded to and acted compositely with the precast unit. 

Further work is required to develop models capable of accurately assessing the capacity of 
structures with complex and deficient detailing.  
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ABSTRACT 

Lap splice is used for bar continuity, reduction in reinforcing bar, and facilitating 
constructability. Structural wall, commonly known as a shear wall, offers high resistance to 
lateral load in structures due to its high strength and stiffness. A structural wall reduces lateral 
deformation of the structure and bending stresses in the column by resisting lateral load. During 
a severe earthquake, inelastic deformations are expected, which increases the damping of the 
structure, thus reducing the demand for earthquake forces. To sustain the inelastic deformation 
at the base of the wall, it must be specially detailed. Longitudinal reinforcing bars of wall are 
often spliced to facilitate the constructability at the base above the foundation. As a result, its 
performance with a lap splice may not be achieved as continuous rebar. Cyclic loading effect 
of earthquake significantly deteriorates bond between concrete and reinforcing bars. This study 
aims to get provisions such that the lap splice does not fail under the load and ductility demands. 
Analysis and calculation of lap splice length with internationally accepted national codes are 
carried out; it differs widely from code to code for identical material and geometry. Demands 
of lap splice length and shear wall performance are analyzed using existing experimental data 
and compared with the code provisions. 

1  INTRODUCTION 

Structural wall is often used for low to medium-rise buildings as lateral load resisting elements 
in the event of earthquake and wind.   In the past earthquakes, many laps spliced structural walls 
failed at the splice location. The collapse of the Alto-Rio building in the 2010 Chile Earthquake 
motivates to review of the lap splice's performance in the structural wall. One of the main 
reasons for the collapse was poor performance of lap splice in structural wall. Lap splice reduces 
deformability and fails in a brittle manner; secondary effect of it causes strain concentration, 
buckling of longitudinal rebar, and localized failure. Lap Splicing is widely practiced in low to 
medium-rise buildings; it is provided to longitudinal rebar of column and shear wall at every 
floor or alternate floor to avoid large supporting formwork. Code (IS 13920) recommends that 
a lap splice should be within the central half of clear wall height in a staggered position; 
practically, it is difficult to provide for high-strength rebar. An increase in lap splice length 
concerns engineers to design and detail; it complicates construction and increases the project 
cost. The following sections explain the force transfer mechanisms, factors affecting, and 
provisions of various codes. Lap splice length with various codes and comparison with 
experimental data are investigated in the last section. 
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2 POST-EARTHQUAKE OBSERVATIONS ON LAP SPLICE WALL 

Failure of the structural walls with lap splices was observed in the past earthquakes ranging 
from minor splitting crack to total collapse. During San Fernando Earthquake, 1971, splitting 
along the construction joint of longitudinal lap spliced rebar was observed at the base of corner 
structural walls of Indian Hills Medical Center [1]. Significant splitting and spalling were 
observed in the lap splice region of panels end at the base of first story walls of Guam Hilton 
Hotel in Gaum Earthquake, 1993 [2]. Two chimneys with lap spice walls collapsed totally 
during Turkey Marmara Earthquake, 1999 [3], and the second during Niigata-Chuestu Oki 
Earthquake, 2007 [4]. Compared to wall buildings, chimneys do not have redundancy; failure 
of a lap splice at a section leads to the total collapse of the chimney. A 15-story Alto Rio 
building collapsed during Chile Maule Earthquake in 2010. One of the major factors that caused 
the building to collapse was the failure of the lap spicing of the reinforcing bar. Failure of lap 
splices reduces the effective reinforcement ratio at the section that caused the fracture of a non-
lap spliced reinforcement [5]. During Canterbury Earthquake, 2010, significant damage at the 
lap splice region of 10 meters coupled wall in a 13-story apartment building was observed even 
though the lap splice was not at the plastic hinge location [6]. 

3 MECHANICS OF FORCE TRANSFER IN LAP SPLICE 

The performance of reinforced concrete structures depends on force transfer between 
reinforcement and concrete. In conventional lap splice reinforced concrete elements, force 
transfer occurs through the bond. Transfer of force between deformed rebar and the surrounding 
concrete occurs by chemical adhesion, mechanical anchorage by bearing, and frictional forces 
arising from the roughness of the interface. Initially, at Stage-I, bond stress is provided by weak 
chemical adhesion in uncracked concrete. After chemical adhesion is broken, at stage-II, 
internal micro-crack is formed in concrete; bearing and friction forces on the ribs and barrel of 
the bar are mobilized. Bearing at the rib is generated by the slip in the rebar relative to 
surrounding concrete due to strain and axial deformation in the rebar [7]. In Stage III, slip 
initiates by crushing of surrounding concrete; after that, most of the resistance is provided by 
bearing and friction forces acting on the ribs. Resistance depends primarily on mechanical 
interlocking for superior bond properties in deformed rebars. The influence of rebar bearing on 
deformation results shear stress in the concrete, which may be sufficient to cause internal 
cracking in the range of 45 to 80 degrees to the rebar axis. In cyclic loading, adhesion is lost 
completely in a few cycles, then the bond between bar and concrete depends on the mechanical 
resistance of bar deformation and friction. An inclined internal crack-like tooth of comb 
increases the frictional resistance by tightening, which produces hoop tension in the concrete 
around the bar and causes the formation of longitudinal cracks [8]. In Stage IV, splitting of 
concrete occurs. The bond stress is provided by crushing and shearing of concrete keys between 
the lugs and dry friction at the tip of the lugs. For unconfined concrete longitudinal splitting 
crack breaks out through the whole cover and bar spacing, then sudden bond failure occurs, but 
for high confined concrete, pullout failure is caused without longitudinal splitting crack. Light-
to-medium confinement by transverse reinforcement can assure bond efficiency despite 
longitudinal splitting crack. At this stage, slip is very high; as slip increases, bond stress reaches 
the peak and then decreases [9]. In non-contact lap splice, the formation of strut-tie has been 
observed; Load is transferred between the two splice bars through the concrete by compressive 
struts, and tension ties are ensured by the transverse reinforcement and surrounding concrete. 
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4 FACTORS AFFECTING LAP SPLICE PERFORMANCE 

4.1 Concrete  

Mechanical properties of concrete (mainly modulus of elasticity, Poisson’s ratio, tensile and 
compressive strength) depend on the type of concrete. A higher strength concrete possesses 
improved tensile strength and enhanced bond strength. Concrete strength depends on the 
constituent material (cement and aggregates), hence the bond strength. Concrete formed with 
heavyweight aggregate (basalt) possesses high strength and increases the bond strength of 
concrete [10]. In literature, many researchers reported that the average bond strength is 
proportional to �𝑓𝑓𝑐𝑐

,  [11, 12], �𝑓𝑓𝑐𝑐
,3  [13], �𝑓𝑓𝑐𝑐

,4  [14, 15] where 𝑓𝑓𝑐𝑐
, is the characteristic compressive 

strength of concrete. 

4.2 Reinforcement Strength, Diameter, Deformation Geometry, and Coating 

Surface roughness and deformation geometry of bars affect the friction between the reinforcing 
steel and concrete. The geometry of bars involves deformation height, spacing, width, and face 
angle. A deformed bar with a rib face angle greater than 40° develops a bond by progressively 
crushing the concrete in front of the ribs. Relative movement at the interface is prevented by 
the friction between the rib face and the concrete [7]. In large diameter and high relative rib 
area bar, confined by transverse reinforcement, has high splice strength [10]. High relative rib 
area of rebar exhibits a less detrimental effect on the splice strength with epoxy coating [14]. 
There is a strong influence in reducing the bond strength of high strength reinforcing rebar at 
high-stress levels beyond the proportional limit [16]. 

4.3 Cover, Spacing between Bars, and Transverse Reinforcement    

Cover to longitudinal reinforcement of the structural wall is generally considered based on 
environmental and fire exposure conditions. Splice strength increases as the cover and bar 
spacing increase by restraining splitting failure across the splice plane [12]. It is possible to 
obtain a pullout failure for larger cover and bar spacing. The use of smaller cover and bar 
spacing may result in splitting tensile failure and lower splice strength. The splice strength of 
bars confined by transverse reinforcement increases with an increase in the relative rib area, but 
transverse reinforcement will no longer be effective beyond a certain point. Transverse 
reinforcement confines spliced bars by limiting the progression of splitting cracks and, thus, 
increases the splice strength. Benefit of a larger cover has its limit; the efficiency of splice 
strength does not increase after it [17]. 

4.4 Casting Position, Location of Lap Splice, and Percentage of bars lapped at a 
Section 

An increase in workability by adding a superplasticizer has a negative effect on the splice 
strength. Longer the concreting time to settle and bleed, lower the splice strength. Splice 
strength of top bars reduces when bleeding and entrapped air voids are present below bars. In 
structural walls, longitudinal bars are provided close to the vertical side face, and a less 
pronounced effect of casting position is expected on spalling strength. Spalling strength is less 
influenced by bleeding and plastic settlement of concrete [18]. A decrease in the percentage of 
bars lapped at a section tends to damage splice strength as in continuous rebar having higher 
stiffness take higher tensile force provokes an early failure. However, a decrease in the 
percentage of bars lapped at a section; its ductility enhances the post-peak response [19].  
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4.5 Moment gradient and Inelastic Loading 

The performance of lap splice in the structural wall is susceptible to moment gradient. Scaled 
walls with lap splice tested in the experiment may not have the same moment gradient as full-
scaled walls, thus differing in response widely [20]. In the event of an earthquake, repeated and 
reversed cyclic loading imposes severe demands on lap splice strength and ductility in the 
structural wall. Performance of lap splice is more detrimental under reversed cyclic loading, 
and a decrease in stiffness and ductility was observed [21].   

5 LAP SPLICE PROVISIONS OF VARIOUS CODES  

5.1 IS 456 and IS 13920 

As per Clause 26.2.5.1 of IS 456 [22], lap length including anchorage of hooks for bars in 
flexural tension, shall be greater of Ld, or 30ϕ. Design development length for the deformed bar 
in tension is given by 

𝐿𝐿𝑑𝑑 = 𝑓𝑓𝑠𝑠𝜙𝜙

1.6×4(0.16 𝑓𝑓𝑐𝑐𝑐𝑐
2
3� )

                                                                                                             (1)                         

fck is the characteristic cube compressive strength of concrete limited to 40 MPa. fs is the stress  
in rebar. ϕ is the diameter of reinforcement up to 36 mm. If rebar is cast at the top of the section 
and the minimum cover is less than twice the diameter of the lapped bar, then lap length 
increases by a factor of 1.4. For corner bar having minimum cover to either face is less than 
twice the diameter of the lapped bar or where the clear distance between adjacent laps is less 
than 75 mm or 6 times the diameter of the lapped bar, whichever is greater, the lap length should 
be increased by a factor of 1.4. Here is no benefit of larger cover and confinement by transverse 
reinforcement on lap splice length. 

 Clause 10.8.2 of IS 13920 [23] prohibits lap splices in regions of the plastic hinge where 
flexural yielding of vertical reinforcement is expected for special slender walls. As per Clause 
10.8.3.1 of IS 13920, lap splice not more than 50% area of the bar should be spliced at any 
section with closed links (spacing less than 150 mm) over the development length of the largest 
bar in tension. Lap splice should be provided only in the central half of clear wall height and 
prevented within joint, and 2d from a location where yielding of reinforcement is likely to take 
place. 

5.2 ACI 318-19 

As per Clause 25.5.2.1 of ACI 318 [24], tension lap splice length lst for class A shall be greater 
of ld, or 300 mm and for class B greater of 1.3ld, or 300 mm. Where ld is given by 

𝑙𝑙𝑑𝑑 = 𝑓𝑓𝑦𝑦𝜓𝜓𝑡𝑡𝜓𝜓𝑒𝑒𝜓𝜓𝑠𝑠𝜓𝜓𝑔𝑔

1.1𝜆𝜆�𝑓𝑓𝑐𝑐′   �
𝐶𝐶𝑏𝑏+𝐾𝐾𝑡𝑡𝑡𝑡

𝑑𝑑𝑏𝑏
�
𝑑𝑑𝑏𝑏                                                                                                            (2) 

fy is the yield strength of reinforcement; fc
' is the characteristic cylinder compressive strength of 

concrete up to 70 MPa; λ consider the density of concrete defined as 1.0 for normal-weight 
concrete and 0.75 for lightweight concrete; ψt consider casting position; ψe, ψs, and ψg consider 
coating, size effect; and grade of reinforcement respectively; cb + Ktr ≤ 2.5db is confinement 
factor; db is the diameter of reinforcement up to 36 mm. 
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Clause 18.10.2.3 prohibits lap splice of longitudinal reinforcement of boundary element at 
critical section.  

5.3 ACI 408R 

According to ACI 408R [25], lapped splice length in tension is given by 

𝑙𝑙𝑠𝑠𝑠𝑠 =
�

𝑓𝑓𝑦𝑦

𝑓𝑓𝑐𝑐′
1
4�
−52.6 𝜔𝜔�𝛼𝛼𝛼𝛼𝜆𝜆

1.67�𝑐𝑐𝑐𝑐+𝐾𝐾𝑡𝑡𝑡𝑡𝑑𝑑𝑏𝑏
�

𝑑𝑑𝑏𝑏 ≥ 300 𝑚𝑚𝑚𝑚 𝑎𝑎𝑎𝑎𝑑𝑑 16𝑑𝑑𝑏𝑏                                                                  (3)    

fy is the yield strength of reinforcement; fc
' is the characteristic cylinder compressive strength of 

concrete up to 70 MPa; λ consider the density of concrete defined as 1.0 for normal-weight 
concrete and 1.3 for lightweight concrete; α consider casting position; β consider coating effect 
on reinforcement; ω is factor considers maximum and minimum spacing; cω + Ktr≤ 4db is 
confinement factor; db is the diameter of reinforcement. Lap splice length is equal to 
development length; no factor is given for the different reinforcement classes.  

5.4 CSA 23.3:19 

As per clause 12.15.1 of CSA 23.3:19 [26], tension lap splice length lst for class A shall be 
greater of ld, or 300 mm and for class B greater of 1.3ld, or 300 mm. Where ld is given by 

𝑙𝑙𝑑𝑑 = 1.15 𝑘𝑘1𝑘𝑘2𝑘𝑘3𝑘𝑘4𝑓𝑓𝑦𝑦

(𝑑𝑑𝑐𝑐𝑠𝑠+𝐾𝐾𝑡𝑡𝑡𝑡)�𝑓𝑓𝑐𝑐′
𝐴𝐴𝑏𝑏                                                                                                       (4) 

fy is the yield strength of reinforcement; fc
' is the characteristic cylinder compressive strength of 

concrete up to 64 Mpa; k3 consider the density of concrete; k1, k2, and k4 consider bar location, 
coating, and size effect respectively; dcs+ Ktr≤ 2.5db is confinement factor; Ab is the area of 
reinforcement. 

Clause 12.15.1 and clause 12.2 of CSA 23.3:19 have equivalent provisions as ACI 318-19 
except factor of reinforcement grade.  

5.5 fib Model Code 2010 

As per clause 6.1.3.7 of fib Model Code 2010 [27], the design lap length in tension is given as 

𝑙𝑙𝑏𝑏 = 𝛼𝛼4
𝜙𝜙𝑓𝑓𝑦𝑦𝑑𝑑
4𝑓𝑓𝑏𝑏𝑑𝑑

≥ 𝑚𝑚𝑎𝑎𝑚𝑚 �0.7𝜙𝜙𝑓𝑓𝑦𝑦𝑑𝑑
4𝑓𝑓𝑏𝑏𝑑𝑑

; 15𝜙𝜙; 200 𝑚𝑚𝑚𝑚�                                                                    (5)  

𝑓𝑓𝑏𝑏𝑑𝑑 = (𝛼𝛼2 + 𝛼𝛼3)𝜂𝜂1𝜂𝜂2𝜂𝜂3𝜂𝜂4(𝑓𝑓𝑐𝑐𝑘𝑘/25)0.5/𝛾𝛾𝑐𝑐 −
2𝑝𝑝𝑡𝑡𝑡𝑡
𝛾𝛾𝑐𝑐

< 2.5 𝑓𝑓𝑏𝑏𝑑𝑑,0 −
0.4 𝑝𝑝𝑡𝑡𝑡𝑡
𝛾𝛾𝑐𝑐

< 1.5��𝑓𝑓𝑐𝑐𝑐𝑐�
𝛾𝛾𝑐𝑐

                (6) 

fyd is the design yield strength of reinforcing steel in tension; fbd is the design bond strength; α4 
taken as 0.7 where stress in reinforcement at ultimate limit state throughout the lap length does 
not exceed 50% of the characteristic strength of the reinforcement, or no more than 34% of bars 
are lapped at a section, otherwise, α4 =1.0; α3 considers passive confinement from transverse 
reinforcement; α2 considers passive confinement from cover defined as (cmin /ϕ)0.5. (cmax / 
cmin)0.15; η1 considers the surface deformation and coating; η2 considers casting position and 
bond condition; η3 considers bar diameter defined as (25/ϕ )0.3 for bar diameter more than 25 
mm; η4 considers the characteristic strength of steel reinforcement approximated by 
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(500/fyk)0.85; fck is the characteristic cylinder compressive strength of concrete; γc is the partial 
safety factor for concrete recommended as 1.5; ptr is the mean compression stress perpendicular 
to the potential splitting failure surface at ultimate limit state.  

5.6 BS 8110-1  

As per clause 3.12.8.13 of BS 8110-1 [28] design lap length in tension should be at least equal 
to the design tension anchorage length (ld) and not less than 15ϕ or 300 mm.   

𝑙𝑙𝑑𝑑 = 𝑓𝑓𝑦𝑦𝜙𝜙
4𝛼𝛼�𝑓𝑓𝑐𝑐𝑐𝑐 

                                                                                                                               (7) 

fy is the characteristic strength of reinforcement; fcu is the characteristic strength of concrete 
cube; β is a coefficient dependent on the bar type. Clause 3.12.8.14 restrict sum of the 
reinforcement sizes over 40 % of the breadth of a section in a layer. The top bar factor, minimum 
cover, and spacing factor are the same as IS 456.   

5.7 EN 1992-1-1 

As per clause 8.7.3 of EN 1992-1-1 [29], the design lap length is given as 

𝑙𝑙0 = 𝛼𝛼1𝛼𝛼2𝛼𝛼3𝛼𝛼5𝛼𝛼6
𝜙𝜙𝜎𝜎𝑠𝑠𝑑𝑑

4(2.25 𝜂𝜂1𝜂𝜂2𝑓𝑓𝑐𝑐𝑡𝑡𝑑𝑑) ≥ 𝑚𝑚𝑎𝑎𝑚𝑚 �0.3𝛼𝛼6
𝜙𝜙𝜎𝜎𝑠𝑠𝑑𝑑
4𝑓𝑓𝑏𝑏𝑑𝑑

; 15𝜙𝜙; 200 𝑚𝑚𝑚𝑚�                                  (8) 

σsd is the design stress of the bar; fctd is the design value of concrete tensile strength; η1 is a 
coefficient related to the quality of the bond condition and the position of the bar;                   η2 

= (132-ϕ )/100 for ϕ>32 mm, otherwise 1; α1 considers the shape of bars; α2 considers concrete 
cover effect; α3 considers confinement by transverse reinforcement; α5 considers confinement 
by transverse pressure; α6 considers the effect of percentage of lapped bars at a section. Clause 
8.7.2 recommend lap splice should be staggered and not provided in the plastic hinge region.     

5.8 GB 50010-2010 

As per clause 8.4.4 of GB 50010 [30] overlapping length of joints splicing of longitudinal 
tension steel is  

𝑙𝑙1 = 𝜉𝜉1𝜉𝜉𝑎𝑎𝛼𝛼
𝑓𝑓𝑦𝑦
𝑓𝑓𝑡𝑡
𝑑𝑑 ≥ 300 𝑚𝑚𝑚𝑚                                                                                                  (9)  

ξ1 is coefficient to consider the percentage of overlapping reinforcement at a section given by 
1.2, 1.4, and 1.6 for 25, 50, and 100 percent respectively; ξa considers reinforcement diameter, 
epoxy coating, cover and bond condition; α is appearance coefficient defined as 0.14 for ribbed 
steel reinforcement; fy is the design value of tensile strength of steel; ft is the design value of 
axial tensile strength for concrete; d is the diameter of reinforcement bar up to 25 mm. Clause 
9.4.6 allows to lap splice all vertical distributed rebar of the wall at the same height with 1.2 
factor of splice length.  

5.9 JSCE No.15 

According to clause 13.7 of JSCE No.15 [31], lap length is determined by the basic 
development length (ld) 

𝑙𝑙𝑑𝑑 = 𝛼𝛼 𝑓𝑓𝑦𝑦𝑑𝑑
4𝑓𝑓𝑏𝑏𝑏𝑏𝑑𝑑

𝜙𝜙 ≥ 20𝜙𝜙                                                                                                       (10) 
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fyd is design tensile yield strength of reinforcement; α considers confinement effect due to cover 
and transverse reinforcement; fbod is design bond strength of concrete up to 3.2 N/mm2. ϕ is the 
diameter of the reinforcement bar. Clause 6.2 of part 5 gives a factor of 1.3 if provided 
reinforcement is less than twice that required or more than 50 % reinforcement spliced at a 
section and if both, then a factor of 1.7 to basic development length applied. Lap splice is 
prohibited in the plastic hinge zone.  

5.10 AS 3600 

As per clause 13.2.2 of AS 3600 [32], the tensile lap length is calculated from 

𝐿𝐿𝑠𝑠𝑠𝑠,𝑠𝑠,𝑙𝑙𝑎𝑎𝑝𝑝 = 𝑘𝑘7𝑘𝑘5𝑘𝑘4
0.5𝑘𝑘3𝑘𝑘1𝑓𝑓𝑠𝑠𝑦𝑦𝑑𝑑𝑏𝑏

𝑘𝑘2�𝑓𝑓𝑐𝑐′
≥ 0.058𝑓𝑓𝑠𝑠𝑠𝑠𝑘𝑘1𝑑𝑑𝑏𝑏                                                                 (11) 

fsy is the characteristic yield strength of reinforcement; fc
' is the characteristic cylinder 

compressive strength of concrete; db is the diameter of reinforcement bar up to 40 mm; k1 
considers bond conditions defined as 1.3 for a horizontal bar with more than 300 mm of the 
concrete cast below the bar otherwise 1.0; k2 considers bar diameter defined as (132-db)/100; k3 
considers concrete cover defined as 0.7≤ 1.15-0.15cd /db≤1; k4 considers confinement by 
transverse reinforcement; k5 considers compressive pressure; k7 considers provided 
reinforcement and percentage of reinforcement spliced at a section. Clause 14.7.3 allows not 
more than 50 % of the vertical reinforcement lap spliced at a section in a staggered arrangement.  

5.11 NZS 3101-1 

According to clause 8.7.2.3 of NZS 3101-1 [33], the minimum lap splice length of deformed 
bars in tension is equal to or greater than development length. 

𝐿𝐿𝑑𝑑 = 𝛼𝛼𝑏𝑏
𝛼𝛼𝑐𝑐𝛼𝛼𝑑𝑑

�0.5𝛼𝛼𝑎𝑎𝑓𝑓𝑦𝑦�

�𝑓𝑓𝑐𝑐′
𝑑𝑑𝑏𝑏 ≥ 300 𝑚𝑚𝑚𝑚                                                                                        (12) 

fy is the characteristic yield strength of reinforcement; fc
' is the characteristic cylinder 

compressive strength of concrete; db is the diameter of reinforcement bar up to 40 mm; αa 
considers top bar effect defined as 1.3 for a bar with more than 300 mm of the concrete cast 
below the bar otherwise 1.0; αb considers excess reinforcement defines as 1 for seismic force; 
αc considers concrete cover defined as 1≤ 0.25+0.5cm /db≤1.5; αd considers confinement by 
transverse reinforcement. Clause 14.4.9.1 allows only one-third of vertical reinforcement lap 
spliced at a section in the ductile plastic region and one-half in the limited ductile plastic region. 

5.12 SP 63.13330 

As per clause 10.3.30 of SP 63.13330 [34], lap length is calculated from 

𝑙𝑙𝑙𝑙 = 𝛼𝛼 � 𝑅𝑅𝑠𝑠𝑑𝑑𝑏𝑏
4𝜂𝜂1𝜂𝜂2𝑅𝑅𝑏𝑏𝑡𝑡

� 𝐴𝐴𝑠𝑠,𝑐𝑐𝑎𝑎𝑐𝑐
𝐴𝐴𝑠𝑠,𝑒𝑒𝑓𝑓

≥ 𝑚𝑚𝑎𝑎𝑚𝑚 �
0.4𝛼𝛼𝑙𝑙0,𝑎𝑎𝑎𝑎

20𝑑𝑑𝑠𝑠
250 𝑚𝑚𝑚𝑚

�                                                                          (13) 

α considers the stress-strain state of reinforcement defined as 1.2 for tensile ribbed 
reinforcement having less than 50% reinforcement at a section and 2.0 for 100 %; Rs is the 
design yield strength of reinforcement; Rbt is design concrete tensile strength; η1 considers 
surface characteristics of reinforcement defined as 2.5 for hot rolled and thermomechanically 
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cured ribbed reinforcement; η2  considers rebar diameter defined as 1.0 for diameter less than 
32 mm. 

6 COMPARISON OF THE LAP SPLICE LENGTH WITH VARIOUS CODES 

Each code has different provisions for the design and detailing of reinforcement. In order to 
compare lap splice length with various code provisions, a rectangular structural wall with a 
confined boundary element (BE) is considered.  

 
 

  

 

 

 

 

 

Figure 2: Normalized lap splice length of various code 

 

The structural wall is detailed with provisions of IS 13920 (Figure 1). Characteristic strength 
of concrete and yield strength of reinforcement is 40 MPa and 500 MPa, respectively. Cover to 
the nearest reinforcement is 40 mm. Four-legged ties at a spacing of 100 mm are considered for 
confinement in the boundary element region. Half of the rebar is considered to be lap spliced at 
a section in stagger position. Splice length normalized with diameter mainly defined on the 
basis of rebar, and concrete strength. It is corrected by affecting parameters such as 
reinforcement grade, size, coating, and confinement by the cover and transverse reinforcement. 
NZS 3101 and GB 50010 specify the smallest and largest normalized lap splice length for 25 
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mm rebar, whereas ACI 408R-03 and SP 63.13330 specify the smallest and largest normalized 
lap splice length for 12 mm rebar (Figure 2). ACI 408R gives a reduction factor of up to four 
due to cover and confinement, giving the smallest splice length for smaller diameter rebar to 
the same concrete cover. NZS 3101 has a factor of half to calculate splice length compared to 
other codes. GB 50010 has a high factor for the percentage of rebar lap splice at a section. IS 
456, BS 8110, and SP 63.13330 do not consider the effect of bar size, large cover, and 
confinement thus provides the same splice length for 12 and 25 mm diameter rebars. The ratio 
of largest-to-smallest normalized lap splice length by various codes ranges from 2.3 to 2.6 for 
rebar in the wall. 

7 PAST EXPERIMENTAL PERFORMANCE ON WALLS WITH LAP SPLICES 

Experimental tests on the structural wall with lap splice are limited with current code 
specifications and reinforcement detailing. Before 2010 seven walls with lap splices were 
tested; Paterson and Mitchell [35] performed lap splice tests on walls W1 and W2; Elandy [36] 
tested walls CW2 and CW3; Lowes et al. [37] tested three-lap splice walls, namely PW1, PW2, 
and PW3. After the collapse of Alto Rio buildings in the 2010 Chile Earthquake, more 
experimental studies were done on the performance of lap spliced walls. Hannewald et al. [38] 
tested VK2, VK4, and VK5 lap spliced walls in the account of Swiss bridge piers. Layssi and 
Mitchel [39] tested W_1 and W_2 single-layer lap spliced walls. Aaleti et al. [40] tested a lap 
spliced SWS wall with a confined asymmetric boundary. Almeida et al. [41] tested a thin lap 
spliced TW3 wall. Villalobos et al. [20] tested W40C, W60C, W60N, and W60N2 lap splice 
walls with confined and unconfined boundary. Recently Pollalis and Pujol [42] tested W60U, 
W60C, W80C, and W80U lap splice walls for high strength reinforcement. 

In experimental investigations, structural walls provided with short lap splice and unconfined 
concrete failed in a brittle splitting; Ductility and inelastic deformation were not achieved [35, 
36, 39]. Just beyond the region of lap splice, strain concentration was observed; this causes 
buckling of longitudinal lap splice rebar and localized failure [20, 40, 42]. Lap spliced wall 
shows higher initial stiffness and higher strength degradation after post-peak strength [38]. 
Shear walls with all bars lap spliced at a section performed poorly [37]. 

In existing experimental data, concrete strength varies from 25 to 55 MPa; rebar yield strength 
varies from 423 to 641 MPa. The diameter of rebar is used from 6 mm to 28 mm. Minimum 
cover or spacing between lap splice rebar varies from 0.5 to 5 times diameter of rebar. Provided 
lap splice length varies from 24 to 90 times diameter of rebar. The ratio of largest-to-smallest 
normalized lap splice length by various codes ranges from 1.8 to 3.1 in the existing experiment. 
ACI 408R, and NZS 3101 give smaller lap splice lengths; IS 456, fib Model Code 2010, BS 
8110, SP 63.13330, and GB 50010 give larger lap splice length (Figure 3). Calculated lap splice 
length with various codes ranges from 19 to 140 times diameter of rebar (Figure 3). Lap splice 
length calculated by fib model Code 2010 is very high up to 140 times rebar diameter for high 
strength reinforcement with unconfined concrete and large rebar; It is due to reduction in bond 
strength by less spacing between lap spliced rebars. 
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Figure 3: Normalized lap splice length of past experimental test 

 

8 CONCLUSION 

Each code has a different design and detailing provisions for structural wall reinforcement. The 
provisions for lap splice length vary widely from code to code, from the simple calculation 
based on concrete and steel strength to detailed calculations including finer factors. Variation 
of lap splice length calculated with various code provisions is very large, up to a factor of 3.0. 
Past earthquake and experimental observations show the poor performance of lap splice in the 
structural wall. The secondary effect of lap splice causes higher initial stiffness, bar buckling, 
and strain concentration in the wall, so it requires additional detailing provisions. A reduction 
of lap splice length due to a large concrete cover is not advantageous as the concrete cover 
spalls out under the cyclic loading effect of an earthquake. Experimental studies from the 
literature show satisfactory drift and ductility capacity for a structural wall with a large lap 
splice length and confined concrete. 
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ABSTRACT 

The use of high-strength concrete and steel has become more common in construction. High-
strength concrete results in smaller member sizes and increased usable floor area, and high-
strength steel results in less reinforcement congestion. Research on the behavior of high-
strength steel and concrete in bond and anchorage, however, is limited. This research is a 
continuation of a comprehensive study of the anchorage strength of hooked bars in concrete to 
study the effects of key parameters, including concrete compressive strength, embedment 
length, bar diameter, bar spacing, and confining reinforcement. The findings of the previous 
phases of the study were used as the basis for the design provisions in ACI 318-19, allowing 
the use of high-strength concrete and steel. The largest bar size tested, however, was No. 11 (36 
mm). Due to the lack of test data on larger bar sizes, ACI 318-19 [1] gives no credit to confining 
reinforcement for hooked bars larger than No. 11 (36 mm). The goal of this study is to determine 
the anchorage strength of high-strength No. 14 (43 mm) and No. 18 (57 mm) hooked bars. The 
results will be used as a basis for design criteria applicable to bars larger than No. 11 (36 mm). 
As part of this study, simulated beam-column joint specimens tested to date include specimens 
with two widely-spaced [18 in. (457 mm) on center] and three closely-spaced [6 in. (152 mm) 
on center] No. 14 (43 mm) hooked bars, with and without confining reinforcement in the joint 
region, concrete compressive strengths ranging from 6 to 13 ksi (41 to 90 MPa), and bar stresses 
up to 132 ksi (910 MPa). The ratio of the anchorage strength measured in the tests to the 
calculated strength based on descriptive equations developed for No. 11 (36 mm) and smaller 
hooked bars ranges from 0.95 to 1.38, with an overall average of 1.15, indicating that the 
expressions developed based on the smaller bars are safe when applied to No. 14 (43 mm) bars. 

1  INTRODUCTION 

When member dimensions do not allow the use of straight bars, hooked bars can be used to 
provide the anchorage of reinforcing bars to concrete. A number of experimental studies (Minor 
and Jirsa [2], Marques and Jirsa [3], Pinc et al. [4]) tested simulated beam-column joints to 
investigate the anchorage strength of hooked bars. While the results were used as a basis for 
design provisions for hooked bars in the ACI Building Codes before 2019, the studies included 
only a small number of specimens and a limited range of material properties. Also, high-
strength steel and concrete were not included, whereas they are now commonly used in 
construction. High-strength concrete results in smaller member sizes and increased usable floor 
area, and high-strength steel results in less reinforcement congestion. To expand the available 
data, 245 simulated beam-column joint specimens were tested as part of a series of studies at 
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the University of Kansas (Searle et al. [5], Sperry et al. [6, 7, 8, 9,10], Ajaam et al. [11, 12], 
Yasso et al. [13]) that included a wide range of material properties and investigated the effect 
of key parameters on the anchorage strength of hooked bars. Tests on No. 5 (16 mm), No. 8 (25 
mm), and No. 11 (36 mm) hooked bars were conducted to investigate the effects of bar spacing, 
embedment length, concrete compressive strength, and confining reinforcement. Based on the 
test results, descriptive equations to characterize the anchorage strength of hooked bars were 
developed, and are shown in Eq. (1) and Eq. (2) for bars without and with confining 
reinforcement, respectively (Ajaam et al. [11, 12]): 
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where Th is the anchorage strength of hooked bars (lb); fcm is the measured concrete compressive 
strength (psi); ℓeh is the embedment length of the hooked bar measured from the face of the 
column to the end of the hook (in.); db is the hooked bar diameter (in.); Ath is area of confining 
reinforcement (in.2) within 8db from the top of the hooked bar for No. 8 (25 mm) bars and 
smaller or within 10db for No. 9 (28 mm) bars or larger; n is the number of hooked bars in the 
joint; and cch is the center-to-center spacing between hooked bars. The maximum effective 
value for Ath/Ahs is 0.2 when using the descriptive equations. The equations were used as the 
basis for the design provisions in ACI 318-19, allowing the use of high-strength concrete and 
steel. Due to the lack of test data on larger bars, however, ACI 318-19 [1] gives no credit to 
confining reinforcement for hooked bars larger than No. 11 (36 mm). Furthermore, the 
provisions in ACI 318-19 limit concrete compressive strength to 10,000 psi (69 MPa) for the 
purpose of calculating development length. The goal of this study is to measure the anchorage 
strength of No. 14 (43 mm) and No. 18 (57 mm) hooked bars in excess of 80 ksi (550 MPa). 
The results will be used as a basis for design criteria applicable to larger bar sizes. 

2 EXPERIMENTAL PROGRAM 

Eight large-scale beam-column joint specimens with No. 14 (43 mm) hooked bars were tested 
to investigate the anchorage strength of hooked bars under monotonic loading. These include 
specimens with two widely-spaced [18 in. (457 mm) on center] and three closely-spaced [6 in. 
(152 mm) on center] No. 14 (43 mm) hooked bars, with and without confining reinforcement 
in the joint region, concrete compressive strengths ranging from 6 to 13 ksi (41 to 90 MPa), and 
measured bar stresses at failure up to 132 ksi (910 MPa). Bars are referred to as widely-spaced 
when the center-to-center bar spacing is 8db or greater, where db is the diameter of the test bar 
(Shao et al. [14]). 
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2.1 Specimen Design and Fabrication 

The specimens represent an exterior beam-column joint without casting the beam (Fig. 1) and 
are similar to those used in previous studies, beginning with the work of Marques and Jirsa [3]. 
The specimens in this study are designed to assess the effects on anchorage strength of 
embedment length, bar spacing, area of confining reinforcement in the joint region, bar size, 
and concrete strength. Confining reinforcement consists of steel ties within the joint region, 
parallel to the hooked bar. Strain gauges were installed on the parallel ties and column 
longitudinal bars, and the hooked bars. Specimens were designed to simulate exterior beam-
column joints, and proportioned so that an anchorage failure occurred in the joint region. The 
embedment lengths were calculated using the descriptive equations for bars without and with 
confining reinforcement, Eq. (1) and (2), respectively. Longitudinal and transverse 
reinforcement outside of the joint region were designed to resist the flexural and shear demands 
on the column without yielding. The specimens had the dimensions shown in Fig. 1. The 
proportions were chosen so that the column moment demands above and below the joint were 
equal and the shear force within the joint region was 80% of the force applied to the hooked 
bars to simulate an exterior beam-column joint in a building. The clear side cover and back 
cover to the hooked bars in all specimens were 3.5 in. (89 mm) and 2 in. (51 mm), respectively.  

 
Fig. 1. Side view of a specimen with dimensions and applied forces (1 in. = 25.4 mm) 

 

Formwork for columns was fabricated using 1½ × 3½ in. (38 × 89 mm) dimensional lumber 
(known as a 2 × 4 in the U.S.) and ¾-in. (19-mm) plywood. In addition, the lower half of the 
formwork was braced with clamps consisting of 1½ × 5½ in. (38 × 140 mm) dimension lumber 
(known as a 2 × 6 in the U.S.) and all-thread rods to provide resistance against the lateral 
hydrostatic pressure of the fresh concrete during concrete placement. After the steel cages were 
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placed in the formwork, the hooked bars were tied into the steel cage at the desired spacing and 
height in the column (Fig. 2).  

 

Fig. 2. Specimens ready for casting 
 

2.2 Loading Frame 

The loading frame (Fig. 3) is a modified version of the system used by Shao et al. [14]. The 
loading frame is capable of applying loads up to 1620 kips (7200 kN) and allows for a single 
row of two or three bars, as well as two rows of two or three bars, to be tested simultaneously. 
The frame can be modified to test specimens with No. 11 (36 mm), No. 14 (43 mm), or No. 18 
(57 mm) bars. As mentioned, the specimens were cast vertically. For the test, however, the 
specimens were laid down horizontally, with the hooked bars pointing upward, then placed on 
the two concrete blocks as shown in Fig. 3. The concrete blocks were placed to avoid applying 
confinement near the tail of the hook.  

The two downward compression forces, C1 and C2, shown in Fig. 3 are applied through two 
W24 × 279  (W610 × 415) bearing members. The bearing member in the joint region (lower 
bearing member) represents the compression force (C2) in the virtual beam. To simulate the 
dimension of the neutral axis c of the simulated concrete beam, 1 in. (25 mm) thick steel plates 
were placed between the test specimen and each of the bearing members. Plates with 6, 9, and 
12 in. (152, 229, and 305 mm) widths were used when the calculated neutral axis depth was c 
≤ 6 in. (c ≤ 152 mm), 6 in. < c ≤ 9 in. (152 mm < c ≤ 229 mm) , and 9 in. < c ≤ 12 in. (229 mm 
< c ≤  305 mm), respectively. Forces were applied to the bars with two 740-ton (671-metric 
ton) hydraulic jacks using an electric hydraulic pump. Load cells were used over each test bar 
to measure the applied force. The bars were gripped at the top using mechanical reinforcing bar 
couplers. The slip of each test bar relative to the front face of the column was measured using 
a linear variable differential transformer (LVDT). The load cells, LVDTs, electric pump, and 
strain gauges were connected to a data acquisition system. 
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Figure 3. The loading frame and applied forces (T = Tension force applied to hooked bar; C1, 
C2, C3 = Compression forces; C2 = T; C1 = C3 = T/5) 

 

The upward compression force C3 shown in Fig. 3 was applied with two 150-ton (136-metric 
ton) (671-metric ton) hydraulic jacks. The effective piston area of these jacks is about 1/5 of 
the jacks used to apply force T shown in Fig. 3, therefore the shear force applied to the joint 
region was 80% of the total force applied to the bars, as discussed in the previous section. 
Initially, a trial load equal to 5% of the calculated failure load was applied to check if the system 
and the apparatus were functioning properly. Once verified, the specimen was loaded in 5% 
intervals. Cracks were marked and labeled at loads equal to 20, 40, 50, 60, and 70% of the 
calculated failure load. After marking the cracks at 70% of the estimated failure load, the 
specimen was covered with a tarp for safety measures, and then loaded to failure.  

2.3 Test Matrix 

Eight simulated beam-column joint specimens with No. 14 (43 mm) hooked bars were cast and 
tested. Table 1 shows the properties of the tested No. 14 (43 mm) bar specimens (designations 
starting with H14) and the upcoming No. 18 (57 mm) bar specimens (designations starting with 
H18). As shown in Table 1, the No. 14 (43 mm) bar specimens were designed as pairs with the 
same embedment lengths, one specimen with and the other without confining reinforcement in 
the joint region, allowing the contribution to the anchorage strength of the parallel ties in the 
joint region to be determined. 
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Table 1. Test matrix for simulated beam-column joints with No. 14 (43 mm) and  
No. 18 (57 mm) hooked bars 

ID n b 
in. 

h 
in. 

eh 

in. 
fc 

ksi 
fs 

ksi Size of tie 

No. of 
tie 

legs 
within 
9.5db 

Ath/Ahs cch 
in. cch/db Bar 

spacing 

H14-1 2 26.7 28.6 26.6 13 100 - 0 0 18 10.6 Wide 

H14-2 2 26.7 28.6 26.6 13 121 No. 4 (13 mm) 6 0.267 18 10.6 Wide 

H14-3 2 26.7 37.8 35.8 7 100 - 0 0 18 10.6 Wide 

H14-4 2 26.7 37.8 35.8 7 121 No. 4 (13 mm) 6 0.267 18 10.6 Wide 

H14-7 3 20.7 37.8 35.8 6 89 - 0 0 6 3.5 Close 

H14-8 3 20.7 37.8 35.8 6 107 No. 5 (16 mm) 6 0.276 6 3.5 Close 

H14-15 2 26.7 28.6 26.6 7 80 - 0 0 18 10.6 Wide 

H14-16 2 26.7 28.6 26.6 7 94 No. 4 (13 mm) 4 0.178 18 10.6 Wide 

H18-1 2 27.25 28.6 26.6 12 84 No. 5 (16 mm) 6 0.233 18 8.0 Wide 

H18-2 2 27.25 28.6 26.6 12 107 No. 5 (16 mm) 12 0.465 18 8.0 Wide 

H18-3 2 27.25 37.8 35.8 7 94 No. 5 (16 mm) 6 0.233 18 8.0 Wide 

H18-4 2 27.25 37.8 35.8 7 118 No. 5 (16 mm) 12 0.465 18 8.0 Wide 

Notes:  
1 in. = 25.4 mm; 1 ksi = 6.895 MPa 
n Number of hooked bars 
b Column width 
h Column depth 
eh Embedment length 
fc Target concrete compressive strength 
fs Target bar stress 
db Nominal diameter of the hooked bar 
Ath Effective confining reinforcement within joint region for hooked bars 
Ahs Total area of the hooked bars 
cch Center-to-center spacing of the hooked bars 

 

3 RESULTS AND DISCUSSION 

3.1 Cracking patterns 

Examples of the cracks that formed during testing are shown in Fig. 4. Cracking initiated on 
the front face of the specimen (top of the specimen as tested) adjacent to the hooked bars and 
propagated towards the sides of the specimen (Fig. 4-a). As the load on the hooked bar 
increased, cracks on the side grew along the straight portion of the hooked bars and additional 
cracks branched towards the upper and lower bearing members (Fig. 4-b and c). On the front 
face, the cracks continued to extend, radiating from the hooked bars. At higher loads, the cracks 
on the side of the column continued to propagate and branch towards both bearing members in 
a cone-shaped pattern (Fig. 4-d). As shown in Fig. 4-d, the diagonal cracks extended through 
the joint to the lower bearing member, while the inclined cracks outside the joint reached the 
upper bearing member. 
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Figure 4. Side view of specimen H14-15 during testing: (a) Vertical crack initiating due to 
bar slip, (b) and (c) Cracks propagating and branching towards upper and lower bearing 

members, (d) Cone-shaped cracking pattern near failure 
 

3.2 Failure Modes 

Two primary failure modes were observed in the specimens, concrete breakout and side 
splitting, as observed in previous research on hooked bars (Sperry et al. [6, 7, 8, 9, 10], Ajaam 
et al. [11, 12]). A breakout failure is shown in Fig. 5. Concrete breakout was observed in five 
of the eight specimens and is characterized by a mass of concrete being pulled out along with 
the hooked bar from the front face of the specimen. As shown in Fig. 5, the failure surface was 
cone-shaped, accompanied by spalling of concrete on the front face at failure. Breakout failure 
was often coupled with some side splitting. The four specimens without confining 
reinforcement in the joint region exhibited a breakout failure. Two of the other four specimens 
(with confining reinforcement), H14-2 and H14-8, exhibited a side-splitting failure, marked by 
the side cover on the hooked bar separating from the specimen, as shown in Fig. 6. Side splitting 
was usually sudden and more explosive in nature than a breakout failure. In two specimens with 
two widely-spaced bars (H14-2 and H14-3), one bar experienced a breakout failure while the 
other bar had side splitting. In these cases, it appears that the bars tended to act independently 
when widely-spaced. Of the two specimens with three closely-spaced bars, H14-7 (without 
confining reinforcement) exhibited a breakout failure, while the companion specimen H14-8 
(with confining reinforcement) had side splitting.  
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In two out of the four specimens without confining reinforcement in the joint region (H14-1 
and H14-7), a secondary failure mode, tail kickout, was observed in conjunction with other 
failure modes. Tail kickout occurs when the tail of the hooked bar pushes the concrete cover 
off the back of the column, causing the cover to spall and exposing the tail (Fig. 5). The 
occurrence of tail kickout in specimens without confining reinforcement in the joint region 
agrees with observations in previous research (Yasso et al. [14]).  

 

Figure 5. Side view of a concrete breakout failure with tail kickout (H14-7) 

 

Figure 6. Side view of a side-splitting failure (H14-8) 
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3.3 Contribution of Confining Reinforcement to the Anchorage Strength 

Table 2 shows the anchorage strength of the hooked bars measured in the test, T, and the 
strength calculated using the descriptive equations (Eq. 1 and Eq. 2), Th. As used here, T is the 
average force per bar at failure. The average embedment length (eh) measured before each test 
and the concrete compressive strength measured immediately after the test (fcm) are also shown 
in Table 2.  

Table 2. Anchorage strength of the hooked bars 

ID n eh 

in. 
fcm 
psi Size of tie 

No. of 
tie legs 
within 
9.5db 

Ath/Ahs cch 
in. cch/db Bar 

spacing 
fs 

ksi 
T 

kips 
Th 

kips T/Th 

H14-1 2 27.0 12,890 - 0 0 18 10.6 Wide 106.7 240.0 219.6 1.09 

H14-2 2 24.8 13,010 No. 4  
(13 mm) 

6 0.267 18 10.6 Wide 130.6 293.9 248.0 1.24 

H14-3 2 36.7 8,100 - 0 0 18 10.6 Wide 124.0 279.1 266.5 1.05 

H14-4 2 34.9 7,570 No. 4  
(13 mm) 

6 0.267 18 10.6 Wide 119.3 268.5 296.2 0.95 

H14-7 3 36.4 6,390 - 0 0 6 3.5 Close 111.5 250.8 181.3 1.38 

H14-8 3 36.6 6,650 No. 5  
(16 mm) 

6 0.276 6 3.5 Close 132.5 298.2 252.3 1.24 

H14-15 2 26.5 6,980 - 0 0 18 10.6 Wide 87.3 196.5 179.2 1.10 

H14-16 2 26.9 6,810 No. 4  
(13 mm) 

4 0.178 18 10.6 Wide 104.6 235.3 205.2 1.15 

Notes:   
1 in. = 25.4 mm; 1 psi = 0.00689 MPa; 1 ksi = 6.89 MPa; 1 kip = 4.448 kN 
n  Number of hooked bars 
eh  Average embedment length 
fcm  Measured concrete compressive strength 
db  Nominal diameter of the hooked bar 
Ath  Effective confining reinforcement within joint region for hooked bars 
Ahs  Total area of the hooked bars 
cch  Center-to-center spacing of the hooked bars 
fs  Bar stress at failure 
T  Average force per bar at failure 
Th  Anchorage strength of bars calculated using descriptive equations (Ajaam et al. 2017 [12]) 

 

In Section 25.4.3.1 of the ACI 318-19 Code [1], the expression for hooked bar development 
length (dh) has five modification factors to account for lightweight concrete, epoxy-coating, 
confining reinforcement, bar location, and concrete strength. Per Table 25.4.3.2 in ACI 318-19, 
the modification factor for confining reinforcement, ψr, is 1.0 for No. 11 (36 mm) and smaller 
bars with Ath ≥ 0.4Ahs or s ≥ 6db, where Ath is the total cross-sectional area of ties confining 
hooked bars as defined in Section 25.4.3.31, Ahs is the total area of the hooked bars, s is the 

                                                 
1 Two or more ties or stirrups parallel to dh, enclosing the hooks, evenly distributed with a center-to-center spacing 
not exceeding 8db and within 15db of the centerline of the straight portion of the hooked bars, where db is the 
nominal diameter of the hooked bars (ACI 2019 [1]). 
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minimum center-to-center spacing of hooked bars, and db is the nominal bar diameter. For all 
other cases, including all No. 14 (43 mm) and No. 18 (57 mm) bars, regardless of confinement, 
the modification factor is 1.6, meaning that the development length must be increased by 60% 
as a penalty. This means that the ACI Code gives no credit to confining reinforcement for the 
hooked bars larger than No. 11 (36 mm), mainly because no test results have been available for 
No. 14 (43 mm) and No. 18 (57 mm) bars. 

Based on the test results obtained in this study (Table 2), providing confining reinforcement in 
the joint region contributes to the anchorage strength for the No. 14 (43 mm) hooked bars. 
Comparing specimens without and with confining reinforcement in the joint region reveals that 
the parallel ties increase the anchorage strength for both widely- and closely-spaced hooked 
bars. For example, the anchorage strength of specimen H14-2 (T=293.9 kips, 1307 kN) with 
five No. 4 (13 mm) parallel ties (two legs per tie) in the joint region (three of which are within 
9.5db from the centerline of the hooked bars and considered by ACI 318-19 to contribute to 
anchorage strength) was 22% higher than the companion specimen H14-1 (T=240.0 kips, 1068 
kN) with no confinement in the joint region, and the anchorage strength of specimen H14-8 
(T=298.2 kips, 1326 kN) was 19% more than the companion specimen H14-7 (T=250.8 kips, 
1116 kN). Overall, the findings of this study suggest that the contribution by the parallel ties in 
the joint region to the anchorage strength of the hooked bars as large as No. 14 (43 mm) should 
be included in the ACI 318 Code. 

3.4 Comparison of Test Results with Descriptive Equations 

Table 2 presents the anchorage strengths of the hooked bars measured in the test, T, and the 
strength calculated using the descriptive equations (Eq. 1 and Eq. 2), Th. Table 3 summarizes 
the comparison of test results with the descriptive equations. Note that the maximum effective 
value for Ath/Ahs is 0.2 when using the descriptive equations, as mentioned earlier. 

Table 3. Comparison of test results with descriptive equations 

 
T/Th 

All Without Confining Reinforcement With Confining Reinforcement 

Max 1.38 1.38 1.24 

Min 0.91 1.05 0.95 

Mean 1.13 1.16 1.14 

STDEV 0.136 0.154 0.138 

CoV 0.120 0.133 0.121 
Notes:  
T Average force per bar at failure 
Th Anchorage strength of bars calculated using descriptive equations (Ajaam et al. 2017 [12]) 
Max Maximum 
Min Minimum 
STDEV Standard deviation 
CoV Coefficient of variation 

 

As shown in Table 3, the eight specimens tested had a mean test-to-calculated ratio (T/Th) of 
1.15 and a coefficient of variation of 0.118. These values indicate the descriptive equations 
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developed based on the smaller bar sizes are conservative when applied to No. 14 (43 mm) 
hooked bars. Although Table 3 indicates that the expressions are somewhat more conservative 
when applied to the specimens without confining reinforcement in the joint region, as the mean 
T/Th ratio is higher for those specimens, the difference in the mean values is not statistically 
significant. 

3.5 Future Work  

The research described here will be extended to include a study of the anchorage strength of 
No. 18 (57 mm) hooked bars.   

4 CONCLUSIONS 

Due to the lack of test data on larger bar sizes, ACI 318-19 gives no credit to confining 
reinforcement for hooked bars larger than No. 11 (36 mm). Eight large-scale simulated beam-
column joint specimens were tested to investigate the effects of concrete compressive strength, 
embedment length, bar diameter, bar spacing, and confining reinforcement in the joint region 
on the anchorage strength of No. 14 (43 mm) hooked bars. Specimens contained either two 
widely-spaced [18 in. (457 mm) on center] or three closely-spaced [6 in. (152 mm) on center] 
No. 14 (43 mm) hooked bars, with and without confining reinforcement in the joint, concrete 
compressive strengths ranging from 6 to 13 ksi (41 to 90 MPa), and bar stresses up to 132 ksi 
(910 MPa). Based on the results and observations, the following conclusions can be drawn: 

1. The descriptive equations to characterize anchorage strength based on previous tests of 
No. 11 (36 mm) and smaller bars are conservative when applied to the eight tests of No. 
14 (43 mm) hooked bars. The ratio of the anchorage strength measured in the tests to 
the calculated strength based on the existing descriptive equations ranged from 0.95 to 
1.38, with an overall average of 1.15 and a coefficient of variation of 0.118. 

2. Concrete breakout (in five out of eight specimens) and side splitting (in three out of 
eight) were the primary failure modes observed. The three specimens without confining 
reinforcement in the joint region exhibited a breakout failure. 

3. Providing confining reinforcement in the form of ties parallel to the straight portion of 
hooked bars in the joint region contributes to the anchorage strength of No. 14 (43 mm) 
hooked bars. 
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ABSTRACT 

The effectiveness of precast technology offers numerous benefits for different stakeholders. 
While it allows high precision of structures by controlled production conditions, it can also 
enable fast and easy installations due to bolted connections. Bolted precast column base 
connections are known to be effective for transferring tensile and compressive forces, but there 
is a lack of knowledge and mutual understanding about their shear transfer. Column shoes, 
which are cast-in inserts for precast columns, often used as a counter part for anchor bolts, are 
manufactured to provide some installation tolerances at site. As a result, there is no direct 
contact between bolts and precast columns for shear transfer, but a friction-based connection is 
gained by tightening the nuts. There has also been some debate between experts in this field 
about, whether the shear transfer system of the connection is based on shear friction of the joint, 
doweling of the bolts, or a combination of both. This paper studies the shear transfer in precast 
column base connections under service load. Shear transfer mechanisms of such connections 
are studied both experimentally and numerically, concluding with a focus on the key 
mechanisms of shear transfer and its effects.   

1  INTRODUCTION 

Shear forces can be transferred between concrete elements by adhesion or friction at joint 
interfaces, shear-key effect at intended joint faces, dowel action of transverse steel bars and 
bolts, or by other mechanical connectors [1]. While activation of frictional forces requires the 
presence of compressive normal force, the connection based on adhesive bond is expected to 
fail with a shear slip no larger than 0.05 mm [2]. In case the connection between concrete 
elements is loaded by pure shear, two principal mechanisms are considered. These mechanisms 
are often referred to as ‘shear frictionʼ and ‘dowel actionʼ. While shear friction relies heavily 
on roughness of the joint faces, dowel action is governed by deformation of the steel bars or 
anchor bolts. Currently, there are no unified design rules for shear transfer in precast column 
connections, which would recognize the prevailing mechanisms, but the lack of normative 
references is solved through product-based technical approvals developed by manufacturers 
[3], [4]. 

The shear transfer in bolted steel column base connections has been studied by multiple authors 
[5], [6], [7]. However, the amount of literature and research concerning the behavior of bolted 
precast column connections in shear is very limited. Even though the execution of bolted 
connections is relatively similar for both steel and precast column connections, there are some 
distinctive features. This has motivated the authors to perform a set of shear tests on bolted 
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precast column base connections. These tests were performed in 2020, and were presented for 
the first time in Shear tests on demountable precast column connections [8]. 

The ultimate failure load of column connections in shear is related to significant shear slip, 
which is not acceptable in terms of service use. While the load capacity of the connection is 
meaningful in extreme circumstances (e.g. accidental load), the stiffness of the connection is 
the key feature in service use, where the maximum load is governed by displacement and 
deformations. For this purpose, the authors have set a meaningful slip range for connections 
under service load as 0-1 mm.  

This paper studies the shear transfer in conventional precast column base connections, both 
experimentally and numerically. The focus is set on finding the prevailing mechanisms for shear 
transfer under service load by comparing the results from performed shear tests and numerical 
analysis models. 

2 SPECIFICATION OF PRECAST COLUMN BASE CONNECTION 

Conventional bolted precast column connections comprise of cast-in column shoes and anchor 
bolts protruding from a foundation structure (see Figure 1). A column is usually installed 
against nuts, which allow the leveling of the column in a vertical direction. This leaves a gap 
between the column and the foundation, which must be filled with cement-based mortar for 
ensuring the load transfer through the connection. While base plate connections for steel 
columns are usually provided with precise bolt holes, column shoe inserts of the precast 
columns are manufactured with oversized bolt holes with a clearance gap.  

 

 

Figure 1: Conventional precast column base connection 

3 PRINCIPAL SHEAR TRANSFER MECHANISMS 

It is assumed that internal compressive forces are generated across a joint by means of the pull-
out capacity of transverse reinforcement (anchor bolts in the case of column connections), and 
are strained when the joint is subjected to shear slip. Due to the roughness of the joint faces, the 
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joint is forced to separate a little when shear slip develops. This separation is considered to 
result in tensile stresses in the transverse reinforcement. The resulting tensile force must be 
balanced by a compressive counter force of the same magnitude. The self-generated 
compressive force contributes to shear transfer across the joint and is referred as ‘shear friction’ 
[1]. The schematic presentation of the shear friction model is presented in Figure 2. 

 

Figure 2: Compression generated by transverse reinforcement (adopted from [1]) 
 

Transverse reinforcement, placed across the joints, can also contribute to the shear transfer by 
their ‘dowel action’ due to imposed shear slips. The ‘dowel’ is loaded by shear in front of the 
joint and is supported by a contact pressure along the part embedded in the surrounding concrete 
element. This loading condition results in flexural deformations and stresses in the dowel. 
Various failure modes are possible, but for normal dimensions and material strengths, a failure 
mechanism develops by formation of one or more plastic hinges in the dowel. Simultaneously, 
local crushing occurs in surrounding concrete under high contact pressure. During this failure, 
the shear capacity increases when the dimension of the dowel and/or strengths of the steel and 
concrete are increased [1]. The schematic presentation of the dowel action model is presented 
in Figure 3. 

 

Figure 3: Dowel action of the dowel bar (adopted from [2]) 
 

While shear friction is the governing mechanism with reliance on the considerable roughness 
of the joint faces, dowel action instead governs with smoother joint faces [9]. It is also possible 
that both principal mechanisms interact simultaneously.  
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4 EXPERIMENTAL APPROACH 

Several load tests were performed in the laboratory of Eurofins, where bolted precast column 
base connections were loaded by pure shear. This paper focuses on studying the shear transfer 
in conventional precast column base connections, and, thus, only the test with common anchor 
bolts is considered (referred as ‘test setupʼ). A gap between the connected structures was 
grouted with Fescon’s 600/3 cement-based mortar and left to harden for a month. A schematic 
presentation of the test setup that was used is presented in Figure 4. 

 

 

Figure 4: Schematic presentation of the test setup 
 

The tests involved similar sized precast columns (1) (350x350x1500 mm3) and foundation 
structures (2) (450x700x1400 mm3). The size of the anchor bolts (3) was chosen as M16, and 
column shoe (4) size was chosen accordingly. Directions of applied load (Load) and measured 
displacement (d) are also showed in Figure 4.  A photo from test setup is presented in Figure 5. 
While compressive strength of concrete parts was measured by crushing the test cubes 
(150x150x150 mm3), nominal material properties were assumed for steel parts (see Tables 1 
and 2). Based on EN 1992-1-1 [10], cylindrical strength of concrete is assumed to be 80% from 
measured, average cubical strength. Mean strength and elastic modulus are then defined based 
on analytical equations according to Table 3.1 in EN 1992-1-1 [10].  
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Figure 5: Photo of test setup 

 

Table 1: Material properties of steel parts 
Part Steel 

grade 
Yield strength 

[MPa] 
Elastic modulus 

[MPa] 
Standards for 

materials 
Column 

shoe 
S355J2 
B500B 

355 
500 

210 000 
200 000 

EN 10025-2 [11] 
EN 10080 [12] 

Anchor 
bolt 

B500B 500 200 000 EN 10080 [12] 

 

Table 2: Material properties of concrete parts 
Part Cubical 

strength 
[MPa] 

Cylindrical 
strength 
[MPa] 

Mean strength 
[MPa] 

Elastic modulus 
[MPa] 

Column 77.4 61.9 69.9 39 424 
Grout 59.0 47.2 55.2 36 729 

Foundation 72.7 58.2 66.2 38 786 
 

Measured load-displacement relationship of test setup, along the slip range 0–1 mm, is 
presented in Figure 6. 
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Figure 6: Measured load-displacement behavior 

5 NUMERICAL APPROACH 

Numerical analysis is performed for studying the observed behavior from test setup. Finite 
element analysis model is built with Comsol Multiphysics 5.4. A general view of the model is 
presented in Figure 7.  

 

 

Figure 7: General view of the numerical analysis model 
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Numerical analysis models are generated with the following simplifications: 

- Column shoes are simulated by a uniform base plate with equal thickness (15 mm) 
- Only half of the connection is modeled, and symmetry boundary condition is applied 

(see Figure 7) 
- Foundation structure is modeled as 225x450x120 mm3 -sized concrete part 
- Shape of nuts of anchor bolts is simplified as cylindrical 
- Thread of anchor bolts is simulated by a smooth bar with a diameter equal to minimum 

diameter of the thread (stress area 156 mm2) 
 

5.1 Material properties 

Material properties presented in the previous chapter are adopted to simulation models and 
collected in Table 4. Initially, the stress-strain relationship is simplified as perfectly plastic for 
concrete parts, and linear strain hardening is considered for the key steel parts. Isotropic tangent 
modulus is approximated as 10% from the elastic modulus. 

 

Table 4: Material properties applied to numerical analysis models 

Part Material Material 
model 

Yield strength 
[MPa] 

Elastic 
modulus 
[MPa] 

Isotropic tangent 
modulus 
[MPa] 

Grout C50/60 Perfectly 
plastic 

55.2 36 729 - 

Foundation C50/60 Perfectly 
plastic 

66.2 38 786 - 

Plate S355J0 Elastic 355 210 000 - 
Anchor 

bolts 
B500B Linear strain 

hardening 
500 200 000 20 000 

Nuts and 
washers 

S355J0 Elastic 355 210 000 - 

 

5.2 Contacts 

Two main contact types are applied. Continuity boundary condition is applied to contacts, 
where connected parts are assumed to be fixed to each other. Other contacts are modeled with 
free contact boundary condition, where connected parts can freely separate but cannot penetrate 
each other. An exception is made with the contact between the bolt washer plates and the base 
plate, where the connection is modeled as non-rigid and non-slipping by using the modified 
adhesion feature. A detailed view of the model simulating test setup is presented in Figure 8. 
The red line represents a fixed boundary of the foundation, and the blue line represents a support 
preventing horizontal displacement. The direction of the horizontal displacement is illustrated 
by the symbol d. 

 

645



   
 

 

Figure 8: Detailed view of the model for Test Setup 

 

5.3 Meshing 

In the numerical analysis software, four different types of 3D element are available. They are 
known as tetrahedra (tets), hexahedra (bricks), triangular prisms (prisms) and pyramids [13]. 
Element types available are visualized in Figure 9. 

 

 

Figure 9: Element types available in the numerical analysis software (adopted from [13]) 

 

Several attempts to run the analysis model have shown that cube-like bricks provide the best 
opportunity to achieve convergence with larger displacement values, especially for concrete 
parts. However, meshing of the parts with varying shapes can be inconvenient by using bricks. 
In such cases, other types of 3D elements should be considered. Linear elements are prone to 
malfunctioning and higher order elements (quadratic) should be considered. Minimum element 
quality is usually around 0.2 to 0.4 when bricks are used. An example of the meshed geometry 
is shown in Figure 10. 
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Figure 10: Meshed geometry 

 

5.4 Numerical analysis for Test Setup 

A grout pad is split into two different pieces and all concrete parts are numbered (see Figure 
11). Frictional effects were neglected in the model by excluding friction from contacts between 
the concrete parts and steel plate. The effect of friction is assumed to be relatively insignificant 
when the connection is loaded in pure shear.  

 

 

Figure 11: Distinction of the concrete parts 

 

Boundaries between Parts 2 and 3 are created through the center line of the anchor bolts and a 
continuity boundary condition is set. Three different analysis models can be generated through 
the following combinations: 
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Model 1  Part 1 

Model 2  Parts 1 + 2 

Model 3  Parts 1 + 2 + 3 

Models 1 to 3 are created for evaluating the effect of grout in shear transfer. Model 3 represents 
a situation when all concrete parts are considered effective, Model 2 represents a situation when 
Parts 3 are excluded from the analysis model and Model 1 represents a situation when the whole 
grout pad (Parts 2 and 3) is excluded. Geometries of the excluded parts in Models 1 and 2 are 
still modeled, but their stiffness is neglected by using an effective Elastic modulus not more 
than 0.001% from the value given in Table 4 (36 729 MPa). A comparison between measured 
and calculated performances (load-displacement relationships) is presented in Figure 12. 

 

 

Figure 12: Measured and calculated load-displacement relationships 

 

Initially, Model 3 has the best correlation with the measured performance. When the load level 
of 40kN is achieved, the stiffness of the connection is reduced. This may be related to 
irreversible deformation of concrete (e.g., cracking of grout), which was observed during the 
loading of the tested connections (see Figure 13).  
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Figure 13: Cracking of the grout pad 

 

While Model 3 represents the initial state in which the whole grout is activated, Model 2 
represents the residual state in which the first considerable cracks formed, and Parts 3 don’t 
contribute to the stiffness anymore. By connecting Models 2 and 3 and Models 1 and 3 at the 
point where the stiffness is reduced (load level of 40kN), the following curves are obtained (see 
Figure 14). 

 

 

Figure 14: Measured and calculated load-displacement relationships 
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6 CONCLUSION 

The shear friction method relies on the roughness of the joint and predicts high initial stiffness. 
This was not observed when loading the different test setups (see Figure 6). Based on numerical 
analysis for test setup, the stiffness of the connection relies on doweling of the anchor bolts, 
while the grout pad acts as a lateral restraint. The stiffness of the grout pad is reduced due to 
the formation of the first considerable cracks. However, the grout pad, which remains between 
anchor bolts (Part 2), contributes to the stiffness even after cracking.  

While the maximum service load may be limited by cracking of the grout pad, the related shear 
slip is still quite small. If cracking of the grout pad can be accepted, higher service load is 
achieved by allowing a maximum displacement of 1 mm.  
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ABSTRACT 

Post-installed fasteners such as mechanical and bonded anchors are widely used in today's 
practice to connect steel components to the concrete structure due to their versatile and flexible 
application possibilities. Fastenings for e.g. lifts, crane girders and slewing cranes or machinery 
are subjected to repeated loads that can lead to failure and therefore require a separate 
verification against fatigue. 

The existing knowledge on the fatigue resistance of post-installed anchors in concrete is mainly 
based on pulsating tests with low minimum load, whereby steel failure of the fastener often 
becomes the decisive failure mode. Therefore, conservative assumptions are made for the 
design under combined static and fatigue loading, which however deviate from known design 
methods and produce comparatively uneconomical results. 

For this reason, the fatigue behavior of fastenings under superimposed static loads has been 
systematically investigated within the research project IGF 20458 N at the University of 
Stuttgart. This paper gives an overview of the experimental investigations carried out in the 
project with post-installed undercut anchors where the failure was characterized in the thread 
area. The test campaign comprised pulsating tension and shear test series at different load levels, 
but also complex experiments under alternating shear load. Further, the influence of the 
surrounding concrete on the fatigue behavior of the anchor system was studied. The test results 
obtained are presented and discussed in comparison with previous investigations from literature 
and with standardized detail categories for bolts used in the fatigue design of steel structures. 

1  INTRODUCTION 

Post-installed (PI) anchors provide flexible and versatile fastening solutions and are therefore 
widely used in structural engineering to transfer forces into concrete components. Although 
these fastenings are predominantly subjected to static or quasi-static loads, applications in 
which repeated cyclic loads must be considered are becoming increasingly important due to 
ever more filigree concrete structures and modern machinery or production systems. In such 
cases, EN 1992-4 [1] requires a separate fatigue verification to prevent failure of the anchorage 
and connected components due to material fatigue. 
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The fatigue behavior of fasteners is influenced by the material characteristics of the components 
which are part of the anchoring system to transfer the load into the concrete. Consequently, the 
fatigue resistance of fastenings is governed by different failure modes. In case of fatigue 
loading, basically comparable modes of failure can occur as under static loading, both in tension 
and shear direction. This includes e.g. steel, concrete cone, pull-out or bond failure. However, 
the fatigue resistance is a time dependent value and the decisive failure mode can change in 
relation to the number of load cycles.  

Experimental work from Block & Dreier [2] and Karmazínová [3] indicate that steel failure is 
mostly becoming decisive at higher number of load cycles, if the anchors have sufficiently large 
edge and centre distance. Thereby, the fatigue failure typically starts by crack initiation at 
locations with high stress concentration. These so-called notches are typically caused by e.g. 
threads, changes in cross-sections or anchor cones. 

Previous studies on the fatigue steel resistance of PI-anchors carried out so far have been limited 
mainly to fatigue tests in the pulsating range at low minimum load or stress ratio of R=0.1 
(Karmazínová [3], Fuchs [4], Block [5], Block, Dreier & Bigalke [6], Lazzarin et al. [7,8] and 
Fröhlich & Lotze [9]). Consequently, the current design provisions for PI-anchors specified in 
EOTA TR 061 [10] require a reduction of the fatigue resistance for increased lower (static) 
loads by means of the Goodman diagram as shown in Figure 1. As an alternative, all acting 
loads are assumed to be fatigue relevant.  

This approach tends to be rather conservative in case of steel failure, compared to bolts in steel 
structures, where the so-called mean stress effect is small and may be neglected in the design 
acc. to EN 1993-1-9 [11]. However, the fatigue behaviour of fasteners can also be very much 
influenced by the contribution of the concrete [6], whose fatigue strength has a pronounced 
mean stress effect.  

Within the scope of the research project IGF 20458 N [12], the fatigue behavior of fastenings 
in concrete under combined static and cyclic loading has been systematically investigated. This 
paper presents the results of the experimental investigations that were performed on undercut 
anchors to study the static load effect of post-installed fasteners in case of steel failure. 

 

Figure 1: Design concept for the determination of the fatigue resistance of PI-anchors  
under combined static and fatigue loads in the pulsating range. 

 

Number of cycles 
 

         S-N curve 

Lower load 
 

Goodman diagram 
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2 EXPERIMENTAL INVESTIGATIONS 

2.1 Test program 

The test program was carried out as part of the research project IGF 20458 N and focused on 
the determination of the influence of static loads on the fatigue behavior of fasteners in concrete. 
The experimental investigations performed with post-installed undercut anchors therefore 
comprised fatigue tests under tension load and shear load at different load levels. This included 
pulsating tests at constant lower load of Flo=1 kN representing pure fatigue loading and tests 
with increased lower load Flo as well as constant upper load Fup. For the determination of the 
respective load level, the test series were accompanied by static reference tests. For the tests, 
non-cracked concrete members made of low strength C20/25 were used as standard specimens. 
In order to capture a possible influence of the concrete under tensile load, the tension tests were 
also performed on anchors not installed in concrete. In addition, shear tests were carried out on 
specimens C20/25 with constant crack width of 0.3 mm (series 10) and in high strength concrete 
C50/60 (series 11) to investigate the support effect of the surrounding concrete. The impact of 
alternating shear loads was studied by the fatigue tests in series 12 with constant mean load of 
Fm=0 kN. For each series, 5 to 10 fatigue tests were carried out to obtain Wöhler curves in the 
finite fatigue life range. The test matrix with a total of 12 static reference tests and 82 fatigue 
tests is summarized in Table 1. 

Table 1: Overview of test program 

Load 
direction 

Series 
No.  

Test parameter Concrete Static 
reference tests 

Load level Number 
of tests 

Tension 
load 

1 
Pure fatigue load 

C20/25 Fstat,1=72.7 kN Flo=1 kN 9 
2 - Fstat,2=71.1 kN Flo=1 kN 8 
3 

Medium load level 
C20/25 Fstat,3=72.4 kN Flo=20 kN 7 

4 - Fstat,4=72.1 kN Flo=20 kN 6 
5 

High load level 
C20/25 Fstat,5=72.2 kN Fup=56 kN 7 

6 - Fstat,6=71.1 kN Fup=56 kN 5 

Shear load 

7 Pure fatigue load C20/25 Fstat,7=45.5 kN Flo=1 kN 7 
8 Medium load level C20/25 Fstat,8=42.1 kN Flo=10 kN 6 
9 High load level C20/25 Fstat,9=44.8 kN Fup=30 kN 7 

10 Crack width 0.3 mm C20/25 Fstat,10=41.3 kN Flo=10 kN 5 
11 Concrete strength C50/60 Fstat,11=44.6 kN Flo=10 kN 5 
12 Alternating load C20/25 Fstat,12=46.2 kN Fm=0 kN 10 

 

2.2 Test specimen 

The experimental investigations were carried out on single anchors installed in concrete 
specimens with sufficiently large member thickness and edge distance to avoid concrete failure. 
For the tests, an undercut anchor suitable for use under fatigue loading was selected as 
representative post-installed fastener. The anchor consists of an anchor bolt of size M12 with 
an embedment depth of 125 mm and a sleeve with cutting edges at the bottom end, which slide 
over the cone of the bolt during installation to create an undercut in the concrete. The anchor 
bolt was made of galvanized carbon steel 19MnB4 of strength class 8.8. Since the failure was 
expected by bolt fracture in the thread, it is worth noting that the threads were manufactured by 
rolling after heat treatment. Tension tests performed on standardized samples taken from the 
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anchor bolts provided a yield strength of Rp0,2=804 MPa and an ultimate strength of Rm=898 
MPa with a rupture elongation of A5=28.7 %. In the tests, a dynamic set prescribed for fatigue 
loading was used, consisting of a special washer, calotte and lock nut. The annular gap between 
the anchor and the fixture was filled via the hole provided in the washer using injection mortar 
in accordance with the manufacturer's specification. 

The concrete specimens contained a constructive reinforcement for transport and in case of 
series 10 special metal sheets to control the location of the crack, which were designed in such 
a way that the load capacity of the anchors was not affected. The concrete compressive strength 
was determined at the beginning and at the end of the test series on three cube specimens with 
an edge length of 150 mm. The resulting mean values of the concrete compressive strength 
were in the range of fcc,150=29.8 - 33.7 MPa for strength class C20/25 and between fcc,150=67.5 
and 68.8 MPa for series 11 with concrete grade C50/60.  

2.3 Execution of fatigue tests 

For the execution of the fatigue tests on anchors in concrete, two different test rigs were realised 
at the Materials Testing Institute University of Stuttgart as shown in Figure 2. The tension tests 
were carried out using a Schenck Hydropuls cylinder with a load capacity of 100 kN. For the 
shear tests, a test stand with a servo-hydraulic 250 kN cylinder of type MFL was used. Both 
experimental setups were designed in such a way that the test forces were transferred via a 
pendulum rod with two spherical joints to avoid unintended bending moments. 

  
(a) (b) 

Figure 2: Example of experimental setup used for (a) tension tests and (b) shear tests. 

 

The tension load was applied to the anchors using a 12 mm thick fixture (Figure 3). The support 
distance of the test frame on the concrete member was sufficiently large to allow an unrestricted 
concrete cone failure. In the shear tests, the anchors were positioned on the side surface of the 
concrete member. Shear loading was applied parallel to the concrete side surface by means of 
a 40 mm thick steel plate with an insert sleeve having a thickness of 12 mm. To reduce friction, 
one Teflon layer was placed between loading plate and concrete surface. 
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Figure 3: Schematic illustration of load application during (a) tension tests and (b) shear 
tests (all dimensions in mm). 

 

The tension tests of series 2, 4 and 6 on anchors not embedded in concrete were carried out by 
using a tensile testing machine of type Schenck PL250. For this purpose, the anchor bolt was 
separated from the sleeve and installed in the machine. The cone of the bolt was held in a form-
fitting steel template and the load was applied via the hexagon nut including dynamic set, which 
was placed on an adapter component with a through-hole.         

The favourable effect of the prestressing force was almost neglected in all the tests. Hence, the 
anchors were preloaded by the required installation torque of Tinst=80 Nm as specified by the 
manufacturer, which was reduced to 20% after about ten minutes of waiting to provide 
comparable test conditions. 

The fatigue tests were carried out load controlled with a sinusoidal load regime of constant 
amplitude. The different load ranges were selected according to the pearl string method as 
described in DIN 50100 [13], so that the number of load cycles to failure ranged from about 
n=104 to 5ꞏ106. The loading frequency was chosen between 1 Hz and 10 Hz depending on the 
load range and the load direction.  

3 TEST RESULTS 

3.1 Fatigue tests 

The results of the fatigue tests obtained under tension load are shown in Figure 4. The applied 
load range is plotted versus the number of cycles to failure in a double logarithmic scale. The 
test series are approximately in the same scatter range. However, with increasing number of 
load cycles, a more pronounced reduction of the fatigue resistance can be identified in the tests 
with increased lower load and upper load compared to the series with constant lower load. This 
effect can be observed on anchors tested both in concrete as well as air.  
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The results of the different test series under shear load are shown in Figure 5. In order to 
compare the fatigue resistance of the anchors under different concrete properties, the tests of 
series 10 and 11 were carried out as for series 8 with increased lower load of Flo=10 kN. The 
test results show no significant differences in the pulsating range. In contrast, the tests in series 
12 indicate a more favorable behavior under alternating shear load, when the annular gap 
between the fixture and the anchor is properly filled. However, the results of additional 
installation tests without filling mortar show that the number of cycles to failure decreases 
significantly in case of alternating shear due to the existing hole clearance. 

 

Figure 4: Results of fatigue tests under tension load. 

 

 

Figure 5: Results of fatigue tests under shear load. 
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3.2 Failure mechanism 

In all fatigue tests, steel failure of the anchor bolt occurred due to the pronounced notch effect 
of the thread. As shown by the characteristic failure images in Figure 6, the failure of the 
anchors loaded in tension was located primarily in the first engaging thread between bolt and 
nut. In addition, failure appeared occasionally at the thread run-out of the setting control and 
also at the cone of the bolt.  

In the shear tests, steel failure was observed by shear off the anchors in the threaded part of the 
bolt. The crack location was either below or above the concrete surface. In about 30% of the 
cases, the cracks occurred at both mentioned positions. The fracture position can be attributed 
to the bending stresses on the anchor caused by shear force. Since the highest bending stresses 
arise near the concrete edge, the thread in this area represent the critical cross section of the 
anchor due to the notch effect. The failure was accompanied by concrete damage close to the 
surface.  

 

 

 

 

(a) Tension tests (b) Shear tests 

Figure 6: Characteristic failure modes of the anchors under fatigue loading. 

 

3.3 Influence of static load level 

For the assessment of the available test data, a separate S-N curve was established for each test 
series. The evaluation of the fatigue tests was performed by linear regression analysis based on 
the principles used for steel constructions acc. to EN 1993-1-9 [11]. The general procedure is 
described in detail in [14]. On the basis of the determined S-N curves, mean fatigue resistance 
values with different static load levels were available, which can be evaluated for a specific 
number of load cycles.  

Figure 7 shows the fatigue resistances obtained from the tension test series in concrete. In order 
to illustrate the influence of the static load level, the results are given both in the Goodman 
diagram as a function of the lower load (left figure), analogous to the current design, and in a 
modified form (right figure), in which the load range is plotted versus the lower load.  

It can be seen from the diagram that the tension load ranges decrease with increasing lower 
load. At lower loads up to almost 70% of the static resistance, the anchors exhibit a fatigue 
resistance at n=2ꞏ106 load cycles that is 47% lower than in tests with Flo=1 kN. 
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Figure 7: Goodman diagram under tension load. 

 

The impact of the load level identified under tension load is also evident in the results of the 
shear tests as shown in Figure 8. In the pulsating range, the load ranges are reduced by a 
maximum of 26% up to a lower load level of 55% of the static resistance. Under alternating 
shear load, an increase of the fatigue resistance of up to 42% was observed compared to the 
tests with Flo=1 kN. In contrast, the alternating shear tests performed without filling the annular 
gap (not shown in the Goodman diagram, but see Figure 5) resulted in a considerable reduction 
of the achieved load cycles. 

 

Figure 8: Goodman diagram under shear load. 
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3.4 Contribution of concrete 

While the mean stress effect is largely neglected for bolts in steel construction due to the notch 
effect of the thread, the investigated fasteners showed noticeable differences between the test 
series depending on the load level despite comparable failure characteristics. Therefore, the test 
results obtained under different medium conditions were compared in order to investigate the 
influence of the surrounding concrete on the fatigue resistance of the anchors.  

The results of the fatigue tension tests performed on anchors in concrete and in air are shown 
in Figure 9a. When comparing the slope coefficients of the S-N curves and the resulting mean 
values of the fatigue resistance at 2ꞏ106 cycles, no significant differences could be identified. 
The test series with constant upper load confirm the detrimental effect of the static load level 
also outside the concrete, whereby the reduction in fatigue resistance of 42% is similar to that 
obtained in concrete. 

In order to evaluate the supporting effect of the concrete under shear load, the mean S-N curves 
of test series no. 8, 10 and 11 with constant lower load of 20 kN were evaluated. The comparison 
of the results in Figure 9b shows that the fatigue resistance in low and high strength concrete is 
almost the same, which is also reflected in the inverse slopes of the both S/N curves. The 
anchors tested in cracked concrete even exhibited a slightly more favorable behavior. As the 
concrete damage observed in the tests showed a comparable appearance (see Figure 6b), it can 
be assumed that the influence of the concrete is not that pronounced due to the supporting effect 
of the anchor sleeve.  

  
(a) tension load (b) shear load 

Figure 9: Influence of surrounding concrete on the fatigue resistance at n=2ꞏ106 load cycles. 

 

4 DISCUSSION 

The evaluation of the test results presented in the previous sections was based on the load range, 
which is commonly used as reference value in fastening technology due to the different failure 
modes. However, the tests have shown that the fatigue resistance of the investigated undercut 
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anchors is governed by the notch effect in the thread of the anchor bolt. This allowed to relate 
the applied load ranges to the stress cross-section of the anchor thread in order to compare the 
obtained test results with standardized S-N curves for bolts in steel structures.  

As can be seen in Figure 10, the fatigue strength of the anchors tested under tension load is 
clearly higher than detail category FAT 50 for bolts and rods acc. to EN 1993-1-9 [11]. The 
lower bound of the results confirm class 71 with an inverse slope of m=3. The favorable results 
can be attributed to the manufacturing process of the anchors, as higher fatigue strengths are 
achieved with rolled threads than with cut threads. However, especially threads rolled after heat 
treatment exhibit a strong dependence on the static load, since the induced residual compressive 
stresses are reduced with increasing load level and the positive effect decreases [15]. This load 
influence on the fatigue resistance can also be seen in the own tests results. Nevertheless, 
comparison with test data from the literature shows that the FAT 50 can serve as orientation for 
the fatigue design of threaded fasteners in tension, since the curve considers not only different 
diameters and cut threads, but also higher static load levels. 

 

Figure 10: Experimental fatigue data for PI-anchors with steel failure in tension. 

 

In case of shear loading, the influence of the load level was slightly smaller than under tension. 
However, the test results shown in Figure 11 are mainly, except for alternating shear, below the 
fatigue curve FAT 100 for bolts under shear load. A joint evaluation of the own test data in the 
pulsating range reveals a mean fatigue strength of Δ=89 N/mm² at n=2ꞏ106 load cycles with 
an inverse slope of m=4.8. This provides a possible classification in FAT 71 with m=5, which 
agrees rather well with the lower bound of published test results found in the literature. The 
lower fatigue strength of the anchors compared to FAT 100 is primarily due to the fact that the 
values acc. to EN 1993-1-9 apply exclusively to bolted joints where the thread is not located in 
the shear plane, which is usually not the case for fastenings. Furthermore, the damage of the 
surrounding concrete in shear direction may cause additional bending stresses in the anchor, 
which are likewise not considered for bolted connections in steel structures. 
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Figure 11: Experimental fatigue data for PI-anchors with steel failure in shear. 

 

5 SUMMARY AND OUTLOOK 

Post-installed anchors are used for fastenings of e.g. lifts, crane girders and slewing cranes or 
machinery where repeated loads can lead to fatigue failure. The experimental investigations 
presented in this paper provide a contribution on the fatigue resistance of these anchors, where 
steel failure in the thread is often the governing failure mode. The test results obtained on 
undercut anchors indicated a noticeable influence of the static load level. The identified effect 
is less related to the contribution of the concrete, but primarily to the manufacturing process of 
the anchor threads. Consequently, a similar fatigue behavior was detected as for bolts and rods 
in steel structures, where improved fatigue strength and increased dependence on the static load 
is known for threads rolled after heat treatment. It has been shown that FAT 50 is applicable to 
fasteners under tension load. Analogies to the behavior of bolts could also be observed under 
shear load. However, due to the contribution of the concrete, the additional bending stresses in 
the anchor and the location of the thread in the shear plane, the fatigue resistance of anchors 
might be lower than FAT 100 for bolts as specified in EN 1993-1-9. 

This article mainly focuses on fastenings with standard embedment depths and sufficient edge 
distance, whose fatigue resistance is usually limited by steel failure. However, concrete related 
fatigue failure can also become decisive, e.g. for applications close to the edge. In such cases, 
the beneficial effect of the reinforcement may become important, since it transfers loads when 
cracks form. However, the positive influence of reinforcement on the fatigue behavior has not 
yet been investigated in detail and require further research. 
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ABSTRACT 

Bonded anchors are applied as heavy-duty fasteners in buildings and constructions worldwide. 

The long-term behavior of the adhesive mortars impacts the sustained load and lifetime of 

bonded anchors. It is fundamental to understand in detail the short- and long-term load behavior 

of components in adhesive mortar. The aims of this study are to investigate the material 

properties of an epoxy-based mortar on the microscale as well as analyze the long-term load 

bearing capacity of a bonded anchor on the macroscale. On the microscale, nanoindentation 

was employed to investigate: a) influence of the loading rate on the load behavior of resin, b) 

characterization of the mechanical phases of mortar components, c) the distribution and 

development of E-moduli of the mortar components, d) the long-term load behavior of the 

components of the mortar，e) error load transfer on the interface between mortar and concrete 

drillhole without drill-hole cleaning. Based on the experimental nanoindentation results, the 

time-independent material parameters were identified in a concrete model by means of 

stochastic simulation. On the macroscale, computer tomography checked the imperfection of a 

bonded anchor installed in concrete. The CT-scan was converted into a FE-model. The time-

independent behavior of the exiting bonded anchor was simulated, and the long-term load 

bearing capacity of the bonded anchor was predicted. 

1. INTRODUCTION

Bonded anchors are applied as heavy-duty fasteners in buildings and constructions worldwide. 

The sustained load test is currently being performed to determine the lifetime of bonded 

anchors. The long testing periods are a big challenge, both for the product assessment and the 

practical application. The Chinese technical code [1] requires seven months to test the creep 

behavior of adhesive mortars. The current European and US qualification guidelines EAD [2] 

and AC355.4 [3] provide a sustained load test method. For the assessment of the lifetime of 

bonded anchors, the creep displacements are extrapolated in the lifetime acc. to Findley-law 

(equation (1)). However, the testing periods are required to be at least three months for a 50-

year-lifetime and six months for a 100-year-lifetime of the bonded anchor. 

𝑠 = 𝑠0 + 𝑎 ∙ 𝑡𝑏 (1) 
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There are many influencing factors on the performance of bonded anchors, e.g., the adhesive 

mortar, anchor installation procedures, temperature, or confinement of concrete members. The 

following questions arise in practice:  

1) It takes a long time to determine the long-term load bearing capacity of the bonded

anchors. Can this be done faster?

2) How does a non-cleaned drill hole affect the quality of the bonding? Is it possible to

quantify the effect of force transfer on the interface?

3) The sustained load test is carried out as confined test setup [2]. What long-term

performance can a bonded anchor reach as unconfined setup?

Over the last decades the nanoindentation method has developed rapidly. It has been applied to 

determine the material properties in huge areas, not only for metal, but also for polymer 

materials as well as concrete [4]. The nanoindentation provides the accurate measurement in 

the range of a fraction of one nanometer. This significant advantage allows us to monitor the 

long-term material behavior in just a few minutes. In this study, the nanoindentation was 

employed to investigate the long-term mechanical properties of the microstructure of an epoxy 

based adhesive mortar. Based on the obtained nanoindentation results, the long-term load 

bearing capacity of the bonded anchor was simulated. 

2. THEORY OF LONG-TERM BEHAVIOR OF ADHESIVE MORTARS

Adhesive mortars have a significant influence on the long-term behavior of bonded anchors [5]. 

The total deformation includes time-independent elastic and plastic deformations, as well as 

time-dependent viscoelastic and viscoplastic deformations, as given in equation (2).  

𝜀𝑡𝑜𝑡(𝜎, 𝑡) = 𝜀𝑒𝑙(𝜎) + 𝜀𝑝𝑙(𝜎) + 𝜀𝑣,𝑒𝑙(𝜎, 𝑡) + 𝜀𝑣,𝑝𝑙(𝜎, 𝑡) (2) 

Table 1 summarizes deformations and their properties. 

Table 1: Summary of the deformations and their properties of adhesives 

Deformation Time reversible Cause 

Elastic independent reversible Change in distance of the covalent bond, no damage 

Plastic independent irreversible Damage of the valent bond and crosslinks 

Viscoelastic dependent reversible Rearrangement of the long-chain polymer molecules 

Viscoplastic dependent irreversible Damage of covalent bond 

Figure 1 illustrates schematically a basic rheological model for bonded anchors. The time-

dependent viscoelastic deformation is caused by a rearrangement of long chain polymer 

molecules, which is reversible without material damage. The delayed deformations can be 

described by using a Kelvin-Voigt element: 

𝜎 = 𝜎𝑠𝑝𝑟𝑖𝑛𝑔 + 𝜎𝑑𝑎𝑠ℎ𝑝𝑜𝑡 = 𝐸𝑣,𝑒𝑙𝜀𝑣,𝑒𝑙 + 𝜂𝑣,𝑒𝑙
𝑑𝜀𝑣,𝑒𝑙

𝑑𝑡
(3) 

A Maxwell element describes the irreversible time-dependent behavior: 

𝜎 = 𝜂𝑣,𝑝𝑙
𝑑𝜀𝑣,𝑝𝑙

𝑑𝑡
(4) 
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Figure 1: Schematic diagram of the basic rheological model for bonded anchors for the long-

term behavior. 

Equation (3) and (4) describe the time-dependent creep behavior under the constant load N. If 

a small increasing force N is applied, acc. to the Boltzmann superposition principle, the 

displacement output at any time subsequent is given by the sum of the displacements at that 

time due to the two forces (N and N) computed as though each were acting separately [6]. If 

a bonded anchor is loaded at an extremely low loading rate, the long-chain polymer molecules 

have sufficient time to rearrange on each load level. The load-creep displacement behavior can 

be measured. Such an extremely slow pullout can be considered as a sum of several sustained 

load tests under different constant load levels. 

Figure 2 shows schematically the long-term stiffness of a bonded anchor by changing the 

rheological model for the different loading rate. If a bonded anchor is loaded at a low (blue line) 

and an extremely low loading rate (red line), the stiffnesses are dependent on the time-

independent material parameters of mortars, like the instantaneous E-modulus and time-

independent elasticity term in the Kelvin-Voigt element. Practically, for a mortar made up of 

several components, the rheological model can also be extended to several Kelvin-Voigt 

elements and Maxwell elements. The long-term stiffness of a mortar can be determined by 

investigating the varied loading rates. However, such a test series at an extremely low loading 

rate is a big challenge to the test time on the macro level. On the micro level, the tests can be 

easily implemented by using nanoindentation during accurate measurement in nanoscale.  

Figure 2: Schematic illustration of the long-term behaviors by the changing rheologic models 

at varied loading rates 
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3. EXPERIMENTS ON THE MICROSCALE

3.1 Experimental program and nanoindentation device 

Nanoindentation is a variety of indentation hardness tests applied to small volumes on the micro 

level. A hard indenter is pressed into the surface of a sample to test the mechanical properties 

of the materials. Four nanoindentation test series were carried out to investigate the 

microstructure of the adhesive mortar. Table 2 presents the test program.   

Table 2: Test program on microscale 

Nr Test series Sample Nanoindentation Loading rate 

[mN/s] 

1 Influence of loading rate Pure resin Raster 0.7, 1.4, 7, 14 

2 Characterizing mechanical phases of adhesive 

mortar and aging of microstructure  

Adhesive 

mortar 

Raster 2 

3 Long-term behavior of mechanical phases at 

extremely low loading rate 

Mortar Creep 0.5 

4 Distribution of E-Moduli of the interface 

between mortar and concrete 

Interface Raster 2 

The Agilent Nano Indenter G200 was employed to carry out the nanoindentation. The angle of 

the Berkovich indenter was 65.27°.  The measurement accuracy of the displacement deviates 

less than 0.01 nm. And the device provides the contact force accuracy of 1.0 µN. 

3.2 Estimation of the loading rate for testing long-term material behavior 

The preliminary test 1 investigated the influence of the loading rate on the long-term behavior 

of the pure resin. Figure 3a shows the load-time curves. The loading rate �̇� varied at four 

velocities: 0.7, 1.4, 7 and 14 mN/s. Figure 3b shows the load-indentation depth curves at the 

various loading rates. The stiffness of the load-depth curve is reduced at the lower loading rate 

in the loading time. The load-depth curves (the red dashed line and the blue solid line) at the 

loading rate 1.4 and 0.7 mN/s are very close. This indicates a stable time-independent load-

displacement behavior at the loading rate below 1.4 mN/s. The displacement is associated only 

with the load level. 

Figure 3: Nanoindentation results on the pure epoxy resin: a) load-time curve, b) load-

indentation depth curves at the various loading rates. 
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In the nanoindentation results, the thermal drift was corrected. The shadow area below the non-

linear load-depth curve equals the absorbed energy G of elastic and plastic deformation at the 

loading time. Analog to the definition of toughness, the total absorbed energy G of the plastic 

deformations per unit volume is described: 

𝐺 = 𝐺0 + 𝐺𝑡 =
∫ 𝑃 𝑑ℎ

ℎ
0

𝑉𝑜𝑙𝑢𝑚𝑒
       (5) 

where P is the applied force, and h is the nanoindentation depth. Figure 4 shows the absorbed 

energy G of the nanoindentations of test series 1. A function of the loading rate �̇� is shown. The 

absorbed energy G can be divided into time-independent and time-dependent energy (G0 and 

Gt). The time-dependent energy is eliminated at the loading rate smaller than 1 mN/s. The 

deviation of the total absorbed energy of plastic deformation is below 1.7 %. That means, most 

creep deformation can be measured at this loading rate range.    

 
Figure 4: Absorbed energy G of test 1 acc. to equation (5) as a function of the loading rate Ṗ.  

 

3.3 Test for the mechanical properties and the aging of the microstructure 

The adhesive mortar consists of the resin, hardener and filler. By mixing and curing processes, 

the composites build different microstructures. Each microstructure has its own mechanical 

properties. In order to characterize the mechanical properties of such a microstructure, the raster 

nanoindentations in test series 2 were carried out. The sample was made of an adhesive mortar 

applied in practice. The basic epoxy resin is identical to the resin in test series 1.  

Figure 5a shows the 5387 indentation points on the surface of the sample with distinct E-moduli 

shown in color. Due to the multiphase composite materials, the distribution of the E-moduli is 

heterogeneous, as shown in Figure 5b. The statistical raster indentation technique enables the 

characterization of the mechanical properties of each individual phase. The density of the 

measured indentation E-moduli can be split into three phases using a calculation process. For 

each phase, the indentation E-modulus is assumed to be the Gaussian distribution. It can be 

understood as a range of homogeneous mechanical properties which correspond to the similar 

microstructure. Figure 5c shows the cumulative distribution function (CDF) of the measured 

indentation E-moduli of the analyzed phases.  
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Figure 5: Raster nanoindentation for adhesive mortar: a) 5387 indentation points with 

distinct E-moduli shown in color, b) probability density of the measured E-moduli. It can be 

split into three phases assumed to be Gaussian distribution. c) cumulative distribution 

function of the measured E-moduli and the analyzed phases. 

 

The aging of the microstructures and mechanical phases was observed on 247 days. The raster-

nanoindentations on the same sample were repeated on days 1, 4, 7, 21,3 1, 45, 60, 98, 123 and 

247 after the curing. Figure 5 displays the development of the indentation E-moduli and the 

volume fracture of the three phases regarding aging. E-moduli for phase 1 and phase 2 

developed similarly. But the mean value of phase 1 is equal to 90 % of phase 2. Phase 1 is 

estimated to correspond to the deviated microstructure with a remaining unreacted compound 

caused by imperfect practical mixing. The E-modulus of phase 3 increases faster than the one 

of phase 1 and phase 2. It can be determined that phase 3 is the filler. The measured 

nanoindentation E-modulus and the volume fracture of phase 3 are the same as the filler 

material that is given in the formula. 

 

Figure 6: Development of E-Moduli of the three phases in 247 days  

 

3.4 Test for long-term behavior of the microstructure in adhesive mortar 

The long-term load-displacement behavior of the three phases was investigated in test series 3. 

On the same sample as in test series 2, creep nanoindentations were performed on day 247. The 
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compression force increased from 0 to 7 mN in 14 seconds at a loading rate of 0.5 mN/s. Then, 

the load held for 200 seconds. Figure 7 displays the nanoindentation depth - time curves and 

the nanoindentation points in microscopy. The indentation E-moduli verified that the 

nanoindentations were performed on all three phases. 

 

Figure 7: Nanoindentation depth – time curves of the three material phases of the mortar 

 

3.5 Test for the mechanical transfer on the interface between mortar and concrete 

In practice, installed bonded anchors often have defects due to the flaw of hole cleaning. There 

is the separating dust layer on the interface between mortar and hole wall on the micro level 

[7]. In order to quantify the effect of the force transfer in the long term, the 440 raster 

nanoindentations were conducted on the interface area between adhesive mortar and concrete 

in test series 4. The concrete part was taken from the surface of a concrete drill hole wall without 

cleaning. The bonding film and nanoindentations were visible on the microscopy in Figure 8a.  

 

 

Figure 8: Raster nanoindentation on the interface between adhesive mortar and concrete hole 

wall without cleaning: a) nanoindentations on the microscopy, b) comparison of the 

indentation E-moduli distributions of the interface (test series 4) and the adhesive mortar (test 

series 2). The E-moduli distribution reveals the effective bond capacity in the interface. 
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Figure 8b shows the comparative histograms, their cumulative distribution functions between 

the interface layer (red) and the mortar (blue). The heterogeneous mechanical properties of the 

interface can well be seen by the distribution of nanoindentation E-moduli. Compared to the 

mortar, the interface exhibits very large E-modulus ranging from 0 to 30 GPa. The statistical 

analyses reveal a 40 % area with E-modulus less than 6 GPa in the interface without cleaning. 

These unreliable bonding points will reduce the load capacity of the bonded anchor system.  

4. SIMULATION FOR THE LONG-TERM LOAD CAPACITY OF BONDED 

ANCHORS 

4.1 FE-Simulations and verification of the material model 

In order to determine the long-term material parameters of the mortar, the nanoindentation was 

simulated. The FE-simulation was carried out by using ANSYS with a concrete material model. 

The major influence parameters were identified using the stochastic simulations with the aid of 

the software OptiSLang. Figure 9 shows the comparison of the measured nanoindentation 

results (test series 3) and the FE-simulation results based on the identified input parameters.  

 

Figure 9: Comparison of the measured creep nanoindentation results (dashed lines) and the 

FE-simulation results (solid line) based on the identified material parameters 

 

For bonded anchors, a numerical approach is developed to simulate displacement-time curves 

under sustained loads. The four experimental sustained load tests were found in the data base. 

They were carried out acc. to [2] with different anchor sizes under varied constant loads. In 

order to verify the numerical method and the material model, the FE-simulations were carried 

out for the four sustained load tests. The measured and simulated creep displacements are 

extrapolated in 50 years acc. to equation (1). Figure 10 shows the comparison of the 

extrapolated displacements based on experiments and the FE-simulation approach. The creep 

displacement can be well estimated by using the numerical approach.  
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Figure 10: Comparison of the extrapolated displacements based on experiments and the FE-

simulation approach 

 

4.2 FE-Simulations for the long-term performance of the bonded anchor 

FE-simulation model 

In practice, there are often void areas that are unbonded epoxy surface along the embedment 

length of the anchor. In order to analyze the long-term load behavior of the anchor with 

imperfect bonding, an installed bonded anchor M12x60 was scanned by means of computer 

tomography. As illustrated in Figure 11a), there are the macro defects, like void areas in the 

mortar as well as cracks, pores, and relative lightweight aggregates. Computer tomography 

provides the 3D images of the precise surfaces for the threaded rod, adhesive mortar, and 

concrete as well as the macro defects (Figure 11b). The 3D FE-model was created based on the 

sub-voxel. The mesh was refined around the local defective void areas in mortar as well as the 

pores and the very lightweight aggregates in concrete, as shown in Figure 11c.  

 

Figure 11: Convert the 3D CT-scan into FE-model: a) a section of CT-scan for an existing 

bonded anchor in concrete, b) 3D CT-scan shows the macro defects like void areas and pores 

in the mortar and concrete, c) FE-model with local void areas and the very lightweight 

aggregates. 
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FE-simulation result for the long-term confined pullout 

Using ANSYS, FE-simulations were conducted for the confined as well as unconfined pull-out 

tests of the existing bonded anchor compliant with EAD [2] . The threaded rod was simulated 

with the linear elastic steel material parameters. The identified long-term material parameters 

(section 4.1) were used for the simulation of the mortar. The parameters verified to be suitable 

for concrete C20/25, were used in this numerical simulation for the concrete. 

Figure 12a shows the simulated result of the long-term bond stress-slip curve for confined 

pullout. The bond stresses were normalized using equation (7) 

𝜏 =
𝑁

𝜋∙𝑑∙ℎ𝑒𝑓
         (7) 

The simulation shows that the bonded anchor with the changed stiffness will become loose at 

the mean bond strength of 13.1 N/mm². The mortar fractures can be seen with the significant 

plastic tensile strain on the bottom of the anchor and the void areas (Figure 13). 

Please note the mortar material parameters were obtained from the nanoindentation with the 

loading rate 0.5 mN/s, as analyzed in section 3.2, the creep deformation was measured in the 

load-displacement curve of the mortar. Based on these material properties, the FE-simulation 

reveals the long-term load capacity of the bonded anchor. Figure 12b shows the comparison of 

the maximum bond stress of the FE-simulation result and the sustained bond stresses in the 

experimental tests. The FE-simulation predicts well the maximum approved sustained bond 

stress.  

 

Figure 12: FE-simulation result for the long-term confined pullout: a) simulated long-term 

bond stress – anchor slip behavior, b) Comparison of the simulated maximum long-term bond 

stress and the sustained bond stresses of the experimental sustained load tests.  
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FE-simulation for the long-term unconfined pullout 

Furthermore, the FE-simulation was carried out for the unconfined setup. The long-term load 

capacity reached the value of 12.1 N/mm² (blue curve in Figure 13). At the loading rate 0.5 

mN/s, it would take 1.7 years before anchor failure occurs in the macro pullout test. As shown 

in Figure 13, mortar damages at the lower part of the anchorage are similar to those of the 

confined setup. Near the concrete surface, the splitting cracks occur. The combined concrete 

and bond failure can be seen by the plastic tensile strain of the concrete. The ratio of the long-

term unconfined and confined bond strength is 0.92. 

 

Figure 13: FE-simulated load-displacement behaviors for the confined and unconfined 

pullout of the bonded anchor 

 

5. CONCLUSION  

The study researches the long-term load bearing behavior of an epoxy bonded anchor on the 

micro and macro levels. The main conclusions are summarized as follows: 

1) Nanoindentation can exactly measure the load displacement behavior of the mortar on the 

micro level. The creep deformation can be measured by using the nanoindentation at an 

extremely low loading rate.  

2) By using the raster nanoindentation, the three material phases were characterized for the 

adhesive mortar. The development and aging of the microstructures were observed over a 

period of 247 days.  

3) The long-term load behavior of the mortar material phases was determined by 

nanoindentations at an extremely low loading rate.  
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4) By using raster nanoindentation, the quality of force transfer on the interface between 

mortar and the drilled hole wall was quantified. In the case without drill hole cleaning, a 

40% bonding area on the interface has a lower E-moduli than the mortar. 

5) The macro defects of a bonded anchor system were examined by using a computer 

tomograph. The FE-simulations predict the long-term load bearing capacity of the existing 

bonded anchor with confined and unconfined setup. 

The authors see the great potential that the nanoindentation approach and modern computer 

technology have for the investigating the long-term behavior of a bonded anchor system. 

Therefore, future research should be carried out for different adhesive mortar products as well 

as the bonded anchor system under different conditions. 
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ABSTRACT 

The use of Fiber Reinforced Polymer (FRP) materials in combination with the Externally 
Bonded Reinforcement (EBR) method is a strengthening system (EBR-FRP system) that is 
commonly deployed to increase the load carrying and/or ductility capacity of structural 
members. One of the main drawbacks of EBR-FRP systems is premature debonding, which 
entails the debonding of the FRP reinforcement from the substrate at a strain level that is 
typically a small fraction of the rupture strain. In order to prevent or delay premature debonding, 
FRP anchors have proven to be a suitable solution to prevent the delamination of FRP materials 
from the concrete substrate when the Externally Bonded Reinforcement (EBR) method is used 
by ensuring continuity of the load path from the FRP sheets into the structure or improving the 
FRP-to-concrete bond strength. On the other hands, one of the phenomena that could affect the 
behavior of FRP anchors is the concrete confinement. Hence, the research here presented aims 
to comparing test results for a single FRP anchor in confined and unconfined configurations to 
establish a ratio between the confined and the unconfined bond strengths. Subsequently, Results 
are discussed and compared with theorical studies. 

1 INTRODUCTION  

The use of Fiber Reinforced Polymer (FRP) materials in combination with the Externally 
Bonded Reinforcement (EBR) method is a strengthening system that is usually developed to 
increase the load-bearing and/or ductility capacity of structural members, with comprehensive 
overviews of the utilization of FRP that being available in the literature [1–3]. EBR-FRP 
systems incorporating FRP anchors can be used in masonry structures [4] or in reinforced 
concrete structures for a wide range of applications such as slabs [5,6], columns [7,8], beam-
column connections [9-12], shear walls [13,14].  

One of the main disadvantages of EBR-FRP systems is premature debonding of FRP from 
concrete surface, which causes the debonding of the FRP reinforcement from the substrate at a 
strain level that is typically a small portion of the rupture strain. Among different solutions to 
prevent or delay premature debonding, FRP anchors have proven to be an appropriate solution 
[2,3] to prevent the debonding or delamination of FRP materials from the concrete substrate 
when the Externally Bonded Reinforcement (EBR) method is used, by ensuring continuity of 
the load path from the FRP sheets into the structure or improving the FRP-to-concrete bond 
strength. 
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FRP anchors consist of a bundle of fibers, or a rolled fiber sheet together (Figure 1) which 
impregnated with epoxy resin as adhesive and with one end inserted into a hole pre-drilled in 
the structure member and the other end bonded to the FRP sheet.  

(a)         (b)   

(c)                  (d)   

Figure 1: The process of construction of FRP anchor, (a) Cutting FRP sheet in desired 
dimension, (b) Removing lateral string in Fan region, (c) Impregnating both sides of FRP 

sheet in dowel region and rolling by a slender steel bar, (d) Removing steel bar and opening 
fibers in Fan region 

 

Anchors are generally divided into bent and straight anchors, depending on the orientation in 
which the anchors are introduced into the structure. FRP anchors can be utilized in two different 
locations with respect to the FRP sheet, either within the boundaries or at the end of the FRP 
sheet. For situations that the anchors are installed within the boundaries of the FRP sheet, the 
anchors increase the load that is essential to debond the FRP sheet from the concrete surface by 
reducing the slip of the FRP at the anchor. To be specific, the anchor cannot transfer the entire 
force that it can carry to the FRP reinforcement completely. In addition, the FRP anchors 
installed within the boundary of an FRP string bonded to member surface reduce crack growth 
and make delayed debonding occur in a time greater than the service life. Several studies have 
investigated the behavior of FRP anchors when the anchors modify the boundary condition of 
the differential equations of the bond. The exact theoretical behavior for FRP used in masonry 
is explained in the literature [4,15]. A different behavior occurs when the FRP anchor is 
installed at the end of the FRP sheet, as illustrated in Figure 2. In this case the FRP sheet 
completely debonds before the FRP anchor is activated, and the load from the FRP sheet is 
totally transferred through the anchors to the concrete substrate only when the FRP 
reinforcement is detached from the surface. This second situation, in which the anchors are 
located at the end of the sheet, is the case under study herein. For this situation, some analytical 
models have been presented to quantify the pullout strength of straight FRP anchors [16]. 
Castillo [17] after studying previous investigations of different researchers concluded that the 
efficiency of bent anchors is significantly lower than straight anchors, due to the fibers being 
less well aligned with the direction of the applied force. 
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Figure 2: Attributes of FRP anchors [18] 
 

Straight anchors are typically used at the end of the FRP sheet to transfer the forces from the 
sheet into the structural element, ensuring load path continuity. One of the practical uses of 
straight FRP anchors is in strengthening RC columns. Two different seismic FRP-EBR 
strengthening schemes for RC columns have been identified in the literature, with one scheme 
intended to improve shear behavior and/or the confinement of the column and the other 
designed to increase flexural strength at the column-base joint (Figure 3). The use of FRP 
anchors in the first scenario is necessary only when a physical obstruction exists (typically a 
wall, which creates a gap in the FRP confinement as shown in Figure 3) and increases the drift 
capacity of the columns when compared to the as-built columns [19]. The second scenario 
requires the use of FRP anchors to transfer forces from the vertical FRP sheets on the columns 
to the RC base and reduces the drift up to the moment when the anchors fail, which corresponds 
with the peak load.  

 
Figure 3: Seismic strengthening of RC columns, a) shear strengthening of a RC column, b) 

Flexural strengthening of column-base joint [19] 
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Orton [20] stated that the CFRP can provide continuity through the negative or positive moment 
reinforcement by being means of a CFRP sheets and anchors applied to the top or bottom 
surface of the beam in the beam-column connections. 

FRP anchors would typically be subjected to a combination of loads from different directions, 
but as a simplification it has been assumed that the tension load is unidirectionally applied from 
the FRP sheet that can be seen at the bottom of Figure 2a and c. This approach is in agreement 
with similar approaches followed profusely in the past [20]. In fact, by pull-out tests, the 
behavior of straight anchors could be investigated. By using pull-out test, Akyuz and Ozdemir 
[21,22] indicated that the capacity of a CFRP anchor is directly related to the number of carbon 
fibers in the sheet. Ozbakkaloglu and Saatcioglu [23] illustrated that Increase in the inclination 
angle results in a significant reduction in the pullout capacity of the anchors. They also [23,24] 
identified three failure modes, namely anchor pull-out, a combination of pull-out and concrete 
cone failure, and fiber rupture in the key portion.  

On the other hand, one of the phenomena that could affect the behavior of FRP anchors is the 
concrete confinement. In a reinforced concrete member, confinement is achieved by the suitable 
placement of transverse reinforcement. However, ACI 355.4-19 [25] and EAD 330499 [26] 
both permit the use of confined testing for service-condition tests not only to assess the anchor 
bond strength to act as a reference when establish anchor robustness with respect to e.g. 
temperature, creep, installation, but also to establish a reference value to be adopted in design 
when dealing with the so-called combined pull-out and concrete cone failure mode [27, 28].  

Similarly, in the present study, the bond strength and the failure modes of FRP anchors are 
established by comparing confined and unconfined conditions when varying anchor 
embedment depth. 

2 METHOLOGY AND EXPERIMENTAL PROGRAM 

2.1 Materials used and their properties 

Unidirectional carbon fiber (CFRP) sheets with a nominal design thickness of 0.17 mm were 
employed for preparing FRP anchors. On the other hand, the epoxy resin Sikadur-330 was 
employed as the matrix phase of the CFRP composites. Based on the ambient temperature (23 
°C) and according to the producer’s data sheet, the resin of the strengthened specimens was 
cured for 7 days before testing. The properties of the fibers [29] and of the resin [30] according 
to the manufacturer's data sheet are presented in Table 1. 

Table 1: Mechanical properties of Material according to the manufacturer's data sheet. 
Material Type Modulus of 

elasticity 
(GPa) 

Ultimate tensile 
strength (MPa) 

Thickness 
(mm) 

Ultimate 
tensile 

strain (%) 
Fibers Sika Wrap-300C [29]   230 4000 0.17 1.7 
Resin Sikadur-330 [30] 4.5 30 - 0.9 

 

2.2 Preparing FRP anchors 

The anchors were fabricated by cutting a desired sized rectangular piece from the FRP sheet. 
The anchors were then formed by applying epoxy to both sides of the FRP piece and then rolling 
the sheet into a cylinder. Applying epoxy to the FRP before rolling it ensured full impregnation 
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of the anchor (Figure 4a to 4d). It should be noted that the prepared FRP anchors had nominal 
diameters (when impregnated and dried) averagely 16 mm for the sheet with width of 150 mm. 
for applying the load to FRP anchors, some threaded rods with the diameter of 32mm and the 
length of 100 mm were selected as a sleeve and a hole inside with the diameter of 20 mm that 
was drilled through length of threaded rod. Then, the rolled FRP sheet inserted into the drilled 
hole in threaded rod (Figure 4e). It should be noted the created hole had a smooth and prismatic 
section in the primary tests. But, after observing bond failure in the sleeve, in the following 
tests, the internal hole in the threaded rods were threaded.  

(a) (b)    (c)   

(d)                (e)  

Figure 4: Preparing FRP anchors, a) Cutting a desired sized rectangular piece from the FRP 
sheet, b) Preparing epoxy resin, c) Adding epoxy resin to both sides of FRP piece, d) Rolling 
the epoxy added FRP pieces into a cylinder shape, e) Inserting FRP anchor into threaded rod 

as sleeve for applying the load 
 

2.3 Installation FRP anchors on concrete slab 

FRP anchors were installed in reinforced concrete slabs optimized to prevent splitting failure 
induced by anchor loading. Three RC flat slabs 1550 × 1250 × 250 mm (Figure 5) were casted 
to investigate the performance of the FRP anchors. Ready-mix concrete of class C20-25 was 
used for casting the slabs. The average compressive strength of concrete for each slab, fc,cube, 
measured by compressive testing 150 mm concrete cubes on the day of the test, is given in 
Table 2. The installation sequence started with hole drilling to the required embedment length 
(50 mm or 75 mm) and with the specified diameter (20 mm). Consequently, prior to inserting 
the anchor, the holes were filled with the resin.  
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Figure 5: Inserting FRP anchors into pre-drilled hole in the concrete slab. 
 

2.4 Test Setup 

Two different test apparati were adopted for confined and unconfined configurations. In 
“confined tests”, a steel square plate was placed at the bottom of the reaction frame provides 
the confinement ( Figure 6b). The diameter of the hole in the confining plate dc was 35mm and 
the width of plate was 200 mm. In unconfined tests, the distance between the supports was 
equal to 635 mm ( Figure 6a). All the tests were carried out using closed-loop servohydraulic 
testing machines with 100 kN load capability for unconfined test and 300 kN for confined tests 
under displacement control. The displacement rate was 0.02 mm/s. The slip at the loaded end 
was monitored by two 100 mm LVDTs placed symmetrically at the two sides of the threaded 
rod. All data were acquired with an HBM Spider8 data acquisition system. 

 

a)  b)         
Figure 6: Test apparati for pull-out test, a) Unconfined conditions, b) Confined conditions 

 

2.5 Test parameter and test code description 

Table 2 reports test parameters and relevant code for all the tests. The test code is composed as 
it follows: CXXWYYYLZZ-Abc-n, where XX is the concrete compressive strength, YYY is 
the FRP strip width, ZZ is the actual embedment depth, Abc indicate the boundary conditions 
(‘Cf’ for confined and ‘Ucf’ for confined) and n indicates the repetition. 
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Table 2: Specimens descriptions 
Test 

Number* 
Specimen label Concrete 

Compressive 
strength (MPa) 

FRP strip 
width 
(mm) 

Actual 
Embedment 

Depth 
(mm) 

FRP 
anchor 

diameter 
(mm) 

Hole 
diameter 

(mm) 

Concrete 
Confinement 

condition 

1 C25W150L50-
Ucf-1 

31 150 51 16 20 Unconfined 

2 C25W150L50-
Ucf-2 

27.3 150 50 16 20 Unconfined 

3 C25W150L50-
Ucf-3 

27.3 150 52 16 20 Unconfined 

4 C25W150L75-
Ucf-1 

27.3 150 75 16 20 Unconfined 

5 C25W150L75-
Ucf-2 

27.3 150 77 16 20 Unconfined 

6 C25W150L75-
Ucf-3 

27.3 150 76 16 20 Unconfined 

7 C25W150L50-
Cf-1 

28.8 150 54 16 20 confined 

8 C25W150L50-
Cf-2 

28.8 150 52 16 20 confined 

9 C25W150L50-
Cf-3 

28.8 150 54 16 20 confined 

10 C25W150L75-
Cf-1 

28.8 150 76 16 20 confined 

11 C25W150L75-
Cf-2 

28.8 150 77 16 20 confined 

12 C25W150L75-
Cf-3 

28.8 150 75 16 20 confined 

* For all specimens, preparing FRP anchor and inserting it into sleeve and concrete were done 
simultaneously. 

3 RESULTS AND DISCUSSION 

Test results, in terms of observed failure mode and tensile capacity, are reported in Table 3 and 
Table 4, where: 

- Fu,exp is the experimentally determined pull-out capacity, associated to a specific failure 
mode, 

- τu is the average bond strength, evaluated as 
           τu = Fu,exp/(𝛑𝛑 ・ da ・ hef )                                                 (1) 

being da the anchor diameter and hef  the anchor embedment depth. 
Table 3: Result Summary (Unconfined conditions) 

Test 
Number Specimen Label 

Fu, exp 

(kN) 

τu  

(MPa) 
Failure mode 

1 C25W150L50-Ucf-1 28 10.3 Concrete cone 
failure 

2 C25W150L50-Ucf-2 25.8 9.9 Concrete cone 
failure 

3 C25W150L50-Ucf-3 27.2 10 Concrete cone 
failure 

4 C25W150L75-Ucf-1 43.4 11.5 Concrete cone 
failure 
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5 C25W150L75-Ucf-2 47.8 12.3 Concrete cone 
failure 

6 C25W150L75-Ucf-3 45.1 11.8 Concrete cone 
failure  

 
Table 4: Result Summary (Confined conditions) 

Test 
Number Specimen Label 

Fu, exp 

(kN) 

τu  

(MPa) 
Failure mode 

7 C25W150L50-Cf-1 44.1 17.2 Pull-out failure 

8 C25W150L50-Cf-2 42 16.7 Pull-out failure 

9 C25W150L50-Cf-3 47.6 18.2 Pull-out failure 

10 C25W150L75-Cf-1 56.6 - Sleeve failure* 

11 C25W150L75-Cf-2 54.9 - Sleeve failure* 

12 C25W150L75-Cf-3 69.5 18.5 Pull-out failure 

* In case of sleeve failure, bond was lost outside of the anchor; consequently, bond strength is 
not evaluated.  

3.1 Failure modes 

Typical pictures of FRP anchors at failure are shown in Figure 7 and 8 for the failure modes 
reported in Tables 3 and 4. It is noticed that: 

a. under unconfined testing conditions, a concrete cone starting from the tip of the anchor 
was always observed (Figure 7); 

b. where a bearing pressure was applied to the concrete surface (confined conditions), the 
FRP anchor completely pulled out from the surrounding concrete, with a failure surface 
at the anchor/bonding agent interface (Figure 8). In a few cases, the loading sleeve was 
not efficient in load transferring, failing prior to the anchor itself. 
 

         

Figure 7: Concrete cone failure (test number 6) 

683



   
 

 

Figure 8: Pull out failure (test number 7, 8 & 9) 
 

3.2 Prediction of anchor capacity 

Concrete cone capacity can be estimated according to the CCD method [31], as originally 
established for post-installed mechanical anchors, assuming a failure surface propagating from 
the anchor tip towards the concrete surface with an angle of approximately 35° and accounting 
for size effects on the anchor embedment dependency as: 

𝐹𝐹𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐,𝐶𝐶𝐶𝐶𝐶𝐶 = 13.5 ∙ ℎ𝑐𝑐𝑒𝑒1.5 ∙ �𝑓𝑓𝑐𝑐,𝑐𝑐𝑐𝑐𝑐𝑐𝑐𝑐                                                (2)             

Where confined conditions are applied, and hence bond failure is induced, a Uniform Bond 
Model (UBM) can be adopted to both evaluate an embedment-independent bond strength value 
and to predict anchor capacity for different values of embedment depth, as [32]:  

𝐹𝐹𝑝𝑝𝑐𝑐𝑝𝑝𝑝𝑝−𝑐𝑐𝑐𝑐𝑜𝑜,𝑈𝑈𝑈𝑈𝑈𝑈 = 𝜏𝜏𝑈𝑈𝑈𝑈𝑈𝑈 ∙ 𝜋𝜋 ∙ 𝑑𝑑𝑎𝑎 ∙ ℎ𝑐𝑐𝑒𝑒                                            (3)          

Figure 9 reports the experimentally determined anchor capacities as a function of the anchor 
embedment depths, comparing them with the predictions according to Eqs. (2) and (3). 

    

Figure 9: Anchor capacity as a function of the embedment depth, differentiated by testing 
conditions, and predictions according to the CCD [31] and UBM models [32] 
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It can be noticed how the CCD is perfectly suitable to estimate anchor capacity in unconfined 
cases, which is significantly relevant for real applications, where such bond conditions are 
present. However, under such conditions, only a lower bound estimation of anchor bond 
strength is possible.  

Consequently, assessing the bond strength through confined testing proves efficient in this 
direction; the UBM fits well the experimental results, returning a mean bond strength value 
equal to 17.4 MPa. It is remarked that this value, being obtained on the basis of confined 
conditions testing, cannot be used directly in design, but rather as reference value when other 
effects are to be assessed, as for instance the influence of temperature, creep, installation 
conditions. However, should the bond strength obtained through confined conditions be used 
to predict the capacity associated to a combined pull-out/concrete cone failure mode (as in [28]), 
the obtained results suggest an unconfined to confined ratio (referred to as αsetup in EAD 330499 
[26] qualification procedures) equal to 0,5. 

4 CONCLUSION 

Based on the results of the experimental study and on the comparison with existing models 
available in literature, the following conclusions can be drawn regarding the behavior of FRP 
anchors subjected to tensile loading: 

• The capacity of FRP anchors can be estimated by pull-out tests in concrete by adapting 
the same approach currently used for post-installed fasteners in concrete.  

• Quality of workmanship has an important role on bond strength of FRP anchors. In fact, 
poor hole preparation, poor adhesive placement and non-verticality of the anchor (fibers 
misalignment) may result in remarkable reductions in bond strength of FRP anchors. 

• FRP anchors capacity increases with the embedment length. Such increase of FRP 
anchors, the peak load increases. Such increase is well predicted by a 1.5 exponent 
power law function of the embedment depth, which is strictly related to the formation, 
at failure, of a concrete cone starting from the anchor tip. 

• When a bearing pressure is applied, and so concrete cone is prevented in favor of a bond 
failure at the anchor interface, the anchor capacity significantly increases and it can be 
well estimated by adopting a Uniform Bond Model. 
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ABSTRACT 

Chemically bonded anchors are connecting elements that allow transfer of stresses by adhesion. 
Their strength and failure mechanism depend on the concrete’s confinement, properties of the 
bonding agent and the installation method. Several investigations on their sustained load 
behavior have been performed and current standards have adopted the use of prediction laws 
for the determination of the total displacement throughout their service life which serves as an 
assessment criterion. Although the displacement criterion is a conservative assessment method 
it does not provide any direct information on the failure time with respect to the sustained load 
or the testing temperature. The aforementioned problem is overcome by the stress vs. time to 
failure-assessment method where the long-term behavior of bonded fasteners is assessed by 
extrapolating actual failure times. Even though knowledge of the time-to-failure of bonded 
anchors is crucial, their accurate lifetime prediction is still a challenge. This research aims at 
investigating the long-term behavior of chemically bonded anchors by means of an 
experimental campaign consisting of a series of tensile sustained load tests in a confined 
configuration. Two products are tested and different geometry variations are considered. Each 
configuration consists of a set of short-term pull-out tests to determine the ultimate pull-out 
capacity. The ultimate load is then used to define the load levels for long-term tests which are 
applied to a limited number of specimens and the time to failure is recorded. The obtained 
results are used to construct time-to-failure (TTF) curves of the anchor sets. The lifetime 
prediction of the anchors is assessed by applying a new model based on a sigmoid function. 
Finally, statements on the robustness of the procedure and discussions on the long-term 
assessment of adhesive anchors and the potential presence of post-curing effects are presented. 

1  INTRODUCTION 

Adhesive anchors are post-installed connecting elements usually installed in concrete or 
masonry for the attachment of pre-manufactured elements in existing and new structures. They 
allow transfer of stress from the load bearing components to the main structure by means of 
adhesion. 

Past accidents in tunnels have highlighted the need of a sustainable design not only of structures 
but of their connecting elements. A sustainable design of adhesive anchors requires knowledge 
of the structural long-term behavior, since sustained loads induce a gradual increase in 

688



   
 

deformations which eventually lead to collapse. Standards like ACI318-11 [1] and EAD 
330499-01-0601 [2] propose methods for assessing the long-term behavior of adhesive anchors. 
Short-time pull-out tests are performed to assess the ultimate capacity and displacement of the 
anchor geometry. Sustained load tensile tests must then be performed at ambient and maximum 
long-term temperature. The anchors are loaded to the target sustained load which is kept 
constant for a period of time and the corresponding displacements are measured throughout the 
test. The target load level for the sustained load test varies depending on the different standards, 
but in general is chosen as high as possible without risking failure of the anchor. Assessment 
of the long-term behavior follows the so called Findley approach where a function is fitted 
based on creep displacements obtained from the tests. The displacement is then extrapolated to 
future times (50 years for ambient temperature and 10 years for an elevated temperature). The 
extrapolated displacement is tested against a critical displacement, the displacement at loss of 
adhesion [2], which is obtained from the short term pull-out tests. Although this approach is a 
simple and conservative method for the long-term assessment, it fails to provide directly a 
failure time for a given sustained load and testing temperature. Additionally, as it has been 
shown in [3], the extrapolated displacements are sensitive to the selected fitting function.  

The limitations discussed above are overcome by the stress vs time-to-failure method 
introduced by Cook et al. [4]. In this method the long-term behavior of adhesive anchors is 
assessed by testing the anchors at high load levels (>60% of ultimate bond resistance) which 
lead to failure after a certain time. The failure times are recorded and plotted against the load 
level. Finally, a logarithmic trend (Eq. (1)) is fitted to the data and the extrapolation of the 
function estimates the long-term bond resistance under sustained load. This method has the 
advantage of providing the value of the long-term bond resistance by extrapolating actual 
failure tests. However, the selection of a logarithmic function exhibits some problems. The 
main issue is that the extrapolation also implies failure times for sustained load levels ≤0 which 
of course lacks a physical interpretation. Furthermore, the trendline predicts values higher than 
the ultimate load when 𝑡 → 0. Eligehausen and Fuchs [5] overcame this problem by 
introducing a power law model (Eq. (2)). In both Eq. (1) and Eq. (2) 𝑁  is the sustained load, 
𝑁 %,  is the mean short term pull-out resistance of the anchors, 𝑡  is the failure time, m,b, A 
and B are parameters to be fitted. Although the power law model solves the problem of negative 
load levels, where 𝑡  approaches infinity for an unloaded specimen, it does not accurately 
represent the upper asymptote, where the load tends to infinity for 𝑡 0. 

%,
𝑚 ∙ ln 𝑡 𝑏 (1) 

 

%,
𝐴𝑡  (2) 

Boumakis et al. [6] derived the power function model by the combining the Monkman-Grant 
criterion with the widely used Norton-Bailey creep model. Additionally, they proposed a 
prediction model (Eq. (3)) for the stress-TTF relation resulting from combining the Monkman-
Grant criterion with a creep-rate based relation. In this formulation, 𝑁  defines the lower 
asymptote at which no failure occurs, b and c represent the onset of the asymptotic value and n 
the slope of the trendline at decreasing load levels. Even though the lower asymptote is 
inversely determined in this model, the upper asymptote at ultimate capacity is still not 
accurately reproduced. 
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,
𝑁 1 𝑏 ∙ 𝑠𝑖𝑛ℎ

∙
    (3) 

 

Finally, Ninčević et al. [7] proposed a sigmoid function based on the work done by Boumakis 
et al. [8]. This formulation (Eq. (4)) has the advantage of being able to reproduce both upper 
and lower asymptotes. The lower one is represented by 𝑁 , which can be either fitted or fixed 
and refers to the limit of linear viscoelasticity where no damage is initiated. Coefficients b and 
c are parameters to be fitted. It is clear that this formulation is able to represent the upper 
asymptote, since for 𝑡 0, 𝑁 /𝑁 %, 𝑁 1 𝑁 1.  

,
𝑁 1 𝑁

∙
 (4) 

In this investigation, the aforementioned models are used for assessing the long-term behavior 
of adhesive anchors based on systematic sustained load testing to failure for two products at 
two curing states. In the case of Formulations (3) and (4) 𝑁  is fitted based on the experimental 
data. Fitting of the models is performed by using the Least Squares Method which minimizes 
the summed squares of the residuals, i.e. the difference between the observed value and the 
fitted value.  

2 EXPERIMENTAL STUDY 

The experimental campaign consisted in tensile tests of adhesive anchors embedded in concrete 
in a confined configuration. Two types of adhesives were used: a typical commercially available 
epoxy and a vinyl ester system. A total of four sets, two for each product were tested at two 
curing states of the adhesive each 24 hours and 28 days after installation in order to investigate 
the potential presence of post-curing effects. 

2.1 Concrete mix 

Concrete class selection, installation and testing of anchors was performed according to the 
relevant guideline EAD 330499-01-0601 [2]. The anchors were installed in concrete slabs of 
dimensions 125x110x30 cm. The concrete mix design was designed to achieve a concrete class 
C25/30, typically found in constructions and recommended by the guidelines ETAG 001-part 5. 
The concrete slabs were cast at controlled temperature of approximately 18oC. The concrete 
mix, had a water-cement ratio of w/c = 0.64 and an aggregate cement ratio of a/c=7.04. The 
mix components of this batch are specified in Table 1 
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Table 1: Concrete mix design as provided by the company 

Mixture component 
Content 

( 3/kg m ) 

Cem I 52.5 N 
Coarse Aggregates 6.3/14 

Sea Sand 0/2 
Limestone sand 0/4 

Total effective water (w/c=0.5) 
Additive Sky 571R1 

270 
955 
518 
427 
174 
1.9 

     

After all the slabs were cast, they were covered with a plastic cover and kept at the cast location 
for three days. Afterwards, they were demolded and moved to storage at controlled temperature 
of 20oC and relative humidity of 65%. In addition to the slabs, companion specimens were cast 
for material characterization under the same conditions and immediately stored at controlled 
temperature of 20oC and relative humidity of 95%. 

According to EAD 330499-01-0601 [2], the tests are to be performed in concrete with a 
minimum age of 21 days. However, in order to minimize concrete post-curing effects all anchor 
tests were performed in sufficiently old concrete with a minimum age of 90 days. 

The mean mechanical properties of the concrete, based on 4 specimens per test, at different 
ages are summarized in Table 2 where fcu is the mean cube compression strength, fcy is the mean 
cylinder compression strength, ft is tensile strength and GF is the total fracture energy. 

 

Table 2: Concrete's mechanical properties at different ages 

Age 
(days) 

𝑓  
 (N/mm2) 

𝑓  
 (N/mm2) 

𝑓  
 (N/mm2) 

𝐺  
 (N/mm) 

7 
28 
90 

32.4 CoV 1% 
34.8 CoV 4% 
37.9 CoV 5% 

30.0 CoV 1% 
32.2 CoV 4% 
35.4 CoV 1% 

2.8 CoV 13% 
2.9 CoV 7% 
3.1 CoV 7% 

0.08 CoV 12% 
0.08 CoV 8% 
0.10 CoV 3% 

     

2.2 Anchor installation 

Installation of the anchors was performed according to EAD 330499-01-0601 and following 
the manufacturer’s instructions. Accordingly, threaded bars M16, were selected as anchors with 
an embedment depth ℎ 75 𝑚𝑚. The embedment depth has been selected such that ℎ
𝑑  where dnom is the nominal anchor diameter allowing the approximation of the stress 
distribution by a uniform bond model.  

The anchors were installed in pre-drilled holes in uncracked-dry concrete. The installation was 
performed at a temperature of 20oC for the different configurations. Two curing times were 
considered for the adhesive products, 24h and 1 month (28 days). Accordingly, the times of 
installation was considered to be 24 hours and 1 month prior to load application.  

The installation procedure consists of three steps: hole drilling, cleaning and installation of the 
anchor. Drilling of the hole was performed in a downward direction only and systematically for 
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all tested anchors with the support of a drill stand by a rotary hammer drill of type SDS double 
cutter with 2 knives. Cleaning of the hole was then performed according to the instructions 
provided by the manufacturer of the corresponding product. Afterwards, the hole was filled 
from the bottom and the threaded bar placed with the help of a lever in a straight-vertical 
position with a slight rotating motion. 

  

2.3 Test description 

Loading consisted in applying a tensile load by means of a load-controlled hydraulic system. 
The test set up used is illustrated in Figure 1. To prevent concrete cone failure a steel plate 
providing a confined configuration was used as a support. The confinement is applied by means 
of a steel plate with outer and inner diameters designed such that the compression under the 
steel plate remains below 30% of the concrete compressive strength. The inner diameter was 
chosen according to EAD 330499-01-0601, such that it does not exceed1.5 od , with od  

corresponding to the borehole diameter. The connection between threaded bar and hydraulic 
cylinder was established through a spherical coupling, thus preventing the transfer of bending 
moments. Hydraulic jacks with 22 Ton capacity were used and the anchors were loaded under 
pressure control. As mentioned in the guidelines, the pressure should not vary more than ±5%, 
hence the pressure was not only recorded and monitored throughout the tests but also tightly 
controlled by means of active hydraulic control.  The selected loading rate was equivalent to 
10 kN/s for all tests, so that creep deformations during loading are avoided and the time to 
failure tests remain unbiased by the loading rate during loading. Displacements in the load 
direction were measured by a potentiometer placed at the top of the bar. The used linear 
potentiometers WayCon LRW2-C-10 have nominal strokes of 10 mm, a linearity of ±0.3% and 
a resistance of 1 kΩ . The displacements were recorded with a frequency of 50 Hz during 
loading of the specimen. In order to optimize processing of the data, for tests lasting longer than 
2 hours the frequency was set as 1 Hz. The pressure was continuously recorded by means of a 
700 bar pressure sensor with a frequency of 20 Hz 

2.4 Test series 

The experimental campaign consisted of a total of 4 sets of anchor tests, each of them with 
variations in bonding agent and/or its curing time. The configurations and their characteristics 
are summarized in Table 3. 

Each configuration consists of a set of anchor tests, of which six were loaded to failure to 
determine the ultimate tensile capacity of the anchor and the rest were loaded to different 
relative load levels to determine the time to failure (TTF).  

 

Table 3: Summary of the test series 

Series Adhesive 
Product 

ℎ  
 (mm) 

dnom 
(mm) 

do 
(mm) 

Loading Rate 
(kN/sec) 

Curing time of 
adhesive product 

E01 
E28 
V28 
V01 

Epoxy 
Epoxy 

Vinyl Ester 
Vinyl Ester 

75 16 18 10 

24 hours 
1 month 
1 month 
24 hours 
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3 EXPERIMENTAL RESULTS AND DISCUSSION 

The results are presented as so-called time-to-failure (TTF) curves where the relative load is 
plotted against the logarithm of the time to failure of the anchor. The TTF of each anchor is 
obtained from the pressure-time diagram where the time to failure is defined as the difference 
between the time at which the target load is fully applied and the time at which the anchor fails 
(see Figure 2). The failure of the anchor is assumed to occur when the sustained load starts to 
drop rapidly. The fit is then performed according to the models described in Section 1.  

As previously described, each configuration consisted of a set of six anchors loaded to failure 
and the remaining were loaded to different load levels. The set of anchors loaded to failure was 
not used for the analysis, but simply for determining the mean ultimate capacity of the anchors. 
Furthermore, because these are not sustained load tests their failure time is tf  = 0 and therefore 
are not included into the fit. However, they are illustrated in Figure 3Figure 4, as crosses, with 
a tf =0.01 s. It is important to highlight that not all of the anchors sustained the prescribed load 
at different load levels, particularly the ones loaded to higher load levels (e.g. 98-94%) where 
the prescribed load lay within the scatter of the mean ultimate capacity. In this investigation, 
the anchors that did not sustain the load even for the shortest period were excluded from the 
analysis. 

 

 

 

 

 

Figure 1:Designed experimental test set-up according to recommendations 
provided by EN-14651:2005 
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3.1 TTF Curves 

Figures Figure 3-Figure 4 show the comparison of the different fitting models used for assessing 
the TTF data: Logarithmic model (LM), Power Law model (PLM), Creep Rate based model 
(CRM) and Sigmoid Function based model (SFM). It is observed that, as mentioned in Section 
1, the LM, PLM and CRM are not able to reproduce the upper asymptote. While the logarithmic 
model is an undefined function at tf =0, the power law model lays lim

→
𝑁 /𝑁 %, ∞. 

Both the CRM and the SFM were fitted without fixing the lower asymptote, i.e. parameter 𝑁  
is a fitted parameter. Unlike the other models, the SFM is able to reproduce the upper asymptote 
and the lower asymptote, which can result in values larger than the value of 40% at which no 
creep damage is expected to develop depending on the data at lower load levels. 

Figure 3 illustrates the diagrams for the Epoxy product tested after 24 h of curing (E01) and 1 
month of curing (E28). The prediction of the load level at which no failure occurs based on the 
Creep Rate Model is 48% and 58% respectively. The opposite occurs in the case of Vinyl Ester 
tested at 1 month (V28) and 24 hours (V01) of curing time, where, as shown in Figure 4, the 
predicted lower asymptotes are 15% and 40% respectively.  

The Sigmoid based model provides a good fit and it is able to reproduce the behavior at ultimate 
capacity., i.e. the asymptote approaches 1 on the y-axis. The lower asymptotes for Epoxy 
configurations E01 and E28 according to this model are defined at load levels of 53% and 60% 
respectively. For the case of Vinyl Ester, the lower asymptotes take place at 63% for V28 and 
at 36% for V01. In both cases the asymptote is shifted upwards if the adhesive product cures 
for 1 month in comparison to 24 hours, with the largest difference being for Vinyl Ester.  

Figure 2: (a) Definition of the TTF for a failed anchor and (b) failed anchor 
pertaining to configuration E01 

(a) (b) 

694



   
 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

The ultimate capacity for each anchor geometry is reported in Table 4 and Table 5. No 
significant effect is observed as a result of post-curing of the adhesive. The ultimate tested bond 
resistance for the epoxy configurations (E01 and E28) differs less than 0.3% and for the vinyl 
ester (V01 and V28) less than 2%. Additionally, the predicted load levels at 50 years are 
reported in Table 4 and Table 5.In all cases, the most conservative sustained load resistance is 
obtained from the logarithmic model, while the sigmoid based model predicts the highest 
values. The difference in the 50-year prediction as a result of the post-curing effects is 4% 

Figure 3: Comparison of the four fitting models for configurations (a) E01 and (b) E28, 
with curing times of adhesive product of 24 h and 1 month respectively 

(a) (b) 

Figure 4: Comparison of the four fitting models for configurations (a) V01 and (b) V28, 
with curing times of adhesive product of 24 hours and 1 month and respectively 

  (a) (b) 
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between E01 and E28 and 2% between V01 and V28 when considering both the creep rate and 
sigmoid based models. The 50-year relative load prediction for epoxy E01 and E28 is 44% and 
37% according to the logarithmic model and 49 and 46% according to the power law. This 
represents differences of 7% and 5% respectively. On the other hand the difference between the 
50-year relative loads predicted for V01 and V28 according to logarithmic and power models 
results in 2% and 1% respectively.   

Additionally, the accuracy of the fit is measured by determining the Residual Sum of Squares 
(RSS), which is calculated according to Eq.(5), where yi is the observed experimental value and 
𝑦 is the fitted value. If weighted data is considered to minimize the error and improve the fit, 
the weights iw at each point should be considered in the calculation. According to this method, 

the best fit minimizes the sum of the squares of the residuals. 

𝑅𝑆𝑆 ∑ 𝑤 𝑦 𝑦   (5) 

The results are reported in Table 4 and Table 5 along with the mean ultimate capacity for each 
set of anchors. Additionally, the formulations and the obtained parameters are reported for each 
configuration. It is observed that the RSS varies depending on the anchor configuration. The 
lowest values are generally provided by the creep rate model CRM and the sigmoid function 
model SFM. Even though the CRM does not represent the upper asymptote, the resulting RSS 
in the case of Epoxy give equal or similar values as those determined from the Sigmoid 
function: 0.021 for 24h curing and 0.09 and 0.35 for 1 month curing of the product. Similarly, 
in the case of Vinyl Ester, the RSS is 0.025 for both models in the case of 24h curing and 0.015 
for the CRM and 0.012 for the SFM in the case of 1 month curing. It can be concluded that the 
best fitting models are the creep rate and the Sigmoid Function models. 

Table 4: Summary of the ultimate load capacities for Epoxy at different testing ages and 
resulting RSS of each fitting model 

Series 
N100%,m 
(kN) 

Fitting 
model 

RSS 
50 year 

prediction  
𝑁 /𝑁 %,  

E01 
(24h) 

149.3  
(CoV 3%) 

LM 

PLM 

CRM 

SFM 

0.025 

0.024 

0.021 

0.021 

44% 

49% 

56% 

57% 

0.025 ∙ ln 𝑡 0.99 

1.01 ∙ 𝑡 .  

0.48 1 1.3 ∙ 𝑠𝑖𝑛ℎ
304

303 ∙ 𝑡 .  

0.53 1 0.53
1

1 0.21 ∙ 𝑡

.

 

E28 
(1 month) 

148.9  
(CoV 3%) 

LM 

PLM 

CRM 

SFM 

0.17 

0.12 

0.090 

0.090 

37% 

44% 

60% 

61% 

0.03 ∙ ln 𝑡 1.0 

1.03 ∙ 𝑡 .  

0.58 1 1 ∙ 𝑠𝑖𝑛ℎ
390

385 ∙ 𝑡 .  

0.60 1 0.60
1

1 0.01 ∙ 𝑡

.

 

696



   
 

Table 5:Summary of the ultimate load capacities for Vinyl Ester at different testing ages and 
resulting RSS of each fitting model 

Series 
N100%,m 

 
(kN) 

Fitting 
model 

RSS 
50 year 

prediction 
𝑁 /𝑁 %,  

V01 
(24h) 

94.2  
(CoV 5%) 

LM 

PLM 

CRM 

SFM 

0.025 

0.025 

0.025 

0.025 

62% 

65% 

66% 

66% 

0.02 ∙ ln 𝑡 1.0 

1.01 ∙ 𝑡 .  

0.41 1 1.57 ∙ 𝑠𝑖𝑛ℎ
120

112 ∙ 𝑡 .  

0.36 1 0.36
1

1 0.46 ∙ 𝑡

.

 

V28 
(1 month) 

96.0  
(CoV 5%) 

LM 

PLM 

CRM 

SFM 

0.016 

0.015 

0.015 

0.012 

60% 

64% 

64% 

68% 

0.02 ∙ ln 𝑡 1.02 

1.04 ∙ 𝑡 .  

0.15 1 6.82 ∙ 𝑠𝑖𝑛ℎ
163

161 ∙ 𝑡 .  

0.63 1 0.63
1

1 0.03 ∙ 𝑡

.

 

4 CONCLUSIONS 

This contribution represents a systematic experimental investigation on the sustained load 
behavior of adhesive anchors for different curing times of two adhesive products. The main 
conclusions of this investigation are: 

1. No significant difference is observed in the ultimate capacity as a result of post-curing 
effects of the adhesive products. However, a slight difference is observed for the 50-
year predicted values in the case of epoxy, which depending on the model used, ranges 
from 4-7%. The difference is even smaller in the case on vinyl ester where it ranges 
from 1-2%. In both cases, testing at an earlier curing state results in more conservative 
values. 

2. The current models adopted for the prediction of the time to failure of bonded anchors 
under sustained load, i.e. logarithmic and power law models in stress vs. logarithmic 
time to failure plots, cannot accurately predict the lower asymptotes, i.e. the load level 
that reflects the transition from linear to non-linear viscoelasticity where the damage 
due to creep starts to develop. 

3. The accuracy of the fits is measured based on the Residual Sum of Squares (RSS).  On 
average, the fit with the highest RSS is obtained by the power law model, while the one 
with the lowest (and hence most accurate fit) results from the sigmoid function based 
model.   

4. The creep rate and the sigmoid function based models provide similar fits in terms of 
RSS. Particularly for the cases in which the anchors were tested after 24 hours curing 
of the adhesive products. 
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5. Although similar to the SFM, the CRM is not able to reproduce the upper asymptote, 
i.e. approach to the short-term capacity. 

6. The stress vs. time to failure methods of assessment allow the direct prediction of the 
failure load for a given time and overcome potential limitations related to the multi-
decade extrapolation of creep displacements required according to current assessment 
documents. 

7. The models used in the literature for the assessment of the long-term behavior of bonded 
anchors based on the stress vs. time-to-failure method provide a generally conservative 
50-year load prediction for all anchor configurations, for some models overly so.  

8. The current investigation confirms that, as shown by similar studies, while remaining 
conservative, the sigmoid based function allows an optimal long-term assessment of 
adhesive anchors.  
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ABSTRACT 

Steel fiber reinforced concrete (SFRC) is a standard construction material for various 
applications due to its many advantages, and its use seems to be further expanding. Frequent 
applications in practice comprise connections of structural and non-structural elements in an 
SFRC substrate. Although a strong research interest has been recently drawn to such details, a 
gap of knowledge is seen with respect to the influence of different fiber types under otherwise 
comparable conditions and commonly used concrete types. By means of axial tests and finite 
element simulations on single headed anchors, this paper offers consistent insights on the 
concrete breakout capacity of fastenings on the fiber type influence at dosages of 25 and 40 
kg/m3 in CEM I based concrete with a strength in the range of 30 MPa. In total 32 tests are 
presented and they are further examined by a series of FE simulations. Results from both 
approaches agree well, and show a load bearing capacity increases up to 15 % and 40 % for a 
fibre contents of 25 kg/m3 and 40 kg/m3 for high-performing steel fibre types. 

1 INTRODUCTION 

1.1 General 

As a consequence of the wide and still increasing use of steel fiber reinforced concrete (SFRC) 
in several types of engineering structures, advanced knowledge and standardization for this 
material becomes essential. The increasing interest in design guidance for SFRC is now 
reflected, besides numerous scientific publications and dedicated conferences, in the respective 
guidelines and standards, as e.g. in the fib Model Code 2010 [1], the fib Bulletin 83 Precast 
tunnel segments in fiber-reinforced concrete [2], the DAfStb Richtlinie Stahlfaserbeton (2012) 
[3] and its recent amendment (2021) [4], and most importantly in the inclusion of provisions
for the design with fiber reinforced concrete in the next edition of Eurocode 2 [5].

Various types of fibers for concrete reinforcement are available. Inclusion of fibers in concrete 
aims to mainly improve the concrete crack formation and propagation, and respectively its 
tensile performance. In current practice, fibers used to improve the structural resistance of 
concrete are typically made of steel, where both the peak and residual tensile retention at various 
crack openings can be improved. This implies that tensile stresses and crack propagation are 
arrested by the fibers locally until (i) the fiber is pulled-out from the concrete matrix, (ii) the 
crack develops solely in the matrix between the distributed fibers, or (iii) the fiber itself 
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ruptures. It is thus important to highlight that this overall response of SFRC is strongly 
influenced by the fiber dosage, but also by the fiber material and bonding performance. The 
bond strength of the fiber depends, in turn, on its shape and end form and the matrix strength 
properties (see also [6], [7] for profound information).  

The increasing relevance of fastening technology is made evident by the fact that dedicated 
design guides and norms have been recently published, of which the new Eurocode 2 – Part 4 
[8] is perhaps the most prominent. To date, design guides and standards do not specificaly cover 
fastenings in fiber reinforced concrete, but strong research interest remains on this topic. An 
insight on previous research in fastenings in fibre concrete can be taken from [9] and [10]. In 
the following, some relevant information on fastening technology with focus on concrete 
breakout performance are given and these are linked to the reported research work. 

1.2 Behavior of fastenings with focus on concrete breakout failure 

Depending on the anchorage mechanism, the load direction, and the dimension and material 
strength properties of the anchors involved, a concrete cone failure mode (excess of the concrete 
tensile bearing capacity) can be observed. Concrete related failure modes of fastenings are of 
particular interest for two main reasons: (a) they are in principle quasi-brittle, and as such, they 
may develop without preceding signs of damage, so there is limited possibility for a ductile 
response of the steel components, for remediation action and avoidance of complete anchorage 
system failure; (b) concrete failure leads to extensive damage in the area of the fastening, and 
there is limited possibility for adequate repair. To estimate the mean capacity of a single headed 
anchor in plain uncracked concrete without edge influence, the well-established Concrete 
Capacity Design (CCD) method according to [11] can be used, as expressed in Equation 1, 
where 16,8 is an empirical adjustment factor, ℎ  is the anchor embedment depth, and 𝑓  is the 
mean cylinder compressive strength.  

𝑁 , 16,8 ∙  ℎ . ∙ 𝑓   [N]  (1) 

1.3 Novelty and objective of this article  

To date, design guides and standards do not cover fastenings in fiber-reinforced concrete. While 
various significant previous research efforts have focused on normal and high-performance 
concrete with different anchor types and fiber characteristics individually, an insight into the 
influence of fiber types with different characteristics under otherwise comparable conditions is 
currently missing. This article aims to offer an insight in these regards, based on extensive 
experimental investigations and numerical investigations, for cast-in place headed anchors, and 
varying fiber types and dosages. Based on the experimental investigations reported below, 
useful conclusions can be drawn for the overall performance of fastenings in SFRC as well as 
their practical design. 

2 EXPERIMENTAL INVESTIGATIONS 

2.1 Overview of Test Program 

The investigated parameters of the present study focus on different fiber type, fiber dosages. 
The tests were carried out for cast-in headed studs with an embedment depth of hef  = 100 mm 
and the failure mode was consistently concrete cone breakout for all tests. The test annotation 
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includes three parts following the letters TS (Test Series), namely defining the fiber type, the 
fiber dosage, and the targeted concrete strength. 4 tests have been carried out for each series, 
all leading to concrete cone breakout failure.  The yellow color is used in the graphs to denote 
tests in 3D fibers, blue for 4D fibers, red for 5D fibers, and black for the reference tests in 
unreinforced/plain concrete.  

2.2 Materials 

For the concrete mix, CEM I 52,5 N Portland Cement and natural aggregates with a maximum 
size of 16 mm were used. The distribution for all concrete mixes was at 45, 20, and 25% for a 
sieve pass of 0/2, 2/8, and 8/16 mm respectively. This composition is also in close agreement 
with the certification testing guide for mechanical anchors [12]. The mixes remained the same, 
with the differences of fiber addition. 

The fibers used were of three main types, of the product with the market name Dramix 3D 65/60 
BG, 4D 65/60 BG, 5D 65/60 BG, all by the same manufacturer, NV Bekaert SA, which are 
deformed filaments of cold drawn wire with different hook-end shapes and material strength. 
The technical properties of the used fibers are shown in Table 2. In the different fiber types 3D, 
4D, and 5D, the end anchorages possess more deflection points and higher material strength 
and elongation capacity. As a consequence, the fibers' efficiency in crack bridging is increased 
both in terms of pull-out from the matrix, as well as fiber rupture. More detailed descriptions 
of the fiber types differences and the associated overall structural performance can be found in 
[13] and [14].  

Table 1: Properties of the steel fibers used 

Fiber type Diameter [mm] Length [mm] Tensile strength [N/mm²] End anchorage shape 

Dramix 3D 0,90 60 1160 
 

Dramix 4D 0,90 60 1500 
 

Dramix 5D 0,90 60 2300 
 

 

The cast-in fastening elements were formed by means of M16 12.9 threaded rods with a passing 
HV hex-nut and round washer acc. to [15] and [16] at their bottom end, leading to an 
embedment depth of hef = 100 mm. The anchor head was formed by screwing the hex nut and 
stabilizing the washer on top of it by hot glue, creating a head bearing external diameter of 30 
mm. The rod was taped along its remaining embedment to prevent inrush of concrete and 
bonding along the threads.  

2.3 Fiber concrete characterization 

Properties of the concrete substrate’s material based on cored cylinder specimens with a height 
of 200 mm and a diameter of 95 mm (compressive and splitting tests), as well as concrete cubes 
with a 150 mm dimension, were also obtained and they are presented herein as part of Table 3 
for reference. 6 cube specimens were cast simultaneously with the main concrete specimens 
and then 3 were tested at the day of commencement of the anchor tests and the rest immediately 
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after completion. Cored specimens were always taken in a direction parallel to the anchor axis, 
after the completion of the anchor tests at intact regions of the specimens. 3 probes were used 
for compression and 3 for splitting tests.  

 
 

 

Figure 1: Test configuration, indicating the load cell and adapter, test rig with an internal 
support radius of 600 mm, and LVDT displacement transducers, fixed at the support ring and 

measuring close to the anchor head level. 
 

2.4 Testing configuration 

The specimens were cast in wooden formwork with the anchors held by holed planks at the 
open surface of the formwork, and at a minimum distance of 3×hef (300 mm) from each other, 
and the free edges, in order to allow for complete development of a possibly broader breakout 
body due to the fibers. The concrete mix including the fibers was done simultaneously and the 
cast material was compacted by means of an internal vibrator. All concrete elements were 
smoothed and cured in a free internal area of the laboratory, covered during curing by a foil.  

In general, the anchor tension tests were carried out based on the recommendations given in 
[12] and the overall setup can be seen in Figure 2. For the testing, a 250 kN servo-hydraulic 
cylinder with an integrated load cell was used, with a load direction centered and aligned to the 
anchor’s axis. A ring support of the test rig was used at a radius of 3ꞏhef from the anchor. To 
obtain the anchor displacement, two Linear Variable Displacement Transformer (LVDT) were 
placed at the pull-out fork adapter diametrically of the anchor to statistically process and reduce 
any displacement measurements errors. The load speed was set to 0.2 mm/min, and only after 
reaching 30% of the maximum load in the descending load-displacement branch, the speed 
would be increased to 0.2 mm/min until interruption of the displacement recording. 
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3 NUMERICAL INVESTIGATION 

3.1 Overview of simulation series 
To further illuminate the performance of anchors in fiber reinforced concrete a numerical 
investigation was also conducted. For this investigation, only the 5D fibers were considered, 
seen in Table  2. As mentioned above this fiber type develops the best bond with the concrete 
matrix due to its hooked end geometry and the higher tensile strength thus more unambiguous 
and straightforward modelling approach (fully bonded fibres in the matrix remaining in the 
elastic limit). The focus of this numerical investigation is to examine the load transfer 
mechanism of the fibers and the fiber content influence. The commercial package ANSYS was 
implemented for the simulation of the experiments. The geometry of the body was based on the 
experimental configuration of Figure 2. The boundary conditions were also aligned by the 
experimental set up where a controlled displacement was applied to the anchor and a steel ring 
is constraining the concrete surface. 

The simulation of the effect that the inclusion of fibers followed a mesoscopic approach. This 
means that the fibers are discrete linear elements simulated inside the matrix and the composite 
material has different properties for the fibers and the concrete matrix. This method is 
computationally demanding (e.g. as opposed to a macroscopic approach with a homogeneous 
fibre-concnrete composite material assumption) but it can account better for geometric 
influences and anisotropies in the model. For the purpose of this study a customized algorithm 
was created to generate the fiber geometry based on the methodology presented in [17]. The 
input parameters of the algorithm are the geometric properties of the fiber (diameter and length), 
the fiber content in kg/m3, the volume of the concrete matrix and the dimensions of the headed 
stud. The fibers were simulated as straight and fully bonded with the matrix. Also, due to the 
unknown orientation of the fibers in the matrix they were assumed to be randomly distributed 
– see Figure 2. 

Table 2: Overview of simulation series 

Simulation Fiber 
type 

Fiber dosage 
(kg/m3) 

Concrete strength 
(MPa) 

SIM-Un-00-30 - - 30 

SIM-5D-25-30 5D 25 30 

SIM-5D-40-30 5D 40 30 

 

 

Figure 2: Model geometry and mesh configuration for fiber content of 25 kg/m3 
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Table 3: Material properties used in the finite element simulation 

 E(GPa) G(GPa) v(-) fc,cube(MPa) fc,t(MPa) fc,s(MPa) εy⸳10-3 εu⸳10-3 

Concrete 25 10.4 0.2 30 2.25 4.5 2.0 3.5 
Fibers 200 - 0.3 2300 2300 - 10 10 

 

3.2 Geometry and Materials 

The methodology followed to create and optimize the model in terms of size and number of 
elements is described below. The dimensions of the concrete block are 360/360/300. The 
internal diameter of the steel support ring is 320 mm which is approximately three times the 
embedment depth of the anchor. The headed anchor was simulated with embedment depth of 
100 mm. The diameter of the shank is 16 mm representing the M16 threaded rod and the 
diameter of the head was simulated as a cylinder with a diameter of 30 mm. The geometry of 
the randomly distributed fibers was created externally by a self-developed MATLAB code and 
then imported into the analyses. Because headed-studs are cast in place and they can affect the 
distribution of the fibers around the anchor. Therefore, the model considers the geometry of the 
anchor in advance in the middle of the geometry. The fibers are simulated as straight lines with 
a length of 60 mm and a diameter of 0.9 mm. The code is modular and all the properties can be 
modified. The dimensions of the fiber geometry were optimized to reduce the computational 
demand. An orthogonal cloud of fibers was created with dimensions 360/360/150. The depth 
of the fiber geometry is 1.5 times the anchor embedment depth and the fibers deeper than this 
threshold were considered unnecessary.  

For the simulation of the steel ring the anchor and the concrete block the element implemented 
was the (SOLID 164) which has nine degrees of freedom in each node. The anchor and the 
concrete block were simulated with tetrahedral elements and the ring with hexahedral. For the 
simulation of the fibers, a linear element (BEAM 188) was implemented which is a 2-node 
beam with six degrees of freedom in each node. To simulate the reinforcement behavior 
between the fibers and the matrix, the position of the nodes of the fibers inside the concrete 
matrix is constrained not allowing relative displacement, thus simulating a fully bonded fiber 
without sliding. If the elements of the concrete matrix enveloping a fiber are damaged the fiber 
can be released. Special attention was given to the discretization of the model and especially to 
the concrete matrix. The area around the anchor in a radius of 1.5 times the embedment depth 
is the critical area for concrete breakout failure. In this area a refined mesh was implemented in 
a hemispherical area with a radius of 150 mm. Here the maximum mesh dimension is 4 mm 
outside of the area of interest the mesh dimension gradually increased reaching a maximum of 
30 mm. For the entire body of the anchor the maximum mesh dimension is chosen to be 3 mm. 
The same mesh size was also chosen for the steel ring support. The discretization of the fibers 
is equally important with that of the concrete. The maximum element size of 3 mm was chosen 
for all the fibers. It should be noted that for such discrete reinforcement simulations the 
reinforcement meshing maust remain approximately equal or smaller than that of the matrix. 
The geometry and the mesh configuration are shown in Figure 2. 

The damage plasticity model Riedel-Hiermaier-Thoma (RHT) was considered for the 
simulation of the concrete. This is an advanced plasticity model specifically for concrete and it 
is capable to capture both strain hardening as well as strain softening response. The model 
assumes that damage accumulates due to inelastic deviatoric straining, which can result in strain 
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softening and reduction in shear stiffness. The anchor and the steel ring were simulated as 
elastic since focus of the investigation is the behavior of the fiber reinforced concrete and there 
was no steel failure during the experimental series. The fibers’ material were simulated as 
perfectly plastic with a bilinear behavior and a plastic strain limit. The properties of all the 
materials used in the finite element simulation can be found in Table 3. 

4 RESULTS AND DISCUSSION 

The results of all the experiments in terms of ultimate loads are summarised in Table 4, 
alongside their average loads and coefficient of variations, but also main material test results 
carried out for the concrete specimens. As mentioned above the target cube compressive 
strength for all the concrete specimens was 30 MPa. Even though there is a slight differentiation 
between the compressive strength for different concrete bodies the results can be considered 
comparable. All the tests failed with a concrete cone break-out failure. As seen, there is a clear 
overall increase of the concrete breakout load with an increase of the fiber content, although 
some of the mean test results for fiber-reinforced concrete still remain close to reference results 
in unreinforced concrete for a fiber dosage of 25 kg/m3. Moreover, it is shown that the fiber 
type also strongly influences the performance of the anchors, since tests in concrete with 3D 
fibers almost consistently exhibit a lower resistance to breakout as compared to concrete with 
the higher-performance 4D and 5D fibers. The coefficient of variation in all anchor tests 
remains below 10%. The coefficients of variation for the material tests were between 1.5 and 
11% for cube testing, 1.5 and 13% for cylinder compression testing, and 2.0 to 17% for cylinder 
splitting tests.  

Figure 3 presents the results of the tests in relation to the fiber content and type graphically and 
it also indicates the reference strength level, which is the mean resistance of the plain concrete 
specimens. As seen, there is an overall increase of the concrete breakout load with an increase 
of the fiber content, although some of the mean test results for fiber-reinforced concrete remain 
close to reference results in unreinforced concrete for a fiber dosage of 25 kg/m3. Moreover, it 
is shown that the fiber type also strongly influences the performance of the anchors, since tests 
in concrete with 3D fibers almost consistently exhibit a lower resistance to breakout as 
compared to concrete with the higher-performance 4D and 5D fibers. If the graph is seen in 
conjunction with Table 1, it can also be understood that the results for each fiber type and 
dosage have a relatively small dispersion, regardless of the actual concrete strength. 

In Figure 4 the concrete failure mode patterns under tension as derived from the FE model are 
shown on the left column. The failure is indicated by means of the equivalent plastic strain. As 
mentioned above, when damage in the material accumulates, the RHT model results in strain 
softening and reduction in shear stiffness leading to plastic strains much higher than the actual 
quasi-brittle material post-failure strain. Therefore, the cracked area is indicated with the red 
color, i.e. a plastic strain of 3% or more, which was used as an indicative value for total failure. 
As seen in (a) - left, the damage accumulation starts at the top of the anchor head and propagates 
in a circumference, indicating the typical concrete cone breakout. To see the overall propagation 
of the failure the picture is taken after the ultimate load. This result agrees well with that derived 
from the experimental series, and the expected from the CCD method. On the right side, the 
load displacement curves of the test series (TS-Un-00-30) are compared with the one derived 
from the model (SIM-Un-00-30). As seen the results agree well with respect to ultimate load 
and displacement. There is however a noticable difference in the initial stiffness of the 
simulation and in the post peek behavior.      
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It can be seen that the fibers have a significant influence on the damage propagation in the 
concrete. The cracking of the concrete is more dispersed in the entire area and the damage is 
not accumulated in a circular crack. A significantly greater area of the concrete is utilized 
especially inside the area of the expected concrete cone which can be seen by the extensive 
number of radial cracks. That can be seen even more pronouncedly in the simulation with the 
40kg/m3 of fibers (c, left). Concerning the load displacement curves, the model can once again 
capture quite well the influence of the fibers regarding the ultimate load and the displacement 
of the tests with a slight overestimation for the scenario with 40kg/m3. The post peak ductile 
behavior of the anchors is captured well in the configuration with 40kg/m3 but not so well for 
the 25kg/m3 where the tests have indicated a more ductile behavior compared to the model. In 
Table 5 the concentrated results from the numerical investigation are shown with regard to the 
ultimate load and displacement at failure. All simulations are identical with each other, in terms 
of concrete material properties, and only the fiber content is changing. Therefore, the 
contribution of the fibers can be highlighted and evaluated. The percentage of the load 
increment due to different fiber contents is also given in Table 5 which can be evaluated by 
dividing the ultimate load of the fiber reinforced anchor to that of the unreinforced. As seen, 
the contribution of the fibers is very high and it reaches 14.6% for 25kg/m3 of 5D fibers and 
40.7% for 40kg/m3. 

Table 4:Test results 

Test Set ID Failure 
load 
[kN] 

Average 
 

[kN] 

CoV  
 

[-] 

Av. cube 
strength 
[MPa] 

Av. cyl.   
strength 
[MPa] 

Av. cyl.    
splitting  
[MPa] 

TS-3D-25-30-01 78.07 

77.05 0.094 28.33 29.850 3.060 
TS-3D-25-30-02 69.03 
TS-3D-25-30-03 86.38 
TS-3D-25-30-04 74.72 
TS-3D-40-30-01 100.67 

91.73 0.074 33.1 33.270 3.060 
TS-3D-40-30-02 91.38 
TS-3D-40-30-03 90.8 
TS-3D-40-30-04 84.1 
TS-4D-25-30-01 93.57 

87.54 0.051 26.71 35.03 3.20 
TS-4D-25-30-02 87.92 
TS-4D-25-30-03 83.44 
TS-4D-25-30-04 85.21 
TS-4D-40-30-01 95.12 

93.06 0.056 25.2 31.95 3.08 
TS-4D-40-30-02 95.53 
TS-4D-40-30-03 96.26 
TS-4D-40-30-04 85.34 
TS-5D-25-30-01 94.04 

94.25 0.059 30.46 35.1 3.150 
TS-5D-25-30-02 97.99 
TS-5D-25-30-03 98.45 
TS-5D-25-30-04 86.5 
TS-5D-40-30-01 110.6 

107.18 0.026 34.05 35.24 3.68 
TS-5D-40-30-02 107.41 
TS-5D-40-30-03 103.9 
TS-5D-40-30-04 106.8 
TS-Un-00-30-01 81.99 

78.39 0.063 33.48 37.86 2.43 
TS-Un-00-30-02 83.3 
TS-Un-00-30-03 74.12 
TS-Un-00-30-04 74.13 
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Figure 3: Overall presentation of test and numerical results in relation to fiber types and 
dosage. 

Table 5: Concentrated results from numerical investigation and load increment ratio (%) 

Simulation  
Fiber 
type 

Dosage 
(kg/m3) 

Ultimate load  
Ultimate 

displacement  
Increment ratio 

(%) 

SIM-Un-00-30 - - 85.26 3.15 - 

SIM-5D-25-30 5D 25 97.75 3.42 14.6 

SIM-5D-40-30 5D 40 120.05 4.04 40.7 

As mentioned above one of the aims of this study is to provide information on the load 
transferring mechanism of fibers in a concrete matrix. The contribution and the loading of fibers 
can be investigated separately only through the implementation of Finite Element techniques. 
Figure 5 indicatively presents a side view of the geometry of the fibers in the simulation with 
25kg/m3. The fibers that have stress higher than 250 MPa at the stage of the ultimate load of 
the anchor, are highlighted. It is discerned that the utilized fibers tend to match the conical 
arrangement of the cone breakout body. It can be seen that the fibers with significant stress, 
higher than 1275 MPa, are very close to the head of the anchors and a few fibers around the 
head of the anchor have reached their yield strength. This also further suggests that the a lower 
performance for the 3D fibers which is seen in experimental investigations is due to yielding 
and/or debonding of the 3D fibres at lower stress levels.  
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Figure 4: Failure mode of concrete by means of equivalent plastic strain, with red is the area 
with plastic strain higher than 3% (indicative value) (left), load-displacement curves 

(right).(a)Results for unreinforced concrete, (b) Results for 25kg/m3of 5D fibers, (c) Results 
for 40kg/m3 of 5D fibers. 

      

5 CONCLUSIONS 

The contribution of steel fiber reinforcement on the concrete failure resistance of anchorages 
can lead to significant increase in the load bearing capacity for differing concrete mixes, 
depending on the amount of steel fibers included in the mix. However, previous research has 
not comparatively examined the influence of fibers with different performance characteristics.   
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Figure 5: Highlighted fibers with stress higher than 250 MPa at failure load. 

 

The experimental and numerical investigations presented herein, for concentrically loaded cast-
in place headed anchors in uncracked concrete, and varying fiber types and dosages lead to the 
following conclusions. The addition of fibers has clearly led to an increase in the load-bearing 
resistance at mean values. 4D and 5D fibers provide a similar increase of the load-bearing 
resistance while 3D fibers can still contribute to the concrete breakout capacity but to a lesser 
degree for otherwise the same fiber dosage and concrete strength. Although the fiber dosage is 
shown to be a very influencing fiber-related characteristic for the fastening resistance, the type 
of fibers used has also a particularly high significance. The load increase by use of 3D fibers 
was up to 17%, while 4D and 5D fibers led to an overall resistance increase in the range of 10% 
and 35% for fiber dosages of 25 kg/m3 and 40 kg/m3 respectively. Finite element simulation 
can be implemented to evaluate the contribution of the fibers in the load-bearing capacity of 
anchors. The results agree well with the experimental ones with respect to ultimate load increase 
and fiber content, where for 25kg/m3  the load increase is 14.6% and for 40 kg/m3 of 5D fibers 
this becomes 40.7%. The load transfer mechanism and influence from fiber types can also be 
assessed with this numerical methodology. 
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ABSTRACT 

In concrete connections where post-installed and cast-in-place reinforcing bars are overlapped, 
the transmission of tensile forces strongly depends on the bond between the reinforcement and 
the concrete. Injecting mortar at the interface might even increase the bond strength compared 
with cast-in-place bars. These technologies, however, need to be further tested and validated as 
requested by the industry with reference to slender components, innovative cementitious 
composites and high-performance adhesives, not to mention the lack of harmonization among 
the design rules. 

This work focuses on the experimental investigation on bond stress distribution and concrete 
splitting failure in lap splices with post-installed reinforcing bars subjected to static tensile 
forces. To gain insights, modern and standard measuring techniques are combined. Pull-out 
tests in a confined configuration are carried out to evaluate the load-displacement behavior of 
two different injection mortars. In addition, direct tension tests on concrete specimens with lap 
splices are performed to quantify the influence of overlapping length, mortar and steel fibers in 
the concrete mix. Tests with cast-in-place bars were carried out as a reference for post-installed 
lap splices. The bond stress distribution is analyzed by measuring the strains in the reinforcing 
bars with fiber optic sensors placed along the bonded length. The relative slip of the bars with 
respect to the concrete specimen and the formation of cracks at the interface is quantified 
through digital image correlation and displacement transducers. 

The discussion is centered on how fiber optics sensors and digital image correlation may 
provide reliable information to better understand the mechanical behavior of lap splices 
consisting of both cast-in-place and post-installed reinforcing bars. 

1 INTRODUCTION 

Post-installed (PI) reinforcing bars (rebar) are ribbed steel bars bonded into concrete members 
using a qualified injection mortar. To execute rigid connections, they are either anchored or 
spliced to cast-in-place (CI) rebar. Over the past decades, applications in repair and upgrading 
construction have been increasing worldwide [1] and high-performance mortars have been 
developed in their mechanical properties. Nowadays, they achieve more than twice the bond 
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strength of CI rebar in pull-out failure [2]. Nevertheless, the utilization of the higher bond 
strength is still limited by the splitting failure and thus the concrete strength. As a result, the 
performance of PI and CI rebar is considered equivalent when the behavior is dominated by 
splitting. The design of PI qualified systems is limited to provisions originally developed for 
CI rebar as included in recent design codes [3, 4]. This approach is merely based on 
investigations by Spieth [5], who assessed the performance of different injection mortars by 
measuring the strain. The distribution of bond stress was derived from gauges on PI and CI bars 
every 60 mm for anchorages and 75 mm for lap splices. Furthermore, the bond strength of the 
PI rebar systems tested by Spieth were significantly lower (i.e., 30-50%) than the performance 
of systems available nowadays on the market. 

Innovative measurement techniques like fiber optic sensing and digital image correlation (DIC) 
are gaining importance in the field of materials and structures research for civil engineering 
applications [6, 7]. Assembly, application and accuracy of these techniques in reinforced 
concrete tests are evaluated in [8]. DIC techniques allow optical measurements of strain and 
displacements. With appropriate calibration of the equipment and control of environmental 
conditions it has been proven able to track concrete cracking precisely. Fiber optic Sensors 
(FOS) are applied on concrete and reinforcement to measure mechanical strain and temperature 
at high spatial resolution and frequency [9]. However, the installation of FOS in CI rebar and 
interpretation of strain measurements is challenging. Bado et al. [10] concluded that strain 
reading anomalies cannot be fully avoided with the up-to-date installation procedures of FOS 
in CI rebar and further research is required to find an ideal solution. Cantone et al. [11] showed 
a detailed FOS evaluation of the complex rebar-to-concrete interaction with strong strain 
gradients that arise near the ribs in pullout and tensile tests. Galkovski et al. [12] highlighted 
the necessity to develop methods of instrumentation and post-processing of FOS data to 
compare the results with conventional approaches that were calibrated on an average behavior 
to gain new insights into applications with CI rebar.  

The developments of high-performance injection mortars and innovative cementitious 
composites offer a chance to improve PI connections by shortening the anchorage and lap 
lengths and overcoming splitting cracks. The question arises whether FOS techniques can yield 
the bond stress distribution of PI bars in lap splices. The additional installation procedure of a 
rebar with injection mortar in hardened concrete adds extra difficulties to the already 
challenging instrumentation with FOS. To the authors’ knowledge, there are no publications 
about FOS applications in lap splices or PI rebar up to now. 

This study discusses the potential of FOS and DIC techniques towards a more accurate 
assessment of the bond strength and fundamental understanding of PI rebar lap splices in 
concrete-to-concrete connections. Pullout and lap splice experiments comprising PI systems 
with two different high-performance mortars and CI bars are conducted. The instrumentation 
and post-processing of FOS measurements are mainly addressed. The bond strength and 
stiffness of the PI and CI bars are assessed by evaluating the load-slip and strain distribution 
curves of single anchorages. The paper also discusses the bond stress distribution and DIC 
measurements of crack development and slip in lap splices with normal strength concrete and 
steel fiber reinforced concrete.  
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2 BASICS AND IMPLEMENTATION OF MEASURING TECHNIQUES 

2.1 Digital image correlation 

DIC offers an automated and relative ease implementation to monitor the displacement field of 
specimen by photogrammetry. A reference configuration is defined at the start and high-
resolution photos are taken regularly during the test. Subsets of pixel intensity arrays are 
correlated in different images, and interpolation and optimization techniques enable to compute 
the mapping of deformations.  

The position of the cameras, the distance to the specimen, the configuration of the measuring 
planes, light and heat conditions are important to control during the monitoring. Moreover, the 
quality of the results depends on the correct generation of the speckle pattern on the specimen 
surface and its recognition by the cameras during the test [8]. 

In this work, DIC was used to inspect splitting cracks on concrete surfaces and rebar 
displacements. A standard facet size of 19x19 pixels was employed for the measurements with 
a frequency of 1Hz [8]. Figure 1 shows an example of the speckle pattern on a lap splice test 
specimen. 

      
Figure 1: DIC components and example of a deformation mapping 

 

2.2 Fiber optic sensing 

Rebar strain in anchorage and lap splice experiments is conventionally measured using gauges 
with a maximal resolution of 30 mm [5, 13, 14]. This is a reliable and well-established 
technique, but it has limitations. If gauges are installed on the surface of the rebar, they may 
disturb the steel-concrete interface. To avoid this, internal installation of gauges through deep 
grooves or cutting the bar in two pieces and reassembling are options. Nevertheless, the impact 
on the mechanical properties may be excessive.  

Fiber optical sensing is a promising alternative to measure strains of a rebar with better spatial 
resolution [8, 11]. This technique evaluates the Rayleigh backscatter of a signal sent from a 
light source. The signal is divided into a reference signal and another signal that propagates into 
the sensor. The reference state is compared to the backscattered signal whose frequency is 
shifted by temperature and external deformation. Local optical changes are interpreted by a 
spectrometer at independent virtual gauges distributed throughout the sensor to yield, for 
example, strains [9]. 

Figure 2 shows the FOS components used in the experimental campaigns of this work to gain 
rebar strains. The composition of each FOS includes a core, cladding and coating. These layers 
are important to assure the signal transmission, avoid modal dispersion of the light and brittle 
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breaking of the fiber. The core with a diameter of 9 µm transmits the signal. The cladding has 
a diameter of 125 µm and serves to keep the signal inside the core. To the outside, a polyimide 
coating protects both. In contrast to acrylate, polyimide reduces the slip between coating and 
cladding. This increases the sensitivity of the measurements and the fragility of the sensor [12]. 
To connect the FOS to a spectrometer, a connector is spliced to the fiber at one end. At the other 
end, a termination performs refraction of the light.  

 
Figure 2: Components of FOS. 

 

The optical distributed sensor interrogator ODiSI 6100 by Luna Innovations Incorporated [15]  
was the spectrometer used in this work. The device generates a reference state and measures 
strains up to a range of ± 12.000 µε. Gauge spacing and gauge length were predefined before 
the tests. The gauge pitch was set to 0.65 mm, being the maximum spatial resolution. The 
spectrometer frequency was set to 4 Hz. 

The FOS was installed on every rebar as illustrated in Figure 3. A groove was milled with a 
cutting disc on two sides of the bar without crossing the ribs. The dimensions of the groove 
were approximately 1x2 mm. This makes a reduction of the whole cross-section of around 1% 
and has minimum effect on the mechanical properties and the bond performance of the bar. The 
groove runs continuously along both sides, allowing instrumentation with one fiber per bar. 
One end of the bar was rounded to gain smooth curvature for the installation of the FOS. The 
fibers were placed into the groove and protected with a two-component acrylate-based adhesive 
named AC2411 that performed well elsewhere [8]. Since a minimum fiber bend radius of 1 cm 
is recommended, the procedure may be unsuitable for smaller bar diameters.  

   
Figure 3: Fiber optic sensing (a) Cross-section and position of the grooves, (b) rounded end 

of the rebar c) sensor glued to the rebar. 
 

3 BOND ANALYSIS OF A POST-INSTALLED REBAR 

3.1 Load-slip behavior 

Pull-out tests on single bars in fully confined concrete were conducted to investigate the bond 
characteristics of two high-performance mortars (simply named A and B). Additionally, CI bars 
were evaluated for reference and comparison of results. Each configuration was tested three 
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times with a unique embedment length of 𝑙𝑙𝑏𝑏 = 140 mm. The test set-up complied the indications 
by EOTA [16] for confined tests. The pull-out procedure was displacement-controlled in a 1000 
kN universal testing machine. Installation of the PI rebar was consistent concerning cleaning 
and injection to the mortars’ Instructions for Use (IFU). Both systems are assessed as PI rebar 
according to the EOTA EAD 330087 [16]. 

Normal-strength concrete (NC) was used for all specimens with a water-to-cement ratio of 0.65, 
cement type CEM I 42,5 R and a maximum aggregate size of 16 mm. The testing of mechanical 
properties of the concrete yield compressive cylinder strength of 𝑓𝑓𝑐𝑐𝑐𝑐,𝑐𝑐𝑐𝑐𝑐𝑐 = 31.9 MPa, axial 
tensile strength of 𝑓𝑓𝑐𝑐𝑐𝑐𝑐𝑐 = 2.7 MPa and Young modulus of concrete 𝐸𝐸𝑐𝑐 = 26350.6 MPa. Steel 
cylinders of seamless steel type S355 with 250 mm height and 300 mm diameter were used as 
formwork to cast the concrete. They were part of the specimens during the test to provide 
confinement to the concrete around the rebar. Steel ribbed reinforcing bars type B500B 
according to DIN 488-1 [17] with a nominal diameter of 𝑑𝑑𝑠𝑠 = 20 mm were embedded axially 
into the concrete with the injection mortars or cast-in. The material properties of the bars were 
determined from three samples in a standard tensile test and evaluating the results according to 
EN ISO 6892-1 [18]. The tensile yield strength was 𝑓𝑓𝑐𝑐 = 542 MPa and the Young modulus was 
𝐸𝐸𝑠𝑠 = 197050 MPa.  

Two Linear Variable Differential Transformer (LVDT) were installed to record the relative 
displacement of the rebar to the top surface of the concrete cylinder. The elastic deformation of 
the rebar was considered in the calculation of the slip.  

The load-slip relationship of the nine tested specimens is presented in Figure 4. The three curves 
that belong to the same bond system are color coded. The CI bars failed by pull-out with a mean 
maximum tensile force of 106.54 kN and mean slip equal to 1.3 mm. The mean bond strength 
was 12.11 MPa. All specimens with injection mortars failed by yielding of the steel. The results 
indicate that the bond strength of the mortars is at least 20 MPa in confined configurations. 
Moreover, a different stiffness can be addressed to the two mortars. While the slip of mortar A 
remains small until yielding, the slip of mortar B is comparable to that of CI bars.  

 
Figure 4: Load-slip curves of reinforcing bars with embedment length 𝑙𝑙𝑏𝑏 = 140 mm. 

 

3.2 Strain distribution 

Figures 5 a and b show the distribution of the steel strain recorded by FOS over two sides of 
one CI rebar at three load levels. The raw data is presented in grey. It can be observed that noise 
and scatter increase with the load. Thus, post-processing of the data is recommended. At first, 
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the data was filtered to the length of interest and a range of reasonable strains. Second, the 
median from windows equal to the rib space (black curve) was calculated to reduce fluctuation 
due to local effects of the ribs. Finally, data was smoothed using a stepwise robust linear 
regression method (purple curve). Noise and scatter are reduced to a minimum and the overall 
distribution of the strains on the rebar is clearer to observe. Once the post-processed curves 
from both sides were obtained, an average curve for the whole length of the rebar was 
computed. This step eliminates unwanted bending effects of the rebar that merely arise close to 
the ultimate bond strength.     

The post-processed strains of all bars in pull-out tests are jointly illustrated in Figure 5c. For 
reference, elastic strains are calculated from the mechanical properties and presented by dashed 
lines. On the bare length of the rebar, the strains are in good agreement with the elastic strains. 
Over the anchorage length, differences between CI and PI rebar with the two mortars are 
noticed, especially for high-load levels. The bond stress in the bars can be obtained from the 
post-processed strains measured by FOS and equation (1), derived from the differential 
equation of bond in the non-cracked elastic stage [19]: 

𝜏𝜏𝑏𝑏 =
𝑑𝑑𝑠𝑠 ⋅ 𝐸𝐸𝑠𝑠 ⋅ ∆𝜀𝜀

4 ⋅ ∆𝑥𝑥
 

(1) 

where ∆𝜀𝜀 is the difference between the measured strains of two consecutive gauges and ∆𝑥𝑥 is 
the distance in-between.  

 
Figure 5: FOS measurements εs on (a) side 1 and (b) side 2 of a CI rebar and (c) post-

processed curves from both sides of CI and PI rebar. 
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4 EXPERIMENTS ON LAP SPLICES 

4.1 Test specimens and testing procedure 

Direct tensile lap splice tests evaluate an isolated zone in concrete connections where the 
overlapped bars and the concrete around are subjected to tensile stresses. Figure 6 shows the 
relevant characteristics of the specimen configuration. Two pairs of lapped bars are protruding 
from the top and bottom side of the cuboid and are fixed via threaded rods to a testing frame. 
The bars on the bottom are always CI, while the bars on top can be either PI or CI rebar. The 
load was applied in a 1000 kN universal testing machine with a displacement-controlled 
procedure of the two top bars until failure of the specimen. 

 
Figure 6: Specimen configuration in the direct tension test 

 

Steel ribbed reinforcing bars type B500B according to DIN 488-1 [17] with a nominal diameter 
of 20 mm were used in all specimens. The material properties of the reinforcing bars were 
determined from testing three samples in a standard tensile test and evaluating the results 
according to EN ISO 6892-1 [18]. The PI bars were installed with the two injection mortars 
after 28 days of concrete curing. Installation was consistent with the procedures detailed in the 
IFU of both mortars. 

Lap splice performance was analyzed in two types of concrete. Three specimens had NC and a 
lap splice length of 240 mm, while the other three specimens had steel fiber reinforced concrete 
(SFRC) and a lap splice length equal to 300 mm. The NC had a water-to-cement ratio of 0.65, 
cement type CEM I 42,5 R and a maximum aggregate size of 16 mm. Moreover, the SFRC had 
80 kg/m³ of steel fibers with simple end hooks, 60 mm length and 0.9 mm diameter. It yields a 
supercritical post-cracking tensile behavior, checked with six beam tests according to [20]. The 
water-to-cement ratio was 0.53, the cement type was CEM I 42,5 R and the maximum aggregate 
size was 16 mm. The mechanical properties of both concretes were tested in the laboratory. The 
average result of three samples for each property 36 days after casting, when the lap splice 
experiments started, is presented in Table 1.  
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Table 1: Summary of the material properties for the lap splice tests. 
 fcm [MPa] fctm [MPa] Ecm [MPa] 
Normal Concrete 33.44 2.68 26351 
Steel Fiber Reinforced Concrete 47.55 - 31583 
 Designation fy [MPa] Es [MPa] 
Reinforcing bar Ø 20 mm B500B 540 201889 

The specimen deformation during the test was evaluated with FOS, DIC, LVDT and linear 
potentiometers (LP). FOS were installed on each rebar following the method outlined above. 
Surface deformations due to splitting forces were recorded with DIC on one side of the 
specimen. For such purpose, a speckle pattern is painted on the concrete surface. Furthermore, 
the displacement of selected points on the surface and on the bars was measured. In addition, 
two LP were mounted on the other side of the concrete cuboids to measure the splitting crack 
width. Four LVDT were installed in a support clamping device attached to each rebar and 
placed on the concrete surface to measure the relative slip.  

4.2 Failure mode and ultimate load 

The maximum load of the top bars of each specimen is summarized in Table 2. All the 
specimens failed due to concrete splitting on one side. The specimens with SRFC and lap length 
𝑙𝑙0 = 300 mm were close to yielding of the steel bars before failing. The difference between the 
ultimate load of both bars on top was always less than 5%. The failure of NC specimens was 
brittle, while in the case of specimens with SFRC the concrete showed elasto-plastic behavior 
after formation of the first cracks.   

Table 2: Specimen characteristics and maximum load of the lap splice tests 

N° 
Lap splice length Concrete  

type 
System Fmax 

Rebar 1 [kN] 
Fmax 

Rebar 2 [kN] 𝑙𝑙0  [mm] Top bars 
1 

240 NC 
cast-in 82.64 86.13 

2 Mortar A 111.00 109.10 
3 Mortar B 103.50 100.83 
4 

300 SFRC 
cast-in 168.33 165.25 

5 Mortar A 169.20 170.65 
6 Mortar B 171.10 173.55 

 

5 RESULTS AND DISCUSSION 

5.1 Rebar strain and bond stress distribution 

Fiber optical strains and bond stresses derived thereof over one lap splice of each specimen 
(bars 1 and 3) are illustrated in Figure 7. The results are shown for two tensile loads F1 = 40 
kN and F2 = 80 kN. The strain curves correspond to the post-processed and averaged data of 
the bars. The bond stress distribution is obtained from equation (1).  

In Figures 7 a, c and e, the results of NC-specimens are presented. The bond stress distribution 
of both CI bars in specimen 1 is approximately constant along the lap length (i.e., approximately 
linear increase of the force in the bar). The strain curves of rebar 1 meet the strain curves of 
rebar 3 almost in the middle of the lap splice, which indicates symmetrical distribution of the 
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bond stress. The development of stresses of the bar with mortar A in specimen 2 is different. 
Shear stress peaks are concentrated mainly at the beginning of the anchorage length. In contrast, 
the CI rebar indicates uniform distribution of bond stresses again. The bar with mortar B in 
specimen 3 shows bond stress curves more similar to those of CI bars, with symmetry at the 
center of the lap splice.  

 
Figure 7: Fiber optical strains εs and derived bond stress distribution τb. 
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Figures 7 b, d and f refer to specimens with SFRC. The bond stress distribution is not as uniform 
as in specimens with NC. The higher bond stresses are mainly located in the first half of the lap 
splice of CI and PI bars. The strain curves have symmetry around the center of the lap splices 
in specimens 4 and 5. In the case of specimen 6 (PI rebar with mortar B) the maximum bond 
stress slightly deviates from the bars’ end towards the middle of the lap splice.   

5.2 Crack and slip 

Failure of specimens 1, 2 and 3 was brittle and sudden. No cracks on the concrete were observed 
with DIC and linear potentiometers before reaching the maximum load. By contrast, specimens 
4, 5 and 6 have shown progressive cracking due to the activation of steel fibers in the post-
cracking regime before the maximum load was reached. Exemplified on specimen 4, some 
significant results are discussed more in detail in the following.   

Figure 8a shows the load-slip behavior of bars 1 and 3 in specimen 4 obtained with DIC and 
LVDT. The curves are in good agreement, which indicates a similar quality of both techniques. 
Four characteristic stages of structural behavior are identified in the results (𝐹𝐹1, 𝐹𝐹2, 𝐹𝐹3, 𝐹𝐹4). In 
Figure 8b, the principal strains of the concrete surface are presented. From the beginning of 
load application until load 𝐹𝐹1 ~ 100 kN, slip remains under 0.5 mm and no crack is visible. 
Approaching 𝐹𝐹2 (~155 kN), a crack in the plane of the lap splices develops up to a crack width 
of 𝑤𝑤 = 0.1 mm. It is located in the central lower part of the surface. The slip of the bars increases 
until 0.8 mm is reached. From now on the slip strongly evolves and a crack develops from the 
early splitting cracks and propagates in vertical direction. The maximum crack width is located 
at center. Finally, the maximum load 𝐹𝐹4 is reached, and the specimen fails. A principal splitting 
crack that runs through the whole concrete appears. The slip at failure is 8 mm and the rebar 
no. 3 is pulled out of the specimen.         

 
Figure 8: Specimen 4 (a) load-slip curve, (b-d) Splitting cracks in specimen 4 for different 

load levels and (e) photo of the specimen after failure. 
 

The crack width evolution on both sides of the specimens compared to the applied load and the 
displacement of the machine is displayed in Figure 9. Curves with solid lines show the 
measurements with DIC (bars 1 and 3). The dashed lines present the crack width recorded with 
LP on the opposite side (bars 2 and 4). It can be observed that the cracks originate at a tensile 
load of 100 kN. Until the maximum load, the crack width remains under 0.2 mm. The 
development of cracks beyond 0.2 mm starts on one side of the specimen (bars 1 and 3) until it 
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reaches 1.1 mm. Then cracking shifts to the other side (bars 2 and 4) until the crack width is 
1.4 mm. A similar behavior was observed in the specimens 5 and 6 with SFRC and PI bars.   

 
Figure 9: Crack width w measured with DIC and LP. (a) Evolution of the crack width with 

the load; (b) displacement of the machine δ. 
 

6 CONCLUSIONS AND REMARKS 

The performance of PIR in RC members essentially relies on the bond between the materials 
involved: steel, concrete and injection mortar. This study represents one of the first attempts to 
map the stress distribution along the entire bond length in high resolution using FOS in 
experimental tests. The data has been captured in pullout and lap splice configurations. Thereby, 
DIC provided 2D data fields of deformation and crack monitoring. In particular, the tests 
yielded the following findings:  

• Installation of the fibers on PIR is challenging and needs care, but then yields quasi-
continuous strain data in good agreement to local gauges and does not impair the 
mechanical behavior of the specimen.  

• To provide continuity and preserve integrity of the FOS over the measurement length, 
two-sided grooving along the rebar in consistent depth (1x2 mm), smooth rounding of 
the bar’s end, careful positioning and covering with an acrylate-based adhesive is found 
appropriate to guide fibers sheltered.  

• The two-sided FOS measurements enable to calculate the mean response and 
compensate unsymmetrical strain distribution due to e.g., bending.  

• The level of detail allows visualization of local stress concentrations near the ribs, as 
has been observed on CI bars elsewhere. 

• Noise in the data increases with concrete cracking, at local stress peaks and with the 
strain level.  

• The raw data needs post-processing to get the strain distribution along the anchorage or 
lap splice length. The proposed filtering and smoothing methods enable accurate 
assessment without loss of relevant information. But further studies are needed to 
establish a standard post-processing procedure.  

• Extreme peaks of strains are observed at the unloaded end of the rebar. In this zone, 
FOS are quite sensitive to the load level and are prone to break first with the initiation 
of relative slip. 
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• DIC provided 2D deformation data, favoring an accurate crack development evaluation 
under different load levels. DIC point-wise measurements in 3D can track the rebar 
displacement. The results are in accurate accordance with established techniques like 
LVDT that deliver only 1D measurements.  

• High-performance mortars differ in stiffness and bond strength. Both tested mortars 
presented more than twice the bond strength of the CI rebar. Bars with mortar A had a 
higher stiffness compared to bars with mortar B and CI bars. This characteristic affects 
the bond distribution in PI lap splices, especially in combination with higher concrete 
strength and an addition of steel fibers in the concrete matrix. The differences could be 
clearly observed via FOS measurements. 
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ABSTRACT 

The models available in EN1992-4 as well as those developed within the framework of the past 
research projects are valid when the anchorages with supplementary reinforcement to take up 
tension loads are subjected to tension forces only and the anchorages with supplementary 
reinforcement to take up shear loads are subjected to shear forces only. However, in practice, 
the most frequently encountered case is where supplementary reinforcement for the anchorage 
is provided to take up either only shear forces or only tension forces, while the anchorage itself 
is subjected to inclined loads resulting in both tension and shear force components. 

For the anchorages provided with supplementary reinforcement to take up both tension and 
shear forces the interaction exponent α is taken as α = 1,5. However, if the reinforcement is 
provided to take up either tension or shear loads only, then the exponent α must be taken as 
0,67. This value of the exponent seems rather conservative and was included in EN1992-4 due 
to the lack of test data for anchorages with supplementary reinforcement under interaction loads 
available at that time. 

This paper discusses the behavior of headed stud anchorages with supplementary reinforcement 
to take up either tension or shear loads and subjected to both tension and shear loads. Based on 
the statistical evaluation of tests conducted at University of Stuttgart under tension and shear 
loads and combinations thereof initiated and funded by Peikko Group, it seems reasonable that 
higher interaction exponents maybe provided for anchorages with supplementary 
reinforcement.  

1  INTRODUCTION 

The presence of supplementary reinforcement in the form of surface (or edge) reinforcement 
and stirrups can significantly enhance the load-displacement behavior of an anchorage with 
headed studs. 

The load resisting mechanism of an anchorage with supplementary reinforcement can be 
described with the help of a strut-and-tie model (Figure 1). For tension loads, the supplementary 
reinforcement consists of surface reinforcement and stirrups enclosing the surface 
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reinforcement (Figure 1 a)), while for shear loads, the edge reinforcement and stirrups enclosing 
the edge reinforcement constitute the supplementary reinforcement (Figure 1 b)). 

Under the influence of an external load, the anchor transfers the load inside concrete, which 
initially takes up almost entire load by itself while the stirrups remain basically unstressed. On 
gradually increasing the loads, however, the concrete cracks forming a breakout body leading 
to so-called concrete breakout under tension loads and concrete edge breakout under shear 
loads. Once the concrete cracks, the stirrups lying within the breakout body get activated and 
start taking up the forces. On the other hand, due to the quasi-brittle fracture behavior of 
concrete, after cracking, the concrete gradually drops the load carried by it.  

The load-bearing capacity of an anchorage with supplementary reinforcement results from the 
anchorage in the concrete breakout body achieved by means of bond and bearing of a bend, 
hook, or loop. If the anchorage length of the stirrups within the concrete breakout body is small, 
they might reach bond failure prior to yielding resulting in lower resistance than potentially 
achievable. For stirrups with relatively large anchorage lengths, as in case of closely spaced 
stirrups, resistance equal to the yield resistance of the stirrup can develop resulting in enhanced 
failure load and deformation capacity of the anchorage.  

 

a)                b) 
Figure 1: Strut-and-tie model for anchorage with supplementary reinforcement 
a)  for tension load 
b) for shear load close to an edge and loaded in shear towards the edge 

 

Within the current model, it is assumed that when the anchor reinforcement reaches its 
maximum resistance (due to bond or steel failure), the contribution of concrete to anchorage 
resistance becomes negligible. Therefore, the design resistance of the anchorage with anchor 
reinforcement is given by the higher of the design concrete cone resistance of the anchorage 
and the design resistance of the anchor reinforcement provided for the anchorage according to 
Equation (1). The design resistance NRd,a according to Equation (1) is based on the provisions 
in EN 1992-1-1 for the anchorage of tension reinforcement. 

0 1
,a ,re ,

1 2 ,

1⋅ ⋅ ⋅
= ≤ ⋅ ⋅

⋅
s bd

Rd s yk re
Ms re

l fN A fπ φ
α α γ
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α1  influence of bend, hook, or loop 
   = 0,7 

α2  influence of concrete cover cd 

( )
2 1 0,15 0,7

1,0

−
= − ⋅ ≥

≤

dc φ
α

φ  

fbd  design bond strength acc. to EN 1992-1-1, considering poor or good bond conditions 
 

The design tension force ,
h
Sd reN  in the anchor reinforcement provided to one anchor, caused by 

the design shear force h
SdV  acting on this anchor is given by Equation (2), see Figure 2. 

, 1 = ⋅ + 
 

h h s
Sd re Sd

eN V
z

      (2) 

es distance between reinforcement axis and shear force 
z internal lever arm 
d statical depth of the concrete member 
 

 
Figure 2: Tension force in reinforcement to take up shear load 

 

The current model in EN1992-4 [1] show insufficiencies in several aspects as summarized 
below: 

• The current model considers only contribution of reinforcement if more than the 
required minimum reinforcement is present. This minimum reinforcement corresponds 
to the amount at which reinforcement capacity is equal to concrete resistance capacity. 

• Contribution of concrete or reinforcement alone is considered, no interaction of both 
contributions is taken into account. 

• Indirect approach to consider the hook contribution to anchorage length – small 
anchorage length leads to small hook contribution and vice versa.  

• For anchorage lengths smaller than required minimum the contribution of the hooks is 
neglected/zero. In contrary, the hook contribution is present if surface reinforcement is 
enclosed. 

• Upper limit of reinforcement contribution is neglected: this is unconservative, 
depending on the anchorage and reinforcement configurations compression strut failure 
might occur. 
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• Under shear load, the failure load corresponding to concrete edge failure followed by 
yielding of the stirrups is calculated assuming the failure crack originating from the 
front row of anchors. Following this, only stirrups close to the anchor are considered as 
active while stirrups with larger distances are ignored. In addition, the existing hook 
contribution of such stirrups is neglected.  

To summarize, the models given in EN 1992-4 are overwhelmingly conservative for low 
amounts of supplementary reinforcement while becoming unconservative for large amounts of 
supplementary reinforcement. Figure 3 illustrates the context of the above-mentioned points. 

 

Figure 3 Tension or shear capacity of the anchorage as a function of the area of anchor 
(supplementary) reinforcement 

 

2 IMPROVED MODEL 

The new approach is an adaptation of the model given by Schmid [5] for anchorages with 
anchor reinforcement under shear loads. The model is adapted for anchorages with anchor 
reinforcement under tension forces ([4], [9], [10]). The model considers the anchorage capacity 
of the anchor reinforcement according to the adaptation of the model by [5], combines the 
concrete and reinforcement resistance based on the tests by [6], [7], while providing an upper 
limit to the resistance of anchorage with anchor reinforcement due to strut failure based on the 
model of Berger [2]. The model has been verified against numerous test results [2] to [10].  

In most of the tests available in existing database, the anchor reinforcement enclosed the surface 
reinforcement. The evaluation of tests by Berger [2] shows that the stirrups enclosing the 
surface reinforcement are much more effective compared to the stirrups not enclosing the 
surface reinforcement. It is assumed that the anchor reinforcement welded to the surface 
reinforcement should have a similar effectiveness as that of the stirrups enclosing the surface 
reinforcement.  

The surface reinforcement is required to take up the horizontal tension forces according to the 
strut-and-tie model (see Figure 1) and to stabilize the hook of the anchor reinforcement. The 
tests by Schmid [5] showed that if the surface reinforcement is of smaller diameter than the 
anchor reinforcement, the effectiveness of the hook reduces. 
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Only the anchor reinforcement (stirrups) placed between the outer anchors of a group and those 
lying within a distance not larger than 1.5hef from the center line of outermost anchors should 
be considered to resist the tension load from that anchor group (see Figure 4). 

 

Figure 4 Example of a quadruple anchorage – definition of effective stirrups 
 

For a given configuration of the anchorage, in general, increasing the number of stirrups leads 
to increased resistance of the anchorage. However, beyond a certain amount of reinforcement, 
concrete failure due to compression can precede yielding of the stirrups. This phenomenon of 
‘strut failure’ forms the upper limit beyond which the resistance of the anchorage cannot be 
increased by adding further supplementary reinforcement. 

In case of an anchor group with supplementary reinforcement, the possible failure modes are 
as following:  

- anchor steel failure,  
- yielding of the stirrups (following concrete cracking),  
- node failure (anchorage (bond) failure of the stirrups following concrete cracking),  
- strut (compression) failure.  

Additionally, anchorages under shear forces may fail due to concrete pry-out. 

The design model presented is applicable for the arrangement of supplementary reinforcement 
according to Figure 5 (tension) as well as Figure 6 (shear). 

 

   
Figure 5: Tension load – arrangement of two and four stirrups 
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Figure 6: Shear load – arrangement of two and four stirrups 

 
In summary, the new model derived in [2] to [10] include the following differences compared 
to [1]: 

• the overall resistance is calculated as a combination of concrete capacity and 
reinforcement capacity, where the contribution of the concrete capacity is limited to 
50% 

• The effectiveness of the supplementary reinforcement is considered by three different 
ψ-factors, which describe the influence of the hook factor 

• The upper limit of the load bearing capacity is defined by compression failure of the 
concrete compression strut 

• Under shear loading, the failure crack originates from the back row of anchors due to 
suppl. reinforcement anchored back on the unloaded side of the anchorage. 

The complete design approach with all corresponding design equations is given in [2] to [10]. 

3 INTERACTION – FASTENINGS WITH SUPPLEMENTARY 
REINFORCEMENT 

A) Current approach 

For fasteners under combined tension and shear loading, where either the shear or the tension 
component of the acting load is transferred to the member through a supplementary 
reinforcement, an exponent of α = k11 = 2/3 is proposed for the interaction (see Equ. (3)) if no 
information is provided in the European Technical Product Specification. These assumptions 
are essentially based on theoretical deliberations and only verified by a few experimental tests.  

1.0
   

+ ≤   
   

Sd Sd

Rd Rd

N V
N V

α α

      (3) 

B) New approach 

The models available in EN1992-4 as well as those developed within the framework of the past 
research projects are valid when the anchorages with supplementary reinforcement to take up 
tension loads is subjected to tension forces and the anchorages with supplementary 
reinforcement to take up shear loads is subjected to shear forces. However, in practice, the most 
frequently encountered case is where supplementary reinforcement for the anchorage is 
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provided to take up either only shear forces or only tension forces, while the anchorage itself is 
subjected to inclined loads (tension and shear force components) 

For the anchorages provided with supplementary reinforcement to take up both tension and 
shear forces, in Eq. (1), the exponent α is taken as α = 1.5. However, if the reinforcement is 
provided to take up either tension or shear loads only, then the exponent α must be taken as 
0.67. This value of the exponent seems rather conservative and is included in [1] due to the lack 
of test data for anchorages with supplementary reinforcement under interaction loads. The real 
value of the exponent, a, may be much higher than 0.67 (based on judgement, an anticipated 
value of a may reach 1.0 to 1.5). For anchor steel failure, the value of this exponent is taken as 
α = 2.0. The influence of the value of the exponent a on tension-shear interaction behavior is 
shown in Figure 7. 

 

Figure 7: Comparison of interaction curves using different exponents α 
 

4 EXPERIMENTAL INVESTIGATIONS UNDER COMBINED TENSION AND 
SHEAR LOADING 

Peikko started an extensive test program to investigate the behavior of anchorages with 
supplementary reinforcement to take up only tension or shear forces subjected to combined 
tension and shear forces (interaction) in case of relatively low and relatively high amounts of 
supplementary reinforcement. The experimental work is carried out using WELDA® anchor 
plates with 2 × 2 anchor configuration. Tests were conducted in concrete without supplementary 
reinforcement (series 1), with supplementary reinforcement to take up only tension forces 
(series 2.1 and 2.2) and with supplementary reinforcement to take up only shear forces (series 
2.1 and 2.2).  

The primary goals of the experimental investigations are: 
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- Investigation of the behavior of quadruple anchorages (Welda® plates) with 
supplementary reinforcement to take up only tension forces under interaction loads in 
case of   
 - anchorage failure or yielding of the reinforcement  
 - failure of the struts between anchor and stirrups  

- Investigation of the behavior of quadruple anchorages (Welda® plates) with 
supplementary reinforcement to take up only shear forces under interaction loads in case 
of   
 - anchorage failure or yielding of the reinforcement  
 - failure of the struts between anchor and stirrups  

- To develop a realistic analytical model to evaluate the failure load for anchor groups 
with anchor reinforcement provided to take up only tension or shear forces and 
subjected to combined tension and shear forces 

4.1 Test program 

The test program consisted of tests on quadruple (2x2) anchor group configurations tested under 
various loading angles. The details of the test program are given in the following. 

Anchor groups of 2x2 configuration were fabricated with headed stud anchors of diameter, ds 
= 22mm at a spacing of 150mm in both the directions. The anchors were welded on a 25mm 
thick base plate, which was cast flush with the concrete surface. The effective embedment depth 
of the anchors, measured from the top of the plate to the top of the anchor head was kept as hef 
= 155mm. The details of the anchor groups tested are given in Figure 8. 

 

Figure 8: Details of anchor groups used in the tests 
 

In order to achieve the objectives stated above, the tests were conducted in concrete without 
supplementary reinforcement, with supplementary reinforcement to take up only tension forces 
and with supplementary reinforcement to take up only shear forces (see Table 1). Normal 
weight concrete designed to reach a target mean cubic compressive strength of around 30 MPa 
was used to cast the slabs. All the test slabs were of dimensions 1800mm x 1800mm and 400 
mm thick. The anchor plates were positioned at the bottom surface of the slab during casting 
and the top surface of the anchor plate was cast flush with the top surface of concrete. 
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The tests were performed at four different loading angles with the vertical, a, namely, a = 0° 
(Centric tension), a = 30°, a = 60° and a = 90° (pure shear). For each anchor group configuration 
tested, three tests were performed. The edge distance for the front anchor row was kept as c11 
= 120 mm for all the cases. 

Within the tests for anchorages with supplementary reinforcement to take up tension forces 
(series 2.1 and 2.2.) the following levels of supplementary reinforcement were used:  

- supplementary reinforcement consisting of four stirrups (8 stirrup legs) of diameter ds,re 
= 10 mm, which was expected to yield under tension forces 

- supplementary reinforcement consisting of four stirrups (8 stirrup legs) of diameter ds,re 
= 16 mm, which was expected to result in strut failure under tension loads.  

The stirrups were placed as close to the headed studs as practically possible (see , Fig. 5, right). 
Within the tests for anchorages with supplementary reinforcement to take up tension forces 
(series 3.1 and 3.2.) the following levels of supplementary reinforcement were used (compare 
Fig. 6, left):  

- stirrups of diameter ds,re = 12mm at a spacing of 200mm, which was expected to fail due 
to in stirrup yielding under shear loads 

- stirrups of diameter ds,re = 20mm at a spacing of 200mm, which was expected to result 
in strut failure under shear. 

 
Table 1: Test program for anchorages with and without supplementary reinforcement 

Test 
series 

Dia of 
reinf. 

No. of 
anchor 
rows 

No. of 
anchors 
per row 

Stud 
dia. 

hef s1 = s2 c11 Loading 
angle  
θ 

No. 
of 
tests 

Fu V Failure 
1) 

 mm   mm mm mm mm   kN %  
Anchorages without supplementary reinforcement 
1 - 2 2 22 155 150 120 0° 

30° 
60° 
90° 

3 
3 
3 
3 

222,6 
180,2 
161,1 
167,5 

1,8 
4,7 
4,0 
5,1 

C 
C 
C 
C 

Anchorages with supplementary reinforcement to take up tension load only 
2.1 10 2 2 22 155 150 120 0° 

30° 
60° 
90° 

3 
3 
3 
3 

371,7 
266,1 
224,2 
243,3 

7,3 
1,3 
12,3 
7,0 

C/Y 
C/Y 
C 
C 

2.2 16 2 2 22 155 150 120 0° 
30° 
60° 
90° 

3 
3 
3 
3 

562,7 
333,8 
289,8 
268,1 

4,3 
3,7 
4,6 
3,6 

St 
C/Y 
C 
C 

Anchorages with supplementary reinforcement to take up shear load only    
3.1 12 2 2 22 155 150 120 0° 

30° 
60° 
90° 

3 
3 
3 
3 

205,6 
189,0 
201,8 
284,8 

4,9 
2,0 
1,0 
4,6 

C 
C 
C 
C/Y 

3.2 20 2 2 22 155 150 120 0° 
30° 
60° 
90° 

3 
3 
3 
3 

281,1 
238,5 
282,6 
377,3 

3,8 
5,6 
2,7 
7,7 

C 
C 
C 
St 

1) C = concrete cone, concrete edge or combination 
 Y = yielding of the suppl. reinforcement 
 St = strut failure 
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More detailed information of the test parameters as well as of the test results are summarized 
in [12]. 

Test results are compared with the calculated (mean or characteristic) value as following, using 
a given/predefined value for k11. 

11 11

, , , ,

1,0
   

+ ≤      
   

k k

u u

u calc i u calc i

N V
N V

    (4) 

cos= ⋅u uN P α          (5) 

sin= ⋅u uV P α           (6) 

11 11 11

1

, , , ,

cos sin
 

− 
     

 = +           

k k k

u
u calc i u calc i

P
N V

α α   (7) 

The ratios Pu,test/Pu,calc,mean of the test results are shown in Figure 9 as a function of the applied 
load angle. To enhance clarity, the tests [11] (tension) and [12] (shear) at a load angle θ = 0° 
and θ = 90° have been slightly shifted horizontally. The ratios Pu,test/Pu,calc,mean scatter between 
0.8 and 2.0. The comparisons clearly show that the model can describe the test results 
reasonable. 
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Figure 9: Pu,test/Pu,calc,mean as a function of the loading angle 

Figure 10 show the coefficient of variation V [%] of each individual test series. The scatter is 
within the expected range of V < 15%. 

Figure 10: Coefficient of variation V [%] as a function of the loading angle  (all test series) 

In Figure 11 a) to e), the single test results of all series are compared with the calculated mean 
(solid line) and the characteristic (dotted line) value. The interaction corves are calculated using 
an exponent k11 = 1.5 for tests without supplementary reinforcement and k11 = 1.2 for tests with 
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supplementary reinforcement. Furthermore, the calculated 5%-fractile of the individual test 
series are given (red dots). These values have been calculated assuming in general an unknown 
standard deviation. This proceeding is very conservative with regard of the small number of 
single tests (n = 3) within the test series.  

Figure 12 a) to e) give the ratios N/Ncalc and V/Vcalc and their corresponding characteristic 
interaction curve compared to the mean and characteristic interaction curves.  

Both Figure 11 and Figure 12 clearly indicate that characteristic values of the tests are located 
well above the characteristic interaction curve valid for an exponent k11 = 1.5 for tests without 
supplementary reinforcement and k11 = 1.2 for tests with supplementary reinforcement. This 
result is further confirmed with Figure 13.  

In Table 2, the ratios P/Pcalc are statistically evaluated, where for the calculated values an 
exponent k11 = 1.2 have been used. When evaluating jointly, the 5%-fractile of the ratio 
(P/Pcalc)5% = 1.096. Also the evaluation of the series with only tension, shear or combined 
tension and shear loads results in values > 1.0. This means, that the applied model is 
conservative when using k11 = 1.2.  

 

 

a) Series 1 – without supplementary 
reinforcement 

 

  

b) Series 2.1 – with supplementary 
reinforcement for tension 

c) Series 2.2 – with supplementary 
reinforcement for tension 
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d) Series 3.1 – with supplementary 
reinforcement for shear 

e) Series 3.2 – with supplementary 
reinforcement for shear 

Figure 11:  Comparison of tests results and corresponding characteristic values with mean 
and characteristic interaction curves  

 

 

 

a) Series 1 – without supplementary 
reinforcement 

 

  

b) Series 2.1 – with supplementary 
reinforcement for tension 

c) Series 2.2 – with supplementary 
reinforcement for tension 
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d) Series 3.1 – with supplementary 
reinforcement for shear 

e) Series 3.2 – with supplementary 
reinforcement for shear 

Figure 12: Comparison of ratios N/Ncalc and V/Vcalc and corresponding characteristic values 
with mean and characteristic interaction curves  

 

 
Figure 13: Comparison of single tests results with corresponding calculated characteristic 

values  
 

Table 2: Statistical evaluation of the ratios P/Pcalc 
 

Tension Tests Shear Tests Combined Tension and Shear tests All 

Number of tests n 25 36 60 121 

Mean value xm = P/Pcalc 1.481 1.888 2.229 1.973 

Standard dev. s 0.196 0.278 0.475 0.476 

CoV   V 13.3% 14.8% 21.3% 24.1% 

Stat. factor k 2.132 2.035 1.933 1.841 

5%-Fractile x5% 1.063 1.321 1.311 1.096 
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5 SUMMARY 

The models available in EN1992-4 as well as those developed within the framework of the past 
research projects are valid when the anchorages with supplementary reinforcement to take up 
tension loads are subjected to tension forces only and the anchorages with supplementary 
reinforcement to take up shear loads are subjected to shear forces only. However, in practice, 
the most frequently encountered case is where supplementary reinforcement for the anchorage 
is provided to take up either only shear forces or only tension forces, while the anchorage itself 
is subjected to inclined loads resulting in both tension and shear force components. 
For the anchorages provided with supplementary reinforcement to take up both tension and 
shear forces the interaction exponent α is taken as α = 1,5. However, if the reinforcement is 
provided to take up either tension or shear loads only, then the exponent α must be taken as 
0,67. This value of the exponent seems rather conservative and was included in EN1992-4 due 
to the lack of test data for anchorages with supplementary reinforcement under interaction loads 
available at that time. 
 
The evaluation of test results under tension and shear loads and combinations thereof and on 
the statistical evaluation of tests it seems reasonable that higher interaction exponent k11 ≥ 1,2 
exponents maybe provided for cast-in headed anchors with supplementary reinforcement. 
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ABSTRACT 

The CCD- method is the main design method used for the design of anchorages in concrete 
(CCD= Concrete Capacity Design). One of the most important requirements for the application 
of the CCD- method is the precondition that the base plate with a steel profile connecting the 
base material via fastening must be designed as sufficiently stiff. However, in literature and in 
the design codes, clear descriptions, or calculation methods to determine the necessary base 
plate thickness to fulfill the precondition are missing.  

In the current research paper, the influence of different parameters on the stiffness of baseplates 
of bonded anchors in concrete are investigated. One of the major influencing parameters is the 
anchor stiffness itself. To derive suitable stiffness values the results of pullout tests on bonded 
anchors are described and typical stiffness values for bonded anchors are discussed. Numerous 
numerical simulations were performed to calculate the required stiffness of base plates of 
anchorages under tension loading. The performed FE simulations consider the main influencing 
geometric parameters such as base plate thickness, anchor spacing, profile length and anchor 
stiffness.  

1  INTRODUCTION 

The primary method for the design of anchorages in concrete is the so-called CCD method 
(CCD= Concrete Capacity Design) that was developed in the early 1990’s (e.g. [1]) and is used 
worldwide until today. A summary of the scientific background of the method is given in [2]. 
The CCD- method is the basis of the two leading design codes for the design of fastenings in 
concrete: in Europe EN 1992-4 ([3]) and in the USA ACI 318 ([4]). It is also utilized and 
described in the fib Bulletin 58 ([5]). 

One of the most important requirements for the application of the CCD- method is the 
precondition that the base plate connecting a steel profile via fastening with the base material 
concrete must be designed as sufficiently stiff (rigid). This precondition needs to be fulfilled 
because in the first step of an anchor design, the resulting internal forces acting on the single 
anchors of an anchor group must be calculated based on the applied forces and moments. In 
general, the assessment of the load-distribution of the internal forces assumes a linear strain 
distribution for the base plate and thus a rigid base plate. However, in literature and in the design 
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codes, clear descriptions, or calculation methods to determine the necessary base plate thickness 
to fulfill the precondition are missing. 

Assessment methods for the rigidity of base plates for fastening in concrete were described in 
the past by various researchers ([6- 13]). Mallée et al. describe in [6- 8] a yield criterion for the 
base plate as basis for an assessment of the base plate stiffness. On the basis of a finite element 
analysis, the stresses developed in the base plate are calculated and the base plate is judged as 
sufficiently stiff when the stresses stay below the yield stress of the applied steel type. The 
application of the criterion of Mallée et al. is restricted to base plates with maximum 4 anchors, 
anchor types with a stiffness smaller than 30 kN/mm and uniaxial moment loading. 
Nevertheless, it is frequently used as the only criterion to fulfil the condition of the required 
base plate stiffness, irrespective of the anchor configuration and anchor stiffness. Fichtner 
derives in [9- 10] a displacement criterion for the base plate calculating the displacement 
differences between a rigid base plate and a flexible base plate. Li describes additional design 
equations in [11- 12] to assess the stiffness of the base plate and the effects on the group 
performance. In Li’s as well as in Fichtner’s approach, the distribution of the anchor forces is 
calculated utilizing finite element approaches considering a flexible base plate in combination 
with linear springs (springs with constant stiffness) idealizing the anchor behavior. Zhu et al. 
describe in [13] a simple geometric criterion to assess the rigidity of the base plate. 

The approaches described above use either finite element analysis or geometric approaches that 
do not consider all necessary parameters influencing the stiffness of the base plate. Therefore, 
the aim of the current study was to identify the parameters influencing the base plate stiffness 
and describe their effects. 

2 FINITE ELEMENT STUDY: UTILIZED METHODS AND INVESTIGATED 
PARAMETERS 

The current study was performed utilizing finite element methods in combination with a 
nonlinear spring model described and verified in Bokor et al. [14, 15]. The calculations were 
performed with a commercial finite element solver. The base plate and the connected profile 
were modelled using shell elements with a linear elastic material model for steel. The anchors 
were modelled as tension-only nonlinear springs. The spring characteristics were derived as 
described in [14, 15] utilizing a tributary area approach to consider the anchorage configuration. 
The concrete was modelled with a bedding model as compression-only bedding. All 
calculations were performed in displacement control enabling to investigate a realistic load 
distribution and redistribution within the anchors of a group. 

The parameters influencing the base plate stiffness were differentiated in base plate geometry, 
stiffness parameters of the anchors and load application to the base plate. The investigated base 
plate parameters are the anchor spacing s, base plate thickness t, overhang of the baseplate lO, 
width b and length L of the base plate. Besides the basic base plate configuration, the profile 
geometry and its position affect the stiffness of the base plate. These influences were considered 
as overhang length of the profile sO and the profile length Lprofile. The described parameters are 
shown in Figure 1 (a) for a centric profile position and in Figure 1 (b) for an eccentric profile 
position. 
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(a) (b) 

Figure 1: Definitions of the base plate geometry and the investigated parameters, (a) base 
plate with centric profile position, (b) base plate with eccentric profile position 

 

The spring characteristics of the anchors were idealized in a penta-linear format and scaling of 
the curves was done according to the tributary area approach of Bokor et al. [15]. The 
characteristic resistance of a single anchor according to equation (1) was utilized as scaling 
value for the peak load of the spring curves. The peak load for each individual anchor of an 
anchor group (anchor i) was calculated with equation (2). The characteristic spacing scr = 3∙hef 
for concrete cone failure, well known in the CCD- method, was applied for the calculation of 
the projected areas utilized in equation (2) (see Figure 2 (a)). For the current study, the reference 
value for the characteristic resistance for concrete cone failure was calculated assuming an 
embedment depth hef= 100 mm and a characteristic concrete compressive strength (cylinder) 
fck= 20 MPa. More details about the scaling and the determination of the spring curves can be 
found in [14, 15]  

𝑁𝑁𝑅𝑅𝑅𝑅,𝑐𝑐
0 = 11 ∙ ℎ𝑒𝑒𝑒𝑒

1,5 ∙ �𝑓𝑓𝑐𝑐𝑅𝑅 (1) 

𝑁𝑁𝑅𝑅𝑅𝑅,𝑐𝑐
𝑖𝑖 = 𝑁𝑁𝑅𝑅𝑅𝑅,𝑐𝑐

0 ∙
𝐴𝐴𝑐𝑐,𝑁𝑁
𝑖𝑖

𝐴𝐴𝑐𝑐,𝑁𝑁
0  (2) 

with 𝑁𝑁𝑅𝑅𝑅𝑅,𝑐𝑐
0 = characteristic resistance of a single anchor for concrete cone failure 

ℎ𝑒𝑒𝑒𝑒 = effective embedment depth of the anchor 
𝑓𝑓𝑐𝑐𝑅𝑅 = characteristic concrete compressive strength (cylinder) 
𝑁𝑁𝑅𝑅𝑅𝑅,𝑐𝑐
𝑖𝑖 = characteristic resistance of anchor i in an anchor group 

𝐴𝐴𝑐𝑐,𝑁𝑁
𝑖𝑖 = tributary area of anchor i in an anchor group calculated acc. to [14, 15] 
𝐴𝐴𝑐𝑐,𝑁𝑁
0 =  9 ∙ ℎ𝑒𝑒𝑒𝑒2 = tributary area of a single anchor without influence of edges or 

spacing 

 

The anchor stiffness was investigated in the current study as an influencing parameter. The 
stiffness ranges are denominated by the initial stiffness (k1) of the load- displacement curves. 
Initial stiffness values of k1= 50 kN/ mm, k1= 100 kN/ mm and k1= 200 kN/ mm were 
investigated. The initial stiffness is defined as the secant stiffness corresponding to 50% of the 
ultimate load since the load-displacement curve is assumed to be nearly linear up to this point. 
The penta-linear curves for the different stiffness ranges were scaled in terms of stiffness by 
using the factor applied to k1 for all stiffness values k1 to k4 while keeping the load values 
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unchanged. The resulting reference spring curves are shown in Figure 2 (b). The simulations 
were performed applying the displacement on the base plate resulting in tension loading until 
the failure of the anchorage as shown in Figure 3.  

 

 
(a) 

 
(b) 

Figure 2: Load-displacement curves utilized as spring characteristics; (a) scaling from 
reference value N0

Rk,c to spring curves for inner and outer anchors according to tributary 
area approach; (b) shift of the reference spring characteristics for investigated anchor 

stiffness k1= 50 kN/ mm, k1= 100 kN/ mm and k1= 200 kN/ mm 

 
Figure 3: Examples utilized FE Models; Model with centric tension loading. 

 

The base plate configuration considered as basis for all investigated geometric configurations 
is shown in Figure 4 (a) and (b). The investigated base plate with a 3x2 anchor group 
configuration has a width of 200 mm and a length of 560 mm. The base plate thickness was 
chosen between 4 mm and 62 mm. The length of the attached profile was varied between 0 mm 
(point loading) and 400 mm to investigate the stiffening effect of the profile on the anchor 
group. In further calculations, additionally, the spacing in the main direction (s), the overhang 
length (lO) and the number of anchors were varied. The investigated parameters are listed in 
Table 1.  
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(a) 

 

 
(b) 

Figure 4: Investigated base plate configuration; (a) basis dimensions; (b) example with 
LProfile= 100 mm. 

Table 1: Investigated parameters of finite element study. 
Parameter Abbreviation Value/ range  

Anchor stiffness k1  50/ 100/ 200 kN/ mm 
Number of anchors n 4, 6, 9 
Base plate thickness t 4 to 62 mm 

Profile length LProfile 0 to 400 mm  
Spacing (x- direction) sx 50 to 300 mm  

Overhang lO 5 to 80 mm  
Spacing (y- direction) sy 120 mm  

Base plate width b 200 mm (group of 4 and 6) 
Base plate length L 260 to 760 mm  

 

3 TYPICAL STIFFNESS VALUES FOR BONDED ANCHORS 

As a basis for the finite element calculation stiffness values are required for the determination 
of the penta-linear spring curves representing the anchors. In general, the stiffness vales are 
derived by idealizing the results of the pullout tests on single anchors with an unconfined test 
setup. Concrete cone failure shall occur in the conducted pullout tests. The fitting and the final 
calculations are performed with average spring stiffness values to maintain a realistic ratio 
between baseplate stiffness and anchor stiffness. 

Figure 5 shows the initial anchor stiffness of the measured load displacement curves derived 
from the assessed displacement at 50% of average failure load (k1= 0.5Nu,m/ δ(0.5Nu,m). The 
graph shows average stiffness values of bonded anchors with embedment depth ranging from 
4d to 6.25d, as a function of anchor diameter, d. Tests with confined and unconfined support 
are included. The data base contains the results of 360 tests on single bonded anchors.  

The anchor stiffness increases significantly with increasing anchor diameter. Stiffness values 
in cracked concrete are substantially lower than in uncracked concrete at the same testing 
condition (diameter, support, concrete strength, embedment depth). For some diameters 2 test 
series were available at different embedment depths. The results show in general, that stiffness 
increase with increasing embedment depth. However, to assess the influence of the embedment 
depth additional investigations would be necessary. The results of confined tests and 
unconfined tests at the same diameter seem to fall within the same scatter range. 

The diagram in Figure 5 also shows the steel stiffness calculated by considering cross section 
of the steel, E- modulus and effective embedment depth (k1= Es∙As/ hef). The stiffness calculated 
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for the steel element only are significantly larger than the values for the system steel embedded 
in mortar and bonded to concrete. 

The stiffness range utilized in the finite element calculations of k1= 50 kN/ mm corresponds to 
the behavior of a bonded anchor in cracked concrete with diameter 8 mm, whereas the value of 
k1= 200 kN/ mm is realistic for bonded anchors diameter 12 to 16 mm in uncracked concrete. 

 
Figure 5: Influence of anchor diameter, concrete strength, crack width and confinement on 

the initial anchor stiffness of bonded anchors (embedment depth 4d-6.25d). 
 

4 RESULTS OF FINITE ELEMENT CALCULATIONS: INFLUENCING 
PARAMETERS ON BASE PLATE STIFFNESS 

All finite element calculations were performed with two conditions (i) assuming a rigid base 
plate and (ii) considering the flexibility of structural steel. In the following the base plate 
stiffness is assessed via the ratio between the ultimate capacity of the anchor group considering 
a flexible base plate and the capacity calculated assuming a rigid base plate. Ratios close to 1,0 
demonstrate stiffer baseplate configurations than ratios < 1,0.  

In Figure 6 the results of the finite element calculations are shown as a function of the base 
plate thickness. The ratio Nu/ Nu,stiff increases with increasing base plate thickness (Figure 6 
(a)). Besides it is visible that anchors with higher stiffness values need thicker base plates to get 
to a ratio of 1,0.  

Figure 6 (b) shows the ratio of the ultimate capacity as a function of the combination of the 
parameters stiffness k, base plate thickness t and sum of spacing in y- direction. With the shown 
combination of the parameters the results project nicely in an s- type curve when the scale of 
the x- axis is displayed in a logarithmic scale. 
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(a) 

 
(b) 

Figure 6: Influence of anchor stiffness and base plate thickness on base plate stiffness (ratio 
between ultimate failure load of flexible calculation and stiff calculation); (a) x- axis as 

baseplate thickness in linear scale; (b) derivation of a functional dependence in logarithmic 
scale. 

 

In Figure 7 (a) the ratio Nu/ Nu,stiff is shown as a function of the base plate thickness 
distinguishing base plates with 4 , 6 and 9 anchors. All calculations were performed at a stiffness 
of k1= 100 kN/ mm. The ratio increases for all configurations with increasing base plate 
thickness. However, anchor plates with 4 anchors reach values close to 1,0 at thinner base plate 
thicknesses than anchor plates with 6 or 9 anchors. Anchor plates with 6 anchors show almost 
identical behavior as anchor plates with 9 anchors.  

Figure 7 (b) shows the behavior of anchor plates with 6 anchors when the anchor spacing is 
varied (thickness and stiffness stays constant). The ratio decreases with increasing spacing. For 
spacing larger than 200 mm the ratio stays constant at a value of approximately 0,4. 

Figure 8 visualizes the stiffening effect of the profile length on the overall stiffness of the base 
plate. With increasing profile length the profile covers the space between the outermost anchors 
and the middle row anchors, thereby decreasing the bending length and increasing the stiffness 
of the base plate. Therefore with increasing profile length the ratio Nu/ Nu,stiff increases. 
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(a) 

 
(b) 

Figure 7: Influence of number of anchors (a) and anchor spacing in main direction (b) on 
base plate stiffness (ratio between ultimate failure load of flexible calculation and stiff 

calculation). 

 
Figure 8: Influence of profile length on base plate stiffness (ratio between ultimate failure 

load of flexible calculation and stiff calculation). 

5 CONCLUSION 

The CCD- method is the main design method used for the design of anchorages in concrete 
(CCD= Concrete Capacity Design). It was developed in the early 1990’s (e.g. [1]) and is up to 
present the main design method for anchorages in concrete which is used worldwide.  

One of the most important requirements for the application of the CCD- method is the 
precondition that the base plate connecting a steel profile via fastening with the base material 
concrete must be designed as sufficiently stiff. This precondition needs to be fulfilled because 
in the first step of an anchor design, the resulting internal forces acting on the single anchors of 
an anchor group must be calculated based on the external forces and moments. In general, the 
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assessment of the load distribution of the internal forces assumes a linear strain distribution for 
the base plate and thus a rigid base plate. However, in literature and in the design codes, clear 
descriptions, or calculation methods to determine the necessary base plate thickness to fulfill 
the precondition are missing. 

In the current publication finite element calculations are described that investigate the influence 
of different parameters on the baseplate stiffness of anchor plates. In a first step the stiffness 
properties of bonded anchors are investigated. The anchor stiffness increases significantly with 
increasing anchor diameter. In a few tests it was visible that the embedment depth also increases 
anchor stiffness. A comparison of the stiffness calculated for steel only with the stiffness values 
assessed from test results show that the values for the system bonded anchor are considerably 
lower than the values for the steel. Stiffness values determined from unconfined tests seem to 
fall within the same scatter ranges as tests with confined test setup. 

The assessment of the finite element calculations showed that for tension loading the base plate 
stiffness increases with increasing base plate thickness, decreasing anchor stiffness, decreasing 
anchor spacing and increasing profile length. The assessment also shows that anchor plates with 
a low number of anchors (investigated 4 anchors) are in general stiffer than anchor plates with 
a larger number of anchors (6 and 9 anchors). 

The presented finite element investigations only show the effects of centric tension loading on 
the base plate stiffness. Moment loading should be investigated in further finite element 
investigations. Besides the conducted calculations show the possibility to criteria to determine 
the sufficient base plate stiffness required by EN 11992-4 as precondition for anchor design.  
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ABSTRACT 

In Japan, Post-installed anchors are used for various purposes such as equipment installation 
and Earthquake-resistant reinforcements. In addition, post-installed anchors are considered 
effective for the foundation of early construction of temporary and reconstructed houses after 
an earthquake. However, when post-installed anchors are applied to these buildings, it is 
necessary to construct a long anchor, which is about 40 times the diameter of the anchor rod. 
The purpose of this study is to confirm the workability and adhesive performance of post-
installed anchors with a long embedment length by experiments. In addition, the applicability 
of the standard test method for bond strength in Japan was also examined. 

As a method of constructing long post-installed anchors, it was confirmed that accurate 
construction can be performed by drilling with a fixed wet diamond core drill and fixing the 
anchor bars by an injection method. In addition, the construction time and construction accuracy 
were measured when two types of adhesives of epoxy type and inorganic type were injected 
using anchor rods of D25 (Deformed steel bars with a diameter of 25 mm). 

As a result, it was possible to grasp the workability and the adhesive performance of post-
installed anchors with a long embedment length and to verify the effectiveness. Strain 
distribution and bond stress distribution due to the difference in bond strength showed that 
strain increases in the deep portion of the embedment length when bond strength is low, and 
strain increases in the shallow portion when bond strength is high. 

1  INTRODUCTION 

At present, there is a shortage of temporary housing and reconstruction housing at the time of 
the occurrence of disasters such as earthquakes. Therefore, early construction of reconstruction 
housing that also serves as temporary housing for securing the housing of the victims quickly 
is expected. The purpose of this project is to design a high-rise wooden reconstructed house 
that contributes to the effective use of land so that it can be quickly designed in the event of an 
earthquake. It is necessary to consider the post-installed anchor after quality. In order to 
construct a reconstructed house as early as possible, it is necessary to conduct research using 
wooden buildings. To shorten the maintenance period for temporary housing and reconstructed 
houses, and to make effective use of land and materials that can be secured in the affected area. 
In order to carry out technical development of high-rise wooden buildings contributing to 
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"Quick Construction", in this study, the performance confirmation test of long post-installed 
anchors was considered in consideration of the required performance of post-installed anchors 
used for high-rise wooden structures [1]. 

We verified the construction accuracy of the post-installed anchor after the long embedment 
length, and it has been confirmed that reinforcing bar with an embedded length of 40 da (da: 
diameter of anchor rod) can be constructed with high accuracy [2], [3]. 

Then, the distortion degree distribution of the post-installed anchor after the long embedment 
length after their adhesive system using epoxy resin as the main agent was examined. As a 
result, since the adhesive strength and rigidity of the epoxy resin are high, it was confirmed that 
the strain was concentrated in the injection hole and resisted in the range of about 10da from the 
injection hole. Therefore, only the injection hole has been damaged.  

In order to suppress brittle fracture by such stress concentration, an experimental study was 
carried out for the purpose of controlling the adhesive bond stress distribution. As a control 
means of the adhesive bond stress, the technique of changing the adhesive bond force at the 
interface between the adhesive and concrete by the embedment position was used. 

In this paper, the pull-out experiment of the post-installed anchor was carried out after the 
embedment length was 40da, and the examination which contributes to the control technique of 
the bond stress was carried out. 

2 EXPERIMENTAL INVESTIGATIONS 

In this test, we conducted a post-installed adhesive anchor pulling experiment with embedment 
length of 7da (7 times the diameter of 19 mm) and 40da (40 times the diameter of 25 mm). In 
the 7da experiment, the average bond strength was measured at a shallow embedment, and in 
the 40da experiment, the strain distribution was measured.  

The paste position of the strain gauge is shown in Figure 1. In order to examine the axial stress 
of the embedment part of the 40da anchor rod, 2 strain gauges were attached to the front and 
back anchor rods at 4 points of 10 da pitch (250 mm, 500 mm, 750 mm, 875mm) and at 20 mm 
(1020 mm from bottom edge) from the embedment part.  

 

Figure 1: Reinforcing bar and Strain gauge position 
 

Table 1 shows a list of 40da test specimens and the target average bond strength of the 10da 
section of each anchor rod. The anchor rod with embedment length of 40da used was deformed 
bar (D25: diameter was 25mm.) and high strength steel (yield strength was 1155N/mm2 and 
elastic modulus was 192 kN/mm2). The diameter of drilling aid was 52 mm. The concrete (100 

Section d (30-40da) Section c (20-30da) Section b (10-20da) Section a (0-10da) 

Embedment start (Specimen surface) Embedment end 
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× 200 mm cylinder) had compressive strength of 41.9 N/mm2 and an elastic modulus of 35.4 
kN/mm2. 

Four inorganic adhesives with different bond strength 𝜏𝜏 are injected into 4 sections with an 
embedment length of 10 da, and the strain distribution of the anchor rod is measured. The 
combination of the cement adhesive is the following 4 patterns, and the injection pattern of each 
section is shown in Figure 5. Here, the sections for each 10da are a, b, c, d from the injection 
hole, and the cement adhesive is assumed to be 𝜏𝜏5,  𝜏𝜏10, 𝜏𝜏15, 𝜏𝜏20 from those with low bond 
strength, and it was manufactured by inorganic adhesive (grout) adjusted by the water cement 
ratio.  

Table 2 shows the average value of the compressive strength of inorganic adhesives and the 
average bond strength of 7da test specimens. Using the post-installed anchor of D16, the 
embedment length was 7da and the perforation diameter was 34φ, and the bond strength was 
confirmed. Figure 2 shows the relationship between bond stress and displacement of four types 
of inorganic adhesives [4], [5], and Figure 3 shows the relationship between their average bond 
strength and � 𝜎𝜎𝑚𝑚𝑐𝑐 21⁄  ( 𝜎𝜎𝑚𝑚𝑐𝑐 : compressive strength of grout). The adhesive bond strength of 
four types of inorganic adhesives (grout) was 4.5, 7.8, 13.9, 20.9 N/mm2 for the target values 
of 5, 10, 15, and 20 N/mm2, and it was confirmed that it was roughly proportional to the 
compressive strength and average bond strength of the adhesive. 

Table 1: List of 40da test specimens and the target average bond strength  

Specimen name Section a Section b Section c Section d 

0da-10da 10da-20da 20da-30da 30da-40da 

Pattern (1) 𝜏𝜏= 5N/mm2 𝜏𝜏= 5N/mm2 𝜏𝜏= 5N/mm2 𝜏𝜏= 5N/mm2 

Pattern (2) 𝜏𝜏= 20N/mm2 𝜏𝜏= 20N/mm2 𝜏𝜏= 20N/mm2 𝜏𝜏= 20N/mm2 

Pattern (3) 𝜏𝜏= 5N/mm2 𝜏𝜏= 10N/mm2 𝜏𝜏= 15N/mm2 𝜏𝜏= 20N/mm2 

Pattern (4) 𝜏𝜏= 5N/mm2 𝜏𝜏= 5N/mm2 𝜏𝜏= 5N/mm2 𝜏𝜏= 20N/mm2 

 

Table 2: Compressive strength of cement bond strength 
Adhesive 

type 

Compressive 
Strength 

(N/mm2) 

Modulus of 
Elasticity 

(N/mm2) 

Adhesive 
bond strength 

(N/mm2) 

𝜏𝜏5 16.9 10800 4.5 

𝜏𝜏10 29.1 14600 7.8 

𝜏𝜏15 38.9 16900 13.9 

𝜏𝜏20 54.8 20600 20.9 
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Figure 2: Relationship between bond stress     Figure 3: Relationship between compressive  
and displacement                                               strength and average bond strength     

of inorganic adhesives (grout) 

 
 Figure 4: Force applying device (40da) 

 

The construction was carried out downward to the upper surface (900×900 mm) of the concrete 
specimen in the shape of 900×900×1,260 mm, and a wet diamond core drill was used for 
drilling. Drilling with a perforation diameter of φ52 mm (actual diameter 52.1 mm) and a 
perforation depth of 1000 mm was carried out. The inorganic adhesive (grout) was injected in 
order from the pore bottom in the amount calculated in advance. 

Figure 4 shows the force applying device. The loading method was unidirectional monotonic 
loading. Using a center hole jack, a pulling load was applied to the anchor rod, and a tensile test 
was performed. For specimens with an embedding length of 7da, load was applied until the 
anchor rod yields. For specimens of 40da, loading was carried out by load control, and the target 
stress was set to 6 stages at intervals of 50 N/mm2, and 50 N/mm2 (25.4 kN), 100 N/mm2 (49.1 
kN), 200 N/mm2 (98.2 kN), 400 N/mm2 (196.4 kN), 800 N/mm2 (392.7 kN) was made twice, 
1,000 N/mm2 (490.9 kN) once. The amount of anchor rod extension was measured at a position 
of about 100 mm from the core surface. 
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3 RESULTS 

3.1 Tensile load – Pull-out displacement relationship 

Figure 7 shows the relationship between the load and the pull-out displacement. Pattern (1) was 
619.4 N/mm2 (304.1 kN) in the middle of the cycle of the first target of 800 N/mm2, and pattern 
(4) was pulled out at the same time as reaching the target of 1,000 N/mm2 (491.1 kN) of the 
final cycle. Patterns (2) and (3) did not pull out until the final cycle, and the pullout displacement 
of about 0.4 mm remained. 

3.2 Strain distribution 

The relationship between load and strain is shown in Figure 6. The average values of strain 
gauges attached to the front and back sides of the anchor rod is indicated at intervals of about 
10 to 20 N/mm2 pitch (Thick lines are 100, 200, 400, 800, 1000 N/mm2.) at the axial stress of 
the anchor rod. The vertical axis represents the distance from the buried part to the strain gauge, 
and the horizontal axis represents the degree of strain. In both patterns, in the initial small load, 
the axial stress is transmitted in the a section near the injection hole, but it can be confirmed 
that the transmission section of the force extends to the deep position as the load increases. 
Since 𝜏𝜏5 with low bond strength is used in patterns (1) and (4), strain has occurred to the deepest 
part at a relatively early stage, but in pattern (1), the bond resistance at the deepest part is small, 
so it pulled out early. In pattern (3), the bond strength is gradually increasing from the injection 
hole, and it exhibits great bond resistance in b and c sections compared with (4), and the strain 
at the deepest part is small. In pattern (2), 𝜏𝜏20 with high bond strength over the entire length is 
used, so it resists the axial stress in the a to c section. 

3.3 Adhesive bond stress distribution 

Figure 8 shows the adhesive bond stress distribution. The adhesive bond stress distribution 
shows the embedment length on the vertical axis and the adhesive bond stress (N/mm2) on the 
horizontal axis.  The adhesive bond stress distribution of the anchor rod is shown at intervals 
of about 10 to 20 N/mm2 pitch (Thick lines are 100, 200, 400, 600, 800, 1000 N/mm2.) at the 
axial stress of the anchor rod as well as the strain degree distribution in Figure 6. The axial 
stress at the load end is equal to the load, and the concrete interior is calculated from the 
measured value of axial strain. Further, the strain at the embedment end is assumed to be 0.  

The axial stress 𝜎𝜎𝑖𝑖 is calculated using equation (1) when the anchor rod is an experiment in 
elastic behavior. The Es is the Young coefficient of the anchor rod, and 𝜀𝜀𝑖𝑖 is the value of the 
strain obtained in the experiment. 

𝜎𝜎𝑖𝑖 = 𝐸𝐸𝑠𝑠𝜀𝜀𝑖𝑖 (𝑖𝑖 = 1~5)  (1) 

The axial stress σ up to the measurement point adjacent to the loading end or free end is 
expressed by a quadratic function (2) of the reinforcing bar position x up to the adjacent strain 
gauge, and a cubic function (3) in the middle [6]. 

𝜎𝜎𝑖𝑖 = 𝑎𝑎 + 𝑏𝑏𝑥𝑥𝑖𝑖 + 𝑐𝑐𝑥𝑥𝑖𝑖2 (𝑖𝑖 = 1,5) (2) 

𝜎𝜎𝑖𝑖 = 𝑎𝑎 + 𝑏𝑏𝑥𝑥𝑖𝑖 + 𝑐𝑐𝑥𝑥𝑖𝑖2 + 𝑑𝑑𝑥𝑥𝑖𝑖3 (𝑖𝑖 = 2, 3, 4) (3) 
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Figure 5:                        Figure 6:                                          Figure 7: Relationship between 
 Injection Pattern            Strain Distribution                            Stress and Ejection 
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Figure 8: Adhesive bond stress distribution 
 

The relationship between the axial stress degree and the adhesive stress is given by the 
equations (4) and (5), (6) and (7). as is the cross-sectional area of the anchor rod, and 𝜑𝜑 is the 
perimeter of the anchor rod [6]. 

𝑑𝑑𝜎𝜎𝑖𝑖
𝑑𝑑𝑥𝑥𝑖𝑖

= 𝑏𝑏 + 2𝑐𝑐𝑥𝑥𝑖𝑖 (𝑖𝑖 = 1,5) (4) 

𝑑𝑑𝜎𝜎𝑖𝑖
𝑑𝑑𝑥𝑥𝑖𝑖

= 𝑏𝑏 + 2𝑐𝑐𝑥𝑥𝑖𝑖 + 3𝑑𝑑𝑥𝑥𝑖𝑖2(𝑖𝑖 = 2, 3, 4) (5) 

𝜏𝜏𝑖𝑖 = 𝐴𝐴𝑠𝑠
𝜓𝜓
𝑑𝑑𝜎𝜎𝑖𝑖
𝑑𝑑𝑥𝑥𝑖𝑖

 (𝑖𝑖 = 1~5)  (6) 

𝑑𝑑𝜎𝜎𝑖𝑖
𝑑𝑑𝑥𝑥𝑖𝑖

= 𝜏𝜏𝑖𝑖𝜓𝜓
𝐴𝐴𝑠𝑠

 (𝑖𝑖 = 1~5)          (7) 

The measurement point number continuous to the loading end or free end is (i, j, j0). Here, the 
coefficient term of the distribution curve equation (2) of 𝜎𝜎  is defined as the axial stress 
measurement value (𝜎𝜎𝑖𝑖, 𝜎𝜎𝑗𝑗) at the (i, j) point and the adhesive bond stress (𝜏𝜏𝑗𝑗) at the second 
measurement point (j). Determined by This (𝜏𝜏𝑗𝑗) is assumed to be a function (average adhesive 
bond stress) of the gradient between the first measured axial stress (𝜎𝜎𝑖𝑖) and the third measured 
axial stress (𝜎𝜎𝑗𝑗0).  
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� (9) 

The determination of the undetermined coefficient in the equation (3) is performed in the same 
manner as in the method at the end. That is, the measured values of σ at four consecutive points 
are (𝜎𝜎𝑖𝑖0, 𝜎𝜎𝑖𝑖, 𝜎𝜎𝑗𝑗, 𝜎𝜎𝑗𝑗0). Further, it is assumed that the bond stress levels (𝜏𝜏𝑖𝑖) and (𝜏𝜏𝑗𝑗) are the average 
bond stress levels between two points adjacent to the (i, j) point, respectively, as shown in 
equations (11) and (12) [4], [5], [6].  
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𝜏𝜏𝑖𝑖 × 𝜑𝜑
𝑎𝑎𝑠𝑠

= −𝜎𝜎𝑖𝑖0−𝜎𝜎𝑗𝑗
𝑥𝑥𝑖𝑖0−𝑥𝑥𝑗𝑗

 (11) 

𝜏𝜏𝑗𝑗 × 𝜑𝜑
𝑎𝑎𝑠𝑠

= −𝜎𝜎𝑖𝑖−𝜎𝜎𝑗𝑗0
𝑥𝑥𝑖𝑖−𝑥𝑥𝑗𝑗0

 (12) 

In pattern 1, as the axial stress of the anchor rod increases, the adhesive bond stress was 
transmitted to a position deep in the embedding depth. The adhesive bond stress increased 
overall from the position of section a to d, and the anchor rod was pulled out by reaching the 
maximum adhesive bond stress.  

In pattern 2, as the axial stress of the anchor rod increased, the adhesive bond stress was 
concentrated in the shallow position of the embedment depth. The adhesive bond stress has 
increased from the position of section a to the position of b, but the maximum adhesive bond 
stress has not been reached within this experimental range.  

In pattern 3, as the axial stress of the anchor rod increased, the adhesive bond stress was 
transmitted to a position deep in the embedment depth. It can be estimated that the adhesive 
bond stress increases from section a to position d and reaches the maximum adhesive bond 
stress from section a to near the position of c. Within the experimental range, the anchor rod 
has not been pulled out because the maximum adhesive bond stress has not been reached to the 
position of section d. Figure 9 shows the failure situation of the anchor rod portion in which the 
test specimen of pattern 3 is cut after the experiment. From sections a to b, adhesive bond failure 
(grout shear failure) occurs, and sections c to d are known to be not failure.  

In pattern 4, as the axial stress of the anchor rod increased, the adhesive bond stress was 
transmitted to a position deep in the embedment depth. The adhesive bond stress increases 
overall from the position of section a to the position of d, and the anchor rod was pulled out by 
the section d reaching the maximum adhesive bond stress.  
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Section a                      Section b                    Section c                       Section d 

Figure 9: Adhesive bond fracture status of anchor rod cut after experiment (pttern 3) 
 

Finally, we report an application example by controlling the adhesion stress distribution of 
anchor rods. Figure 10 shows the specimen shape and dimensions of the exposed-type column 
base, and Figure 11 shows the loading setup. In this application example, considering that the 
post-installed anchor is used for the anchor rod of the exposed-type column base. In the 
exposed-type column base, structural performance as shown in Figure 11. In order to ensure the 
rotation performance of the column base, the structural performance here is expected for plastic 
deformation after anchor rod yield. 

The shape of the reinforced concreat part was 400 mm × 450 mm × 750 mm for the column 
part, and 250 mm × 525 mm × 750 mm for the beam part. The steel column was □200mm × 
200mm  × 12mm (Square Steel Pipe: BCR295), and the base plate was PL310mm × 360mm 
× 50mm (Steel plate: SM490), and the column portion and the column base ware filled with 
mortar with a thickness of 50 mm.  The main bars were 4-D19 (SD490: yield strength was 
528N/mm2 and elastic modulus was 193 kN/mm2) and the shear reinforcement bars were 2-D13 
(SD295: yield strength was 353N/mm2 and elastic modulus was 194 kN/mm2) for the base beam, 
the main bars were 4-D16 and the shear reinforcement bars 2-D10 (SD295: yield strength was 
361N/mm2 and elastic modulus was 191 kN/mm2) bars for the base column.  

Anchor groups were made of six anchors, installed in the reinforced concreat column part. 
Anchor groups had an embedment length of 35 da (da = anchor rod diameter), and anchor rods 
were deformed bars (D19: diameter is 19mm) and yield strength was 528 N/mm2 and elastic 
modulus was 193 kN/mm2.  The diameter of drilling aid was 42 mm. The concrete (100 × 200 
mm cylinder) had compressive strength of 36.4 N/mm2 and an elastic modulus of 32.1 kN/mm2. 
The mortar (50 × 100 mm cylinder) had compressive strength of 78.9 N/mm2 and an elastic 
modulus of 25.5 kN/mm2. 

Each anchor groups was subjected to alternate shear and bending moment. A transversal 
alternate load was applied to the attached element. The distance between the direction of 
application of the load and the concrete surface was selected in order to apply the desired pair 
of shear and bending moment to the column base. The lever arm between the hydraulic jack 
and the concrete surface is equal to 1000mm. 
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Figure 10: Exposed-type column base                         Figure 11: Loading setup 
 

 
Figure 12: Bending moment-rotational angle relationships 

 

Figure 12 shows bending moment-rotational angle data from the experiments. Figure 12a shows 
all the data until the end of the experiment, and figure 12b shows the data around 1/200rad 
rotation angle, and the anchor groups on the tensile side yield.  
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The difference between the experimental factors No.1 and No.2 is the difference in bond 
strength (𝜏𝜏) for each anchor group embedment length. The combination of the cement adhesive 
is the following 2 patterns, and the injection pattern of each section is shown in Figure 13b and 
14b. No.1 was the target average bond strength of τ = 20 N/mm2 for all the lengths of the 
embedded 35da. No.2 was the target average bond strength of τ =20N/mm2 at 10da from the 
embedded end, and the other was the bond strength of τ = 5N/mm2. The compressive strengths 
of 𝜏𝜏 =20N/mm2 and 5N/mm2 in the experiment were 54.5 N/mm2 and 18.5 N/mm2, and the 
bond strengths were calculated 19.9 and 4.2N/mm2 from the regression equation of Figure 3.  
Figure 12a shows that the exposed-type column bases hold the bending moment even after the 
yielding of each anchor and have excellent plastic rotation performance. Figure 12b shows that 
the rotation angle of the exposed-type column bases can be controlled by changing the target 
average bond strength in the embedment depth direction.  

                      
(a) Crack pattern                (b) Injection pattern         (c) Strain distribution 

                                                             and Strain guage position 
 

Figure 13: Crack pattern and Strain distribution of No.1 
 

Figure 13 and figure 14 show crack patterns and strain distributions. Figure 13a shows that 
No.1 occured cone-cracks due to the tensile force of the anchor rod and transmited the force to 
the embedded end. On the other hand, No.2 shows that the transmission of force in the section 
of the bond strength of 𝜏𝜏 =5N/mm2 was performed only at a low load level. Thereafter, figure 
14a shows that the force was transmitted in the section of the bond strength of 𝜏𝜏 =20N/mm2 by 
loss of the bond strength of the anchor rod. Therefore, no concrete damage was observed due 
to cracking of No.2.  
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(a) Crack pattern                (b) Injection pattern         (c) Strain distribution 

                                                             and Strain guage position 
 

Figure 14: Crack pattern and Strain distribution of No.2 
 
The relationships between load and strain are shown in Figure 13c and 14c. The average values 
of strain gauges attached to the front and back sides of the anchor rod is indicated at intervals 
of about 10 to 20 kN pitch at the force of the jack. The vertical axis represents the distance from 
the buried part to the strain gauge, and the horizontal axis represents the degree of strain. In 
both patterns, in the initial small load, the axial stress is transmitted in the a section near the 
injection hole, but it can be confirmed that the transmission section of the force extends to the 
deep position as the load increases. In No.1, 𝜏𝜏20 with high bond strength over the entire length 
is used, so it resists the axial stress in the 0 to 20 da position. Since 𝜏𝜏5 with low bond strength 
is used in No.2 pattern, strain has occurred to the deepest part at a relatively early stage.  

4 CONCLUSIONS 

(1) The adhesive bond strength of the inorganic adhesive (grout) can be easily controlled by 
adjusting the water cement ratio. 

(2) The strain distribution and adhesive bond stress distribution due to the difference in 
adhesive bond strength transmit the  adhesive bond stress to the depth of the embedment 
length when the adhesive bond strength is low, and when the adhesive bond strength is high, 
the adhesive bond stress concentrates on the shallow part of the embedment length. 

(3) By changing the adhesive bond strength depending on the anchor rod embedment position, 
the difference in the adhesive bond stress distribution of the four patterns was able to be 
expressed experimentally. 

(4) By arbitrarily setting the adhesive bond stress degree distribution of the anchor rod, the 
designer can perform the structural performance of the long post-installed anchor after the 
adhesive system. 
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ABSTRACT 

Connections of structural or non-structural components to concrete are a recurring application 
in construction. For such connections, post-installed, very frequently bonded injection-type, 
anchors are a widely used product, due to the ease of adjusting the assembly schedule and the 
exact anchoring locations on site. Also, as high strength steel fibre reinforcement becomes 
increasingly popular, many fastening applications are realized in such concrete base material. 
In particular the field of use for steel fibre reinforced concrete include for example industrial 
floors, slabs for storage bays and data centres, slabs on grade and raft foundations, tunnel 
linings, and watertight structures. Besides, the use of steel fibre reinforced concrete should ramp 
up vigorously, since it will be now introduced in the scope of the second-generation Eurocode 2 
(exp. 2023), addressing specifically the structural design with such materials.  

In order to install a bonded anchor to concrete, a borehole is drilled most often by use of a 
hammer drill. Then, the condition of the borehole – mainly the roughness and the cleaning of 
the internal surface – is known to play a critical role for the stress transfer from the fastened 
component, through the fastening, and into concrete, and hence the load-bearing safety. At the 
same time, drilling through the steel fibre reinforcement, along with accelerated wear-off of the 
drilling tools, can influence in turn the borehole roughness and the overall installation quality. 
In an effort to address this influence, pull-out bond tests on anchors in plain and steel fibre 
concrete are presented. 

1  INTRODUCTION 

Steel fibre reinforced concrete (SFRC) is currently the material of choice for a broad range of 
structures such as industrial floors (e.g. in manufacturing or processing plants and storage 
facilities) prefabricated elements, thin shells, segmental and sprayed as well as cast final tunnel 
linings, special foundations and slabs on grade, watertight and containment structures 
(immersed structures, silos, nuclear facilities), protection and defence structures. Furthermore, 
its use is also confirmed for many commonplace concrete component design situations 
replacing the entire or a large portion of conventional rebar reinforcement, in order to improve 
their load-bearing behaviour, but also their serviceability and durability characteristics (see e.g. 
Empelmann et al. [1], Spyridis et al. [2], di Prisco et al. [3]). By use of fibre reinforcement, 
concrete material characteristics can be improved in alignment with the acute current and future 
construction industry objectives, these being a simultaneous increase of the service life of 
structures and the reduction of their environmental impact, in addition to resilience to extreme 
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loads and environmental actions. These benefits can be associated e.g. to a reduction of failure 
probabilities, improved durability, reduced use of cement and structural steel, thinner and 
lighter cross-sections, higher ductility, resistance to impact loads and abrasion (Holschemacher 
et al. [4]) 

Next to the extended use of SFRC, modern construction relies heavily on structural connection 
and assembly technologies, while a prominent connection detail relies on post-installed, bonded 
anchors. A bonded anchor system comprises a steel insert (often a threaded rod), a bonding 
agent (mortar/grout), an attached element and the substrate concrete material, as graphically 
presented in Fig. 1. In most modern heavy-duty systems, the bonding agent is based on a two-
component resin injected to a predrilled hole by use of an appropriate cartridge and dispenser 
system. Resins can consist of different chemical components, e.g. vinylester, polyacrylate, 
polyester and epoxy resins with and without mineral additives as well as engineered hybrid 
systems. The installation requires that after drilling in hardened concrete, the debris and drill-
dust are thoroughly removed by means of brushing and compressed air, the resin is injected in 
a liquid state followed by the anchor rod, and the system is left to cure and harden before it is 
loaded with the attached element and it comes to bearing as a structural component. During 
installation and setting, the processing temperatures and times must be observed, otherwise, the 
reaction of resin and hardener will be chemically too strong to process or disturbed and will not 
develop the targeted mechanical properties. The details of the installation, such as drilling 
equipment, cleaning procedure, borehole geometries, processing and curing times and 
temperatures, but also the expected mechanical properties (e.g. bond strength) are defined in 
detail in the respective product specification document, and they are also noted in the product 
manual offered by the anchor manufacturer and supplier. 

 
Figure 1: Bonded anchor elements 

The focus of this paper lies in the influence of steel fibres in concrete with respect to the 
installation quality and the load-bearing performance of post-installed bonded anchors. To that 
end, the intersections of the drill-hole surface and the steel fibres are qualitatively presented and 
pull-out tests with varying installation quality and bonding mortars are carried out. An overview 
of the engineering and design principles of bonded anchors in general and a brief presentation of 
previous studies for bonded anchors in SFRC are given, disclosing the state-of-the-art and open 
questions handled by this study. The set-up and parameters of tests on bonded anchors in plain 
and SFRC are reported and their results are discussed. Finally, the findings are summarised with 
the intention to contribute to practical engineering design and constructability issues.  
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2 BASICS OF FASTENINGS ENGINEERING FOR BONDED ANCHORS 

The design and specification of bonded anchors, as with all post-installed fastenings, is 
primarily based on the “European Technical Product Specification” (ETPS) for each product. 
For concrete fastening products, the ETPS is the “European Technical Assessment” (ETA) 
which is prepared on the basis of a “European Assessment Document” (EAD). The EAD 
typically prescribes a testing campaign for the product assessment. The ETPS also confirms the 
“Declaration of Performance” by the product manufacturer and allows for the product’s CE 
marking. The “European Organisation for Technical Assessment” (EOTA) drives this 
standardisation procedure by endorsing and publishing the assessment principles and by 
coordinating the organisations carrying out the assessment (“Technical Assessment Bodies”). 
A similar procedure is followed in the U.S. with the International Code Council (ICC) and the 
Evaluation Service Reports (ESR). Once the product’s applicability is confirmed by observing 
the respective specification document, the design can be carried out on the basis of a design 
norm. For the European regime this is the Eurocode 2 – part 4 “Design of fastenings for use in 
concrete” and the American counterpart is ACI 318 “Building Code Requirements for 
Structural Concrete”. The design norm makes use of product-specific mechanical properties, 
which are in turn again to be found in the product specification. For bonded anchors, the 
resistance against pull-out (N0Rk,p) is an important feature, which is directly associated with the 
parameter bond strength 𝜏𝜏Rk as described by Equation 1 (assuming short-term quasi-static but 
not sustained loading). In Equation 1, 𝑑𝑑,ℎ𝑒𝑒𝑒𝑒 are the nominal anchor diameter and embedment 
depth respectively, in accordance to the uniform bond stress model for bonded anchors in 
uncracked concrete, as proposed by Cook et al. [5], which simplifies the bond strength to one 
simple value regardless of the location of the failure surface, i.e. failure at the steel/mortar and 
mortar/concrete interface, or internal shear failure of the bonding mortar. It has to be also noted 
that bond stress can be measured by either confined tests (i.e. with support of the tests close to 
the anchor perimeter) or unconfined tests with wide support distance. The first case leads to 
pure pull-out of the anchor, while the latter leads typically to a mixed mode failure by pull-out 
of the anchor in the lower part of the anchor and concrete cone failure in a part of the anchor 
closer to the free surface. The test results of a confined pull-out rely mainly on the bond 
interface in order to calculate the bond strength per the uniform bond stress model but they lead 
to an overestimation of the actual bond strength since the confinement induces some additional 
compression stresses in the anchor perimeter. The combined failure on the other side, leads to 
a more realistic bond strength assessment but the assessment depends on the concrete surface 
properties, which can be subject to environmental deterioration (McCarter et al [6]), but also 
great inherent variability (Long et al. [7]) moreover in the case of SFRC (Tóth et al [8]). In 
order to adjust the bond strength from confined tests, it is recommended to multiply it with a 
reduction coefficient of 0.75 for uncracked concrete (see also Appl [9], Cattaneo and Muciaccia 
[10]). Besides, the concrete strength is known to also play a role in the bond strength directly; 
in Eurocode 2 – part 4 (CEN [11]) a proportionality of an anchor’s bond strength with the square 
root of the surrounding concrete compressive strength is noted for otherwise identical 
conditions. Further information on the performance and design of bonded anchors can be found 
in Eligehausen et al. [12].  

𝑁𝑁𝑅𝑅𝑅𝑅,𝑝𝑝 
0 =  𝜏𝜏𝑅𝑅𝑅𝑅  ×  𝜋𝜋 × 𝑑𝑑 × ℎ𝑒𝑒𝑒𝑒                    (1) 

Another important aspect in the technological development of fastening products is the 
facilitation of safe installation, because installation defects can substantially decrease the 
fastening’s structural performance. This is discussed on the example of bonded anchors by 
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Grosser et al. [13], Cronin [14], and González et al. [15], while it is also evident by the fact that 
CEN/TC 250 [11] recommends an increased resistance partial safety factor for anchorages with 
potentially low installation quality. Besides, many project contractual arrangements require that 
the installers are trained and certified. The benefits of this certification are discussed in 
(Alhaidary and Al-Tamimi [16]), a typical procedure is presented in (ACI [17]), while 
standardization institutes provide detailed guidance for the installation of fastenings (BS 8539 
[18]), (DIBt [19]). Notable failures with significant consequences have been attributed to 
design, specification, and installation deficiencies (NTSB [20]), (Kawahara et al. [21]). 

3 BRIEF OVERVIEW OF BACKGROUND RESEARCH / AIM OF THIS STUDY 

Until now, various research studies have examined the performance of anchors in SFRC, based 
on direct pull-out tests on various types of anchors. Holschemacher et al. [22] report on axial 
tests of expansion and composite expansion anchors in normal strength concrete with 
corrugated and hooked fibres with a dosage of 50 kg/m³ and a steel strength of up to 1050 MPa. 
In these investigations, it was found that the expansion anchors could not be installed properly 
due to fibres crossing the borehole, but further problems with the drilling process have not been 
reported. Negligible differences in mean resistance values were found between plain and fibre 
concrete, while anchors in SFRC had a much larger scatter, a phenomenon attributed to the 
higher porosity of steel fibre concrete as well as the inhomogeneous distribution and orientation 
of the fibres in the mix. Gesoglu et al. [23] performed tensile tests on epoxy resin bonded 
threaded rods in normal strength concrete with a steel fibre content of 80 kg/m3 and showed no 
influence on the pull-out capacity of the anchors, but a varying mode of failure between 
unreinforced and fibre reinforced concrete. Dengg et al. [24] tested different friction-locked 
anchor types in low-strength concrete with a small fibre content and also found no significant 
influence of the fibres on the pull-out strength. Cattaneo and Muciaccia [10] on the other hand 
carried out unconfined tests on epoxy resin anchors with fibre dosages up to 70 kg/m3 in 
medium and high strength concrete and showed that the bond strength increased notably in fibre 
concrete. In Randl and Kunz [25], bonded anchors with different mortars were tested in ultra-
high-performance concrete (UHPC) with high strength, high dosage short steel fibre 
reinforcement. It was found that during hammer drilling the fibres were not completely 
separated, presuming additional mechanical bond forces and a more ductile bond failure. 
Bonded anchor tests in a UHPC are also presented in Delhomme and Brun [26] where shear 
failure of the grout was observed, showing good transfer of mortar stresses into the concrete. 
Schwenn et al. [27] also tested steel and plastic expansion anchors in UHPC and indicated that 
only plastic anchors failed with pull-out and with a load increase of up to 20 % in fibre concrete 
compared to unreinforced concretes, while the increase between normal and high-strength 
concrete without fibres was not shown. An extensive review of the current state-of-knowledge 
on fastenings in SFRC can be found in (Tóth et al. [28]). Finally, although Unterweger and 
Bergmeister, K. [29], Schwenn et al. [27], and Liu et al. [30] address plain concrete, they all 
confirm that the roughness and unevenness of the borehole plays a very significant role in the 
pull-out load.  

As seen from the introductory information above, previous studies on bonded anchors in SFRC 
are scarce and their conclusions are varying. In all cases, the aspect of installation reliability 
and possible adverse influences of drilling and setting bonded anchors in SFRC is not 
specifically elaborated with respect to steel fibre reinforcement. Moreover, current literature 
presents a gap in relating bonding mortar performance with the performance variations in plain 
concrete and SFRC. The investigations presented below, attempt to address these aspects. The 
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pull-out tests were carried out for two different products with different nominal bond strengths. 
Furthermore, installation quality is addressed, by presenting the sensitivity of the tested bonded 
anchors to good and substandard installation quality. 

4 EXPERIMENTAL INVESTIGATIONS 

To assess the influence of the steel fibres on the bond strength, confined pull-out tests were 
carried out in unreinforced concrete and steel fibre reinforced concrete. The fibres used were 
Dramix 5D BG by NV Bekaert SA, which are deformed filaments of cold drawn wire with 
hook-ended shapes, with a length of 60 mm and a diameter of 0.9 mm. The material strength is 
2300 MPa and the rupture strain is 6.0 %. For the tests, two different injections resin products 
were used, namely (A) methacrylate-based and (B) epoxy-based both with approval for 
concrete applications. The metal insert consisted of an M12 threaded rod of high strength class 
12.9. The casting of the specimens was carried out at the laboratory facilities of the TU 
Dortmund University. The concrete mix used CEM I 52,5 N Portland Cement and natural 
aggregates with a maximum size of 16 mm. The distribution for all concrete mixes was at 40%, 
30% and 30% for a sieve pass of 0/2, 2/8, and 8/16 mm respectively. The mixes were only 
varied in that either no fibre reinforcement or steel fibres were added at a dosage of 50 kg/m³ 
during the concrete production in a single main concrete mixer.  

The tests were designed and performed at the laboratory of the TU Dortmund University to 
exhibit a pull-out type of failure, in which the bond and shear strength of the injection mortar 
are the determining factors. The tight confinement by means of a 40 mm thick steel plate, on 
which the hydraulic cylinder is located, exerts pressure on the concrete surface in the immediate 
vicinity of the anchor during the test to prevent a concrete breakout. To pursue a constant stress 
distribution over the length of the anchor, without stress peaks toward the surface, the upper 
20 mm of the rods was wrapped with PTFE tape in several layers, which prevented the mortar 
from locking into the thread of the anchor rod and also prevents the formation of a load-bearing 
mortar layer. Hence, the boreholes had a depth of approx. 90 mm, and an anchor embedded 
length of 80 mm, i.e. a bonded length of 60 mm. Deviation of the anchor axis from the vertical 
was measured in two perpendicular directions and it always remained below 3° in all cases. 

Apart from the distinction of plain and steel fibre reinforced specimens, and for each of the two 
mortar types, the boreholes were distinguished into two groups. Series 1 was cleaned following 
a procedure of blowing out the dust twice with compressed air, brushing twice with a fitting 
steel brush, and finally blowing out twice again. Series 2 did not undergo particular removal of 
the drill dust from the borehole surface, and it was only ensured that the sediment did not reduce 
the intended anchoring length; this procedure understandably leads to a substandard and 
potentially defective installation. The drilling was carried out by an existing hammer drill with 
a four-edge drill bit in all tests. The tests were displacement-controlled with a loading rate 
between 0.01 and 0.02 mm/s, so as to reach the peak load at approximately 1 to 3 mins. The 
test rig is shown in Figure 2 below. Overall 4 tests per parameter set were carried out for test 
series A, which allows for a basic statistical interpretation (although product specification tests 
require a minimum of 5 tests acc. to EOTA [31]). Test series B took place at a later stage and 
implemented 6 tests per parameter set, while test B2 exhibited an outlier (per Grubb’s test). The 
test set B1 did not eventually contain an outlier that coincided with the minimum value of the 
population. This is excluded from the statistical interpretation of the results. The test program 
is given in Table 1.  
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Table 1: Overview of pull-out tests 
Test ID Bonding  

mortar 
Borehole 
cleaning 

Substrate 
Concrete 

Mean cube 
compr. strength 

Sample size 
[-] 

A1 Product A V Plain  49.5 MPa 4 
A1x Product A X Plain 49.5 MPa 4 
A2 Product A V SFRC 51.3 MPa 4 
A2x Product A X SFRC 51.3 MPa 4 
B1 Product B V Plain  50.5 MPa 6 
B1x Product B X Plain 50.5 MPa 4 
B2 Product B V SFRC 52.2 MPa 5 + 1 outlier 
B2x Product B X SFRC 52.2 MPa 4 

 

      

Figure 2: Concreting (left) and test arrangements (right) 

5 RESULTS AND DISCUSSION 

5.1 Tests with product A 

Indicative failure modes of the anchors are shown in Figure 2 and the load-bearing curves 
achieved by the use of product A are shown in Figure 4 (see also Table 2). The graph 
developments allow to qualitatively characterise the failure situation for each bonded anchor 
(Meszaros [32]). In adequately cleaned boreholes, pull-out tests have failed at the interface 
between the anchor rod and the mortar, due to shearing of the mortar material. A somewhat 
different pattern is exhibited for tests in substandard installation with uncleaned boreholes. 
Tests A1-3x and A2-1x show a failure between mortar and borehole wall, whereby the bond 
strength at the concrete interface is higher than the sliding friction forces during pull-out. A 
mixed failure can be seen at tests A1-1x, A1-4x, A2-2x and A2-3x, where the load-bearing 
throughout the test relies on both friction and concrete bond strength. Failure in tests A1-2x, 
and A2-4x is likely involving mortar inherent shearing failure, while the latter appears to be 
entirely unaffected by the lack of borehole preparation (good bond strength, despite bad 
installation quality – marked curve in Figure 3). On average though, a significant loss of load-
bearing capacity is shown in tests with defective boreholes. In normal concrete, the reduction 
is in the range of 33 %, and in SFRC the reduction is 39 % (excl. test A2-4x). Considering these 
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differences, as well as the dispersion of load levels and modes of failure, a correlation between 
the presence of fibres and the borehole interface characteristics is not statistically validated. 
Regarding adequately prepared boreholes, the pull-outs in unreinforced concrete exhibit a 
marginally higher mean value but also variation coefficient as compared to the ones in SFRC.  

5.2 Tests with product B 

As exemplary seen in Figure 3 the bond failure mode is also partially associated to shearing-
off of the bonding mortar at the thread/mortar interface, but also to loss of the concrete/mortar 
bond, and the load-displacement performance of the anchors, as shown in Figure 5, indicates 
this behaviour (see also Table 2). In the case of product B and properly prepared boreholes in 
SFRC, the load-displacement development of bonded anchors reaches a peak and then it has a 
distinct decreasing branch in the post-peak region, which implies a development of bond 
damage, which can, in turn, be attributed to gradual damage of the mortar material. In plain 
concrete, the post-failure displacement is flatter, indicating a strong friction component, which 
can be attributed to a mixed failure surface shared between the mortar/concrete and the 
mortar/thread interfaces. Besides, tests in SFRC exhibit a nearly 10% higher bond strength 
compared to plain concrete, and with much lower variation (2.6% against 7.5% respectively). 
Should the outlier be accounted for in test series B2, the mean value would be slightly reduced 
and the coefficient of variation would reach a similar value to the B1 series. In all cases, the 
coefficient of variation remains at a quite narrow range for typical fastening test sets. In 
boreholes without cleaning, the load resistance is dramatically decreased to less than 45% of 
the nominal value. In these cases, the load-retention development is virtually parallel to the X-
axis, denoting a friction component during pull-out after complete loss of bond in the concrete 
borehole interface with the mortar. Although the displacements at maximum load are observed 
for very large displacements, the loss of reliable load-bearing actually occurs at a displacement 
of 1 mm or less, much lower than in the adequately prepared boreholes. The results hence 
suggest some contribution of the steel fibres in the resistance of the concrete mortar interface 
and a consequent increase of the pull-out bearing performance of the specific anchors in SFRC 
for bonded anchor systems with higher strength mortars and good installation quality.   

 Figure 2: Typical pattern of failure in boreholes with correct preparation (left) and 
substandard cleaning (right), and detail of failure at the mortar/steel thread interface under 

good bonding conditions in SFRC – Product A 

Figure 3: Typical pattern of failure in boreholes with correct preparation (left) and 
substandard cleaning (right), both failing with shear mortar failure at thread/mortar interface 

conditions in SFRC – Product B 
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Figure 4: Load displacement curves of confined pull-out tests- Product A 
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Figure 5: Load displacement curves of confined pull-out tests- Product B 
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Table 2: Overview of pull-out test results normalized by A1/B1 mean value as reference 
(standard installation in plain concrete) 

Test ID Mean failure load 
[-] 

Coef. of variation 
[-] 

Mean displacement at failure 
[mm] 

A1 1.00 0.091 1.6 
A1x 0.68 0.089 1.8 
A2 0.98 0.025 1.5 
A2x 0.68 0.250 3.4 
B1 1.00 0.075 2.7 
B1x 0.44 0.074 8.5 
B2 1.10 0.026 3.0 
B2x 0.47 0.088 11.0 

6 CONCLUSION 

The present paper contributes to the current technical discourse of the influence of steel fibre 
reinforcement in concrete on the installation quality and load-bearing performance of post-
installed bonded anchors. It initially presents background technical information and relevant 
studies which then lead to a description of the experimental investigations and their results. The 
results suggest that a mild increase in bond strength can be expected in SFRC when high-
strength mortars are used, i.e. when the load-bearing of the anchor relies strongly on the 
concrete-mortar interface. Inadequate borehole cleaning prior to injection of the resin and 
installation of the bonded anchor leads to a dramatically reduced resistance of the anchor 
apparently associated with a substantial loss of interface bond at this part of the anchoring 
system. This significant quality issue is by far more relevant to the performance of the anchors 
than the use of different materials, while the difference in performance shown for adequately 
installed anchors disappears when the borehole is not cleaned properly. A slightly varying load-
bearing performance under pull-out is observed between plain concrete and SFRC, but this may 
also be attributed to overall variability related to low installation quality. For anchors prepared 
and installed per the recommended procedures, those for Product A do not show a strong 
influence of the anchor performance by steel fibres in the concrete mix, while failure occurs 
predominantly at the mortar-thread interface by shearing-off of the mortar. Anchors installed 
by means of Product B exhibit an approx. 10% higher overall resistance in SFRC. Further 
investigations on finer quality influences such as the roughness of the internal borehole surface, 
the drilling method, as well as variations in the fastening products and concrete/SFRC mixes 
can allow an improved insight on possible influences of steel fibre reinforcement on the 
performance of bonded anchors in concrete. Moreover, this can lead to a clearer understanding 
of the combined bond and breakout failure mode, and consequently the load capacity 
dependence on both the borehole quality and the concrete homogeneity and quality close to the 
free surface of SFRC components. 
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ABSTRACT 

Due to the progressive development in the field of concrete production, high-strength concretes 
are used more often and are nowadays indispensable especially for highly loaded engineering 
structures. In addition to the question of the static load-bearing capacity, a secure prediction of 
the behavior under high cyclic loading plays the major role in the design process. Exemplary 
are wind exposed structures like wind turbines, which have to withstand up to N = 109 load 
cycles during service life. 

As part of a joint research project to investigate the material fatigue of wind turbines made of 
reinforced and prestressed concrete, the Technische Universität Dresden dealt with the bond 
behavior of high strength concrete and steel reinforcement in the high cycle fatigue range (N > 
2·106).  

The experimental program included 67 quasi-static and 56 cyclic pull-out and beam-end tests 
with two high-strength concretes classes, C80 and C120, and one normal strength concrete. The 
tests were carried out with reinforcing bars with a diameter ds = 16 mm and a bond length of 
2·ds. The majority of the tests were performed with a loading frequency of 5 Hz and up to 20 
million load cycles. Some specimens were also cyclically loaded with twice and four times the 
frequency. 

The presented article deals with the experimental and instrumental setup and test results of bond 
fatigue tests. The influences of concrete strength and loading frequency are discussed 
particularly. In addition, the results are classified in context of existing studies and S-N curves. 

1  INTRODUCTION 

1.1   Bond of high strength concrete 

The majority of experimental investigations on the bond behavior were carried out with normal 
strength concrete (NSC) with pull-out tests according to RILEM [1]. Therefore, normative 
design approaches and constructive rules are based on findings on NSC. Usually, the same 
regulations are applied to high strength concrete (HSC), without taking the better performance 
into account. An example of this is the bond model of the fib Model Code 2010 [2], which is 
based on the research by Eligehausen et al. [3]. As a conclusion from the results of 125 pull-
out tests with a bond length of five times the bar diameter ds, they introduced recommendations 
for a bond model for different boundary conditions. The influence of the concrete strength was 
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derived from the bond stress-slip curves of seven tests with a NSC fc’ ≈ 30 MPa and two tests 
with a NSC fc’ ≈ 55 MPa. For the correlation between bond strength and concrete strength, the 
relation 𝜏𝜏𝑢𝑢𝑢𝑢𝑢𝑢~�𝑓𝑓𝑐𝑐′ was chosen and later adopted by the fib Model Code (see Figure 1). 

 

𝜏𝜏(𝑠𝑠) =

⎩
⎪
⎨

⎪
⎧
𝜏𝜏𝑢𝑢𝑢𝑢𝑢𝑢 ∙ (𝑠𝑠 𝑠𝑠1⁄ )𝛼𝛼;                           𝑠𝑠 ≤ 𝑠𝑠1
𝜏𝜏𝑢𝑢𝑢𝑢𝑢𝑢                                               𝑠𝑠1 < 𝑠𝑠 ≤ 𝑠𝑠2
𝜏𝜏𝑢𝑢𝑢𝑢𝑢𝑢 − �𝜏𝜏𝑢𝑢𝑢𝑢𝑢𝑢 − 𝜏𝜏𝑓𝑓� ∙ �

𝑠𝑠 − 𝑠𝑠2
𝑠𝑠3 − 𝑠𝑠2

�
𝜏𝜏𝑓𝑓                                                  

𝑠𝑠2 < 𝑠𝑠 ≤ 𝑠𝑠3
𝑠𝑠3 < 𝑠𝑠

 

 Parameter     Model Code           Huang et al.  
  NSC HSC 
s1 [mm] 1.0 1.0 0.5  
s2 [mm] 3.0 3.0 1.5 
s3 [mm] cli cli cli 
α 0.4 0.4 0.3 
τult 2.5 ∙ �𝑓𝑓𝑐𝑐𝑐𝑐 0.45·fcm 0.45·fcm 
τf/τult 0.40 0.40 0.40 

Figure 1: Equations and parameters of the local bond-slip relationships by [2] and [7] 
 
When it comes to HSC, it should be mentioned that the definition of it has shifted significantly 
in recent decades and still differs regionally today. In the USA of the 1950s, for example, 
concretes with fc > 34 MPa were considered high-strength [4]. The development of 
superplasticizers in the 1970s and the use of silica fume significantly improved the workability 
and quality of high strength concretes. Nevertheless, in Germany, for example, concretes with 
fck > 50 MPa were not regulated by standards until 25 years ago. 

The first comprehensive investigations of the bond behavior of HSC were carried out by 
Zhiming and Zhiman, among others, on 62 pull-out specimens [5]. They tested three concretes 
with a compressive strength between 60 and 100 MPa and also varied the bar diameter, the 
bond length and the degree of transverse reinforcement. Since all specimens had a cylindrical 
shape with a diameter of 100 mm, the relative concrete cover varied between c/ds = 1.0 and 
3.67 depending on the bar diameter. Due to this circumstance, the majority of the specimens 
failed by splitting, unless transverse reinforcement was placed. Based on the test results, they 
concluded that the bond strength τult is proportional to the splitting tensile strength and is 
dependent on the relative concrete cover (see Equations 1 and 2). 

𝜏𝜏𝑢𝑢𝑢𝑢𝑢𝑢 = 2.43 ∙ 𝑓𝑓𝑐𝑐𝑢𝑢,𝑠𝑠𝑠𝑠 ∙ �𝑐𝑐 𝑑𝑑𝑠𝑠⁄  (1) 𝜏𝜏𝑢𝑢𝑢𝑢𝑢𝑢 = 0.846 ∙ 𝑓𝑓𝑐𝑐𝑢𝑢0.75 ∙ �𝑐𝑐 𝑑𝑑𝑠𝑠⁄  (2) 

In the same period, Noghabai et al. [6] investigated specimens with a bond length of 2.5·ds and 
a concrete strength up to fc,cube100 ≈ 90 MPa. Compared to the NSC, the bond behavior of the 
HSC showed a much stiffer course in the rising branch and reached a bond strength up to τult = 
35 MPa. These results are in good agreement with the findings from Huang et al. [7] and thus 
confirm their approach of a local bond model for HSC. Based on results of 28 pull-out tests 
with a bond length of 2.5·ds, they introduced a linear approach to describe the maximal bond 
stress τult in case of pull-out failure for normal and high strength concrete (see Figure 1). 

1.2 Bond under cyclic loading 

First investigations on the bond behaviour under cyclic loading were already executed with 
plain steel bars in the 1930s. Besides the experiments of Perry & Jundi (1969), Rehm & 
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Eligehausen [8] conducted the early major studies with ribbed reinforcement steel. They used 
cylindrical pull-out specimens with a bond length of 3·ds and exposed them to various loading 
levels for a lower stress level of Smin = 0.1 and 0.3 of the static bond strength. A test ended 
either by a pull-out failure or after 1 million load cycles. They also published the first Wöhler 
lines (S-N curves) for bond of reinforced concrete. As shown in Figure 2 left, there is a 
dependence on the lower stress level. With the same stress range, fewer load cycles can be 
sustained by increasing the lower stress level. This effect is also known for the fatigue behaviour 
of concrete under compression [9].  

    
Figure 2: Wöhler lines according to [8] and [10] and bond behavior under monotonic 

(middle) and cyclic loading (right); Taken from [12]  
 
Eckfeld & Curbach [10] also noticed this effect. They performed 60 pull-out tests with high 
strength concrete with a compressive strength varying from 60 MPa up to 100 MPa. The 14 
mm reinforcement bar was either casted centrically or in an excentric position in the sample 
with a bond length of 2·ds. Compared with the approach from Rehm & Eligehausen, the S-N 
curves from Eckfeld & Curbach show a steeper decline, thus a shorter fatigue lifetime is 
predicted. Balázs [11] investigated the influence of the bar diameter, bond length, concrete 
strength and the load level on bond fatigue on pull-out specimens. One of his findings was, that 
the slip at the transition from phase 2 to phase 3 roughly corresponds to the slip under the 
maximum bond stress in monotonic pull-out tests sult (see Figure 2 middle and right). According 
to Balázs, this value can therefore be considered as a safety criterion with regard to fatigue 
failure of bond.  

The focus of the investigations by Lindorf and Curbach [12] was on the effects of transverse 
tension on the bond behavior under cyclic loading. In total, the test program included 133 high-
cycle pull-out tests (up to 106 load cycles) with four different load ranges and three different 
longitudinal crack widths. The bond length was set to 10·ds and three types of concrete with 
fcm ≈ 40 up to 60 MPa were used. Based on the results, they found that with increasing 
longitudinal crack width, starting slip s0 increases as well as the slip growth, which means an 
acceleration of the accumulation of damage. Furthermore, Lindorf and Curbach also established 
Wöhler lines of the bond under transverse tension.  

However, the experiments of all the named studies were finished by maximum of 1 million load 
cycles and were conducted with pull-out tests. Hence, there is a lack of knowledge about the 
high cycle fatigue range (N > 2·106) and the behaviour with less confinement of the bond. 
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2 EXPERIMENTAL METHODS 

2.1 General 

In order to investigate the effects of a high cycle pull-out loading on the bond between concretes 
of different strength and reinforcing steel in more detail, a corresponding test program with two 
working packages (WP) was carried out as part of the joint research project WinConFat at the 
Institute of concrete structures at Technische Universität Dresden (TUD). During the project 
16 preliminary tests, 55 static reference tests and 52 tests with cyclic loading were carried out 
on pull-out (PO) and beam-end specimens (BE). A normal-strength concrete (C40) and two 
high-strength concretes (C80 and C120) were tested in connection with Ø16 reinforcement bars 
made of BSt 500B (fyk = 500 MPa). The test program is shown in Table 1. 

Table 1: Experimental test program 

WP Test Load frequency Number of tests 
  [Hz] C40 C80 C120 

Preliminary BE - - - 12 
5 - - 4 

2.2 
BE – 8 6 11 

5  8 6 12 

PO – – 12 6 
5  – 8 6 

2.3 BE 
– – 12 – 

10  – 6 – 
20  – 6 – 

Σ   16 56 51 
 

2.2 Bond length and specimen’s properties 

An essential test parameter that had to be determined was the bond length. The task was to find 
a compromise between two approaches. Assuming a constant bond stress distribution, local 
interferences or imperfections are mediated accordingly with a longer bond length and thus 
have less influence on the test results and their scatter. On the other hand, the required pull-out 
force Fult, which represents the static reference value for cyclic tests, increases with increasing 
bond length. According to MC2010 [2], for a rebar Ø 16 mm and a number of load cycles N = 
107, the bearable stress amplitude is ΔσRsk = 162.6 MPa. If the fatigue strength of the reinforcing 
bar is used as a limit value, a maximum related bond stress range Δτ results as a function of the 
bond length lb according to equation 3. 

∆𝜏𝜏 = (𝛥𝛥𝜎𝜎𝑅𝑅𝑠𝑠𝑅𝑅 ∙ 𝐴𝐴𝐵𝐵𝐵𝐵𝐵𝐵) (𝜏𝜏𝑢𝑢𝑢𝑢𝑢𝑢 ∙ 𝐴𝐴𝐵𝐵𝐵𝐵𝐵𝐵𝐵𝐵)⁄ = 𝛥𝛥𝜎𝜎𝑅𝑅𝑠𝑠𝑅𝑅 ∙ 𝑑𝑑𝑠𝑠 4 ∙ 𝜏𝜏𝑢𝑢𝑢𝑢𝑢𝑢 ∙ 𝑙𝑙𝑏𝑏⁄  (3) 

The bond strength for high strength concretes can be estimated using the linear approach of 
Huang et al. [7]. According to the Wöhler lines of bond by Rehm and Eligehausen [8], failure 
due to bond fatigue occurs for N = 106 and a lower stress level of Smin = 0.30 at a related 
amplitude of approx. Δτ ≈ 0.40 to 0.50. For such related amplitudes, the related bond length is 
derived from eq. 3 at an average concrete compressive strength of fcm =120 MPa to lb = 1.5 to 
2.0·ds. Longer bond lengths would result in a stress amplitude of Δσ > 162.6 MPa for the 
reinforcing bar and very likely cause a fatigue failure. For lower concrete strengths, longer bond 
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lengths are feasible (see Figure 3). A bond length of lb = 2·ds or 32 mm was chosen in order to 
investigate bond fatigue also for the concrete C120. 

 
Figure 3: Maximum bearable bond stress range Δτ for N = 107 as a function of the related 

bond length for various concrete strengths fcm 
 
The predominant number of experiments were conducted with the beam-end test (91 in total). 
To compare the performance of this test setup 32 classical pull-out test were carried out, too. 
The pull-out tests were configured according to the specifications from RILEM [1] with 
200 mm cubes and a cover of 92 mm (c = 5.75·ds), but with a lead length of 120 mm and the 
chosen bond length lb = 2·ds.  

Unlike the pull-out test, there is no defined standard for the beam-end test and the specimen 
dimensions. The ASTM Guideline A944-10 [13] provides some guidance on the principles of 
this test setup, but recommends dimensions that are inappropriate for the specific purpose of 
this examination. The used beam-end specimen configuration was designed in dependence on 
the guideline, but was also modified in coordination with the RWTH Aachen University, which 
investigated bond behavior under cyclic push-in loading as part of the joint research project 
[14]. The chosen geometry is shown in Figure 4. 

 
Figure 4: Configuration of beam-end specimens 

 
Plastic tubes with Ø 25 mm were used to adjust the bond length. The concrete cover was set to 
2·ds or 32 mm, what is within the range of construction practice range. But according to 
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Vandewalle [15] a splitting failure is to be expected with concrete covers of less than 2.5·ds. To 
prevent this sudden failure, transverse reinforcement in the form of two Ø6 stirrups was placed 
within the bond zone. Another two stirrups were positioned at both ends of the specimen.  
The two longitudinal bars Ø12 ensure the load transfer within the specimen in case of transverse 
cracking. The cross-section of the two longitudinal bars should exceed the cross-section of the 
pull-out bar so that a fatigue failure of the longitudinal bars does not become decisive. The two 
Ø8 bars are used exclusively for assembly purposes of the stirrups. The unbonded lead length 
was chosen to be 120 mm or 7.5·ds in all test specimens. In addition, the arrangement of the 
ribs was always carried out according to the detail in Figure 4. 

The specimens were cast in series of four samples out of the same batch. The bar was placed in 
horizontal position during casting and the beam-end specimens were concreted upside-down to 
ensure good bonding conditions. After demolding the samples were covered with moist cloths 
for 6 days and then stored indoor until testing, which took place after 56 days at the earliest. 
Accompanying each batch, six 100 mm cubes were produced to determine the compressive and 
splitting tensile strength. In separate series standard cylinders, cubes as well as specimens for 
bending tension and centric tension were tested to obtain conversion factors for all types of 
concrete. 

2.3 Experimental setup and test procedure  

To operate the experimental program a test setup was developed and built at the Otto Mohr 
Laboratory of the TUD. To allow the simultaneous testing of two specimens, two identical 
hydraulic cylinders were attached on steel angles in a horizontal position. Those are mounted 
on a 2.0 m wide by 3.0 m long base plate which is decoupled from the ground by elastomeric 
bearings. T-slot groves in the longitudinal direction of the base plate allow variable options for 
attachments and thus both specimen types were tested with this test stand.  

All attachments needed to be designed in respect to the cyclic loading and thus very sturdy. 
Special attention was paid to the load application. The preferred solution were self-made 
connectors made of a half MBT rebar coupler by ANCON and a coupler for a 26 mm coarse 
threaded rod. Both parts were bonded together with a high-quality welded seam. 

 
Figure 5: Measuring setup (left and center) and characteristic crack pattern (right) for a 

beam end specimen 
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By default, the slip at the unloaded end of the bar was measured for all samples by contact-free 
displacement transducers (LVDT). For beam-end tests another LVDT was attached at the 
loaded end and two more LVDTs were placed right above the bond zone, one in longitudinal 
and one in transverse direction, to record the growth of cracks on the upper surface (see Figure 5 
right). The measurement distance is 100 mm for both of them. The forces were measured with 
load cells, which are connected with the hydraulic cylinders. In addition, the machine stroke 
and temperature were recorded via sensors on the test stand. 

The monotonic tests were executed path-controlled and all signals were sampled with a rate of 
5 Hz. The same procedure was followed for the cyclic test when starting up to mean load. 
Subsequently, the cyclic load was applied force-controlled in the range between Smin and Smax 
depending on Fult. At a load frequency of 5 Hz, the first 3000 load cycles were recorded 
continuously at a measuring rate of 150 Hz. The further recording was carried out in interval 
measurement every 15 minutes. If the slip at the unloaded end reached 1.5 times the static 
reference value, this was defined as an indicator of near failure and the continuous measurement 
was active. At the higher load frequencies, correspondingly higher measurement rates were 
used. The development of the test stand and the design of the beam end specimen was a process 
that was accompanied by preliminary tests. The test results of those already confirmed some 
assumptions and helped to optimize the test configuration. More information about this can be 
found in [16]. 

3 RESULTS 

3.1 Material properties 

In the tests carried out, one normal strength concrete named C40 and two high strength 
concretes named C80 and C120 were used. These two are self-compacting concretes, whereas 
the C40 must be compacted. All kinds of concrete have a maximum grain size of 16 mm. The 
compressive strength and splitting tensile strength were determined on 100 mm cubes (see Table 
2). The cylinder compressive strength was calculated with a conversion factor, which was 
determined in advance for each concrete with six standard cylinders (d = 150 mm). 

Table 2: Mean concrete properties for an age of at least 28 days 

Type fc,cube100  

[MPa] 
cal. fc,cyl 

[MPa] 
fct,sp,cube100 

[MPa] 
fc,cube100/fct,sp,cube100 

[–] 
E-Modul 

[MPa] 
C40 56.6 49.2 3.9 14.5 34000 
C80 111.9 95.6 5.5 20.3 40800 

C120 137.7 119.7 7.1 19.4 51900 
 
It should be noted that the concretes experienced a partly significant increase in compressive 
strength even after 28 days. For example, an average strength of fc,cube100 = 150.4 MPa was 
achieved for the C120 with a minimum age of 168 days. In addition, the tensile strength of the 
C40 is 35% bigger than those of both HSCs in relation to the individual compressive strength. 
The nominal bar diameter ds is 16 mm in all tests and the pull-out bar is made of B500 B (yield 
strength fyk = 500 MPa). For monotonic loading the bars were provided with a pressed-on sleeve 
to apply the loading. 
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3.2 Static tests 

A total of five combinations of concrete types and specimen types were investigated. Out of the 
four samples per series, two specimens were usually subjected to a monotonic load increase 
after a minimum age of 56 days and thus provided the static reference strength for the cyclic 
tests. Table 3 gives an overview of the static test results with mean values (MV) and coefficients 
of variation (CV).  

Table 3: Mean values and coefficients of variation for static test results 

Measured variable C40 - BE C80 - BE C80 - PO C120 - BE C120 - PO 
Quantity n [-] 8 18 12 11 6 
calc. fc,cyl MV [MPa] 47.0 94.3 96.3 120.1 131.2 

τ0.10 
MV [MPa] 18.5 32.4 31.9 38.4 44.0 
CV [%] 11.7 7.7 7.0 7.4 3.4 

τult 
MV [MPa] 24.9 36.8 41.8 44.2 57.2 
CV [%] 10.4 5.5 6.3 3.5 3.8 

Fult MV [kN] 40.0 59.2 67.2 71.1 92.0 

s0,ult 
MV [mm] 0.50 0.27 0.71 0.27 0.96 
CV [%] 23.7 29.5 63.5 27.7 49.2 

 
Looking firstly at the influence of the concrete type, it becomes obvious that the bond resistance 
increases with increasing concrete strength. All test results are above the approach according to 
MC2010 [2] (see Figure 6 left). On the other hand, there is good agreement with the linear 
approach according to Huang et al. [7], although this applies especially to the PO setup. Up to 
a slip value of 0.1 mm, the bond stresses τ0.10 for PO and BE tests of the same type of concrete 
are at a comparable level (see Table 3 and Figure 6 middle). Accordingly, up to this slip the BE 
specimens provide a sufficient confinement effect due to the cover of 2·ds, whereby the bonding 
conditions are comparable to those in the PO specimen.  

   
Figure 6: Relationship of bond strength τult to compressive strength fcm (left), average curves 

of the bond stress-slip relationships (middle) and longitudinal crack width to slip curves 
(right); in brackets: Number of individual tests 

 
The further increase in slip was associated with damage to the surrounding concrete in the BE 
specimens, which was followed by transverse and longitudinal cracking (Figure 5 right and 
Figure 6 right) and a rapid decrease in bond resistance (Figure 6 middle). The behavior can be 
categorized as splitting induced pull-out failure. In the PO tests, failure occurred due to shearing 
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the concrete between the ribs, which was documented with the typical bond stress-slip curves 
with plateau part. For both high-strength concretes, failure in the BE tests occurred at an average 
slip of 0.27 mm with a scatter of less than 30%. However, the results of the PO tests, revealed 
an average slip between s0,ult = 0.71 and 0.96 in case of failure with a scatter twice as big. 

The bond behavior of the C40 was investigated exclusively on BE specimens. An average pull-
out force of Fult ≈ 40.0 kN was achieved, with no cracks detected on the surfaces of the samples. 
The type of failure is characterized by the slow decrease of the bond stress-slip curve after 
exceeding the maximum and can therefore be called pull-out failure. The reason for the different 
behavior towards the HSCs is most likely due to the higher relative tensile strength of the C40. 

3.3 Cyclic tests 

As the results of the static tests confirmed the approach of Huang et al. [7], the maximum bond 
stress range was limited to Δτ ≈ 0.40. Anyway, according to Rehm & Eligehausen [8], failure 
due to bond fatigue is unlikely for this stress range even for Smin = 0.30. Therefore a consistent 
lower stress level Smin = 0.40 and different upper stress levels of Smax = 0.75 to 0.80 of the series-
related static reference strength Fult were used for the cyclic tests. Within the scope of work 
package 2.2, 40 specimens were tested with a loading frequency of 5 Hz. For 26 of the cyclically 
tested specimens, failure occurred due to bond fatigue at load cycles between Nmax = 2·10³ and 
107. Due to this big scatter and the little differences of the upper stress level, the Wöhler line 
averaged over all test results runs almost horizontally (see Figure 7 left). 

  
Figure 7: Relation of the upper stress level Smax to the applied number of load cycles N (left) 

and slip-load cycle curves in relative display (right); in brackets: Number of evaluable 
individual tests 

 
In the comparison of the three concretes, a slightly lower fatigue resistance was observed for 
the C80, whereas similar values were obtained for the C40 and the C120. Based on the applied 
number of load cycles no differences in fatigue behavior were found between PO and BE tests. 
To compare the slip development of different tests with each other, the load cycles were 
normalized to 100% with the number of applied load cycles Nmax for each test. The relative 
number of cycles thus reflects the progress of deterioration. In general, the three phases of 
fatigue behavior can be observed in all obtained slip-load cycles curves. The non-linear slip 
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increase at the beginning (10 to 20 % Nmax) is followed by a quasi-constant increase up to 
approx. 80 % of the number of cycles to failure. Phase 3 then begins with an exponential 
increase until failure. Similar to the static bond behavior, the curves of PO tests and with the 
concrete C40 show a larger obtainable slip growth than those of all other configurations (see 
Figure 4 right). On average, slip values of s0 ≈ 0.9 mm were achieved for these two 
configurations after 80% of Nmax, whereas slip in the range of 0.3 to 0.4 mm was measured in 
the remaining BE tests at this degree of damage. In a comparison of the three concretes, a later 
beginning of failure and thus more brittle behavior tends to be observed with increasing 
strength. It was also found that the average slip value s0,ult of the corresponding static reference 
tests was exceeded by approx. 50 % at the end of phase 2. Hence, a bigger deformation is 
required under tensile fatigue loading in order to achieve failure than under monotonic load 
increase. For specimens without failure after 107 load cycles, the slip reached approximately 
the static reference value on average. Furthermore, it should be mentioned that especially for 
the configuration C120 - PO several tests were stopped prematurely because of fatigue failure 
of the bar or the load application or because this event should be avoided. Therefore, there is 
no slip-load cycles curve provided for this configuration. 

Within the scope of work package 2.3, the influences of loading frequency and velocity on the 
fatigue behavior of the bond were investigated with the frequencies 10 and 20 Hz on six BE 
specimens each with concrete C80. The different slip-load cycle curves show a stiffer or more 
brittle behavior with increasing test frequency (Figure 7 right). The reasons for this could be 
the shortening of the test duration and the accompanying reduction of time-dependent effects 
such as creep and homogenization of the microstructure.  

Based on the achieved number of cycles to failure, the test results indicate that the fatigue 
resistance increases with increasing load frequency. It can be assumed that the dynamic increase 
factor DIF is part of the reason. High test frequencies mean correspondingly high loading 
velocities, which lead to an increase in the bond strength [17]. The velocity-dependent increase 
in the reference strength reduces the effective stress level, which favors higher numbers of load 
cycles.  

3.4 Residual static bond strength after cyclic loading 

Of the two work packages, a total of 19 cyclic tests ended without bond fatigue failure. The 
residual static strength of the bond was determined after the cyclic testing for 15 of these 
specimens. Regardless of the concrete type, the residual strength was on average 5% above the 
corresponding reference strength from static tests. Causes for the apparent increase in resistance 
can be the scattering of the static bond strength, the age-dependent strengthening of the concrete 
as well as a homogenization of the concrete structure due to cyclic loading. 

4 DISCUSSION 

The large scatter of results on fatigue behavior is caused by several reasons. Even with a bond 
length of only twice the bar diameter, static pull-out forces corresponding to 60 to 90% of the 
characteristic tensile strength of the reinforcing bar were achieved for both high-strength 
concretes. However, the fatigue strength of a Ø16 rebar for N = 107 is just about one third of 
the static tensile strength. Accordingly, the relative load range had to be limited to a maximum 
of 40% of the static bond strength. High lower stress levels result in a flattening of the Wöhler 
line in concrete and a high sensitivity of the upper stress level to the fatigue resistance. Hence, 
changes in the upper stress level of +/- 2% led partly to a change of Nmax by a factor of 100 to 
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1000. The investigated corridor of the upper stress levels is also within the scatter range of the 
static bond strength. Variations of this reference value had a correspondingly big influence on 
the results of cyclic testing. Despite the careful preparation of the samples, tests with very short 
bond lengths are usually susceptible to local imperfections, which favors the scattering of the 
results. Other effects, such as the age- and velocity-dependent strengthening of the concrete, 
make the interpretation of the test results even more difficult. The influences mentioned lead to 
the fact that the specific stress level of a test specimen cannot be quantified with certainty, or is 
within a relatively wide corridor. In combination with the high sensitivity in regard to the upper 
stress level, this explains the large scattering of the load cycle numbers achieved.  

As a result of the investigations carried out, it can be stated that a fatigue failure of the bond 
can be quasi excluded for high-strength concretes (fcm ≥ 90 MPa) from a practical construction 
point of view. Already for a bond length of 2·ds, fatigue failure of the reinforcing bar occurred 
occasionally during the tests. With regard to the normative minimum anchorage length of 10·ds, 
it can be assumed that the static bond resistance of high-strength concretes already exceeds the 
tensile resistance of the reinforcing bar multiple times. Consequently, under cyclic loading, the 
rebar is subjected to a higher relative stress level than the bond and fails earlier due to fatigue. 
For normal strength concretes, failure due to bond fatigue is considered unlikely if normative 
anchorage lengths are respected. A separate consideration is recommended in the case of 
transverse tension, as this reduces the bond resistance under static and cyclic loading [12]. 

5 CONCLUSION 

Within an experimental program with 67 static and 56 cyclic tests, the bond behavior of one 
normal-strength and two high-strength concretes with a reinforcement bar Ø16 was investigated 
by means of pull-out and beam-end specimens. The static tests showed a proportional 
relationship between the bond strength and the compressive strength of the concrete, which is 
in good agreement with the approach of Huang et al. [7]. In contrast, the approach of Model 
Code 2010 [2] underestimates the bond strength for high-strength concrete by up to 50%.  

In the cyclic tests with consistent lower stress level of Smin = 0.40 and variable upper stress 
levels of Smax = 0.75 to 0.80, of the static reference strength, 2·10³ and 107 load cycles could be 
applied until bond fatigue failure occurred. This results in an almost horizontal Wöhler line. 
The reasons for the large scatter of the test results are due to the high sensitivity with regard to 
the upper stress level and the variation of the reference strength. The beginning of failure in the 
cyclic tests occurred on average at a slip of 1.5 times the static reference value, what means a 
bigger deformation is needed to produce bond failure. As a result of the investigations, it can 
be stated that a fatigue failure of the bond can be quasi excluded for high-strength concretes 
under practical conditions.  
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ABSTRACT 

High temperatures and fire are definitely among the various exceptional load situations RC 
structures are required to resist, as demonstrated by the extensive research activity performed 
so far, from the behavior of cementitious materials to that of single members and entire 
structures. Reinforcement-concrete bond, however, has become a hot issue at a relatively late 
stage, with an acceleration in the new millennium. The objective of this paper is to recall some 
of the major issues treated in the literature since the last conference “Bond in Concrete” 
(Brescia, Italy, 2012) and still open to investigation, such as: (1) bond micromechanics in fire; 
(2) bond stress-slip law as a function of the temperature; (3) the role of polypropylene, steel
and hybrid fibers; (4) tension stiffening in fire; and (5) bonded fasteners in fire. This re-
examination takes advantage of the tests performed in Milan in the last decade on bond-stress
distribution along anchored bars in fire, pull-out vs. splitting failures, in-fire capacity of post-
installed fasteners and tension stiffening at high temperature. Only by improving the knowledge
– and the modelling - of the basic resisting mechanisms, bond included, today’s refined FE
codes will provide rational structural responses based on clearly-recognizable contributions.

1 INTRODUCTION 

Bond is by all accounts one of the three pillars of any R/C structure subjected to bending and 
shear, together with concrete strength in compression and reinforcement strength in tension. 
However, contrary to the other two pillars – that are deeply rooted in the natures of the materials 
- bond depends on a variety of parameters related to the chemo-physical and mechanical
behavior of the materials, to the shape and arrangement of the reinforcement, and to the
protection offered by the concrete to the reinforcement. Bond effectiveness cannot, therefore,
be given for granted, even if the plurality of bond-related resisting mechanisms generally makes
bond little sensitive to each single cause of distress, as extensively demonstrated in many
studies, bulletins and proceedings (fib Bulletin No.10 “Bond Models”, 2000; 3rd and 4th Bond-
in-Concrete Conferences, 2002 and 2012, to limit one’s attention to a few well-known
documents published in the actual millennium).

Among the causes of bond distress, high temperatures and fire play a sizeable role (RILEM, 
1985; Bažant and Kaplan, 1996; ACI, 1998), as documented also in several studies spanning 
the last twenty-thirty years, with an acceleration in the past decade. In fact, these phenomena 
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(a) affect the properties of both the materials (concrete, steel and other organic or inorganic 
structural materials) and the interface between the concrete and the reinforcement, and (b) limit 
the ability of bond to take upon itself the following well-known tasks (Gambarova, 2012):  

• to guarantee the cooperation between the concrete and the reinforcement in tension, 
providing concrete members the tensile strength, that concrete as such is deprived of; 

• to guarantee the same cooperation in compression, limiting creep in concrete;  
• to allow the reinforcement to control – and limit – cracking; 
• to stiffen R/C members in bending or tension after cracking, via tension stiffening; 
• to provide R/C members the ductility and strength, that come from the composite action of 

concrete and reinforcement, even in extreme load conditions (impact, blast, fire, ...); 
• to provide concrete the anchoring ability, that is required to guarantee the effectiveness of 

any embedded reinforcement, inclusive of pre-tensioned strands and bonded fasteners; and 
• to allow the fibers – metallic, organic and inorganic – to adhere and stick to concrete in 

order to increase concrete toughness and even provide a strain-hardening behavior.   
Looking at the events devoted to structures in fire in the last decade (4 SiF Conferences from 
2010 to 2016; SiF 2018 and Sif 2020) and at the two most recent symposia on fire safety 
(IFireSS 2017/19), among more than 220 papers on (a) concrete and concrete structures in fire, 
and (b) fire safety of concrete structures, 10% of the papers is focused on bond, while less than   
5% can be found in specialty symposia focused on bond as such (BiC 2002 and BiC 2012). No 
wonder, as in Structural Fire Engineering the primary issue is the impact of fire on the structural  
performance, where the loss of bond due to cover damage - and even cover expulsion, called 
thermal spalling – plays a major role. As for bond as such, fire is just one of the many hot issues, 
and impact, fatigue, corrosion, cyclic and dynamic loading have the upper hand. 

Bond degradation in fire is still a topical issue for both ordinary concrete and innovative 
cementitious composites. In the former case, see - for instance – Choi et al. (BiC 2002); Chiang 
and Tsai (2003); Haddad and Shannis (2004); Bingöl and Gül (2009); Lublóy and Balázs 
(2012); Aslani and Samali (2013); Gambarova (2012); Agrawal and Kodur (2016); Bošniak et 
al. (2017); Lublóy and Hlavička (2017); Agnoletti et al. (2019); Khalaf and Huang (2019); 
Sharma et al. (2019); Banoth and Agrawal (SiF 2020); Muciaccia and Consiglio (2021); Haddad 
et al. (2008); and Varona et al. (2018) for fiber-reinforced concrete. As for innovative 
cementitious composites, Zhang and Yan (SiF 2014, for geopolymeric concrete) may be cited. 
Bars bonded to concretes with nontraditional aggregate have been investigated as well 
(Recycled Concrete Aggregate in Abu Yusuf et al., 2020; Zou et al., 2020). Not only bonded 
bars (even epoxy-bonded, like in Pinoteau et al., SiF 2014) but also lapped splices (Tonidis et 
al., 2021) have been studied, coupling experimentation and modelling (Huang, 2010; Khalaf et 
al., SiF 2014). Special issues, as tension stiffening in cracked concrete and thermal spalling 
(Bamonte et al., BiC 2012; Lo Monte and Gambarova, 2014) have been treated as well.  

Bond in nonmetallic reinforcement, either pre-installed (CFRP bars in Lublóy et al., BIC 2002; 
Maluk et al., 2010; Thiago and Rodrigues, SiF 2018; FRP bars in Nigro et al., 2012; GFRP bars 
in Mousavi et al., IFireSS 2019) or post-installed near member surfaces (FRP in Yu et al., SiF 
2014; CFRP in Proia and Matthys, IFireSS 2017) has been – and still is - a top issue, with 
reference also to externally-glued strengthening laminates (Blontrock et al., BiC 2002) and to FRP 
incorporated into textile-reinforced mortars cast against existing concrete (Raoof and Bournas, 
IFireSS 2017). Needless to say, post-installed rebars can be metallic as well (Pinoteau et al., 
BiC 2012; Lahouar et al., IFireSS 2017, 2019; Muciaccia and Consiglio, 2021). 
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Bond  of  pre-tensioned strands (Fellinger and den Uijl, BiC 2002; Maluk et al., 2010;  Khalaf 
and Huang, SiF 2016) and of post-tensioned tendons (Wu et al., SiF 2020) is also raising further 
interest, with specific reference to some technological details like - in the latter case - the effect 
of the possible eccentricities inside the grouted ducts. 

Worlds apart in the domain of bond are: (a) bonded fasteners, whose behavior in fire has 
become quite recently a hot topic because of the structural relevance of  heavy-duty connectors 
installed in fire-sensitive structures, like tunnels and high-rise buildings (Lakhani and Hofmann, 
SiF 2018; Al-Mansouri et al., IFireSS 2019, 2019; Hlavička and Lublóy, IFireSS 2019); (b) 
post-installed rebars used in structural retrofitting and restoration (Pinoteau et al., 2017; Qamar 
and Muciaccia, 2019); and (c) steel pipes filled with concrete to make composite columns 
(where pipe-to-concrete bond – not treated here – plays a sizeable role).  

Starting from the complex behavior of bond along a bar (Fig.1a,b) and at the local level (Fig.1c), 
in this paper a number of issues thoroughly investigated in the past ten years is recalled and 
commented, making reference to some relevant papers on each subject, as well as to the tests 
performed in Milan by the authors: (1) bond micromechanics at high temperature; (2) bond 
stress-bar slip law as a function of the temperature; (3) bond and fibers; (4) tension stiffening 
in fire conditions; and (5) bonded fasteners in fire.   

 
                                                                                                                                                   

Figure 1: Bond mechanics along the bar (a,b) and at the local level (c), from BiC 2012.  

2  BOND MICROMECHANICS IN FIRE 

As well known, the properties of the concrete in contact with any reinforcement are very 
different from those of the bulk material (undisturbed concrete), and the concept of interface 
transition zone - ITZ clearly indicates the layer in contact with an obstacle, be it a bar or a large 
aggregate particle (Fig.2). In this zone, fines prevail and the water-binder ratio tends to be 
locally higher than in the bulk material, because of internal water bleeding. Hence, the ITZ is 
rich in portlandite (calcium hydroxide = Ca (OH)2), consisting in rather weak layered crystals. 

After a slight improvement in bond mechanical properties at temperatures up to 100°C (thanks 
to the enhanced hydration processes in the cement paste), bond starts degrading because of free 
water vaporization and expulsion, pore pressure, bound water dissociation, breakdown of 
siliceous aggregate and concrete microcracking in the ITZ due to restrained shrinkage. These 
phenomena mostly occur at temperatures below 400°C. Between 400 and 500°C portlandite 
dissociates into calcium oxide and water (largest contribution to bond degradation, Fig.3a), and 
between 500 and 600°C the quartz in the siliceous fines undergoes a change in the crystalline 

(c) 
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system, with a 0.85% volume increase, to the detriment of concrete integrity. Above 700°C, 
calcination starts (onset of concrete breakdown as structural material). 

In fire, bond mechanical degradation is even worse because of the high thermal gradients in the 
concrete during both the heating and cooling phase (Aslani and Samali, 2013), with (a) 
enhanced cracking and spalling in the cover, and (b) bond breakdown due to cover splitting 
rather than bar pull-out in ribbed bars. 

In ribbed bars, bond degradation at high temperature is initially close enough to that of concrete 
in compression, but becomes closer to that of concrete in tension (greater decay than in 
compression) above 500°C (Lublóy and Hlavička, 2017, Fig.4a; Sharma et al., 2019). 

In the end, concrete degradation makes bond predominantly controlled by interface interlock.    

 

3  BOND STRESS-BAR SLIP LAW AT HIGH TEMPERATURE 

Bond stress/bar slip law is the fundamental relationship of bond and may be considered as a 
sort of constitutive law (bond law or bond-slip law), as long as bond failure is accompanied by 
bar pull-out or push-off, since in this case bond mainly depends on local concrete properties, 
on the roughness of the bonded surface (macro or micro roughness) and on the stress state 
around the bar (due - for instance - to active confinement). However, should bond failure be 
caused by cover splitting, passive confinement and transverse reinforcement would come into 
play (Muttoni and Ruiz, BiC 2012), both at ambient and high temperature (RILEM, 1985). 

Also the type of test - from the very common pull-out test, to push-off and push-pull tests - 
affects the local bond law (Muttoni and Ruiz, and Auer and Stempniewski, both in BIC 2012). 
A short bonded length (≤ 5 bar diameters) is required in the tests, to make bond stress uniformly 
distributed. With reference to bond failure by splitting, more specific tests have been proposed 
as well, to take care of the clear cover of the bar with/without confining stirrups (Sharma et al., 
2019). Also tests under sustained loads (which is a typical situation in real fires) have been 
proposed and carried out, as concrete creep during the heating process increases the damage in 
the embedment (Muciaccia and Consiglio, 2021), though stirrup-induced confinement is very 
effective in preventing bond failure by cover splitting. In the end, bond decay under sustained 
loads is more severe than in residual conditions. Furthermore, at any temperature the material 
of the bar - either steel or reinforced polymers - affects bond behavior, because of the different 
bar stiffness and surface characteristics. Here reference is made to ribbed steel reinforcement.   

In the tests at high temperature under increasing load, the low-rate heating (necessary in all 
tests) should be followed by a rest period at the maximum temperature (whose duration has 

Figure 2: Interface Transition Zone – ITZ 
around a bar; from left to right: fresh/hardened 
state   without sf, and fresh/hardened state with 
sf ; pc = Portland cement particle ; sf = silica 
fume ; CH = calcium hydroxide ; C-S-H = 
calcium silica hydrated gel ; ett = ettringite ; 
and bar = reinforcing bar . The more 
homogeneous the ITZ (from left – no sf - to right 
– with sf), the better the bond properties.   
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sizeable though little-studied effects, see Zou et al., 2020) and by a lower-rate cooling (in 
residual tests), to make the thermal damage in the concrete and at bar interface as uniform as 
possible. As for hot vs. residual bond capacities, some tests indicate a very limited difference 
(Morley and Royles, 1983, cited by Sharma et al., 2019). 

The formulation of the bond law has evolved from the single four-branch curve proposed in 
CEB-FIP Model Code 1990 (ascending parabola + plateau + linear softening + residual plateau) 
to that of fib Model Code 2010, which differentiates between pull-out and splitting failures. In 
the case of pull-out failures, bond modelling is the same as in MC 1990. In the case of splitting 
failures, two different three-branch curves are introduced, to take care of the presence or 
absence of confining reinforcement (in both cases, there is no plateau after the ascending 
branch). Since the bond stress-bar slip curves at high temperature exhibit a decreasing strength 
(Fig.3a), but are similar to that at ambient temperature (Fig.3b), the same approach introduced 
in MC 1990 has been adopted also by fib Task Group 2.5 “Bond and Material Models” in 
drafting the section “Local bond-slip under elevated temperature” for   Model Code 2020. 
Starting from the curve at 20°C, and based on many recent test results and proposals for the 
bond law (Lublóy and Hlavička, 2017; Varona et al., 2018), all the fixed points of the bond law 
are expressed as a function of the temperature, max. bond stress included. 

 
Figure 3: Pull-out of ribbed bars: (a) max. bond stress vs. temperature (adapted from Lublóy 
and Hlavička, 2017); and (b) bond stress-bar slip curves (adapted from Sharma et al., 2019). 

4  BOND VS. FIBERS AT HIGH TEMPERATURE AND IN FIRE 

Fibers are well known as a tool to improve certain characteristics of concrete, in both ambient 
and high-temperature conditions. Among the many types of fibers available on the market, 
hooked steel fibers (with different aspect ratios) and polypropylene fibers are the most 
commonly used and tested in laboratories. Adding pp fibers to the mix – even in small amounts 
by volume – improves concrete fire resistance, because fiber swelling and melting above 150°C 
produce microcracks that make porosity more connected. Consequently, vapor-pressure release 
is facilitated and cover spalling is either prevented or delayed (see. refs. in Varona et al., 2018).   

Adding steel fibers to the mix is beneficial to concrete behavior in normal ambient conditions 
in the members subjected to bending and shear (as cracking is more effectively controlled and 
concrete behavior in tension is improved), while at high temperature the benefits are less clear 
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(slightly-higher thermal conductivity, some extra microcracking due to fiber-concrete thermal 
incompatibility, passive confinement on the bars, ability to keep concrete shards together after 
local popping and spalling, to the advantage of bar protection, see refs. in Varona et al., 2018). 
It is also true – and well known at room temperature - that adding any type of fibers to the mix 
tends to increase concrete porosity and to decrease its strength in compression (by a few 
percents), something that may have some effects at high temperature. 

Adding hybrid fibers is another possibility, since the advantages of using different types of 
fibers in the same mix - like steel and pp fibers – are combined and offset the disadvantages 
typical of each fiber type. The results shown in Fig. 4a indicate that in ordinary concretes – 
NSCs (fc = 24 MPa, average value), adding fibers and increasing their aspect ratio improve the 
bond strength with respect to. the compressive strength, at any temperature. On the contrary, in 
high-strength concretes - HSCs (fc = 90 MPa, average value, Fig. 4b), a non-negligible 
advantage is provided only by the steel fibers characterized by the largest aspect ratio.  

 
Figure 4: Bond strength vs. compressive strength at high temperature: (a) normal-strength, 
and (b) high-strength concrete (adapted from Varona et al., 2018); pp/st = polymeric/steel 
fibers; vpp = 0.15% in all NSC mixes and 0.25% in all HSC mixes; vst = 0.25% in all mixes; 

steel-fiber aspect ratio: 47 in NSC-1 and HSC-1, and 86 in NSC-2 and HSC-2; % by volume. 

5  TENSION STIFFENING IN FIRE CONDITIONS 

In any tension bar embedded in regularly-cracked concrete, the segment of the bar comprised 
between two cracks is relieved by the concrete and has a stiffer behavior compared to a similar 
naked bar. This is tension stiffening, that (a) plays a considerable role in crack control and in 
enhancing structural stiffness in cracked RC members, and (b) is the other side of the coin of 
bond, where the first side is the anchoring ability.  

In ordinary environmental conditions tension stiffening has been extensively studied within the 
framework of bond (Yankelewsky and Jabareen, BiC 2002; Bischoff, 2003; Bentz, 2005; Lee 
et al., 2011 and others, see refs. in Lo Monte and Gambarova, 2014), and various design codes 
contain appropriate provisions (see for instance EC 2; see also fib Bulletin 10, Chapter 1, 2000).  
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In spite of its relevance to serviceability after a fire, tension stiffening has been given so far 
very limited attention with reference to high temperature. For instance, bond shear modulus (or 
bond stiffness) kT = [F/L3] appears in a couple of papers (BiC, 2012) and in Sharma et al. (2019). 
Hence, assessing the relevance of tension stiffening at high temperature (T > 400°C) and 
evaluating the bond shear modulus kT (Eqs.1 and 2) is still a largely open issue: 

                     τB (s) = kT(s) s  ;   d2s(x)/dx2 – kT(s) [πdB/(ES
TAS)] (1 + nTp) s(x) = 0                      (1,2) 

where Eq.1 = constitutive relationship of bond; Eq.2 = controlling equation of bond in the 
linearly- elastic domain; τB (s) = local bond stress; kT(s) = bond shear modulus; s(x) = local bar 
slip; dB, ES

T, AS = bar diameter, elastic modulus (of the steel) and section; nT = ES
T/ Ec

T with Ec 
= concrete elastic modulus; p = effective steel ratio. (As a reference, the secant value of k20 
varies between 50 and 150-200 MPa/mm in ordinary environmental conditions, according to 
the equation given in MC10 and reproposed in MC20 (k20 = 6 τbmax = 6 x 2.5 fc

1/2).  

In a research project whose preliminary results were presented at BiC 2012 and the full results 
were published in Lo Monte and Gambarova (2014), 11 prismatic tension members (length 240 
mm; side of the square section 80 mm, Fig.5a,b,c) reinforced with a single ribbed bar (dB = 16 
mm) were put in a furnace at 750°C, in order to reach in 2 hours a rather homogeneous 
temperature close to 640°C; then, the specimens were cooled down to 20°C.  

During the heating process, only two contiguous sides were exposed to high temperature, while 
the other two sides were kept in quasi-adiabatic conditions, to simulate the typical conditions 
found in RC columns (Fig.5d) and beams (Fig.5e). In the first 20 minutes, the temperature-time 
curve was comprised between hydrocarbon and ISO 834 fires. The specimens were 
instrumented and tested according to a displacement-controlled procedure (Figs.5a-c). 

 
                  (a)                               (b)                         (c)                                 (e)      

Figure 5: Geometry and instrumentation of the specimens (a,b,c); and typical structural cases 
(d,e), where the dotted lines indicate the sides exposed to the fire, and the internal thin/thick 

lines represent adiabatic or quasi-adiabatic sides (Lo Monte and Gambarova, 2014). 

Three mixes were prepared, all containing a calcareous filler but each differing for the cement 
type and/or amount, to produce 3 different self-consolidating concretes: NSC/HPC/HSC 
(cement type II/A-LL 42.5 / I 52.5 / I 52.5; c = 350/480/520 kg/m3; w/c = 0.50/0.35/0.33; target 
strength fc = 50/80/90 MPa; no. of successfully-tested specimens per each concrete 3). The 
aggregate was mixed. The carbon-steel bars were spring-tempered (fy = 400 MPa; fyk = 373 
MPa; Es = 205 GPa). After cooling, the thermal cycle brought about a 10% reduction in Es, 
while the reduction in Ec was much higher (Es

T/Ec
T close to 30 after a thermal cycle at 640°C).   

(d) 
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In Fig. 6a-d the four better stress-strain curves (RC specimens and naked bars, after the removal 
of the concrete) are plotted. In each specimen group (NSC, HPC and HSC), one specimen was 
moist (Symbol W, moisture content = 3.5-4.5% by mass) and the other specimen was dry 
(Symbol D, moisture content = 1-2.5%), see Lo Monte and Gambarova (2014).     

In Fig. 6e, the values (either residual or hot) of the bond shear modulus kT are plotted vs. the 
actual compressive strength fc

T, according to five experimental campaigns. In the tests by Lo 
Monte and Gambarova (2014), the values of kT were obtained by fitting the average bar-
concrete slip (derived from the elongations of the concrete and of the rebar) with the predictions 
yielded by the model represented by Eqs.1 and 2, valid in the linearly-elastic domain.  

The plots in Fig.6a-d show that (a) tension stiffening (represented by the area comprised  
between the curve of each specimen and that of the naked bar) is rather limited but not 
negligible; (b) the bond shear modulus – or stiffness (Fig.6e) – can be described by means of 
different interpolating functions, though the test results are rather dispersed. Note that the dash 
lines in Fig. 6a-d refer to the average residual value of steel young’s modulus (Es

640 = 184 GPa). 
The curves (^) and (^^) envelope more than 80% of the test results considered in this paper, 
while the dash-dotted curve (^^^) is a reasonable average curve.   

 

  
Figure 6: (a-d) Stress-strain curves by Lo Monte and Gambarova (■ SCC, 2014, T =  640°C, 
black and gray curves refer to bonded and naked bars, respectively); and (e) bond stiffness as 
a function of the strength in compression; tests by • Morley and Royles  (Mag. Concrete Res., 

V.35, No.123,1983), ▲ Sharma et al. (2019), ♦ Diederichs and Schneider (Mag. Concrete 
Res., V.33, No.115,1981), ⊕ Lublóy, Balázs, Hlavička (2012, 2017). Interpolating curves: 

(^) kT = 135 fc* (1 + 4.5 fc*); (^^) kT = 620 fc*2.5; and (^^^) kT = 640 fc*2, with fc* = fc
T/100. 
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6  POST-INSTALLED REBARS AND BONDED FASTENERS IN FIRE 

Post-installed bars and bonded fasteners are becoming increasingly popular as a means to repair 
or strengthen existing structures, and to connect different structural members in new 
construction. Because of the very nature of these devices, applied research, industrial 
technology and design provisions go hand-in-hand, and only a close coordination yields fruit.  

Concerning the design of post-installed polymer-bonded rebars in ambient conditions, the basic 
assumption is that no differences exist with respect to pre-installed rebars if the former devices 
exhibit a larger (pull-out) bond strength and a comparable bond stiffness compared to the latter 
devices (EOTA, 2020). Such equivalence has been confirmed by well-confined pull-out tests, 
that make reference to threshold values for both the bond strength and the slip measured at the 
loaded end of the specimens. Of course, to perform these tests a well-defined geometry for the 
specimens and specific procedures have been introduced. 

In fire conditions, the extensive research activity performed so far, with a peak in the past 
decade, has yielded the following results: 

- In medium-diameter anchored bars (db = 12 mm; L/db = 10), the bond-strength decay 
associated to a given temperature can be experimentally evaluated provided that the bar is 
uniformly heated (Pinoteau et al., 2017) after the application of the load (Muciaccia and 
Consiglio, 2021). The tests show that the mechanical behavior of the specimens is strongly 
product dependent, with a well-definite decrease of the load transfer capacity for any 
temperature approaching the glass-transition temperature of the bonding agent. For 
instance, epoxy-based bonding agents typically show a more rapid and sizeable bond-
strength decay compared to vinylester resins (Figure 7a). 

- For any given bar position and fire duration, the load-bearing capacity of a single post-
installed bar can be evaluated based on the temperature distribution along the bar itself, by 
lengthwise integrating the values of the bond strength (variable with the temperature on the 
lateral surface of the bar, see Pinoteau, 2017; Muciaccia et al., 2017). Such approach has 
been validated by Lahouar et al. (2019) by performing full-scale tests on a concrete 
cantilever slab connected to a wall via eight post-installed bars, bearing a dead weight 
applied at the tip of the cantilever and exposed from below to the standard fire (ISO 834-1 
time-temperature curve). However, since the bars had to resist a negative moment and were 
placed close to the extrados, their temperature never exceeded 100 °C.  

- When post-installed bars are used in lapped splices close to the intrados of a given 
structural member (positive moment), the local temperatures in fire may become so high 
that the load-transfer capability of the bonding agent is almost null. Consequently, load-
transfer mechanisms other than bond (alternative mechanisms) should be identified 
between the existing RC member and the reinforcing system. 
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Figure 7: Temperature-dependent (a) and exposure time-dependent (b) decay of: (a) post-
installed bar connections with different bonding agents (adapted from Muciaccia at al., 
2017;  fitting curves based on a power law) ; and (b) post-installed fasteners 

(adapted from Al-Mansoury et al., IFireSS 2019). 

- In post-installed bonded fasteners, the load-bearing capacity in fire has been mostly 
investigated by performing real-scale tests with pre-loaded fasteners exposed to the 
standard fire (ISO 834-1, Fig. 7b). The results of the tests are generally available in the 
technical reports of the manufacturers. To the authors’ knowledge, however, the tests have 
been limited so far to uncracked concrete, as performing hot tests (i.e., at high temperature) 
in controlled crack conditions (concerning crack formation and opening) is very difficult. 
Needless to say, this is a challenging issue for researchers and experts!  

- The Resistance Integration Method (initially introduced for post-installed bars) has been 
recently extended to bonded fasteners (Al-Mansoury et al., 2020) for the usual values of   
the embedment depth (from 4 to 20 times the fastener diameter). This extension has been 
validated based on the tests performed by the same research group (Fig.7b, Al-Mansoury 
et al, IFireSS, 2019).  

As previously mentioned, the behavior of bonded fasteners post-installed in cracked concrete 
is still an open – and knotty – issue. Despite the substantial unavailability of test results in such 
conditions, it is clear that fastener behavior cannot be independent of the stress state and related 
cracking in fire-exposed RC members, where kinematic restraints control cracking as well. 
Consequently, real-scale testing under realistic fire scenarios remains the only way to gather 
badly-needed information (see the PhD Thesis by Reichart on the fire resistance of injected 
anchors for different embedment depths, 2020, T.U. Kaiserslautern, Germany). 

Last but not least, neglecting the kinematic compatibility between post-installed bars or bonded 
fasteners and the embedment leads to a conservative evaluation of the bearing capacity in fire 
conditions. The main reason of such over-evaluation is that both the strength and the stiffness 
of the concrete and of the bonding agent decrease, to the advantage of bond-stress redistribution 
(Muciaccia et al., 2017, 2021). 

(a)                      (b) 
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7 CONCLUSIONS 

This fairly concise and certainly non-exhaustive review of the work performed since BiC 2012 
on bond-related problems at high temperature and in fire clearly shows that many issues are 
still open to investigation, from bond as a local mechanism to bond as a structural player, from 
bond of embedded reinforcement to bond of post-installed reinforcement, from bond testing to 
bond modelling, just to cite three broad domains.  

At the local level, steel yielding, concrete strength, aggregate type, fiber type and amount, 
thermal cracking, cover spalling, non-traditional aggregate (like recycled concrete aggregate), 
concrete creep, and the effect of pre-loading (before and during a fire) are as many topics to be 
further investigated, not to mention short vs. long bonded lengths, hot vs. residual tests and the 
passage from pullout-controlled to splitting-controlled failures. 

At the structural level, the effect on bond of heat-triggered membrane action and of the cooler 
regions at member extremities, the interaction with the transverse reinforcement, tension 
stiffening, and transient vs. static heating may be cited as largely open issues. 

As for post-installed bars and fasteners, force redistribution is still an issue to be tackled 
whenever these devices are part of an unevenly-loaded group, all the more if the thermal field 
is nonhomogeneous. In such cases, further tests should be carried out, as their results would be 
instrumental in refining and/or completing the design provisions. 

Finally, high-level detailed modelling – already feasible thanks to a number of available 
numerical 3D codes specifically designed for reinforced concrete – definitely appears to be an 
effective means to extend the experimental results, especially at high temperature and in 
transient conditions, where testing is rather difficult, inevitably limited and very costly, in terms 
of human efforts, instrumentation and technological tools.    
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ABSTRACT 

A proper bond between steel and concrete in a reinforced concrete structure or structural 
element is very much substantial to maintain the integrity between them. However, during its 
design life span, a structure can be exposed to severe circumstances such as fire accident and 
bond capacity can be heavily impacted due to this. From the previous studies it can be outlined 
that though there are several guidelines available for estimating the bond properties under 
ambient conditions (fib Model code 2010, Eurocode 2, ACI 216) [1, 2, 3], there is an urgent 
need of understanding the same after fire scenario as a proper code or standard is not available 
so far.   

The work presented in this paper is mainly focused on the experimental investigations carried 
out on beam-end test specimens considering the effects of fire on the bond properties employing 
ISO 834 fire scenario. To assess the influence of different parameters, a series of tests were 
conducted considering several minimum concrete covers, fire exposure durations and bonded 
lengths. The specimens were first exposed to desired fire exposure duration and thereafter, 
allowed to cool down naturally. Finally, a displacement controlled pull-out test was conducted 
to obtain the post fire bond characteristics. The results were then compared with the reference 
specimens (no fire) having the geometrically identical configurations. The results indicate a 
very significant impact of fire on the post fire residual usable bond capacity irrespective of any 
location of the rebar or the bonded length. It can also be found that estimation of residual bond 
capacity by heating them with slow or moderate heating rate can be on the unsafe side in case 
of a real fire scenario. 

1  INTRODUCTION 

Maintaining the composite action between steel and concrete in a RC structure, a proper transfer 
of stress between steel and concrete is extremely important. This is also referred as bond. When 
a structure is subjected to mild or moderate loading, the bond strength exceeds the demand in 
most of the time and the relative movement between reinforcing steel and concrete is very low. 
However, when the same structure experiences severe to very severe loading such as fire, bond 
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strength can get strongly affected. Consequently, the demand may exceed the capacity and a 
significant relative movement between rebar and surrounding concrete may occur.  

The bond-slip behaviour has been thoroughly studied in past and several very well-established 
test methods are available from previous research. However, these researches mainly cover the 
local bond behaviour in ambient conditions. Though a few numbers of studies have been 
conducted considering the impacts of elevated temperature in local bond performance, there are 
still a lot of room for improvement as earlier researches are mostly based on the confined 
specimens or a pull-out specimen with a test rebar placed at centre, having unrealistic concrete 
cover and confinement. Also, a particular heating rate which doesn’t realistically simulate the 
effects of fire was considered for most of previous investigations. Therefore, most of the design 
codes and standards available so far provide a simplified guideline rather than a detailed one 
considering the realistic behaviour. (fib Model code 2010[1], EN 1992-1-2:2004 [2], ACI 
216.1-14 [3]). Hence, it is extremely important to have a proper guideline or model for 
evaluating post fire residual capacity of a reinforced concrete structure or a structural element.  

When a structure undergoes but survives a fire accident there are two options – a) reconstructing 
it after demolishing it completely or b) accessing the post fire structural responses and reusing 
it. From the above discussions it is clear that deciding over the second option is much more 
economical over the first one. To this end, understanding the effects of fire on bond behaviour 
is one of the most important aspects in case of a RC member. 

2 LITERATURE REVIEW 

To investigate the effect of thermal exposure and to obtain the residual behaviour, it is very 
important to represent the real fire action and to simulate the boundary conditions realistically 
as that of a RC structural member. Majority of the research, which are carried out so far, are 
mainly considering pull-out specimen and slow heating scenario. These considerations do not 
realistically represent the effects of a real fire. Some of the examples of research work on bond 
pullout under elevated temperature with slow heating include Diederichs and Schneider [4], 
Lublóy and Balázs [5], Bingöl and Gül [6], Morley and Royles [7], Haddad and Shannis [8]. In 
all of these tests, pull-out failure of the bars was the targeted and investigated failure mode.  

Sager [9] was one of the first to clearly differentiate between pullout and splitting failure after 
exposure to elevated temperatures. Xiao et al. [10], carried out investigation on post fire bond 
deterioration. They have performed tests on high strength concrete (95 MPa) while heating 
them to a rate of approximately 15°C/min and reported that the bond strength reduction is more 
severe for a temperature exceeding 400°C as compared to the lower temperature range. 

Relatively recently, Bošnjak et al. [11, 12] carried out an investigation on the influence of fire 
on bond behaviour using beam-end specimen instead of pull-out specimen. They exposed the 
specimens to a realistic fire (ISO 834 fire) scenario instead of slow or moderate heating. The 
major finding was that for realistic boundary conditions of concrete cover, confinement and fire 
exposure, bond splitting dominates the post-fire bond performance. This study was based on a 
pre-test numerical study by Sharma et al. [13] in which several parameters influencing the 
degradation of bond when exposed to standard ISO 834 fire [14] were investigated. Das et al. 
[15] carried out numerical investigations on the post-fire bond behaviour numerically. The 
authors have summarized that fire has a strong influence on the degradation of bond capacity  
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mainly due to large thermal gradients developing inside the concrete during the heating and 
cooling. These gradients result in a generation of several thermally induced cracks. 

The main objective of the work presented in this paper was to experimentally investigate the 
post fire bond behaviour of a RC flexural member using beam-end specimens. Standard fire 
curve (ISO 834) [14] was considered for the fire tests. The specimens were exposed to fire for 
exposure specified duration and a displacement controlled pull-out test was carried out 
thereafter on those fire exposed and naturally cooled specimens. Different minimum concrete 
cover ratios, fire exposure durations and bonded lengths were considered for the experimental 
investigation presented herewith. The obtained load–rear end slip plots, percentage residual 
bond capacity with respect to different fire exposure durations failure modes, change of stiffens 
and average crack opening are reported and discussed in this present work.  

3 PROPERTIES OF CONCRETE 

Normal strength concrete that can be classified as C16/20 according to Eurocode 2 [16] was 
used to cast the test specimens. Three standard cubes of 150 mm edge length were casted in 
each batch to measure the compressive strength of concrete. Similarly, to obtain the modulus 
of elasticity and the splitting tensile strength 3 cylinders of 150 mm diameter and 300 mm 
height were also cast along with the beam-end specimens. The average compressive strength 
measured at 28 days after casting was fcm,cube = 28.0 MPa for the cubes, the average splitting 
tensile strength was ft,sp = 2.45 MPa for the cylinders and the Young’s Modulus was Ecm = 26,4 
GPa. Standard test rebar of the grade BSt 500s with a diameter of 16 mm was considered for 
this study. The steel bars did not reach yielding in any case.  

4 DESCRIPTION OF THE SPECIMEN 

Beam-end specimen was considered for all the experimental investigations as it can simulate 
the behaviour of a flexural member much more realistically compared to the standard pull-out 
specimen which is often used for bond tests. A schematic description of the same is shown in 
Figure 1. The test rebar was placed at the corner for the investigated cases presented in this 
paper. It was extending out from the front and rear surfaces of the specimen to facilitate the 
application of load and measurement of rear (unloaded) end slip. An initial de-bonded length 
of 7ds (ds – rebar diameter) measured from the front surface followed by a bonded length of 8 
ds was used for the specimens. However, higher bonded lengths were also considered for the 
specimens used for investigating the effects of bonded length. To avoid the concrete cone 
failure, initial de-bonded length was provided. The dimensions of the specimen were 640 mm 
/ 300 mm / 480 mm for smaller bonded lengths and 800 mm / 300 mm / 480 mm for the highest 
bonded length). A minimum clear cover of 40 mm (2.5 ds) from the top as well as side surfaces 
was considered. Two test rebars were placed in one specimen. However, no influence of each 
other during the tests were made sure as they were placed sufficiently far away. Stirrups were 
provided at a spacing of 100 mm in the bonded zone. All the surfaces except the front surface 
and back surface of the rebar were exposed to fire during fire tests (see Figure 1b). 
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Figure 1: a) Beam-end test specimen used for the study b) Cross-section showing fire  
exposed surfaces 

5 EXPERIMENTAL PROGRAMME 

The experimental investigations presented in this paper consist of 4 different types of 
specimens. A total of 24 beam-end specimens were used for the entire investigations. 18 out of 
30 specimens were exposed to fire and the reaming 6 were used for the reference tests. Two 
different fire exposure durations, 30 minutes and 60 minutes were considered for the tests. Table 
1 summarizes the entire test program. 

Specimen Duration of 
fire [minutes] 

Min. Concrete cover 
(top) [mm] 

Min. Concrete 
cover (Side) [mm] 

Bonded length 

C_40/40_8 ds 0/30/60 40 40 8 ds 

C_40/80_8 ds 0/30/60 40 80 8 ds 

C_40/40_12 ds 60 40 40 12 ds 

C_40/40_16 ds 60 40 40 16 ds 

Table 1: Details of the experimental program 

 

5.1 Procedure of testing 

a) Fire test 

For different fire exposure durations different batches were considered. Figure 2 presents the 
placement of test specimens inside the furnace. As the test rebars were extending out in the 
front and rear end of the specimen, aerated concrete blocks with the predrilled holes were used 
to insulate the rebar in each specimen from fire exposure. Similarly, the surfaces which are not 
intended to be exposed to fire were also covered in the same manner. The thermocouples were 
placed inside concrete and were routed through the small openings of the furnace to measure 
the temperature increase and decrease of temperature throughout the test and during cooling 
stage. Figure 2b shows a close view of the specimens inside the furnace. Mineral wool was used 
to cover gaps between surfaces and to insulate them. The specimens inside the furnace were 
placed sufficiently far away from each other to have a uniform heating / fire exposure.  
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The specimens were exposed to fire using oil burners. During each set of fire test, the air 
temperatures were measured and monitored using several air thermocouples placed at different 
locations inside the furnace. Figure 2c shows the placement of them within the furnace. 

 

 

 

 

 

 

 

 

 

 

 

 

  

 

Figure 2: a) A view of entire furnace with all the specimens stacked inside before covering the 
roof b) a close view of specimens with the test rebar placed at corner c) placement of air 

thermocouples inside the furnace 

 

  

Figure 3: a) A typical picture of furnace during a fire test b) Thermally induced 
cracks(red) visible on the surface of the specimens after a fire test.  

 

807



   
 

 
 

ISO 834 [14] fire scenario was imposed for the fire tests. Figure 3a shows a picture which was 
taken during a fire test. After the specimens cool down completely, thermally induced cracks 
were marked (red) on the surfaces of all the specimens. Figure 3b shows the cracks marked on 
a specimen after the entire fire test. 

 
b) Pull-out test  

The pull-out tests were carried out using unconfined test setup as shown in Figure 4a. The 
specimens were placed on the strong floor. During the pull-out tests, the specimens were loaded 
at the front of the rebar, while the rear end displacement and propagation of cracks were 
measured using linear variable differential transformers (LVDTs). Two LVDTs were placed 
perpendicular to the test rebar, one on the top surface and another on the side surface to measure 
the longitudinal splitting crack opening. On the other hand, two LVDTs were placed parallel to 
the test rebar to measure the transverse crack opening. Figure 4b shows the placement of 
LVDTs on the concrete surfaces during the pull-out tests.  

 

Figure 4a: A typical test setup for the pull-out tests on beam-end specimens  

 

Figure 4b: Placement of LVDTs on the concrete surfaces 

LVDTs for longitudinal 
splitting cracks 

LVDT for the 
transverse crack LVDT for crack on 

side surface 
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As an unconfined test setup was chosen for the pull-out tests, the restrains were provided 
sufficiently far away from the bonded zone to obtain more realistic results. Front restrains 
were provided to prevent sliding and top restrains were provided to prevent uplift. 

6 RESULTS AND DISCUSSION 

6.1 Fire test-temperature measurement 

To control and monitor the temperature distribution as per ISO834 scenario, ten thermocouples 
were placed near the surfaces of several specimens for measuring the air temperature 
distribution inside the furnace in the heating and cooling process. Figure 7a shows a plot of 
furnace temperature distribution with respect to time for a fire exposure duration of 60 minutes. 
The scatter among the data obtained from different thermocouples can be explained from the 
burner locations inside the furnace. However, the average furnace temperature (plotted in blue) 
shows a good match with the desired ISO 834 fire scenario (plotted in black).  

 

Figure 7: a) Time-temperature curves of furnace thermocouples with the ISO 834 fire 
scenario. b) Temperature distribution inside concrete 

 

Figure 7b presents temperature-time distribution, measured inside a concrete specimen with the 
test rebar having a bonded length of 16 ds and concrete top cover of 40 mm as well as side cover 
of 40 mm. A total of 4 thermocouples were placed in several places inside the concrete layers. 
TC_1 was placed at a distance of 25 mm from the concrete surface, TC_2 was placed at a 
distance of 30 mm, TC_3 at 40 mm and TC_4 at 56 mm from the concrete surface. The 
temperature recordings highlight the large thermal gradients developed inside the concrete. 

6.2 Results of pull-out tests (specimens with different concrete cover) 

A comparative study of the bond slip curve obtained from the pull-out tests of the specimens 
with the test rebar placed at corner having different top to side clear cover to concrete ratios are 
depicted in the Figure 8a. The curves marked in purple are the results of the specimens having 
a concrete cover of 40mm to the top surface and 80 mm from the side whereas, the curves 
marked in yellow are having 40 mm concrete cover both top as well as side. Both types of 
specimens were exposure to a fire exposure duration of 30 minutes and 60 minutes. As during 
the pull-out tests, load was applied in the front end of the rebar and slip was measured from the 
rear end of the test rebar, load vs rear end slip curves were obtained directly from the pull-out 
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tests. Bond strength was evaluated thereafter considering uniform bond distribution throughout 
the bonded length of the rebar using Eq. (1)  

                                                          𝜏   
 

                                                         (1) 

where, P is the maximum bond force, which is obtained from the pull-out tests, ds is the 
nominal diameter of the test rebar and lb is the bonded length of the rebar. 
 

 

Figure 8: a) Bond stress-rear end displacement curves for the two different concrete cover for 
different fire exposure conditions b) Relative stiffness as a function of fire duration. 

 

As expected, higher maximum bond stress values were reached by specimens with 80 mm side 
cover than in case of the side cover of 40 mm. Nevertheless, in every case, a very strong 
degradation of the residual usable bond capacity due to fire is observed. Just after a fire exposure 
duration of 30 minutes the bond capacity is reduced to around 50- 55% for the tested cases. 
Longer fire exposure duration leads to further degradation of bond strength.  

When a RC structural member is subjected to elevated temperature, its material properties get 
affected, leads to a degradation of bond capacity. Depending on the clear cover to concrete, 
there will be a difference in the residual usable bond capacity. The higher the concrete cover, 
the smaller will be the temperature in the vicinity of the bonded zone, resulting into a less 
degradation of the material properties of concrete surrounding the rebar due to elevated 
temperature. However, from the Figure 8, it can be very clearly observed that a severe 
degradation of post-fire bond capacity can also be found for the cases irrespective of the 
concrete cover and even with the specimens having relatively high concrete top to side cover 
ratios. Therefore, degradation of the material properties alone cannot really justify this severe 
reduction of bond capacity. 

Another reason, which can be much more severe than the degradation of the material properties, 
is the temperature gradient. When a structure or structural member undergoes fire accident, the 
surface temperature of concrete increases rapidly. However, due to the low thermal conductivity 
of concrete, the temperature inside the concrete is relatively low (Figure 7b). This phenomenon 
leads to high temperature gradients inside the concrete. Consequently, temperature induced 
cracks develop in the concrete. This situation is further aggravated during cooling down of the 
specimens naturally after fire exposure. During cooling stage, the concrete surface cools down 
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fast but the inside temperate remains high for a longer time and drops down rather slowly. 
Hence, the thermally induced cracks accelerate further leading to a strong degradation of bond 
capacity.  

Figure 8b shows a plot on relative residual stiffness for all the fire exposure conditions. In this 
plot, initial stiffness defined as the secant stiffness to 50% of peak load was evaluated from the 
load-slip curves obtained from the pull-out tests. It is interesting to note that the influence of 
fire on degradation of initial stiffness is much stronger compared to its influence on the bond 
capacity itself. 

Figure 9 shows the failure pattern in terms of crack propagations (marked in blue) obtained 
from the pull-out tests conducted on the beam-end specimens with a concrete cover of 40 mm 
from top surface and 80 mm from side surface. The different fire exposure durations namely, 
unexposed to fire (reference), 30 minutes and 60 minutes of fire exposure are presented here. 
The damage in terms of cracks at the end of the entire fire test (heating + natural cooling) are 
mark in red. Two parallel straight line in each of the specimen indicates the start and end of the 
bonded zone. All the investigated cases experienced bond-splitting failure with a similar crack 
pattern.  

   

Figure 9: Propagation of crack during pull-out test on a a) reference specimen (no fire 
exposure) b) specimen exposed to 30 minutes of fire and c) 60 minutes of fire 

 

6.3 Results of pull-out tests (specimens with different bonded length) 

Figure 10 shows the bond stress-displacement response obtained from the post fire pull-out 
tests of the specimens with different bonded lengths. All the specimens were exposed to ISO 
834 fire for 60 minutes. Three different bonded lengths were considered, 8*ds, 12*ds and 16*ds. 
Expectedly, the test rebars with larger bonded lengths reached higher bond force values but the 
average bond stress calculated using Eq. (1) reduces. Hence, post-fire bond response does not 
significantly improve with the increase of bonded length.  

Figure 11 shows the failure mode and crack pattern obtained from the pull-out tests from the 
different bonded lengths. The thermally induced cracks visible on the surface were marked in 
red and the crack pattern obtained from the pull-out tests were marked in blue. All the 
investigated cases resulted in bond-splitting failure. During the pull-out tests, a well-defined 
transverse crack at the end of the bonded zone was observed in each case. Thereafter, a clearly 
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visible longitudinal splitting crack, which initiates from the middle of the bonded zone and 
propagates parallel to the test rebar can be noticed. The crack patterns were similar for all the 
investigated cases.   

 

Figure 10: Comparison between the bond capacity-rear end displacement curves for the 
different bonded lengths with a fire exposure duration of 60 minutes 

 

   

Figure 11. A typical crack pattern on the top surface on a post-fire pull-out test specimen having 
a bonded length of a) 8 ds b) 12 ds and c) 16 ds 

7 CONCLUSION 

The principal focus of this present study was to experimentally investigate post fire bond 
behavior considering different fire exposure durations. Beam-end specimens were used and the 
test rebars are placed at the corner of the test specimen. Two different series were tested. In the 
first series, two different top to side clear cover to concrete ratios were investigated and in the 
second series, three different bonded lengths were considered. The specimens are exposure to 
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a fire exposure duration of 30 minutes and/or 60 minutes and the residual bond performance 
were compared with the reference (unexposed) similar one. Following are the major 
observations from this study. 

1.  Fire has a strong impact on the post fire residual bond capacity. A huge degradation of 
bond strength can be observed for all the investigated cases, irrespective of location of 
rebar and length of the bonded zone.  

2. Though, the residual usable bond capacity is slightly higher in case of larger concrete 
cover ratio compared to the similar specimen having smaller concrete cover ratio, the 
difference is not remarkable.  

3. The effects of fire on the residual stiffness are massive.  
4. Though the post fire residual load carrying capacity inceases with higher bonded length, 

the residual bond capacity doesnot remarkabily enhances with the same. 
5. All the investigated specimens experienced bond-splitting failure. Therefore, it can be 

concluded that a specimen with realistic concrete cover, bar diameter, grade of concrete, 
bonded lengths will experience bond-splitting failure rather than pure bond failure thus 
limiting the total usage of usable bond capacity. 
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ABSTRACT 

There are often requirements to connect new structural members to the existing structure either 
to upgrade the existing structure or for design flexibility in case of new structures. The 
performance of Post Installed Rebars (PIRs) at ambient conditions for such applications has 
shown to be equivalent to cast-in rebars, rather, in cases better than cast-in rebar. But the drastic 
reduction in pull-out strength of PIRs due to temperature sensitivity of the adhesive, fire safety 
of such systems is a concern. 

Although the validation of the so called (bond) strength/resistance integration method for 
evaluating the pull-out strength of PIRs during fire is limited to a small set of experimental 
results. The confidence in this method is rather, high. Since the demand imposed on the 
reinforcement changes during fire, the design process for PIR must be linked to structural fire 
design/analysis. The sensitivity of calculated demand on the different sets of thermal properties 
recommended in Eurocode2 may be assumed to be small as compared to that of the calculated 
pull-out capacity. This is because of lower temperature range (50-150°C) that significantly 
affects the pull-out strength.  

The paper presents the results of an investigation undertaken to study the sensitivity of the 
strength integration method to chosen thermal properties. The selected thermal properties 
include three sets of thermal conductivity and two sets of specific heat. Furthermore, the effect 
of considering or not considering reinforcement during heat transfer analysis has also been 
investigated. The results show that depending on the choice of thermal properties and 
assumptions made regarding heat flow through reinforcement, the designers may end up 
calculating different time to failure for pull-out failure of PIR, thus, different safety margins. 

1  INTRODUCTION 

The temperature sensitivity of the now widely used chemical adhesives for installing Post 
Installed Rebars (PIRs) is well known [1–3]. Due to this reason the fire safety of PIR systems 
comes into question, mainly, because of the drastic reduction in its bond strength with increase 
in temperature. This reduction in bond strength is product dependent due to the differences in 
their chemical composition [2, 4]. The product depended bond strength degradation is 
determined in accordance with the European Assessment Document EAD-330087-00-0601 [5]. 
But the search for an objective and generic design procedure is still ongoing. The 
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interdisciplinary nature of the solution to this problem (of finding a generic design procedure) 
has been pointed point by Hofmann et al., (2019) [6], with an example of cantilever beam – 
wall connection tested by Pinoteau et al., (2013) [7] and Lakhani et al., (2020) [8], with an 
example of cantilever slab-wall connection tested by Lahouar et al., (2018) [9]. 

The two disciplines which interact and the aspect they cover are given below: 

1. The fastening technology discipline deals with the capacity aspect of the PIRs. The 
(bond) strength integration method or the resistance integration method (as called by 
some researchers) for evaluating the pull-out strength of PIRs during fire has been 
shown to deliver good results [6–12]. But the validation of this method cannot be done 
independently without considering the demand aspect. Moreover, the validation is 
limited to only two experimental results. In view of the limited studies available for 
PIRs, the confidence in this method could be said to be rather high. But the method has 
shown promising results when extended to bonded anchors where the demand is well 
known and constant during fire. Furthermore, the method has been validated by 
different researcher [13–16] against a relatively large number of experiments on bonded 
anchors. 

2. The structural fire engineering discipline which deals with the aspects of demand which 
would be imposed on the PIR. Since the demand imposed on the reinforcement during 
fire would depend on the response of structure sub-assemble made using PIRs, structural 
fire analysis need to be an integral part of PIRs fire design. 

The first step of structural fire design is to calculate the temperature distribution in various 
structural members exposed to fire. The calculated temperature distribution is then used for 
different types of calculations performed in second step, for example, thermal stress analysis, 
sectional analysis, capacity calculation using strength integration method etc.  

Both the capacity and demand aspects have their own list of parameters to which they are 
sensitive. The presented study focuses only on the sensitivity of capacity calculations on the 
most basic input parameter, i.e., thermal properties of concrete. The demand is assumed to be 
less sensitive to the calculated temperatures especially for reinforcement temperatures in the 
range of 50-150°C, which would significantly affect the bond strength of the chemical adhesive 
used for PIR. 

2 INVESTIGATED PARAMETERS AND METHODOLOGY 

The full-scale fire test performed by Lahouar et al., (2018) [9] on cantilever slab-wall 
connection made using PIR is selected for the presented investigation. The detailed description 
of the experiment is not given in this paper. The readers may refer the original reference [9] for 
detailed information. But the most important information needed for the reader to be able to 
redo the calculation or understand the presented results is given in the next paragraph. 

The cantilever slab tested by Lahouar et al., (2018) [9] was 150 mm thick, 2 m wide and had a 
span of 2.94 m. The slab was made from C20/25 grade concrete containing polypropylene fibres 
to avoid spalling. The cantilever slab was connected to the wall using 8 × 16 mm rebars (with 
a centre to centre spacing of 250 mm) with an embedment length of 135 mm. The rebars were 
installed using an epoxy resin-based mortar. The variation of bond strength with temperature 
for this epoxy resin-based mortar is given by equation (1), as reported by Lahouar et al., (2018) 
[9].  
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62.367 𝑒𝑒(−0.027 𝜃𝜃)

0
  

𝜃𝜃 ≤ 31 °𝐶𝐶
31 °𝐶𝐶 < 𝜃𝜃 ≤ 115 °𝐶𝐶

𝜃𝜃 > 115 °𝐶𝐶
            (1) 

 

The longitudinal section of the slab-wall connection is shown in Figure 1. The slab was loaded 
before exposing the lower surface of the slab to standard fire as per ISO834-1 [17]. The total 
moment load acting on the connection (due to self-weight of slab + imposed dead load) was 
≈ 32 kN m (as calculated by Lakhani et al., [8] for their calculation). The slab-wall connection 
was reported to fail at 117 minutes due to pull-out failure of PIRs. 

 

Figure 1: Longitudinal cross-section of the slab-wall connection 
 

2.1 Calculation procedure 

The presented study uses the calculation procedure adopted by Hofmann et al., (2019) [6] and 
Lakhani et al., (2020) [8] to predict the failure time of a PIR connection. The readers may refer 
the above-mentioned reference for detailed description of the calculation approach but for the 
completeness of this paper, a brief discussion on the steps involved is given below: 

1. In the first step, a transient heat transfer analysis of the structural sub-assembly in 
question is conducted. The analysis assumes a perfect bond between reinforcement & 
concrete and neglects the thin layer of chemical adhesive around reinforcement. 
Pinoteau et al., (2013) [7] and Lahouar et al., (2018) [9], suggests that heat transfer 
through reinforcement may be neglected. Whereas Hofmann et al., (2019) [6] and 
Lakhani et al., (2020) [8] have been advocating that the reinforcement should also be 
considered in the heat transfer analysis. Hence, the question about reinforcement, if it 
may not be neglected or should be modelled/considered during heat transfer is still open 
for debate. It is interesting to note that all 4 references mentioned above (2 each for in-
favour and against considering heat transfer through reinforcement) predicted a failure 
time which agrees reasonably well with the experimental time to failure. The results 
presented in this paper shows how the two group of researchers, despite making 
considerations opposite to each other, end up with correct results simply because of their 
choice of thermal properties of concrete. 

2. The output from step 1 in terms of temperature variation along the embedment length 
of the reinforcement along with the product dependent bond-strength variation with 
temperature, is used to obtain the bond strength variation along the embedment length. 
Finally, the pull-out capacity of PIR at a particular time instance is computed by 
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integrating the corresponding bond strength over the entire embedment length. In the 
present study, the integration is carried out using mid-point integration method as shown 
in Figure 2. 

 

Figure 2: Graphic representation of mid-point integration method 
 

3. The next step is to compute the demand imposed on the reinforcing bar. Since the 
changes in the rebar stresses (demand) with fire duration would depend on the 
redistribution of internal stresses at sectional level and load redistribution at structural 
level in an event of fire. This step would require a structural analysis of the sub-assembly 
(or structure depending on the case) to be performed. In the present study, since the 
focus is on the sensitivity of capacity, various aspects & complexities associated with 
demand calculation are not discussed in this paper. The demand curve (load on rebar 
v/s time graph) is taken from Lakhani et al., (2020) [8] for this study. 

4. Finally, the time at which a pull-out failure of PIRs would occur is obtained as the point 
of intersection of the capacity and demand curves. 

2.2 Investigated parameters 

To study the sensitivity of the pull-out capacity of PIRs calculated using the strength integration 
method three sets of thermal conductivity and two sets of specific heat (all permissible by 
Eurocode 2) were selected, as listed below, and shown in Figure 3: 

1. Lower limit (LL) curve for conductivity as per EN1992-1-2 [18] 
2. Upper limit (UL) curve for conductivity as per EN1992-1-2 [18] 
3. Conductivity as per French National Annex (FNA) to EN1992-1-2. 
4. Specific heat for concrete with 0% moisture content (Dry) as per EN1992-1-2 [18] 
5. Specific heat for concrete with 3% moisture content (3%) as per EN1992-1-2 [18] 

The above listed thermal properties generate six different combinations of conductivity and 
specific heat viz., LL+Dry; UL+Dry; FNA+Dry; LL+3%; UL+3% and FNA+3%. It should be 
acknowledged that none of the combination is trivial, all combinations are possible & 
permissible by Eurocode2 (EN1992-1-2). The variation of density with temperature as shown 
in Figure 3 (a) was kept the same for all simulations. For each of the 6 combination of thermal 
properties 2 simulations were performed, once considering heat transfer through reinforcing 
steel and once ignoring this aspect. Hence, a total of 12 simulations were performed. The 
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thermal properties for steel according to Eurocode3 (EN1993-1-2) [19], as shown in Figure 4, 
were used when the heat transfer through reinforcing steel was considered. 

 
(a) Density as function of temperature according to EN1992-1-2 [18] 

  
(b) Conductivity (c) Specific heat 
Figure 3: Concrete properties used for heat transfer analysis 

 

  
(a) Conductivity (b) Specific heat 

Figure 4: Reinforcement properties used for heat transfer analysis 
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2.3 FE model for transient heat transfer analysis 

The FE model of the cantilever slab-wall assembly was created using Ansys® [20]. In order to 
correctly model the heat transfer between concrete and reinforcement a 3D model of a section 
of a slab with only one rebar and 250 mm width (width = the spacing of the rebar) was created. 
The geometry was discretized using second order elements (i.e., elements with mid-side nodes). 
The bottom of the slab was exposed to standard fire as per ISO834-1 and the top of the slab was 
assumed to be exposed to ambient conditions. Figure 5 shows the meshing and the exposure 
conditions along with the heat transfer coefficients for modelling the convection part of the heat 
transfer. A net emissivity of 0.8 was used for modelling the radiation part of the heat transfer. 

 
 
 

 
 

 
(a) Thermal exposure conditions (b) Meshed geometry (concrete & rebar) 

Figure 5: Mesh and the thermal boundary conditions 

3 RESULTS AND DISCUSSION 

The results of the simulations with 6 different combinations of thermal properties in terms of 
calculated temperature gradient along the embedment length of the PIR and the corresponding 
capacity curves are presented and discussed in this section. For the discussion, the following 
nomenclature is used. The short forms used for different thermal properties are given in Section 
2.2: 

1. LL+Dry; UL+Dry; FNA+Dry; LL+3%; UL+3% and FNA+3% (All simulations 
considering the heat transfer through reinforcing bar) 

2. LL+Dry (wo!s); UL+Dry (wo!s); FNA+Dry (wo!s); LL+3% (wo!s); UL+3% (wo!s) and 
FNA+3% (wo!s) (All simulations ignoring the heat transfer through reinforcing bar) 

3.1 Temperature variation along the embedment length 

The temperature gradients computed along the embedment length of PIR at 60 minutes and 120 
minutes of fire exposure are shown in Figure 6(a) and (b), respectively. The authors understands 
that it might be (lets accept it surely is) difficult to recognize individual gradient curves on these 
graphs. But the bounding limits of the band in which the thermal gradients are predicted can be 
easily identified as mentioned below: 

1. The lower bound of the band (of computed gradients) is for the thermal properties: 
Lower Limit (LL) conductivity + specific heat for concrete with 3% moisture and the 
heat transfer through reinforcement is ignored (wo!s) in the simulation. This is because 
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all three factors combined in this combination obstruct, limit, or slow down the heat 
flow into the concrete. 

2. In view of the explanation provided for lower bound of the gradient band. It would now 
be intuitive that the upper bound would be for a combination of thermal properties which 
would allow for a quicker heat flow into the concrete. This combination would then be: 
Upper Limit (UP) conductivity (highest values of conductivities permissible by 
Eurocode 2) + specific heat for dry concrete (no thermal energy loss or removal due to 
evaluation of water) + considering heat flow through the reinforcing bar. 

  
(a) 60 minutes (b) 120 minutes 

Figure 6: Temperature gradient along the embedment length  
[See Figure 5(b) for locations corresponding to 0mm and 135 mm] 

 

Figure 7 shows the effect of the chosen thermal conductivity on the temperature gradient along 
the embedment length. The results indicate that for short fire durations the temperature 
gradients predicted using conductivity as per French National Annex (FNA) are (approx.) 
average of those predicted using upper (UL) and lower limit (LL) conductivity. But with 
increase in fire duration the results using FNA and LL conductivity seems to be closer to each 
other, with FNA results being slightly higher. Although results only for cases assuming a 
specific heat representing concrete with 3% moisture and considering heat transfer through 
reinforcing steel are shown here (due to limited space). The authors can confirm that the above-
mentioned observation is also valid for cases assuming a specific heat representing dry concrete 
and cases considering or ignoring heat transfer through reinforcing steel. 

The effect of moisture content and heat transfer through reinforcing steel is shown in Figure 8, 
using results with Lower Limit (LL) conductivity. The positive effect of moisture content can 
be seen clearly (Positive effect since it reduces the temperatures). With reference to the effect 
of heat transfer through reinforcing steel, it leads to lower temperatures at 0mm (starting point 
of the embedment) and higher temperatures are the end of the embedment length. This is due 
to the high conductivity of steel that leads to a faster heat transfer through reinforcement. 
Furthermore, the temperature gradients predictions based on concrete only models are steeper 
as compared to models considering heat transfer through reinforcing steel. Once again, the 
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authors can confirm that the above-mentioned observations are also valid for cases with upper 
limit (UP) and French National Annex (FNA) conductivities. 

  
(a) 60 minutes (b) 120 minutes 

Figure 7: Effect of thermal conductivity on temperature gradient along the embedment length  
[See Figure 5(b) for locations corresponding to 0mm and 135 mm] 

 

  
(a) 60 minutes (b) 120 minutes 

Figure 8: Effect of moisture content and heat transfer through rebar on temperature gradient 
along the embedment length  

[See Figure 5(b) for locations corresponding to 0mm and 135 mm] 

 

3.2 Capacity curves and predicted failure time 

The predicted temperature gradient along the embedment length of PIR at fire exposure 
durations of 30, 60, 90, 120 and 150 minutes are transformed into bond strength variation along 
the embedment length using the bond strength-temperature relationship given by equation (1). 
An example for one case (LL + 3% + heat transfer through reinforcing steel) is shown in Figure 
9. The temperature along the embedment length increases with exposure time. Thus, the bond 
strength reduces and so does the pull-out capacity with increasing fire duration. 

Using the strength integration method (discussed in section 2.1) the capacity curves (shown in 
Figure 10) are established for each of the 12 cases analysed. The numerical integration was 
conducted using mid-point integration method. The embedment length is divided in 30 
segments to minimize the error. As expected, the worst/lowest capacity curve corresponds to 
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the combination of thermal properties (UL+Dry+heat transfer through rebar) which results in 
thermal gradients at the upper bound of the predicted temperature gradient band (shown in 
Figure 6). And, the best/highest capacity curve corresponds to LL+3% (wo!s) which results in 
thermal gradients at the lower bound of the predicted temperature gradient band. 

 
Figure 9: Temperature gradients and bond-strength variation for different exposure durations 
 

The demand on one rebar of the cantilever slab-beam connection calculated by Lakhani et al., 
(2020) [8] is used for predicting the time to failure (defined as the point of intersection of the 
capacity and the demand curve). Table 1 summarizes the predicted time to failure for all 12 
cases analysed in this paper. Only 3 combinations (out of 12) delivered a failure time close to 
the experimentally observed failure time of 117 minutes. Furthermore, 2 out of these 3 
combinations does not consider the heat transfer through reinforcing steel. This explains the 
conflicting opinions found in literature about considering steel during the heat transfer.  

 
Figure 10: Demand and capacity curves for the cantilever slab-wall connection 
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Table 1: Predicted failure time 

Case Predicted failure time 
[minutes] (#) Case Predicted failure time 

[minutes] (#) 
LL + Dry 101 (0.86) LL + Dry (wo!s) 115 (0.98) 
UL + Dry 84 (0.72) UL + Dry (wo!s) 93 (0.79) 

FNA + Dry 96 (0.82) FNA + Dry (wo!s) 106 (0.91) 
LL + 3% 115 (0.98) LL + 3% (wo!s) 130 (1.11) 
UL + 3% 95 (0.81) UL + 3% (wo!s) 105 (0.90) 

FNA + 3% 108 (0.92) FNA + 3% (wo!s) 118 (1.01) 
#-Normalised failure time: Predicted failure time / Experimental failure time 

 

Based on the results summarized in Table 1, it is observed that depending on the choice of 
thermal properties and assumptions related to heat transfer through reinforcement the predicted 
time to failure could be underestimated by 28% or overestimated by 11%. Furthermore, the 
predicted time to failure considering heat transfer through reinforcing steel is always lower than 
those predicted ignoring this heat flow. 

4 CONCLUDING REMARKS 

The normalized values of the predicted failure time for the investigated cantilever slab-wall 
connection are shown in Figure 11. The results are arranged in three groups based on the choice 
of thermal conductivity [Lower limit: LL; Upper limit: UL; French National Annex: FNA]. 

 
Figure 11: Normalized predicted failure time for different combinations of thermal  

 

The following conclusions can be made based on the results obtained within the scope of the 
presented investigation: 

1. The predicted time to failure for a PIR connection is sensitive to the thermal properties 
and the assumptions made with respect to the heat flow through reinforcing steel.  
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2. The results show that one may end up calculating different time to failure for pull-out 
failure of PIR depending on the choice of thermal properties. Moreover, the predictions 
may not always be on the conservative side. 

3. The presented results provide an answer to how or why were the different researchers 
using completely different thermal properties and making contrasting assumptions 
about heat flow, were able to reasonable predict the failure time for the investigated case 
of cantilever slab-wall connection. This is only because they happened to pick a 
particular set of thermal properties. For example: the combination of LL+3% (with 
steel) yield the same results as for LL+Dry (without steel). 

4. Irrespective of the thermal conductivity chosen for the thermal analysis, the following 
effects were clearly observed: 

a. Considering the moisture content in concrete leads to an increase in the predicted 
failure time, 

b. Accounting for the heat flow through reinforcing steel leads to a decrease in the 
predicted failure time. 

Overall, the confidence in strength integration method is high, mainly because of its extensive 
validation conducted by different researchers for pull-out failure of bonded anchors during fire. 
The above statement is ironic because the literature points out that research was (and is) 
conducted to extend the applicability of strength integration method from PIR to bonded 
anchors. But it is important to acknowledge the limited experimental validation of this method 
for PIR connections. More validation is needed for PIR mainly because of the interdisciplinary 
(fastening technology & structural fire engineering) nature of the problem. The 
compatibility/interaction/influence of the assumptions made by one discipline on the other 
needs to be investigated. For example: it is common & well accepted assumption to ignore the 
presence of reinforcement during heat transfer in structural fire design but as shown in the 
present study this assumption may not be acceptable when designing a PIR connections.  
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ABSTRACT 

The deflection of columns made with plain reinforced concrete (RC) and fiber-reinforced 
concrete (R/FRC) is investigated. The aim is to analyse the effects produced by the magnitude 
of axial load, the reinforcement ratio, and the concrete type on the performance of supports 
subjected to imposed deformations. Indeed, all these aspects have to be considered in the 
serviceability design of jointless (or integral) structures. A numerical three-stage model is used 
to predict the possible variation of the load-deflection curves. For a given deflection, the model 
provides a range of applied loads, whose upper bound is related to the situation of incipient 
cracking (i.e., the maximum tension stiffening effects), whereas the lower bound concerns a 
fully cracked beam (i.e., the minimum tension stiffening effects). The performance of this 
model is validated by comparison to tests. The model is then used to make a theoretical study 
of the effectiveness of fibres to control the cracking in the supports of integral structures, 
accounting for the longitudinal reinforcement ratio, the level of the axial force and the 
percentage of fibres. 

1 INTRODUCTION 

Structures have been traditionally designed with joints because of the difficulties involved in 
dealing with the analysis of imposed deformations and because on the face of it, it seemed like 
a good idea to avoid forces due to imposed deformations by just allowing displacements to 
occur. Unfortunately, with time, structure owners, and some engineers, have learned that 
durability problems in structures are largely and mostly the consequence of the presence of 
joints and bearings, and this realization has sparked an interest in jointless (also known as 
integral) structures [1 - 4]. One of the problems that have to be solved for this type of structure 
is the serviceability limit state of columns, where cracking becomes an issue as the embedded 
columns can be subjected to significant displacements.  

In this context, the use of FRC can be explored. On the one hand, fibres help control cracking, 
but, on the other hand fibres, will increase stiffness thereby increasing the forces acting on the 
columns due to imposed deformations. It is therefore not clear whether or not the use of FRC 
is favourable or not. In order to better understand this issue it is important to use an analysis 
tool that has the capacity to accurately model tension stiffening effects. In this paper an 
extended version the 3-stage model [5], which accounts for the effect of the axial force, is first 
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verified against the experimental tests of columns with low and high reinforcement ratios and 
low and high axial forces carried out by Groli et al. [6]. After verifying that the correlation 
between test and model is good, the 3-stage model is used to analyse in which cases the use of 
fibres is beneficial to improve serviceability by comparing the crack widths obtained for the 
maximum expected stiffness (incipient cracking). 

2 DESCRIPTION OF THE EXPERIMENTAL INVESTIGATION USED FOR 
VALIDATION 

This paragraph provides a description of the test results used to validate the 3-stage model and 
to try to draw conclusions with respect to the beneficial effects of the use of FRC since these 
tests cover a wide range of possible variables from low to high reinforcement ratios, high and 
low axial forces as well as two amounts of recycled fibres (0.5% and 1% of concrete in volume). 

These tests were performed at the Universidad Politécnica de Madrid (UPM) from May 2011 
to November 2011 [7]. 

2.1 Materials 

For this experimental campaign, twelve columns were cast with Self-Compacting Concrete 
(SCC), eight of which contained RSF from end-of-life tyres. The composition of SCC is shown 
in the Table 1. The RSF, which are generally crooked after the shredding process, had variable 
lengths and aspect ratios (average length = 15 mm, and average aspect ratio = 100). The cement-
based mixtures considered, called A, B and C, were made with the same SCC, but contained 
different percentage in volume of RSF (i.e., 0%, 0.5%, and 1%, respectively).  

The mechanical properties of these concretes are listed in Table 2. The average value of the 
compressive strength, fcm, was measured by means of uniaxial compression tests cylinders 
(diameter=150 mm, and height 300 mm). In the case of FRC (i.e., only in concretes B and C), 
in accordance with EN 14621 [8], notched prismatic specimens 150  150  600 mm were 
tested in three-point bending to measure the Limit of Proportionality (LOP), and the residual 
strengths fR1, fR2, fR3 and fR4. Finally, B-500 C steel reinforcing bars were used to reinforce all 
the beams. 

Table 1: Self-compacting concrete used to cast RC and R/FRC beams  

CEM II AM (P-V) 400 kg /m3 

Water 165 kg /m3 

Aggregate 0/5 mm 1004 kg /m3 

Aggregate 5/10 mm 821 kg /m3 

Superplasticizer 3.7 l /m3 
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Table 2: Mechanical properties of plain concrete and FRC 

Type of 
concrete 

fc 
(MPa) 

LOP 
(MPa) 

fR1 
(MPa) 

fR2 
(MPa) 

fR3 
(MPa) 

fR4 
(MPa) 

A 26.9 - - - - - 

B 36.4 3.10 1.53 1.08 0.51 0 

C 37.5 3.53 2.21 1.72 1.26 0.725 

 

2.2 Specimens and test setup 

The tests were designed to study the behaviour of twelve columns subjected to axial load and 
increasing imposed displacement at the head. The campaign would be representative of real 
integral structures. Therefore, the columns have a cantilever scheme, and they would represent 
half of a doubly embedded column, with an imposed displacement at the head equal to twice 
that imposed in the test (Figure 1).  

 

Figure 1: Imposed displacement on a doubly embedded column 

 

The axial force was introduced by means of internal prestressing bars, due to the difficulties of 
keeping a centred vertical force and, at the same time, imposing a displacement at that point 
using jacks. The prestressed rebar introduced is of high-strength steel and it is characterised by 
yielding stress of fyk = 1050 MPa. 

Figure 2 shows the configuration of the tests. Figure 3 shows four different cross sections of 
the specimens. All specimens were reinforced symmetrically with 4 rebars in each face and 
were prestressed to either 30% or 80% of their axial capacity, which was determined as 
0.85fcdbh, with fcd being the design concrete strength, b the width and h the height of the cross 
section. The values of 30% and 80% of the axial capacity of the column have been chosen 
respectively to simulate bridge piers, which have to withstand large bending moments and 
cannot resist, simultaneously, very high reduced axial forces, and buildings columns which are 
generally subjected to small bending forces and do carry very high axial stresses. 
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Figure 2: Test Setup 

 

 

Figure 3: Specimen cross-sections 
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Since each type of column was built with the three concretes of Table 1, four series of three 
columns were cast (see Table 3).  

Table 3: The columns investigated in the present research project 

Type of 
cross-section 

Specimen 
Type of 
concrete 

Axial 
load 
(%) 

Diameter 
of rebar 

in tension 
(mm) 

12-30 
(Fig.3°) 

12-30-A A 

30 12 12-30-B B 

12-30-C C 

12-80 
(Fig.3b) 

12-80-A A 

80 12 12-80-B B 

12-80-C C 

25-30 
(Fig.3c) 

25-30-A A 

30 25 25-30-B B 

25-30-C C 

25-80 
(Fig.3d) 

25-80-A A 

80 25 25-80-B B 

25-80-C C 

 

The tests were carried out in displacement control of a hydraulic jack with maximum 
displacement of 100 mm and maximum load of 200 mm. All strains measurements (obtained 
along the full length of the column, were taken with digital extensometers with a base of 200 
mm. 

2.3 Experimental results 

Figure 4 illustrates the results of the experimental campaign, in terms of the load P vs. deflection 
 The curves refer to the cantilever part, in particular at 2.15 m from the base of the column, 
where the jack and the highest inclinometer are placed (see Figure 2). All the curves 
experimentally measured are limited to the deflection  = 30 mm, to remain within the 
serviceability stage in all cases.  

As it is easy to suppose, the higher the reinforcement ratio, the larger the bearing capacity of 
both RC and R/FRC columns. For example, when  = 30 mm, the corresponding value of P 
varies between 60 and 90 kN in series 12-30 (Fig. 4a) and series 12-80 (Fig. 4b), whereas P is 
within the range 110-140 kN in series 25-30 (Fig. 4c) and 25-80 (Fig. 4d). Nevertheless, for the 
same type of cross-section and at the same deflection, R/FRC columns are generally, but not 
always, stronger than RC columns. In terms of the load-displacement behaviour the 
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experimental results do not really provide very clear trends regarding the beneficial effects of 
adding fibres. The reason for this is probably the variations in the axial forces due to variable 
prestressing losses occurring before the test. For this reason, it is interesting to analyze the 
specimens from a theoretical point of view, where the scatter inherent to the tests is not present.  

 

 

 

Figure 4: Test Results 

3 THREE-STAGE MODEL 

In the following sections, the 3-stage model used to predict the mechanical response of both 
RC and R/FRC columns is described. In stage 1, to account for the maximum effect of tension-
stiffening, an equivalent constitutive law of the steel rebar is evaluated. Then, stage 2 consists 
in the determining the cross-sectional moment-curvature relationships at incipient-cracking 
(i.e., with the maximum tension stiffening) and for the fully cracked beams (i.e., without the 
contribution of tension-stiffening). Finally, is stage 3, the moment-curvature relationships are 
used to compute the theoretical range of P- which can be compared with the experimental 
results of Figure 4. 

All the stages of the model are described in the following sections.  
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3.1 Stage 1: Tension-stiffening model 

In order to analyze the tension-stiffening effect, usually affected by the randomness of the crack 
pattern, two constitutive laws of steel rebars are considered. The first relationship refers to the 
fully cracked condition. This means the absence of tension-stiffening, which coincides with the 
stress-strain (s -s) relationship of the naked rebar. On the other hand, the second law is 
representative of a block of RC or R/FRC tie delimited by two consecutive cracks (see Fig.5a). 
The block has a length sr, which coincides with the crack spacing, and a cross-section 
corresponding to the tensile zone of the element. Thus, in a single tie, Ac,eff and As are the area 
of effective concrete and steel, respectively. 

In order to reproduce the maximum effect of tension-stiffening, the situation of incipient 
cracking is modelled through an equivalent s -s relationship of rebar. With this idea in mind, 
the situation in which a new crack in the middle of the tie is about to form (at z = sr / 2) is 
considered. The following algorithm allows to numerically determine stress-strain diagram for 
an assumed value of the crack width: 

1. A value of the crack width w in the cracked cross-section is assumed; 
2. A value of the strain in the reinforcement, s, of the cracked cross-section (i.e., at z = 0) 

is assumed; 
3. The equilibrium equation of the equivalent tie is considered in the cracked cross-section 

to obtain the axial its force N: 
𝑁  𝜎 𝑤   𝐴 , 𝜎 𝜀   𝐴      (1) 

where s(s) = stress in the rebar (as a function of the strain s), it is defined through the 
s-s relationship of the naked bar; and c(w) = stress in the cracked concrete as a 
function of crack width w (Fig.5b), according to the fictitious crack model of plain 
concrete or FRC. The latter is in turn defined by means of the residual strength fR1 and 
fR4 of Table 2 [8-10]; 

4. The equilibrium in the cross-section at incipient cracking, where the stress of concrete 
(or FRC) is c = fct (= tensile strength), provides the values of s at z = sr / 2 (Fig.5a): 
𝜎 𝑁  𝑓   𝐴 , /𝐴    (2) 

5. The strain of the rebar in this cross-section, s, is then computed with the stress-strain 
relationship of the naked bar; 

6. A trial value for the distance between two cracks, sr, is assumed; 
7. The following differential equations, which represents the equilibrium and 

compatibility conditions at the interface rebar – plain concrete or FRC (of the tension-
stiffening problem [11]), can be numerically integrated [12]: 

𝜏   (3) 

𝜀 𝑧 𝜀 𝑧   (4) 

where, ps and As = perimeter and area of rebar, respectively; s = slip between steel and 
surrounding concrete (or FRC): z = horizontal coordinate; bond stress on the 
interface rebar-plain concrete (or FRC). By considering the bond-slip relationship, - s, 
suggested by fib Model Code 2010 [13], the distribution of c(z) (in Fig.5b), s(z) (in 
Fig.5c), and s(z) (in Fig.5d), respectively, within the domain sr / 2 are obtained. 

8. If s ≠ 0 in the cross-section at incipient cracking (i.e., at z = sr / 2 in Fig.5d), go back to 
step 6 with a new value of sr; 
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9. If c ≠ fct in the cross-section at incipient cracking (i.e., at z = sr / 2 in Fig.5b), go back 
to step 3 with a new value of s in the cracked section (i.e., at z = 0 in Fig.5c). 

For a given value of w, this procedure provides the corresponding normal force N applied to the 
ties. The average strain of the rebar within the length sr , calculated from the strain distribution 
s(z) as depicted in Fig.5c, corresponds to the strain of the s-s relationship at the incipient 
cracking (i.e., in condition of maximum tension-stiffening). For cross-section 12-70-C, Fig.5e 
shows the stress-strain relationship of the naked bar (which is that of steel B-500-C), 
corresponding to the fully cracked situation, and s-s of the incipient cracking obtained with 
the numerical procedure.  

 

Figure 5: Evaluating the maximum effect of tension-stiffening in the three-stage model: (a) 
geometrical properties of the tie at incipient cracking: (b) distribution of tensile stress in 

concrete; (c) distribution of tensile strain in the reinforcement; (d) distribution of slip 
between steel and concrete; € stress-strain relationships of rebar (example).  

 

3.2 Stage 2: Moment-curvature relationships 

The moment-curvature diagram is determined as done in any traditional calculation, accounting 
for the axial force provided by prestressing and using the stress-strain relationship for streel 
which was derived in stage 1, for both conditions of maximum tension-stiffening and no tension 
stiffening and an adequate constitutive law for concrete in compression. In this paper, Sargin’s 
stress–strain relationship, as defined in the fib Model Code [13] is used for concrete or FRC in 
compression for ordinary concrete and the stress-strain law defined in the ongoing revision of 
EN 1992-1-1, prEN 1992:1-1:2020 (CEN TC-250/SC2, 2020) is used for FRC. 

Fig.6 illustrates these relationships for a sample case.  
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Figure 6: Cross section, strain plane, stress plane and moment curvature diagrams for 
incipient cracking and for the fully cracked section  

 

3.3 Stage 3: Load-deflection diagram 

The load deflection diagram is simply obtained by double integral of the curvature for both the 
fully cracked condition and the incipient cracking situation. 

4 COMPARISON BETWEEN THE EXPERIMENTAL DATA AND THE RESULTS 
OF THE PROPOSED MODEL 

Table 1 summarizes the strength values and axial force used to model each one of the 
experimental tests described in Section 2.  

Figure 7 shows the results for 4 selected tests in which the 3-stage model is seen to perform 
quite well. For the other specimens, the 3-stage model also provided very reasonable 
approximations to the experimental values, but they are not included due to lack of space. These 
results are sufficient to validate the quality of the model, and it can be used in order to explore 
theoretically whether the use of FRC is beneficial or not for integral structures as a function of 
the reinforcement ratio and the applied axial force. This study is presented in the following 
paragraph in terms of the crack width opening estimated for different values of the imposed 
displacement. 

835



   
 

Table 4: Compressive strength, tensile strength and prestressing force considered  
for each specimen 

 
column 

fcm 
(MPa) 

fR1 
(MPa) 

N -prestressing force 
(kN)  

12-30-0% 41.5 0 415 
12-30-0.5% 41.7 1.53 555 
12-30-1% 42 2.21 646 
12-80-0% 41.6 0 1276 

12-80-0.5% 41 1.53 1027 
12-80-1% 42.5 2.21 1075 
25-30-0% 41.4 0 510 

25-30-0.5% 40.4 1.53 507 
25-30-1% 41.9 2.21 503 
25-80-0% 41.7 0 1174 

25-80-0.5% 40.9 1.53 1371 
25-80-1% 41.9 2.21 1230 

 

 (a) 12 – 30 - plain (b) 12 –30 - 0.5% 

(c) 12 –30 - 1%  (d) 25 – 30 - plain 

Figure 7: Results for selected specimens 
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5 THEORETICAL STUDY ON THE BENEFICIAL EFFECTS OF THE USE OF 
FRC IN INTEGRAL STRUCTURES 

Table 4 presents the crack width opening reduction that can be achieved theoretically, as 
determined by the 3-stage model (for maximum tension stiffening) for specimens 12-30, 12-80 
and 25-30. For this calculation, the axial loads are the theoretical values, i.e., 450 kN for 12-30 
and 25-30 and 1200 kN for 25-80. The table shows that for a given displacement crack widths 
become smaller, as expected when the axial force increases and the reinforcement increases.  

Table 4: Reduction in crack opening by the use of FRC in mm 

 Displacement of 8 mm  Displacement of 15 mm 

% fibres  12‐30  12‐80  25‐30  12‐30  12‐80  25‐30 

0  0.117  0.042  0.049  0.248  0.173  0.103 

0.5  0.099  0.035  0.044  0.214  0.146  0.092 

1  0.090  0.031  0.042  0.195  0.132  0.088 
 

Table 5 represents the same results but in relative values, by dividing the predicted crack width 
by the crack width corresponding to the case of no fibres. Here it is interesting to note that the 
effect of fibres is greater, in relative terms, when the displacement is smaller and when the axial 
forces are higher. This is logical because it is in these conditions that the tension stiffening 
effects are stronger. With a 1% fibre content the reduction in crack width for the smaller 
reinforcement ratio can be up to 25%, which is modest but also significant. 

Table 5: Reduction in crack opening by the use of FRC relative to no fibre 

 Displacement of 8 mm  Displacement of 15 mm 

% fibres  12‐30  12‐80  25‐30  12‐30  12‐80  25‐30 

0  1.000  1.000  1.000  1.000  1.000  1.000 

0.5  0.847  0.833  0.883  0.863  0.843  0.896 

1  0.771  0.745  0.844  0.786  0.764  0.856 

6 CONCLUSION 

The 3-stage model was applied to predict experimental displacement-deflection from the tests 
by Grolo [7]. It was shown that the 3-stage model provided results which were comparable to 
those of the tests. Because the tests did not provide very clear tendencies regarding the effect 
of fibres, probably because of variations in the axial forces due to variable prestressing losses 
occurring before the test, the effectiveness of using fibres to improve serviceability behaviour 
of integral structures in terms of cracking was theoretically studied using the 3-stage model, for 
the case of maximum tension-stiffening. It was found that fibres can reduce the crack width by 
up to 25% for a 1% content of fibres. In relative terms, the fibres are most effective when the 
reinforcement ratios are low and the axial forces high, because in those cases the tension 
stiffening effects -which are strengthened by the addition of fibres- are higher. 
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ABSTRACT 

The usage of bonded anchors in construction industry has shown an upward trend in recent 
years. This can be attributed to their flexibility in terms of anchorage depths and their high 
characteristic resistance. The chemical adhesives used in bonded anchor systems are known to 
be very sensitive to temperatures outside its normal working temperature. Therefore, in an event 
of fire when the temperatures are significantly high, pull-out failure is expected to be the 
governing failure mode. 

At present, there are no standard published for designing bonded anchors under fire conditions. 
But a reasonable amount of research can be found in literature which is helping the development 
of design guidelines. Most of the investigations available are experimental, which are 
challenging and demanding, both technically and economically. Hence, experiments do not 
offer the flexibility to study different influencing parameters extensively. However, taking 
advantage of advanced numerical simulations, the hybrid approach i.e., experiments augmented 
with numerical simulations could allow more detailed parametric studies to be conducted. 

To promote the hybrid approach, which offers the possibility to assess the response of the 
anchor under case specific conditions. The paper presents a 3D thermo-mechanical finite 
element model developed in Ansys® for simulating the response of bonded anchors loaded in 
tension under fire exposure. The validation of the model against experiments from literature is 
also presented. The model accounts for temperature dependency of various thermal and 
mechanical properties of materials. The bond is modelled using temperature dependent bilinear 
Cohesive Zone Model (CZM) for Mode-II (in-plane shear) fracture. 

1  INTRODUCTION 

The use of fasteners has significantly increased in construction industry and so has the research 
on fire resistance of fasteners, evident from the increasing number of publications [1–7]. 
Fastening systems under tension loading has four different failure modes viz., steel failure, 
concrete breakout failure, pull-out failure, and concrete splitting. Hence, all these failure modes 
also need to be checked under fire to determine the governing failure mode. 

In case of bonded anchors at ambient conditions, usually a concrete cone failure is pulled out 
for very small embedment. If the embedment is deeper a shallow concrete cone with a bond 
failure below the cone is observed. Furthermore, if the embedment is further increased and the 

839

mailto:hitesh_lakhani06@rediffmail.com


   
 

bond is strong then a steel failure of the anchor rod occurs. But in case of fire the pull-out 
capacity of bonded anchor degrades faster as compared to other failure modes. This is because 
the bond strength of bonded anchors is known to be strongly dependent on temperature and it 
reduces rapidly with rising temperature. The rate of degradation in bond strength is product 
dependent because of the type of adhesive material (inorganic/organic/vinyl ester/epoxy) and 
its chemical composition. 

At present, in absence of any design guidelines, the fire resistance of bonded anchors is 
qualified experimentally. But a reasonable amount of research can be found in literature which 
is helping the development of design guidelines [2, 8–10]. Based on this research a simplified 
numerical method named as “strength/resistance integration method” has been shown to be a 
possible tool for calculating the pull-out capacity of bonded anchors loaded in tension under 
standard fire. But the experimental database against which the method has been validated is 
limited in terms of anchor rod diameter and embedment lengths. 

Another important aspect not covered by strength integration method is the bond-stress 
distribution along the embedment length, “shear lag effect”. This aspect was investigated by 
Lahouar et al., (2018) [11], with help of a cantilever slab-wall connection made using post 
installed rebar (PIR), it was shown that shear lag effect does not much change the load bearing 
capacity (in pull-out) in comparison to the strength/resistance integration method. But this study 
had some limitations: a) The embedment depth studied was once again relatively small; b) The 
thermal strains of materials were ignored, which is expected to change the stress distribution 
due to the thermal gradients and c) The demand (loading) on PIR was assumed to be constant 
with fire duration. 

Although a lot of numerical and experimental investigations have been conducted in recent 
years but still lot needs to be understood. Experiments being technically & economically 
demanding, do not offer the flexibility to study different influencing parameters extensively. 
However, taking advantage of advanced numerical simulations, the hybrid approach i.e., 
experiments augmented with numerical simulations could allow more detailed parametric 
studies to be conducted. This approach provides the designer with a possibility to consider 
(sometime take advantage of) the real-life conditions like load inclinations, type of (onsite) 
fixture, type of fire exposure etc. Thus, optimising the design with increased confidence on the 
safety margins.  

In past also numerical studies have helped develop design guidelines [12] for instance the 
current guidelines for concrete cone failure during fire are a result of extensive numerical 
studies conducted by Periskic (2009) [13]. At present with further advancement in 
computational power the authors believe that the use of advanced numerical 
methods/simulations should be encouraged to assist the designer achieve a safe and optimised 
design. In line, with this objective the paper presents a 3D thermo-mechanical finite element 
model developed in Ansys® for simulating the response of bonded anchors under fire exposure. 
The details of the model along with its validation is presented in this paper. The thermo-
mechanical coupling considered in the model is a one-way coupling (also referred as sequential 
coupling) i.e., mechanical response is affected by temperature, but the computed temperature 
is not affected by the mechanical response (like cracking etc). The model accounts for 
temperature dependency of various thermal and mechanical properties of materials, as well as 
of bond strength. 

840



   
 

2 MODELLING APPROACH: 3D THERMO-MECHANICAL FE MODEL 

The 3D thermo-mechanical FE model presented in this paper is based on sequential coupling 
approach between the thermal and mechanical analysis. This means that the stress fields are 
dependent on temperature fields, but the temperature fields are not affected by the stress fields. 
In the field of structural fire engineering the sequential coupling has been assumed for analysis 
as simple as sectional analysis [14] to detailed 3D FE analysis [15–17]. Hence, showing its 
wide acceptance. Furthermore, based on the numerical studies in fastening technology for 
example on Post Installed Rebars during fire [18], concrete edge failure under fire [3] and 
concrete cone failure of fasteners during fire [6], the sequential coupling has been shown to be 
reasonable. 

The subsequent sections describe the 3D thermo-mechanical finite element model developed 
for simulating the response of bonded anchors during fire and loaded in tension using general 
purpose FE program Ansys® [19]. 

2.1 Transient thermal analysis 

In the first step transient thermal analysis is performed, i.e., the governing 3D transient heat 
transfer equation is solved using Finite Element Methods (FEM) to obtain the temperature 
distribution over a volume/geometry (also referred to as computational domain) for a given fire 
exposure. The geometry consists of the concrete member with reinforcement (if any) and the 
threaded rod of the bonded anchor along with any fixture (if required to be considered). The 
geometry is discretised using first order (linear) tetrahedron (for concrete) and hexahedron (for 
threaded rod) elements. The name of these element as per Ansys element library is SOLID70. 
These elements have only single degree of freedom, temperature at each node. 

The influence of the adhesive layer on heat transfer is ignored. Hence, the hollow cylindrical 
geometry for adhesive layer is not modelled. The threaded rod is modelled as a cylindrical 
geometry with its diameter equal to the nominal diameter of the threaded rod. To allow for the 
heat flow between threaded rod and concrete the contact between them is defined as bonded. 

The heat transfer from the hot gases to the exposed surface is modelled using radiation and 
convection thermal boundary conditions. The inputs required for these thermal boundary 
conditions along with their corresponding/recommended values are given below: 

1. Gas temperature (Tg): It is the gas temperature in the vicinity of the fire exposed 
member and varies according to the temperature-time relationship for the fire exposure 
to be considered. 

2. Convection heat transfer coefficient (hc): It is the coefficient required to model the 
convection component of heat transfer and is equal to 25 W/m2 K [20] for standard fire 
exposure. 

3. Emissivity of concrete surface & fire is taken as 0.8 & 1.0, respectively for modelling 
the radiation component of heat transfer. 

The thermal properties of concrete are taken from Eurocode 2 [21] based on the 
sensitivity/validation studies conducted by Lakhani et. al., (2013) [22]. The thermal properties 
for steel threaded rod are taken as per Eurocode 3 [23]. The input properties for concrete and 
steel used for the numerical validation presented in this paper are shown in Figure 1 and Figure 
2, respectively. 
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(a) Density (b) Conductivity & specific heat 

Figure 1: Properties of concrete for heat transfer analysis 
 

 

Figure 2: Properties of steel (threaded rod) for heat transfer analysis 
 

2.2 Mechanical analysis 

In the second step, static mechanical analysis is performed to evaluate the response/behaviour 
of bonded anchor. The geometric modelling for this step remains the same as for transient 
thermal analysis. But now the geometry is discretised using SOLID185 elements, which is a 
continuum stress element with three translational degrees of freedom at each node. The 
elements are used with simplified enhanced strain formulation to prevent shear locking. The 
shapes of the elements were kept the same as for transient thermal analysis (Tetrahedron for 
concrete and Hexahedron for threaded rod). Displacement boundary conditions are assigned to 
simulate the support conditions of the member. 

The temperatures computed in the first step (transient thermal analysis) are imported into the 
static mechanical analysis. The time scale of the static analysis is kept the same as for transient 
thermal analysis to establish a one-to-one correspondence. For example: the temperature at 60 
seconds from thermal analysis are read at 60 seconds in mechanical analysis and so on at other 
time instances. It should be noted that the time in static mechanical analysis is a pseudo time 
(since static analysis are time independent) and the time scale selected for analysis is users’ 
preference. The authors prefer to use same time scale as for transient thermal analysis, simply 
to avoid errors and confusion. 
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The nonlinear behaviour of concrete is modelled using Menetrey-Willam plasticity model with 
exponential softening (as shown in Figure 3), available in Ansys®. The stress-strain 
relationship for concrete under uniaxial compression as recommended by Eurocode 2 [21] is 
used. The temperature dependent mechanical properties and thermal strains for concrete are 
also taken from Eurocode 2. But the degradation in tensile strength is slightly modification for 
numerical reasons (convergence issues). The tensile strength at and above 600°C is kept 
constant at a value corresponding to 10% of ambient value. The dilation angle, 28° and fracture 
energy were assumed to be independent of temperature. 

  

Figure 3:Exponential softening definition for concrete under compression and tension 
 

Since, the presented validation focussed only on pull-out failure, the steel threaded rod was 
assumed to be linear elastic with temperature dependent Young’s modulus and 0.33 Poisson’s ratio. 
The thermal strain for threaded rods was taken same as that for reinforcement according to 
Eurocode 2.  

Two types of contacts were defined to model interface between the threaded rod and concrete 
as mentioned below: 

1. No bond was assumed between the bottom face (end) of the threaded and concrete. 
Hence a simple frictionless contact served the purpose. 

2. The adhesive bond along the embedment length of bonded anchor was modelled using 
bilinear Cohesive Zone Model (CZM) considering only the Mode-II (in-plane shear) 
fracture mode. To implement fracture mechanics based CZM model, bonded contact is 
defined between the shaft of the threaded rod and concrete. The CZM is temperature 
dependent. This means that the maximum tangential contact stress and tangential slip at 
completion of debonding, required for defining the bilinear CZM, are defined as 
functions of temperature. The reduction in bond stiffness is accounted by defining 
temperature dependent tangential stiffness of the contact, which is inputted via a 
command object (inserting under the contact definition) using Ansys Parametric Design 
Language (APDL). The exact values used for different CZM parameters are given in 
the validation section (Table 1). 
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3 VALIDATION 

The 3D thermo-mechanical model described in the previous section is validated against the 
experiments performed by Al-Mansouri et al., (2019) [4] on bonded anchor. Al-Mansouri et al., 
(2019) reported 3 fire resistance tests on bonded anchor (in addition to other experiments on 
unloaded anchor to investigate the effect of fixtures, insulation, and thickness of concrete slab 
on the temperature distribution along the embedment depth of bonded anchor). 

The fire resistance of bonded anchors with diameter 12 mm (hef = 110 mm) and 8 mm 
(hef = 70 mm) was tested by installing the anchors in the centre of a concrete slabs with 
dimensions 1.5 m × 0.23 m × 0.18 m (Length × Width × Thickness). Figure 4 shows the 
geometric details along with the exposure conditions considered in the thermal analysis and the 
support conditions applied to slab for mechanical analysis. In this paper the simulation of 
bonded anchor with diameter 12mm (hef = 110 mm) were performed and compared with 
experimental results. 

 

(a) Exposure and support conditions 

 
(b) Section A-A 

Figure 4: Geometric details and exposure conditions 
 

Experimentally the loaded anchors were exposed to standard fire exposure as per ISO 834-1 
[24] and their time to failure was reported. This is because the transient tests are more 
representative of the real-life scenario. They are in general known to yield the worst results. 
But for the simulations the anchors were allowed to freely expand during the fire exposure of 
30 minutes, 60 minutes, and 90 minutes. Thereafter, the anchors were loaded in displacement-
controlled way to get the complete load-displacement behaviour at that time instance. 
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Numerically this approach is more reliable since it’s difficult to correctly assess/determine the 
failure from load-based simulations which suffers from convergence issues. 

The following material properties were used for concrete: cylindrical uniaxial compressive 
strength fc = 25 MPa, uniaxial tensile strength fct = 2.0 MPa, Poisson’s ratio υ = 0.18, biaxial 
compressive strength fcb = 28.75 MPa and fracture energy Gf = 0.07 N/mm. Figure 5 shows the 
temperature dependent strengths for concrete used for the simulations. The input Young’s 
Modulus and thermal strain for concrete and threaded rod are shown in Figure 6 (a) and (b) 
respectively. 

 
Figure 5: Variation of concrete strength(s) with temperature 

 

  
(a) Concrete (b) Threaded rod 

Figure 6: Youngs modulus and thermal strain 
*-Secant between the origin and 30% peak stress 

 

The bonded anchors were installed using a polymer-based resin. The bond strength at ambient 
temperature was reported to be 25 MPa (based on tests with threaded rods of 16mm diameter) 
[4]. The bond strength variation with temperature, measured according to EAD 330087-00-
0601 [25] was reported graphically by Al-Mansouri et al., (2019) [4]. The data was digitised 
from the original reference [4] and a power function was fitted as shown in Figure 7 to obtain 
the bond strengths at different temperature, listed in Table 1.  

A temperature dependent bilinear Cohesive Zone Model (CZM) model, shown in Figure 8 is 
used for modelling the bond between the threaded rod and concrete. It should be acknowledged 
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that since the selected CZM model is used for modelling mode II fracture only, there is no 
interaction between the normal and shear (bond) forces at the bonding interface. In absence of 
any bond-slip characteristics for the polymer resin used by Al-Mansouri et al., (2019) [4], the 
slip data from Lahaour et al., [11] was adapted for the present study. Table 1 summarizes the 
CZM parameters at different temperatures used for the simulations. 

 
Figure 7: Bond strength-temperature relationship for the polymer resin 

 

 
Figure 8: Cohesive Zone Model (CZM) definition  

 

The load – displacement response of the bond anchor at 30, 60 and 90 minutes of fire exposure 
are shown in Figure 9. As expected, the displacement at the free end of the anchor increases 
with increase in fire duration but the fractional increase reduces with increasing fire duration. 
The simulations are also able to capture the degradation in the stiffness and capacity of the 
anchor with increase in fire duration.  

Since the experiments are performed in a load-controlled manner and not displacements are 
measured (mainly due to practical difficulties). A comparison could only be made between the 
experimental and predicted capacity curves, which is shown in Figure 10. A good comparison 
is obtained for capacities around 60 minutes. But there is large difference between capacities at 
30 minutes. This can be attributed to the fact that since the simulations does not account for 
concrete moisture content, which is expected to have higher influence on temperature for 
shorted fire durations. Presence of moisture lowers the temperature and thus would increase the 
predicted pull-out capacity. 
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It should be noted that the objective of this study was to explore the modelling possibility and 
produce first set of results without tweaking/calibrating the input parameters. Hence no attempts 
were made to bring the numerical predictions closer to experimental results.  

Table 1: Parameters for CZM  
Temperature Bond strength 

(Ⴀmax,T) 
Slip at peak stress 

(δ1) 
Slip at completion of debonding 

(δ2) 
[°C] [N/mm2] [mm] [mm] 
22 24 0.1 6 
40 24 0.3 6 
50 8.5 0.5 6 
60 6.5 0.6 2 
70 5.2 0.7 2 
80 4.3 0.7 2 
90 3.6 0.9 2 

100 3.1 0.9 2 
125 2.3 0.9 2 
150 1.7 0.9 2 
200 1.1 0.9 2 
225 0.9 0.9 2 
250 0.8 1.0 2 
260 0.001 1.0 2 

 

 
Figure 9: Load-displacement curves at different fire exposure durations 

 

 
Figure 10: Comparison between simulated and experimental pull-out capacity 
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In the simulations since the complete member in which the bond anchor is installed was also 
modelled. The response of the member along with the that of bonded anchor can be captured. 
The response of the member was not reported by Al-Mansouri et al., (2019) [4]. Hence, no 
comparison could be reported. The development of cracks in the member at different fire 
exposure durations, based on the simulation results are shown in Figure 11. The vertical cracks 
in the longitudinal view and the inclines cracks in the section view, due to thermal gradients are 
to be seen clearly.  

 

 
(a) At 30 minutes 

 

 
(b) At 60 minutes 

 
 

(c) At 90 minutes 
Longitudinal view Section view 

Figure 11: Crack profile at different fire exposure duration 

4 CONCLUDING REMARKS 

The paper presented a 3D sequentially coupled thermo-mechanical finite element model 
developed in Ansys® for simulating the response of bonded anchors under fire. The model 
accounts for temperature dependencies of thermal and mechanical properties of materials. The 
temperature dependent bond between the threaded rod of the anchor and the concrete is 
modelled using bilinear Cohesive Zone Model (CZM) for Mode-II type fracture. Based on the 
presented validation of the model it can be concluded the model can simulate the response of 
bonded anchors exposed to fire. But, at the same time it should be acknowledged, that there is 
a lack of experimental data for bond-slip relationship at elevated temperatures which is required 
for determining the input parameters for CZM. 
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ABSTRACT 

The bond between concrete and steel under high slip rates is investigated in this paper. Beam-
end specimens were used to investigate the bond properties. A modified split Hopkinson tension 
bar (SHTB) was used to induce the high strain rate loading. The slip between the rebar and the 
concrete was measured directly with the help of an optical extensometer measuring the 
displacement of the concrete and a digital image correlation measuring the movement of the 
rebar. The bond stress was derived indirectly from the strain measurements on the incident and 
transmission bar by utilizing the wave propagation theory. 

To fully understand the phenomenon, the experimental setup was modelled in LS-Dyna. In the 
simplified model, a contact algorithm was used to represent the bond zone between concrete 
and steel. This model served to validate the evaluation method of the experiments as the bond 
law was already implemented in the behaviour of the contact. In the detailed model, steel ribs 
were modelled explicitly and frictional contact between rebar and concrete was utilized to 
simulate the transfer of forces. Two material models were used to model the concrete behaviour, 
the Schwer and Murray and Concrete Surface Cap model.  

Bond stress-slip curves obtained from the experiments as well as from the numerical 
simulations are compared in the results section. The beam-end specimens are evaluated with 
respect to their suitability for high slip rate loading.  

1  INTRODUCTION 

In the past, extensive studies on the bond behaviour of reinforcement steel and concrete were 
conducted. In most cases, these studies concentrated on quasi-static loading. Because of the 
recent geopolitical situation and security concerns more and more research is focused on 
extreme loading scenarios arising from various forms of impact and explosions. That means 
that also the bond behaviour needs to be investigated under such high loading rate conditions. 
In recent years several researchers investigated the influence of the loading rate on the bond 
behaviour of various specimen sizes and configurations. The consensus is that bond strength 
exhibits strain rate sensitivity called dynamic increase factor (DIF). However, it is unclear to 
which extent the bond stress is increased by increasing loading rates as inertial effects can 
significantly influence the measured results. Above that, different experimental set-ups tend to 
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produce significantly different results. The most common are pull-out tests [1] where the 
concrete specimen is under compression due to the support conditions which doesn’t represent 
the stress state in a real structural member. There are several possibilities for how to introduce 
rapid load into the specimen. For instance, Solomos and Berra [2] used a compression split 
Hopkinson bar (SHB) with an inversion canister that allowed for pull-out testing. Compression 
SHB in push-in configuration was used by Michal et al. [3] to study the bond behaviour of 
cylindrical specimens with short bond lengths of 3 to 8 times the rebar diameter (ds). Less 
common are so-called beam-end tests where the concrete surrounding the bar is partly in tension 
[4] with an inclined compressive strut due to the support conditions. Under high strain rates, 
these types of specimens were tested for instance by Jacques and Saatcioglu [5]. To apply high 
strain rate loading, they used a shock tube extended by a dynamic point loader that enabled to 
pull the reinforcement out of the specimen. The applied impulses were 3710 kPaꞏms and 
4450 kPaꞏms for specimens with a bond length of 200 mm and 400 mm respectively which 
corresponds to 10 ds and 20 ds. The diameter of the tested bars was 20 mm. Splitting pull-out 
failure mode was observed and the strain distribution along the rebar was measured with strain 
gauges. For the same level of applied load, beam-ends subjected to high strain rates experienced 
reductions in a slip of 10 % to 20 % when compared with similar static results. For all 
conditions of bonded length, elastic bond strength attained a DIF of ca. 1.45 for a strain rate of 
0.1 s−1. 

The experimental work described in this paper combines the two above approaches. The first 
one is the testing of short bond lengths of 2 ds and the second one is the usage of beam-end 
specimen geometry. The split Hopkinson tension bar (SHTB) was used to induce the loading.  

2 EXPERIMENTAL PROGRAMME 

2.1 Used Materials 

The investigated concrete had a class C35/45 with a maximum aggregate size of 8 mm. 
Compressive strength and modulus of elasticity were measured on cylinders with a diameter of 
150 mm and height of 300 mm. The tensile strength was measured on dog bone-shaped 
specimens with a 50 mm edge length in the narrow part and a tapered length of 375 mm. The 
average mechanical properties calculated from three specimens are presented in Tab 1. The 
beam-end specimens were stored in a normal laboratory humidity at approximately 20°C. The 
drawing of a beam end specimen is shown in Fig. 1. 

Table 1: Mechanical properties of the used concrete 

 Value 
[MPa] 

Standard 
deviation [MPa] 

Compressive strength 50.3 3.2 
Splitting tensile strength 3.66 0.7 

Modulus of elasticity 35 000 11 900 
 

The investigated rebar BSt 500B had a diameter of 12 mm and the bond length was 24 mm. 
The average static modulus of elasticity based on measurements on three specimens was 
213 GPa and the yielding strength was 566 MPa. Assembly bars and stirrups were used in the 
specimens to prevent specimen splitting and for stability purposes.  
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Figure 1: Drawing of the beam end specimen. 

 

2.2 Experimental setup and measurement principle 

The experimental setup consisted of a split Hopkinson tension bar (SHTB) in which a beam-
end specimen was placed, see Fig. 2. The general working principle of SHTB was described 
for instance by Chen [6]. The setup of the SHTB used in this experimental work comprised of 
a 2.5 m long hollow impactor with an outside diameter of 48.3 mm and an inner diameter of 
35.7 mm. The impactor was accelerated in the direction of the arrow in Fig. 2 with a compressed 
air gun (for simplicity not drawn in Fig. 2) towards a stopper that was fixed at the beginning of 
an incident bar. A copper-rubber pulse shaper was used to decrease the oscillations of the 
loading wave and to prolong the wave’s plateau. The incident bar had a diameter of 30 mm and 
was 9.9 m long in total. The reinforcement bar had a diameter of 12 mm and threaded M16 
connections at both ends. The beginning of the reinforcement bar was screwed into the end of 
the incident bar whereas the end of the reinforcement bar was coupled with a sleeve connector 
to the transmission bar that had a diameter of 16 mm and a length of 2 m. All parts of the SHTB 
were made of steel to be compatible with the rebar. The strains were measured with strain 
gauges on the incident and transmission bars. In addition, strains and particle velocities were 
measured 100 mm before and after the beam-end specimen to account for the wave distortions 
that arose due to reflections on the rebar-incident bar and rebar transmission bar interfaces. The 
data acquisition rate was 1 MHz and the particle velocities were calculated using digital image 
correlation from images taken by a Photron Fastcam SA5. The sampling rate was 162,720 fps. 

 

Figure 2: Sketch of the SHTB with the beam-end specimen. The movement of the impactor is 
to the right in the direction of the arrow.  

 

The bond stress was calculated from the force in the rebar that was calculated before and after 
the bond zone by using wave decomposition based on the strain and velocity signals. The 
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decomposition procedure is based on the theoretical basis developed by Zhao and Gary [7] and 
a detailed description of the exact procedure as applied to the beam-end tests is submitted by 
the authors of this paper to a journal publication [8]. Because of the short bond zone, it was 
assumed that the bond stress 𝜏  is constant along the bond zone and it was calculated from the 
force difference 𝛥𝐹  as: 

𝛥𝐹 𝐹 , 𝐹 ,                       (1) 

𝜏                           (2) 

where 𝐹 ,  is the force calculated before the bond zone and 𝐹 ,  is the force after the 
bond zone. The rebar circumference is 𝑢 , the diameter is 𝑑  and the bond length is 𝑙 . The slip 
was calculated as a difference between the beam-end specimen movement as measured by an 
optical extensometer and the movement of the rebar calculated from the high-speed videos.  

3 NUMERICAL INVESTIGATIONS IN LS-DYNA 

3.1 Simplified model 

To fully understand the bond phenomenon and to check the evaluation methodology of 
experimental data, the SHTB setup was modelled in LS-Dyna by using the explicit solver. In 
the simplified model, the rebar was modelled with solid hexahedral elements without ribs and 
stirrups and assembly bars were omitted from the model. An elastic material model with a 
modulus of elasticity of 200 GPa and density of 7850 kg/m3 was used for rebar as well as the 
split Hopkinson bars. As the bond behaviour was governed by the bond law, concrete was also 
modelled as elastic material with a modulus of elasticity of 35 GPa and a density of 2300 kg/m3. 
The strain and velocity signals were exported from the model at the same locations as in the 
experiment. The same evaluation procedure as in the experiment was applied to validate the 
experimental methodology. The calculated force (Eq. 1) was then compared with a contact 
force that was directly acquired from the numerical model. A bi-linear force-traction law was 
implemented in LS-Dyna as a tiebreak contact algorithm with OPTION=9 activated to represent 
the bond stress-slip law. According to the LS-Dyna manual [9], the OPTION=9 is based on the 
Discrete Crack Model with power-law and B-K damage as in the 
*MAT_COHESIVE_MIXED_MODE. The graphical representation of the parameters is 
shown in Fig. 3 (a). As only parameters in the shear (tangential) direction are of interest, the 
parameters in the normal direction were set as 10% of the shear parameters. The shear 
parameters were derived based on our previous results [10] because the simplified modelling 
was done before the experimental work. The simplified model was used to determine the best 
configuration of the SHTB that would allow the largest possible slip between rebar and 
concrete. The impactor velocity was set to 3.5 m/s, which corresponded to the measured 
velocity of the impactor in the experiment. The impactor length and the diameter of the 
transmission bar (TB) were varied. This is shown in Fig. 3 (b). It was found that the shorter, 
500 mm long impactor, does not induce enough kinetic energy at small enough strains to 
prevent yielding of the reinforcement bar to achieve a full pull-out of the rebar. For the case 
when a 30 mm transmission bar was used, the mechanical impedance difference and the 
resulting wave reflection decreased the maximal achievable slip. The option with a free end 
(without TB) provided good results in the numerical simulations but makes the wave separation 
process of the experimental data very complicated. As can be seen from Fig. 3 (b) the largest 

854



   
 

theoretical slip can be achieved for a 2 m long impactor in combination with a thinner 
transmission bar with a diameter of 16 mm.  

 

 

Figure 3: Simplified bond modelling: (a) bond law with TIEBREAK_OPTION_9 contact 
parameters, (b) simulation results for various impactor lengths. 

 

3.2  Model with ribs 

As a second step in the numerical analysis, a model containing steel rebar with ribs was created. 
The ribs were simplified as rotationally symmetric and 8-node fully integrated hexahedral 
elements were used in the model (ELFORM=2) for the concrete and the rebar. The incident bar 
(IB) and transmission bar (TB) were modelled with hexahedral constant stress solid elements 
(ELFORM=1). The resulting mesh is shown in Fig. 4. The connection between the IB and rebar 
was modelled in detail. The thread was modelled with a tied contact. A sleeve connector with 
tied contacts was used to connect the rebar and the transmission bar. 

 

Figure 4: FE mesh: (a) detail of the connection to the incident bar, (b) beam-end specimen, 
(c) bond zone detail, (d) sleeve connector of rebar and transmission bar.   

 

(a) (b) 

SFLS = 20 MPa 

ERATES = 60 MPa.mm 

CT = 22.22 MPa/mm 
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Because of the size of the model, it was not possible to discretize the area around the ribs in a 
finer way as it would lead to very high computational time or to the necessity to use tetrahedral 
elements. Despite the symmetry plane in the longitudinal axis, a complete 3D model was 
calculated. The preliminary studies showed poor performance of the half-model as the cracks 
under the ribs were not accurately captured. The non-physical reflections of the waves on the 
artificially introduced symmetry boundary plane seemed to be the reason. To decrease the 
computational time only the last 3 m of the incident bar were modelled. A boundary condition 
was applied to the nodes at the beginning of the shortened incident bar. This boundary condition 
corresponds to the particle velocity 𝑣 𝑡  as calculated from the measured strain 𝜀 𝑡  from the 
experiment according to: 

𝑣 𝑡 𝑐 𝜀 𝑡                         (3) 

where 𝜎 𝑡  is the stress in the incident bar, 𝜌 is the density of the bar and 𝑐  is the wave 
propagation velocity in the incident bar.  

In the model with ribs, no bond law was implemented as the bond was directly modelled by the 
mechanical interlocking of the ribs of the rebar and the concrete. The bond stress arose from 
the deformation of the concrete keys between the ribs. Only a frictional contact between the 
rebar and concrete was defined. The friction coefficient between the steel and concrete was set 
as 0.45 for both the static and the dynamic case, for more details see Baltay and Gjelsvik [11]. 
The selection of a proper material model for concrete is crucial as it determines the resulting 
bond stress-slip relationships. There are several material models in LS-Dyna that can be used 
for concrete. The main challenge is that the stresses under the ribs are very localized. 
Considered material models for concrete were the Concrete Damage model (*MAT_072), the 
Winfrith Concrete model (*MAT_084-085), the Schwer and Murray model (*MAT_145) and 
the Smooth Continuous Surface Cap model (*MAT_159). According to the documentation [9], 
only constant stress solid elements had to be used to model the concrete with the Winfrith 
concrete model. Only the material models *MAT_145 and *MAT_159 provided satisfactory 
results that were comparable to the experimental results. The properties of *MAT_145 were 
based on previous research done at the institute on concrete C35/45 under impact loading [12]. 
In the case of the *MAT_159, the concrete properties were automatically generated based on 
the measured concrete compressive strength (see Tab. 1) and maximal aggregate size of 8 mm. 
The same elastic model as in the simplified modelling was used for the rebar and the split 
Hopkinson bar. 

4 RESULTS AND DISCUSSION 

4.1 Comparison of the numerical model to the experimental curves 

The data from the experimental investigations were processed in MATLAB software. The 
details of the evaluation were submitted to publication [8]. Each specimen was tested twice. 
During the first shot, the bond stress slip relationship until a maximum slip of approximately 
1.5 mm – 3 mm was obtained. The maximal bond stress was recorded during this first shot. 
During the second shot, the specimen was loaded again to achieve a full pull-out of the rebar. 
This experimental procedure was necessary as it was not possible to introduce enough energy 
for the complete pull-out during the first shot due to steel yielding limit constraint. The impactor 
velocity could not be further increased as the rise in introduced maximum strains would lead to 
the yielding of the rebar. The loading and unloading paths were removed from Fig. 5 for the 
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sake of simplicity. In addition, a non-linear (NL) fit on the data using the Levenberg-Marquardt 
algorithm was performed. The equation for the NL fit was suggested by Wensauer [13] in his 
dissertation as: 

𝜏 𝑠 𝐴 ⋅ 𝑠 ⋅ 𝑒 ⋅                          (4) 

where τ s  is the bond stress, 𝑠 is slip and 𝐴 31.375, 𝐵 0.276 and 𝐶 0.381 are 
empirical parameters.  

The bond stress-slip relationships as calculated based on the material models *MAT_145 and 
*MAT_159 are shown in Fig. 5. Even though many parameters regarding the contact 
specification as well as the material model parameters were varied, it was not possible to 
achieve a perfect fit to the experimental results. The material model *MAT_159 seems to be 
able to predict the unloading path better, however, the performance around the maximal bond 
strength is as good as for *MAT_145. The material model *MAT_145 works very well until 
the bond strength is reached but it immediately goes to zero during the unloading phase. The 
rapid post-peak failure is caused by high-stress concentrations in the elements under the 
concrete keys and the erosion of these elements.  

 

Figure 5: Comparison of the experimental and numerical results. 

5 CONCLUSIONS 

This research showed that it is possible to conduct pull-out tests in the split Hopkinson bar on 
modified beam-end specimens. A full pull-out failure was observed and it was possible to 
construct a bond stress-slip relationship. However, the scattering of the experimental results is 
very high and it makes the comparison with the numerical model rather difficult. The numerical 
investigations showed that it is quite complicated to model the bond stress-slip behaviour in 
LS-Dyna without incorporating any bond laws. Some material models were shown to be good 
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in predicting the maximal bond strength, while others were good in predicting the post-peak 
behaviour. It was shown that the simplified numerical model can be used to study the influences 
of various experimental set-ups and geometries. As an overall result of the finite element 
analysis, a better understanding of the experimentally measured signals was achieved.  
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ABSTRACT 

Fatigue issues of existing reinforced concrete structures have been a concern for the last 
decades. Among the mechanisms which can be affected by highly repeated loads is the bond 
between concrete and steel reinforcement. Critical zones of concrete structures depending on 
the bond conditions are anchoring or splicing details. In such zones, the stress transfer from the 
concrete to the steel, or from a set of steel bars to another set, is governed by the bond condition. 
Therefore, bond fatigue damage could lead to structural problems for elements subjected to a 
high number of repeated loads. As the structural performance of reinforced concrete relies on 
an appropriate bond between concrete and steel reinforcement, a consistent model with 
mechanical background is convenient to realistically understand eventual fatigue bond-related 
problems. 

Though fatigue strength of bond between concrete and steel is typically evaluated in design 
codes by means of S-N-based Goodman diagrams, cyclic loads are responsible for a complex 
progressive damaging mechanism at the bond level which results in a cycle-dependent 
redistribution of stresses along the embedded element. In the present contribution, the effect of 
fatigue loads on the performance of lap splice joints of reinforced concrete is studied with a 
mechanical model including the progressive bond degradation. The analysis is carried out with 
the help of a model which includes the real non-uniform distribution of bond stresses over the 
embedded length. Fatigue damage is introduced with a stress-dependent degradation law for 
the bond-slip constitutive behavior. As a result of the analysis, a series of load-fatigue strength 
curves is derived as a function of the lap splice details including the lap length and the externally 
applied loads. Such diagrams can be compared with the simpler S-N curves. According to the 
study, fatigue issues can be significant for short lap splices with a poor confinement condition 
of the embedding concrete. On the contrary, well designed lap splices including details ensuring 
good confinement of the concrete and a sufficient lap length, can be enough to avoid bond-
related fatigue problems. 

1  INTRODUCTION 

An increasing concern on the real influence of fatigue loads on concrete structures has become 
evident for the last years. Besides fatigue of the constituent materials (i.e. concrete and steel), 
the effects of cyclic loads on their interface is worth of study, as the structural performance of 
reinforced concrete relies on an appropriate bond between concrete and steel reinforcement. 
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Critical zones of concrete structures relying on the bond conditions are anchoring or splicing 
details. In such zones, the stress transfer from the concrete to the steel, or from a set of steel 
bars to another set, is governed by the bond condition. Therefore, bond fatigue damage could 
lead to structural problems for elements subjected to a high number of repeated loads like 
offshore platforms or bridge girders.  

Fatigue has been a traditional design issue for steel structures but less studied for concrete 
members. That is why many expressions or models to evaluate concrete fatigue have adopted 
the same format as the classic S-N curves used in the field of steel structures. The S-N curves 
provide the fatigue strength as a function of the stress oscillation produced by the pulsating 
load. Though fatigue strength of concrete is typically evaluated in design codes by means of S-
N-based Goodman diagrams [1,2], cyclic loads actually lead to progressive microcracking 
damage of concrete which results in a cycle-dependent increase of deformations and decrease 
of stiffness [3]. Moreover, the severity of fatigue damage of concrete is stress-dependent [4-6], 
which differs considerably from the unique dependence on the stress oscillation shown by 
metals. The influence of the stress level is the key factor which affects the fatigue influence in 
structural members, because different points of a structure are progressively affected by a 
distinct damage level as an internal process of redistribution of stresses occurs within the 
structure. Due to the progressive stress redistribution produced by fatigue loads, simplified S-
N-based models based on the initial stress state cannot be considered fully consistent and can 
lead to over-conservative estimations of fatigue life of concrete structures. In order to account 
for the beneficial effect of the redistribution capacity of concrete structures, the Model Code 
[7,8] has accepted a stress gradient factor to correct the initial stress state before it is introduced 
in the S-N curve of concrete to calculate the fatigue strength.  

Fatigue of bond between concrete and steel reinforcement has been probably the less studied 
aspect of reinforced concrete regarding fatigue effects, in spite of the fact that many failures of 
fatigue experiments in reinforced concrete beams have been assigned to bond [4]. Similarly to 
the findings explained in the previous paragraph for concrete fatigue, repeated loads introduce 
a progressive damage at the bond interface between concrete and steel which is observable 
through a progressive increase of the relative slip which is dependent on the stress level [9,10] 
and the lateral confinement conditions [11]. Therefore, fatigue bond damage at the steel-
concrete interface can be formulated in terms of a thermo-mechanical framework with slip-
based damage accumulation [12].  

A clear distinction should be made between fatigue of bond (as a local constitutive property) 
and the influence of fatigue on bond-related structural details (e.g. anchorages or lap splices). 
The former can be expressed by means of simplified S-N models to calculate the resisting 
number of cycles as function of the bond stress level produced by the external load [13]. The 
later is a result of the redistribution of stresses developed along the bonded length. The author’s 
research group has proposed a numerical model to evaluate the fatigue bond strength of 
anchored steel bars by implementing the local fatigue damage at the steel-concrete interface 
and the cycle-dependent redistribution of stresses accompanied by progressive slip increase 
until fatigue failure [14]. The study has shown that long embedded lengths can provide a 
capacity for stress redistribution which is responsible for higher fatigue strength than that of 
short anchorages where the stress distribution is rather uniform from the first load cycle. 
Moreover, as fatigue of bond is dependent on the bond stress level in relation to the ultimate 
bond strength, the confinement conditions can affect significantly the fatigue bond strength. 
Accordingly, good bond conditions (favored by well confined concrete) can ensure much higher 
fatigue bond strength than poorly confined concrete zones. In this sense, anchorages of steel 
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bars in concrete which are close to supports are favored by the confinement provided by the 
support reactions but concerns may arise for other bond-governed details with a poorer 
confinement. A typical case is that of lap-spliced joints of steel bars in reinforced concrete 
members subjected to highly repeated loads.  

A significant research effort has been carried out by the Structural Engineering Group of the 
Technical University of Madrid (UPM, Spain) in the last decade in order to study the fatigue 
influence of bond-governed details. As this “Bond in Concrete 2022” Conference provides a 
unique opportunity to share the most relevant research results on bond between concrete and 
steel, the present contribution aims at highlighting the studies dealing with fatigue of lap splices. 
A numerical model was proposed by the author [14] in order to estimate the stress distribution 
along the lapped joints. Such stress distribution, governed by the stress transfer mechanism 
from one steel bar to the other through the bond of both of them with the surrounding concrete, 
can allow understanding the fatigue sensitivity of lap splices including the progressive 
redistribution of stresses due to fatigue damage of bond.  

2 REFERENCE CONSTITUTIVE BOND-SLIP BEHAVIOR 

The interaction between concrete and ribbed steel reinforcement can be defined by a 
constitutive bond-slip law (τ-s) which provides the tangential bond stress (τ) at the interface 
necessary to achieve a relative slip (s) between both materials. The bond-slip law can be 
determined experimentally from short pull-out tests, where a short length of steel bar (typically 
of 3 to 5 times the steel diameter Φ) embedded in a concrete prism is pulled from one end. 
Thanks to the short embedded length, the bond stress distribution is approximately uniform (τ 
= F/πΦlb, see Figure 1) and the relative slip between the steel bar and the concrete, measured 
at the unloaded end, is also unique. Longer embedded lengths would produce non-uniformity 
of the bond stress and slip along the embedded length, which would not allow deriving a local 
bond-slip law, but an average one.  

(a) (b) 

Figure 1: Bond-slip law: (a) Influence of confinement; (b) Analytical description. 

The typical shape of the constitutive local bond-slip behavior shows an ascending branch up to 
the bond strength (τu) followed by a descending stage. The quantitative determination of the 
bond strength and the whole bond-slip law has shown to depend very much on the quality of 
the confinement (size of the concrete cover, confining stirrups, externally applied pressure, etc), 
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as represented in Figure 1a. Analytical equations for the bond-slip law have been traditionally 
included in the Model Code [7,8], see Figure 1b. As it is obvious, good confinement of the 
embedding concrete achieved by appropriate design details can allow improving the bond 
performance from undesired weak splitting failures (poorly confined concrete) to stable pull-
out development (well confined concrete). 

The influence of fatigue loads on the local bond-slip behavior has been experimentally studied 
by a number of authors [9,10,15,16]. In fatigue tests with load cycles of constant amplitude (i.e. 
a pulsating bond stress between two values τmax and τmin), it has been observed that the relative 
slip between concrete and steel increases with the number of cycles, with a more or less linear 
shape in double logarithmic scale, as follows (Figure 2a):  

( ) 0
bs N s N=  (1) 

where s0 is the relative slip achieved during the first cycle and exponent b defines the slip rate 
by the slope of the s-N graphics in double logarithmic scale. The slip rate and consequently the 
fatigue failure, characterized either by pulling-out the steel bar (good confinement) or by the 
full development of a splitting crack (poor confinement), has shown to depend on the stress 
level (Figure 2a). Balazs [17] suggested that the fatigue bond strength can be defined by the 
number of load cycles when the relative slip has reached the value of s1, i.e. the slip which 
corresponds to the bond strength in the bond-slip law (Figure 1b). 

 
(a) 

 

 
(b) 

Figure 2: (a) Slip increase in fatigue bond tests [9]; (b) S-N model for bond [14]. 
 
The above-mentioned conclusions from empirical fatigue tests have allowed the author to 
propose the following S-N model for the fatigue bond strength [14]:  
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where α = 0.4 and b was fitted from the experimental database of scientific literature. An 
overview of the S-N curve is represented in Figure 2b, where the role played by the bond stress 
level is obvious. The influence of the confinement condition can be also indirectly understood 
as follows: if a pull-out test is carried out with a maximum bond stress of τmax = 4 MPa, the 
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fatigue strength of a poorly confined specimen with τu = 5 MPa would be rather short (τmax/τu 
= 0.8 → N = 7 load cycles), but the fatigue life would be extremely long with a well confined 
specimen with τu = 15 MPa (τmax/τu = 0.33 → N > 1011 load cycles). 

The former S-N curve has to be considered as a local constitutive property of the steel-concrete 
interface. Thus, it corresponds to short embedded lengths (lb/Φ = 3-5) with the configuration of 
pull-out tests. Tests on longer embedded lengths, with a non-uniform bond stress distribution, 
have shown that the fatigue strength increases with the embedded length [18], which is an 
indicator of a internal process of redistribution of stresses. 

In addition, the initial bond stress distribution, which defines the beginning of the redistribution 
process, is not only a function of the embedded length, but also of the boundary conditions of 
each particular bond-related problem. Figure 3 shows the boundary conditions of different bond 
problems: pull-out test, tension chord, or anchored bar. The problem of lap splices is even more 
complex due to the presence of two bars transferring stresses to each other through the 
embedding concrete. Moreover, as the confinement of lap splice areas cannot be classified as 
good as other bond-related problems (e.g. anchorages over support regions), eventual fatigue 
issues may arise. A particular analysis of fatigue strength of lap splices is object of the following 
sections of the present contribution. 

 
Pull-out 

 
Tension chord 

 
Anchorage 

Figure 3: Boundary conditions of bond-related problems. 

3 STRESS DISTRIBUTION IN LAP SPLICES 

The formal statement of a lap splice problem can be written with the following equations, which 
refer to the scheme of Figure 4 (the stress carried by bar 1 at the left end is transferred to bar 2 
at the right end through bond with the embedding concrete over a certain length ls): 
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where n = Es/Ec is the modular ratio and ρ = As/Ac is the steel reinforcing ratio. Equilibrium 
equations (3)-(4) represent a system where the two unknowns are the relative slip distributions 
at both steel bars, s1(x) and s2(x). The corresponding bond stresses τ1(x) and τ2(x) are related 
with the slips through the bond-slip law. Equations (5)-(6) are the boundary conditions of the 
system of equations.  

 

Figure 4: Lap splice of two steel bars of area As embedded in a concrete prism of area Ac 
over a splice length ls. 

 

Due to the nonlinear bond-slip law, the above system of equations is nonlinear and it is not 
possible to find a closed analytical solution. Zanuy & Diaz [14] have proposed a numerical 
algorithm to solve the system of equations which allows obtaining the distributions of stresses 
and deformations over the splice length ls. 

In order to understand the non-uniform distribution of stresses, the solution of a lap splice of a 
16 mm bar of B500S steel embedded in a concrete prism (ρ = 0.03, fc = 40 MPa) is exemplarily 
shown in Figure 5. The splice length is ls = 20Φ = 32 cm. The concrete is supposed to be well 
confined, which ensures a local bond-slip law with pull-out failure mode. The considered local 
τ-s law has been the one plotted in green in Figure 5d, according to the Model Code formulation. 
The distribution of steel stresses, bond stresses and relative slips is represented in Figure 5a-c 
for three load levels corresponding to a steel stress at the loaded ends of 100, 250 and 400 MPa. 

The results of Figure 5 clearly show that bond stresses and relative slips are non-uniformly 
distributed along the splice length. For smaller loads (e.g. 100 MPa in Figure 5), there is no 
relative slip at the unloaded end of the steel bars. The slipping length increases as the external 
load increases. For an applied load of 250 MPa, the slip near the unloaded end is activated. The 
non-uniform bond stress distribution leads to a curved shape of the steel stress distribution 
which differs from the straight line that would be produced by a uniform bond stress 
distribution.  

As the load level increases, the bond stress distribution tends to get more uniform progressively. 
For well confined concrete able to achieve a bond-slip law as the green curve of Figure 5d, a 
pull-out failure mode of the lap splice is achieved with a uniform bond stress distribution, due 
to the fact that the difference between s1 and s2 (refer to Figure 1b) is larger than the slip gap 
between the loaded and unloaded ends of the steel bars. On the contrary, for poorly confined 
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embedding concrete (orange curve of Figure 5d), a uniform bond stress distribution is never 
reached and the lap splice experiences a brittle splitting failure. 

 
(a) 

 
(b) 

 
(c) 

 
(d) 

Figure 5: Solution of lap splice with ls = 20Φ, Φ = 16 mm, fc = 40 MPa, ρ = 0.03: (a) Steel 
stresses; (b) Bond stresses; (c) Relative slips; (d) Local bond-slip law. Dashed and 

continuous lines represent values at bar 1 and 2, respectively. 

4 FATIGUE OF LAP SPLICES 

In a lap splice subjected to a high number of load cycles, the bond stress and slip distributions 
achieved during the first cycle are as shown in the previous Section. The subsequent cyclic 
process produces a progressive increase of the relative slip between the steel bars and the 
embedding concrete, which is stress-dependent according to Eq. (1). Due to the non-uniform 
bond stress distribution, the free slip increase cannot occur and an internal process of 
redistribution of stresses develops along the lap splice. Such a cyclic process is conceptually 
analogous to a nonlinear creep problem of a concrete specimen.  

The numerical algorithm to solve the cyclic process of a lap splice has been proposed by the 
author elsewhere [14], where it has been validated with comparison to experimental results 
[19][20]. In the present contribution, the attention is paid at understanding the redistribution 
process and its consequences regarding fatigue strength. 

In order to understand the effect of the load cycles, the lap splice already studied in the previous 
section (Figure 5) is supposed to be subjected to 106 cycles of a pulsating load oscillating 
between σs,max = 250 MPa and σs,min = 25 MPa at the loaded end of the steel bars. The initial 
distribution of steel stresses, bond stresses and relative slips, achieved during the first load 
cycle, are those represented in blue color in Figure 5. The effect of 106 load cycles is shown in 
Figure 6a for a well confined embedding concrete (note that for the sake of simplicity, results 
are plotted for bar 1 only; the results in bar 2 can be obtained just by symmetry with those of 
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bar 1): on the one hand, a significant increase of the relative slip occurs due to the load cycles; 
on the other hand, a change of the shape of the bond stress distribution over the embedded 
length leads to a more uniform distribution after the application of 106 cycles. The consequence 
in the steel stress distribution is that the initially non-linear shape straightens after the cyclic 
process. 

The influence of the confinement condition on the bond-slip law can be further studied with the 
author’s model. The same lap splice is analyzed in Figure 6b with a different input τ-s curve, 
which is now the poorly confined curve plotted in orange in Figure 5d. The results of the 
application of 106 load cycles are rather different from those obtained in the well confined lap 
splice. The main reason for the different behavior is the larger fatigue effect caused by the 
higher relative bond stresses, which are due to the smaller quasi-static bond strength of the 
poorly confined situation (τu = 6.5 MPa) than the well confined concrete (τu = 16.5 MPa). As it 
can be noted in Figure 6b, the slip increase is almost two times larger when the confinement is 
poor than in the well confined case. Moreover, the redistribution of bond stresses is more 
pronounced, with a significant reduction at the loaded end. Such drop of bond stresses leads to 
an almost horizontal distribution of steel stresses near the loaded end, with a straight distribution 
in the remaining zone. 

 

 

 

 
(a) 

 

 

 
(b) 

Figure 6: Solution of lap splice with ls = 20Φ, Φ = 16 mm, fc = 40 MPa, ρ = 0.03 subjected 
to fatigue load with σs,max = 250 MPa and σs,min = 25 MPa: (a) Well confined concrete; (b) 

Poorly confined concrete. 
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At this point, a discussion on the fatigue failure instant is pertinent. As indicated in Section 2, 
the Balazs’ criterion that fatigue failure takes place when the slip reaches s1 (i.e. the slip 
corresponding to the quasi-static bond strength, see Figure 1) has been accepted. For lap splices 
with an obvious non-uniform distribution of the relative slip, the value s1 is firstly reached at 
the loaded end. Nevertheless, the rest of the lap splice length still has a smaller slip at such an 
instant, out of the failure situation. Therefore, it can be accepted that the full fatigue failure of 
a lap splice occurs when s1 is overcome along the whole splice length, i.e. when it has been 
reached at the unloaded end. 

According to the previous definition of fatigue failure, the fatigue strength of the examples of 
Figure 6 can be analyzed. For the well confined and poorly confined conditions, the critical slip 
s1 is 1.0 mm and 0.11 mm, respectively (see Figure 5d). In the case of well confined embedding 
concrete (Figure 6a), the slip s1 = 1.0 mm is far from being reached after the cyclic process, 
which means that the lap splice does not fail after 1 million load cycles. On the contrary, the 
slip s1 = 0.11 mm of the poorly confined embedding concrete has been reached at the unloaded 
end after the application of 1 million load cycles (Figure 6b), which means that the fatigue 
failure has been reached. 

5 FATIGUE CURVES OF LAP SPLICES 

The model explained in the previous Section, with the criterion that fatigue failure takes place 
when the slip s1 is reached at the unloaded end, can be exploited to derive the fatigue strength 
of a number of practical cases. A parametric study has been carried out with different values of 
the lap length and the quality of the confinement which governs the bond-slip law. The results 
have been represented in Figure 7 in terms of fatigue strength curves, which show the resisting 
number of cycles as a function of the maximum stress level of the fatigue load at the loaded end 
of the lap splice. Three values of the lap length, namely ls/Φ = 10, 15 and 20, have been studied. 
As it has been noted in the previous Section that fatigue is not an issue for lap splices embedded 
in a well confined concrete, the analysis has focused on two situations with poor confining 
concrete: an unconfined concrete, characterized by τu/fc = 1.0, s1 = 0.11 mm (Figure 7a), and a 
moderately confined concrete, characterized by τu/fc = 1.25, s1 = 0.20 mm (Figure 7b). In order 
to understand the influence of the capacity for redistribution of stresses, the fatigue strength has 
been obtained with two models: 1) the model presented in the previous Sections of this paper 
which considers the non-uniform distribution of bond stresses, the progressive slip increase and 
the stress redistribution (continuous lines in the graphics of Figure 7); 2) the S-N model for 
fatigue of bond of Eq. (2), assuming a uniform bond stress distribution, i.e. introducing in the 
S-N model the mean bond stress calculated as τm = σs,max/(4ls/Φ). In addition to the fatigue bond 
strength, the fatigue strength of the steel bars has been included in the graphics of Figure 7 (blue 
line), which has been obtained with the S-N model of the reinforcing steel included in the 
Eurocode 2 for steel bars of 16 mm diameter. 

Firstly, the favorable effect of the capacity for redistribution of stresses can be understood. 
Refer to e.g. the graphics of Figure 7a for a lap length of 20Φ: the difference between the 
continuous (model results) and dashed (uniform bond stress assumption) lines is of around 50 
MPa, which means that lap splices of 20Φ are able to carry 50 MPa more than those calculated 
with a pure S-N model and uniform bond stress assumption thanks to the beneficial process of 
redistribution of stresses. For a lap length of 15Φ, the redistribution capacity can provides an 
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additional fatigue capacity of 35 MPa, while for a lap length of 10Φ, the beneficial effect is 
reduced to 15 MPa. The decrease of the significance of the redistribution capacity with the lap 
length is logical, due to the fact that the bond stress distribution is more non-linear for longer 
embedded lengths. 

 
(a) 

 
(b) 

Figure 7: Fatigue strength of lap splices: (a) Unconfined condition (τu/fc
0.5=1.0, s1 = 0.11 

mm); (b) Moderately confined condition (τu/fc
0.5=1.25, s1 = 0.20 mm). Continuous lines: 

model’s results; dashed lines: uniform bond stress assumption. 
 

Secondly, the graphics of Figure 7 show that the fatigue bond strength is very much affected 
by the lap length and the quality of the confinement. Regarding the influence of the lap length, 
it can be observed that short lap splices of 10Φ have a limited fatigue strength, especially for 
unconfined embedding concrete: for 107 load cycles, the fatigue bond strength  is 130 MPa 
(unconfined concrete) and 160 MPa (moderately confined concrete). For a lap length of 20Φ, 
the fatigue strength for 107 cycles increases to 280 MPa (unconfined concrete) and 360 MPa 
(moderately confined concrete). 

Finally, an additional aspect can be observed by focusing on the intersection of the curves 
representing the fatigue bond strength and the fatigue resistance of the steel reinforcement. Such 
an intersection point represents the change of failure mode. For a lap length of 20Φ, fatigue 
failure is due to bond for load levels higher than 315 MPa (unconfined concrete) and 400 MPa 
(moderately confined concrete) and due to fatigue fracture of the reinforcement for smaller load 
levels. For a lap length of 15Φ, the change of failure mode occurs at a load level of 220 MPa 
(unconfined concrete) and 280 MPa (moderately confined concrete). For the shorter lap length 
of 10Φ, the failure mode due to fatigue of bond is governing for all load levels. 

6 CONCLUSIONS 

In the present contribution, the fatigue strength of lap splices of reinforced concrete has been 
studied with the help of a model which accounts for the non-uniform distribution of stresses 
and deformations along the embedded length and the progressive internal process of 
redistribution of stresses. From the study presented in the paper, the following conclusions can 
be drawn: 
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• The bond stress distribution over the embedded length in lap splices (like in other bond-
related situations like anchorages or tension chords) is non-uniform. Due to the stress-
dependence of fatigue of bond, a progressive redistribution of stresses takes place within 
the lap length as the relative slip increases with the number of cycles. The fatigue bond 
strength can be defined as the number of cycles when the slip s1 (slip which corresponds 
to the quasi-static bond strength of the τ-s curve) is reached at the unloaded end of the lap 
splice. 

• The two main factors which affect the fatigue bond strength of lap splices are the lap length 
and the quality of the confinement of the embedding concrete. Regarding the confinement, 
the study indicates that lap splices embedded in a well confined concrete should not have 
fatigue problems. On the contrary, lap splices with a poorly confined concrete might have 
a reduced bond fatigue strength. Especially for short lap lengths (of 10-15Φ), the fatigue 
bond strength might be smaller than the fatigue strength of the steel reinforcement, which 
implies that the governing failure mode would be given by fatigue of bond. 

• A practical consequence is that well designed lap splices, with details ensuring good 
confinement of the concrete and a sufficient lap length, can be enough to avoid bond-
related fatigue issues. 
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ABSTRACT 

Structures under repeated loading may fail prematurely due to fatigue of the interface between 
concrete and reinforcement. In this study, an experimental program is presented studying the bond 
behavior between normal-strength concrete and steel reinforcement under compressive 
monotonic and high cycle fatigue loading. Modified beam-end tests have been conducted to 
analyze bond response using rebars with varied diameter and bond length. In addition to the 
standard beam-end specimens with a free rebar end, a set of specimens with compression rebar 
end embedded in concrete was considered in the test campaign. The results of monotonic, as well 
as fatigue tests are presented and discussed. Push-in curves measured at the free-end specimens 
and the specimens with tip-bearing (compression end) are compared revealing the contribution 
of the concrete cover to the total push-in response. Moreover, the effect of the compression-end 
on the fatigue behavior is studied. The results reveal a significant sensitivity of the fatigue 
response to the initiation of the splitting crack which accelerates the slip evolution in the interface 
and leads to an earlier bond fatigue failure. Similar to other observations reported in the literature, 
the results exhibit a relatively large scatter in the fatigue lifetime of the bond. A systematic 
presentation of the two observed failure modes, i.e., push-through and combined push-through × 
splitting failure, in correspondence to the test parameters is provided as well. 

1  INTRODUCTION 

To insure an efficient, safe and sustainable design of reinforced concrete structures that subject 
to a very high number of load cycles such as wind turbines, an extended investigation should 
be conducted to examine the response of the bond between concrete and reinforcement. In 
literature, the bond behavior has been studied extensively under monotonic loading and many 
contributions provided studies on the cyclic response too (Muhlenbruch [1]; Perry und Jundi 
[2]; Rehm und Eligehausen [3]; Balazs [4, 5]; Murcia-Delso et al. [6]; Lemcherreq und Vogel 
[7]; Hu et al. [8]; Deng et al. [9]). However, this was limited in most cases to a maximum of 
two million load cycles. Additionally, experiments under pull-out loading have been mostly 
used because of their standardization in common norms and their relatively easier 
implementation in comparison to push-in loading tests. Only few contributions dealing with the 
case of push-in loading are reported in (Máca et al. [10]; Panteki et al. [11]; Burkhardt [12]). 
The presented test series consists of monotonic as well as fatigue tests with up to 107 load cycles 
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conducted using modified beam-end specimens under push-in loading. The study of bond 
fatigue behavior under push-in loading clarifies possible differences between bond fatigue 
effects observed under compression and tension in reinforced concrete members. Moreover, the 
push-in setup enabled investigating the compression contribution of the concrete layer covering 
the end of the rebar on the total bond strength. To achieve this, specimens with confined rebar 
end were created and tested in addition to the standard beam-end tests with free rebar end. These 
specimens had a shorter rebar with one end casted in concrete. These specimens with 
compression end deliver important data for structures with reinforcement lap joints and 
alternating loading where compression as well as tension forces are present, e.g., in wind turbine 
towers. In the following, details of the conducted experimental program are introduced first. 
Then, the monotonic and cyclic results are presented and discussed, followed by final 
conclusions. 

2 EXPERIMENTAL PROGRAM 

The experimental program consists of 15 monotonic and 33 fatigue tests including two types of 
specimens, i.e., with free end and with confined compression end. Bar diameter ds and bond 
length Lb have been varied in the test program. A list of the conducted beam-end experiments 
is summarized in Table 1. 

Table 1 : Test matrix of all conducted beam-end tests 

Concrete 
grade Test type ds [mm] Lb Loading case Sum 

Monotonic  Cyclic 

C40 
Free end 16  2.5 ds 6 12 

48 
 5 ds 3 6 

25  2.5 ds 3 9 
Compression 

end 25  2.5 ds 3 6 

 

2.1 Modified beam-end test 

In contrast to the prevailing RILEM pull-out tests in literature [13] , a modified version of the 
standardized beam-end test (ASTM A944-10 [14]) was adopted in this test series which showed 
a reduced effect of the unintended compressive stresses in bond zone causing overestimation in 
bond strength in the RILEM pull-out test. To ensure comparability between beam-end tests with 
different rebar diameters, the adapted specimen dimensions to be relative to rebar diameter 
suggested in (Schoening und Hegger [15]) was used. Additionally, some modifications were 
carried out to enable the application of push-in load which are described and adopted in 
(Baktheer et al. [16]; Spartali et al. [17]; Baktheer et al. [18]; Baktheer et al. [19]). Most 
prominently is the introduced recess in the load application area to avoid buckling induced by 
the push-in loading. Figure 1 shows the dimensions and reinforcement details of the produced 
specimens in addition to 3d visualization of all four tested variants. 

2.2 Measured data 

Based on longitudinal and transverse crack development observed in preliminary tests, the 
positions of linear variable differential transformers (LVDT) used for crack width measurement  
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Figure 1: Details of beam-end specimens production: (a) supports, dimensions and 
reinforcement details; (b) 3d visualization of the four tested beam-end variants 

were determined. Two LVDTs were used to measure crack development at the concrete surface 
along the bond zone and in the transverse direction. Other LVDTs were used to measure the 
slip at both the loaded and unloaded ends of the specimens, as shown in Figure 2. For the slip 
at the loaded end, the average from two LVDTs was adopted to avoid slight measurement 
difference caused by minor bending in the rebar under push-in load. The measured slip and 
crack width were recorded together with the applied force. In the case of compression end 
specimens, no LVDT on the unloaded end is applicable and one LVDT measuring the total 
width of the branching splitting cracks was sufficient to give proper estimation of the failure 
development in the concrete around the bond zone. 

2.3 Material properties 

Concrete grade C40 according to Eurocode 2 was used in all present tests. According to material 
tests that accompanied the beam-end concreting batches, an average compressive strength on 
28th day after concreting 𝑓𝑓cm,28 = 40.54 𝑀𝑀𝑀𝑀𝑀𝑀 and an average Young's modulus 𝐸𝐸 =
27023 𝑀𝑀𝑀𝑀𝑀𝑀 were obtained. Splitting tensile tests were also conducted yielding an average 
tensile value of 𝑓𝑓ctm,sp =  2.88 𝑀𝑀𝑀𝑀𝑀𝑀. The concrete was prepared using a mixture with cement 
type CEM I 42.5 N and a water to cement ratio of 0.5 with aggregates consisting of 62% 
limestone and 38% quartz that have a maximum grain size 16 mm. 

Hot rolled ribbed steel bars with two different diameters (16 mm and 25 mm) classified as 
B500B (DIN488-2 [20]) with yield strength 𝑓𝑓y = 500 𝑀𝑀𝑀𝑀𝑀𝑀 were used in analogy to previous 
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beam-end test campaigns performed with concrete C80 and C120 in (Spartali et al. [17]; 
Baktheer et al. [18]). 

 

Figure 2: Positioning of measurement LVDTs in both specimen types 

3 EXPERIMENTAL RESULTS AND DISCUSSION 

3.1 Monotonic tests results 

To determine bond strength in addition to upper and lower load limits for cyclic tests (Smax, 
Smin), a set of monotonic tests were conducted for each combination of parameters delivering 
the ultimate push-in force F𝑢𝑢. For the 15 monotonic tests, a displacement-controlled loading 
with a ratio of 1 mm/min was applied until a maximum displacement of 8-12 mm which is 
sufficient to produce the full push-in curve with the whole bond degradation process. Table 2 
summaries the important findings from monotonic tests results. Assuming a constant stress 
distribution along the bond zone due to the considerably short bond lengths, the bond strength 
can be simply calculated from the simple equation τ𝑢𝑢 = F𝑢𝑢/(π ⋅ d𝑠𝑠 ⋅ l𝑏𝑏), where τ𝑢𝑢 is the bond 
strength and d𝑠𝑠, l𝑏𝑏  are rebar diameter and bond length respectively. Scatter of test results was 
clearly larger in the case of specimens with small rebar diameter (𝑑𝑑𝑠𝑠=16mm) and short bond 
length (2.5𝑑𝑑𝑠𝑠) according to coefficient of variation (CoV) calculated for the different ultimate 
force F𝑢𝑢 values. According to the recorded data on the longitudinal crack LVDT, this splitting 
crack along the bond zone was initiated in most cases at a push-in force value of approximately 
0.8 ⋅ 𝐹𝐹𝑢𝑢. The push-in force F𝑢𝑢 was reached in most experiments with free rebar end before a 
slip value of 1 mm has been recorded on the unloaded end. For tests with compression end, the 
ultimate force was reached later at 1.46 mm on average, see Table 2. 

Table 2 : Summary of the monotonic tests results 

 

Test  ds 
[mm]

Lb 
Num. of 

tests
Test type  Fu

[kN]
 τu

[MPa]
 CoV 
[%]

Fcrack

[kN]
Fcrack/Fu 

w (Fu)
[mm]

w (Fcrack)
[mm]

T01 to T06 16  2.5 ds 6 free end 35.82 17.81 12.3 29.3 0.79 0.419 0.169

T07, T08, T09 16  5 ds 3 free end 61.69 15.34 2.8 48.7 0.79 0.638 0.206

T10, T11, T12 25  2.5 ds 3 compression 
end

140.36  - 4.7 106.69 0.76 1.462 0.465

T13, T14, T15 25  2.5 ds 3 free end 92.4 18.82 3.8 77.97 0.82 0.602 0.201
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In-depth interpretation of the monotonic results can be acquired from push-in curves as well as 
crack development curves which are illustrated in Figure 3. In Figure 3 (a, b) selected push-in 
curves obtained at both the unloaded and loaded ends of the rebar are presented. The 
comparison shows only a negligible difference between both curves from each test 
combination.  

 

Figure 3: Monotonic loading results: (a, b, c) selected push-in curves measured on loaded 
and unloaded ends for all tested variants; (d, e, f) illustration of all push-in curves obtained 

on unloaded end; (g, h, i) combined crack opening evolution and push-in curves showing 
mutual interplay; (j, k, l) crack opening development of transverse and longitudinal cracks 
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This observation matches the assumption of constant stress distribution along bond zone for 
both bond length variants (2.5𝑑𝑑s and 5𝑑𝑑s). Therefore, only the displacement at the unloaded 
end 𝑤𝑤 will be used in all other diagrams of specimens with free rebar end. Figure 3 (c) shows 
the contribution of the concrete cover over the rebar tip in the compression end test in dark 
grey, compared to bond contribution of a test with same parameters but with free rebar end. 
Figure 3 (d-f) show push-in curves for all conducted tests and Figure 3 (g-i) represent a 
magnified view for the push-in curves up to a displacement value of 1 mm showing the points 
that indicate the initiation of the splitting cracks in each case using crack width development 
curves. Finally, the curves of transverse and longitudinal (splitting) crack development are 
illustrated in Figure 3 (j-l). Transverse cracks have a minor effect on bond behavior and are 
strongly dependent on the used supporting longitudinal reinforcement, see Figure 1 and  
Figure 2. 

3.2 Fatigue tests results 

Fatigue tests with different parameters combinations have been conducted with up to 10 million 
load cycles and a loading range between lower load limit 𝑆𝑆min  =  0.4 𝐹𝐹u and upper load limit 
up to 𝑆𝑆max  =  0.99 𝐹𝐹u. A summary of all fatigue tests with achieved total cycles number and 
failure mode is provided in Table 3. Experiments that did not show fatigue failure after load  

Table 3 : Summary of the cyclic tests results 

 

Test  ds [mm] Lb  Smax  Smin Cycles number Failure mode

T16 16  2,5 ds 0,8 0,4 43.163 CPTS
T17 / T18 16  2,5 ds 0,8 0,4  6.400.000* / 5.000.000* NNF
T19 / T20 16  2,5 ds 0,8 0,4  6.800.000* / 3.000.000* NNF
T21 / T22 / T23 16  2,5 ds 0,85 0,4  146 / 54 / 949.071 CPTS
T24 16  2,5 ds 0,85 0,4  5.000.000* NNF
T25 16  2,5 ds 0,9 0,4  4.000.000* NNF
T26 16  2,5 ds 0,97 0,4 22 CPTS
T27 16  2,5 ds 0,99 0,4 105 CPTS
T28 / T29 / T30 16  5,0 ds 0,8 0,4  193 / 3.215.116 / 1.279.494 CPTS
T31 16  5,0 ds 0,85 0,4  5.100.000* NNF
T32 / T33 16  5,0 ds 0,85 0,4  200 / 83 CPTS
T34 25  2,5 ds 0,8 0,4  5.400.000* NNF
T35 / T36 25  2,5 ds 0,825 0,4  6.400.000* / 5.000.000* NNF
T37 / T38 25  2,5 ds 0,8375 0,4  5.000.000* / 5.000.000* NNF
T39 / T40 / T41 25  2,5 ds 0,85 0,4  439.403 / 139.472 / 91.685 CPTS
T42 25  2,5 ds 0,875 0,4 1.754 CPTS
T43 (compression end) 25  2,5 ds 0,8 0,4  5.400.000* NNF
T44 (compression end) 25  2,5 ds 0,85 0,4  7.200.000* NNF
T45 (compression end) 25  2,5 ds 0,85 0,4 5.188.548* CPTS
T46 (compression end) 25  2,5 ds 0,875 0,4 432.103 CPTS
T47 (compression end) 25  2,5 ds 0,875 0,4  10.000.000* NNF
T48 (compression end) 25  2,5 ds 0,9 0,4 3.359.342 CPTS
CPTS: combined push-through × splitting failure mode
NFF: no fatigue failure
* tests that were stopped due to no fatigue failure. These tests were loaded monotonically afterwards until failure.
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cycles number between 5-10 million have been stopped and monotonically loaded until failure. 
These tests are marked by an asterisk in Table 3. In contrast to pure push-through failure where  

 

Figure 4: Fatigue creep curves with corresponding crack development for all studied variants 
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a splitting crack is absent, a combined push-through × splitting failure mode refers to failure 
mode with full interface debonding accompanied by prominent splitting crack. 

Figure 4 shows representative fatigue creep curves measured on the unloaded end for selected 
tests of each tested variant considering the displacement (max𝑤𝑤) read on upper load level of 
the cycles 𝑆𝑆max. In addition, the development of splitting crack width through the whole fatigue-
life is plotted in red which confirms the correspondence between splitting crack initiation and 
the deterioration of bond capacity indicated by the increasing slip at the unloaded end. Using 
dashed horizontal lines, the values 𝑤𝑤(𝐹𝐹u) and 𝑤𝑤(𝐹𝐹crack) referring to the displacement 
corresponding to the ultimate push-in force and to the initiation of the splitting crack obtained 
from the relevant monotonic test respectively, see Table 2. 

 

Figure 5: Comparison of the results with the existing Wöhler curves in the literature obtained 
from Pull-out tests 

 

Wöhler curves (S-N curves) suggested by (Rehm und Eligehausen [3]) that are based on a large 
series of fatigue pull-out tests with lower cyclic load limit 𝑆𝑆min between 0.1 and 0.3 are plotted 
on Figure 5. Additionally, curves obtained by (Lindorf und Curbach [21]) using pull-out for the 
uncracked and cracked bond states. Points indicating the upper cyclic load limit 𝑆𝑆max with the 
corresponding achieved total load cycles number until fatigue failure or test interruption for 
each fatigue test are plotted on the semilogarithmic diagrams in Figure 5. Tests with confined 
rebar end (compression end) show indeed a fatigue life that is higher than expected by all 
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provided Wöhler curves due to the additional concrete contribution. In spite of this longer 
fatigue life of the compression end tests, the width of the splitting crack was much higher than 
the tests with free end. The Wöhler curves generally tend to also underestimate the fatigue life 
obtained for all other tests conducted with push-in loading and free rebar end. Despite the 
existing differences between this test series and the tests conducted by (Rehm und Eligehausen 
[3]) and (Lindorf und Curbach [21]), such as lower and upper cyclic load limits (𝑆𝑆min,𝑆𝑆max), 
bond length, test type and setup, the obtained results signifies a general tendency to obtain 
higher fatigue life values for fatigue tests performed using push-in setup in comparison to the 
case of pull-out loading, see Figure 5. 

4 FAILURE CRACK PATTERNS 

In Figure 6, a summary of all observed failure crack patterns is provided. It has been 
distinguished between two main modes for the failure of the push-in specimens with free rebar 
end: the push-through mode with no clear splitting crack and the combined push-through × 
splitting mode. A third mode which usually occurs when concrete cover around the bond zone 
is small and no confinement reinforcement is provided, is the concrete spalling failure which 
is, however, not relevant here because of the existing steel stirrups as shown in Figure 1. The 
push-through × splitting failure mode took three different crack pattern shapes with one or two 
splitting cracks. It is to be noted that in cases with two splitting cracks, the crack development 
results reported earlier in this paper refer to the width of the two splitting cracks combined. All 
presented crack patterns show two symmetric cracks on the left and the right of the specimen 
caused by tension stresses on the reduced concrete section due to the introduced recess. 
However, these transverse cracks have no effect on the bond zone and their width was kept 
limited using longitudinal reinforcement, see Figure 1. For tests with compression end, the 
failure mode was mostly identical and represented by two large cracks formed from an extracted 
concrete cone starting from the confined rebar tip in the bottom of the specimen as shown in 
Figure 6 (b). 

 

Figure 6: Observed failure crack patterns: (a) free end tests; (b) compression end tests. 

5 CONCLUSION 

Test series with 48 modified beam-end specimens has been conducted to investigate the 
monotonic and the very high cycle fatigue (VHCF) behavior of bond between normal strength 
concrete and steel reinforcement. Multiple parameters were varied in the test campaign and 
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specimens with confined rebar end have been tested in addition to the standard beam-end 
specimens with free rebar end. Following conclusions can be drawn from the obtained results: 

- Large scatter of results has been observed for the tests with the smaller rebar diameter 
(ds = 16 mm) and shorter bond length (2.5ds) in comparison to other tested variants with 
larger surface area for the bond zone, i.e., larger bond length or rebar diameter. 

- The development of the longitudinal splitting crack has a prominent effect on the bond 
behavior leading to a reduced bond stiffness. In the monotonic tests, it initiates at an 
average load value of 80% from the ultimate push-in force. An acceleration of the 
displacement at the unloaded end is noticeable after the initiation of the splitting crack 
leading eventually to fatigue failure in the cyclic tests. 

- For tests with compression rebar end (specimens with unloaded rebar end casted into 
concrete), a case which is present in lapped joints of steel reinforcement, an increase in 
the ultimate push-in force is obtained in comparison to tests with same parameters but 
with a free rebar end. This increase represents mainly the contribution of the concrete 
cover over the rebar tip, but additionally a contribution from the used longitudinal 
reinforcement. 

- Most of the tests with free rebar end showed a failure with one or multiple splitting 
cracks. However, some monotonic tests failed with pure push-through without obvious 
longitudinal crack. Compression end tests showed identical failure mode represented by 
an extracted concrete cone with branching large cracks. 

- Existing Wöhler curves from literature based on pull-out tests tend to underestimate 
fatigue life for the conducted cyclic tests in this test series. 
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ABSTRACT 

Bond deterioration in reinforced concrete due to cyclic loads is a significant factor, which has 
to be considered in the seismic design and assessment procedure of reinforced concrete (RC) 
structures. Most studies so far have analyzed the cyclic bond behavior in well-confined 
conditions, where bond pull-out was the governing failure mode. Based on those, the current 
provisions in the fib Model Code 2010 provide a degradation model for reversed cyclic loading 
in the case of a pull-out failure. In reality, due to small cover bond failure is often dominated 
by splitting of concrete. This paper investigates the bond behavior under cyclic loads by 
analyzing beams with lap splices using the finite element method. The numerical study 
comprises of different loading protocols of cyclic nature, varying lap length and concrete cover 
to the spliced reinforcing bars in the beam. The constitutive law of concrete is the microplane 
model with relaxed kinematic constraint. Bond between reinforcing bar and concrete is modeled 
with two-node bar elements, which are assigned with a bond-stress slip relationship. The results 
are used to compare the bond deterioration due to cyclic loads in case of spliced beams with 
different lap length and cover. It is shown that by increasing the lap length, the grade of bond 
deterioration due to cyclic loads decreases. 

1  INTRODUCTION 

The behavior of reinforced concrete (RC) members under hazardous loading conditions has 
drawn considerable attention in the last decades. Experimental and numerical investigations 
have shown that the interaction between reinforcing steel and surrounding concrete in 
conventional conditions differs from nonconventional conditions. With nonconventional 
conditions, it is meant that bond can be influenced by effects caused by exceptional loads like 
cyclic loading and high temperature. In fact, neglecting those effects in the event of these loads 
may lead to unsafe designs of RC members and consequently RC structures. As a corollary, 
research society endeavors to obtain more insight into the behavior of bond in hazardous 
conditions such that safe design rules dealing with that kind of loads can be incorporated in 
codes for new structures and in codes dealing with the assessment of existing structures.  

The past has shown that one threat to structures is represented by earthquakes. Seismic 
excitations force structures to experience loads of cyclic nature. The interaction between 
reinforcing steel and concrete can be adversely affected by loads of cyclic nature, which is 
commonly defined by the term of cyclic bond deterioration. This phenomenon has a major 
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effect on the stiffness and strength and thus interferes in the RC structure´s capability to 
dissipate seismic energy through a stable hysteretic behavior. 

In the proposed bond stress-slip relationship in the fib Model Code 2010 [1], bond failure occurs 
either due to pull-out of the rebar or due to the splitting of concrete. The local bond-stress slip 
relationships are provided for both failure modes based on a database of pull-out test specimens 
subjected to monotonic loading. The main parameter which distinguishes the two failure modes 
is the confinement. While a gradual shearing off occurs in well-confined conditions, a relatively 
brittle failure mode intervenes due to the splitting of concrete in unconfined conditions. The 
latter conditions are prevailing in cases where rebars have relatively low concrete cover and 
where there is an low amount of transverse reinforcement. Regarding the bond deterioration 
due to cyclic loads, fib Model Code 2010 [1] gives the bond stress-slip relationship under 
reversed cyclic loading for the pull-out failure mode, which is depicted in Figure 1.  

 

 

Figure 1: Bond stress-slip relationship under reversed cyclic loading for pull-out failure 
[1] 

 

The bond deterioration model shown in Figure 1 is based on the findings by                        
Eligehausen et al. (1983) [2], who conducted an extensive experimental study on the local bond 
stress-slip relationship of deformed bars in uncracked concrete under generalized excitations 
using pull-out test specimens. The test specimen was designed in such a way to mimic the 
confined region of a beam-column joint. Hence, pull-out was the target failure mode. A bond 
length of 5 times bar diameter (db) was provided.  

One of the main findings was that the level of bond deterioration in terms of strength and 
stiffness depends on the maximum value of peak slip reached in the previous cycle [2]. More 
specifically, pronounced bond degradation occurs at slips larger than the values corresponding 
to a bond stress of 80 % of the bond strength obtained from monotonic loading. In addition, it 
was concluded that bond deterioration is more pronounced for full cycles compared to half 
cycles.  

Simons (2007) [3] investigated the bond stress-slip behavior of deformed bars and bonded 
anchors with different type of mortars in cracked and uncracked concrete. The experiments 
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were conducted using pull-out test specimens, where in most cases a bond length of 8 times db 

was employed. The general loading protocol consisted of reversed cyclic loading with 10 cycles 
to the desired slip (± smax) followed by a residual pull-out. For the bars which failed due to pull-
out, similar bond deterioration ratios as found by Eligehausen et al. (1983) [2] have been 
obtained. In addition, the results showed lower bond strength ratios in cracked concrete.                    
The bond deterioration due to cyclic loading was relatively less pronounced when only half 
cycles (+ smax) were applied.  

Simons (2007) [3] conducted also experiments on bonded anchors with small concrete cover 
giving rise to a concrete splitting failure. The values of bond strength achieved under monotonic 
loading were below the ones attained in case of pull-out failure. The author stated that bond 
damage under cyclic loading did not differ significantly for concrete splitting and rebar pullout 
failure modes [3]. However, the cyclic bond deterioration due to cyclic loads in case of a 
concrete splitting failure mode with deformed bars was not investigated in this study. 

More recently, Ashtiani et al. (2013) [4] proposed a modified RILEM beam specimen. With 
the proposed test apparatus, the beam specimen was subjected to reversed cyclic bending 
actions (four-point-bending). A bond length of 5 times bar diameter (db) was employed. The 
loading protocol comprised of six different reversed (full) cycles, where each cycle was 
repeated three times. Due to the fact that a high-strength self-compacting concrete (HSSCC) 
and relatively closely spaced stirrups (50 mm spacing) were used, a pull-out failure was attained 
for both monotonic and cyclic tests. Compared to the results of a monotonic pull-out test, 
significant bond deterioration occurred for the beam specimen under reversed cyclic loading at 
slips equal or larger with respect to the maximum bond strength. Also, the author made a 
comparison between pull-out based cyclic test and the new proposed cyclic beam test method 
and reported that in the latter the bond stress keeps decreasing once the maximum bond strength 
is reached instead of showing a constant bond stress plateau [4]. It should be noted that in this 
comparison, the specimens were not subjected to the same cyclic loading protocol. 

1.1 Research Significance 

The observations and findings pointed out above suggest that there is room for further 
investigations concerning the cyclic bond deterioration. Particularly the cyclic bond behavior 
in case of concrete splitting failure is still certainly unexplored and not thoroughly understood, 
although it may play an important role in real life scenarios. Moreover, pull-out test specimens 
with low bond lengths (5-10 times db) do not realistically replicate the conditions prevailing in 
practice. In most cases, the reinforcing bars in RC members get activated through the 
development of flexural cracks and/or shear cracks, where also redistribution of forces are 
possible due to relatively higher bond lengths. 

Against this background, this work aims at giving more insight into the cyclic bond 
deterioration in case of concrete splitting failure by means of a numerical analysis on RC beams 
with critical lap splices. The FE approach for the beams presented in this study has been 
validated against experiments under monotonic loading and in the post-fire (residual)                     
state [5][6]. This study investigates the behavior of lap splices subjected to half cycles meaning 
that only tensile forces are being transferred in the lapped region. The authors believe that 
considering half cycles is sufficiently conservative due to the improved bond behavior of 
compression splices, where the bars transfer the loads to the concrete mainly by end bearing 
[7]. Also, the adverse effect of existing cracks with increasing crack width is not present. 
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2 FE MODELING APPROACH AND LOADING PROTOCOLS 

2.1 Constitutive law for concrete 

The numerical simulations are performed with the 3D FE code MASA (Macroscopic Space 
Analysis) developed at the University of Stuttgart [9]. The constitutive law of concrete is the 
microplane model with relaxed kinematic constraint. The microplanes represent the weak 
planes between aggregates in concrete on which stress-strain relationships on microlevel are 
defined. In order to consider cyclic loading for general triaxial stress-strain state, each 
microplane stress-strain component (volumetric, deviatoric and shear) follows cyclic rules 
which are described in detail in [10]. 

Furthermore, to consider shear damage incurred by bond, the microplane shear stiffness moduli 
are multiplied by the damage function shown in Eq. (1) proposed by [2]. 

1.1
01 .2 ( / )

s e               (1) 

where  represents accumulated microplane shear energy dissipation and 0 is a constant 

representing the area under the monotonic (undamaged) microplane shear stress-strain                  
curve [9]. 

2.2 Bond model 

The FE approach for the lap splice can be seen in Figure 2a. The bond-stress slip relationship 
between the rebars and concrete is defined by 2-node bar elements, which adhere to the bond-
stress slip curve given in Figure 2b as proposed in fib Model Code 2010 [1]. These bond bars 
are arranged in a contact layer with negligible stiffness to avoid any direct contact between 
rebar elements and concrete elements. It should be noted that a noncontact lap splice has been 
modeled, meaning that in the FE model, the splice exhibits a distance of 5 mm between the 
adjacent rebars. 

  

a. b. 

Figure 2: a. FE approach of lap splice and b. Bond-stress slip curve of 2D bar elements 

 

2.3 Description of Benchmark Model 

The geometry, boundary conditions and material properties of the benchmark model are based 
on the experimental studies in Sharma et al. (2021) [5] and visualized in Figure 3. The simply 
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supported RC beam with 3000 mm span is subjected to four-point bending. Two standard 
deformed (BSt 500) bars with 16 mm diameter are used as tension reinforcement and spliced at 
mid-span along a bond length equal to 300 mm The distance between the two point loads is 300 
mm. The average concrete compressive strength obtained on 150 mm size cubes was                 
28.1 MPa [5]. For the numerical analysis, the material properties have been calculated 
according to the equations given in EC 1992 Part 1-1 [11]. 

 

 

Figure 3: FE model for beam under 4 point-bending (half model) 

 

2.4 Cyclic Loading Protocols 

This work investigates two cyclic loading protocols with both consisting of half cycles only. 
The constant deflection protocol (Figure 4a) encompasses 10 cycles with final residual 
monotonic loading. One cycle consists of loading the beam until the mid-span deflection 
reaches peak followed by an unloading to zero mid-span deflection. In the increasing deflection 

protocol (Figure 4b), three half cycles are applied on three different deflection levels: peak ,

1.5 peak and 2 peak followed by residual monotonic loading. The value of peak corresponds to 

the deflection at peak load attained in the monotonic analysis. 

  

a. b. 

Figure 4: a. Constant Deflection Protocol and b. Increasing Deflection Protocol 
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3 RESULTS AND DISCUSSION 

This chapter presents and discusses the results obtained from the numerical analyses using 3D 
FE Code MASA [9]. The analyses were performed in a displacement-controlled manner. For 
the pre- and postprocessing, commercial software FEMAP® [12] was used. 

3.1 Investigated Cases 

Table 1 presents the investigated cases in this work. As mentioned earlier, the benchmark model 
with 300 mm bond length and 40 mm clear cover was validated under monotonic loading 
according to the experimental results presented in [5]. It is important to note that the distance 
between the two point loads remains unchanged throughout all analyses, meaning that for bond 
lengths larger than 300 mm, the beginning of the spliced region is located outside the constant 
moment span. 

Table 1: Investigated Cases 

Description Bond length lb [mm] Clear Cover [mm] Loading protocol 
lb_300_40 300 40 o Monotonic 

(_mon)  
o Constant 

Deflection 
Protocol (_const)  

o Increasing 
Deflection 
Protocol (_incr) 

lb_450_40 450 40 
lb_600_40 600 40 
lb_750_40 750 40 
lb_300_25 300 25 
lb_450_25 450 25 
lb_600_25 600 25 
lb_750_25 750 25 

*Increasing Deflection Protocol with 25 mm cover is not included in this study 

 

 

Figure 5: Monotonic load-deflection curves 
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3.2 Monotonic Loading 

Figure 5 presents the load-deflection curves of the beams with different bond lengths and clear 
concrete cover subjected to monotonic loading. The figure also includes the experimental result 
for the benchmark beam with 300 mm bond length and 40 mm clear concrete cover. For both 
concrete covers, the beams with 300 mm, 450 mm and 600 mm bond length fail due to concrete 
splitting failure leading to a brittle post-peak behavior, whereas a ductile failure mode due to 
steel yielding is observed for the beam with 750 mm bond length.  

3.3 Cyclic Loading 

3.3.1 Constant Slip protocol 

The numerical load-displacement curves of the beams with 40 mm concrete cover for the 
constant slip protocol are presented in Figure 6.  

 

Figure 6: Cyclic load-deflection curves for beams with 40 mm concrete cover (constant slip 
protocol) 
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Except for the beam with 750 mm bond length, the load at peak  decreases with an increase in 

the number of cycles. This is explained by the cumulative damage of concrete along the splice 
incurred by cyclic loading. The residual load carrying capacity in the post-peak range shows 
higher values compared to the monotonic analysis. As for the beam with 750 mm bond length, 
the decrease in load within the 10 cycles is about 5%. The residual curve follows the yield 
plateau obtained from the numerical analysis with monotonic loading. In this case, the 
hysteresis curves show a linear-elastic behavior, while a loss in stiffness can be observed for 
the other beams with lower bond length, particularly at higher number of cycles. 

Figure 7 depicts the numerical crack pattern in terms of principal tensile strain for the beams 
with bond length of 300 mm and 600 mm at three different number of cycles. The first cracks 
develop at both beginnings of the splice and exhibit the highest crack width compared to the 
subsequent flexural cracks throughout the entire analysis. For the beams with bond lengths 
larger than 300 mm, those governing cracks turn into flexure-shear cracks oriented towards the 
points of load application. The initiation of a concrete splitting failure is marked by the 
formation of longitudinal cracks along the splice. These cracks grow wider as the number of 
cycles increase. 

Another way to highlight the splitting failure is shown in Figure 8, which delineates the 
deterioration of bond resistance at peak deflection as a function of number of cycles. It can be 
seen that for 300 mm bond length and 40 mm cover, there is no significant decay until the fifth 
cycle because no splitting cracks developed until that cycle. 

 

 

 

 

 

 

 

Figure 7: Visualization of principal strains of beam with 300 mm bond length (left) and 
beam with 600 mm bond length (right) (constant slip protocol) 
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However, for the beam with 300 mm bond length and 25 mm cover, pronounced bond 
deterioration starts already at the first cycles, which is also substantiated by the development of 
splitting cracks at these cycles.  

The numerical results demonstrate that when the bars are lapped along a length equal to                       
450 mm, there is no significant change in the bond deterioration curve with modified cover. On 
the other hand, the bond deterioration due to cyclic loads is markedly enhanced with lower 
concrete cover for the beam with 600 mm bond length. The results indicate that when the beams 
undergo a ductile failure mode due to steel yielding, the effect of bond deterioration is marginal 
for both investigated concrete covers. 

 

Figure 8: Deterioration of bond resistance at peak deflection as a function of number of 
cycles for constant deflection protocol  

 

When the results pointed out in Figure 8 are compared with the experimental results by 
Eligehausen et al. (1983) [2] and Simons (2007) [3] for uncracked concrete, it can be stated that 
especially at initial cycles, the bond deterioration is more pronounced for the pull-out failure 
mode. This finding may be attributed to the redistribution of stresses in a structural member 
(here RC beam with lap splices) compared to a pull-out test specimen with relatively low bond 
lengths. 

3.3.2 Increasing Slip Protocol 

The numerical results of the beams with different bond lengths and concrete cover of 40 mm 
subjected to the increasing deflection protocol are presented in Figure 9. In general, the 
monotonic curve forms the envelope of the obtained hysteresis loops. The highest drop in the 
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load occurs at the second cycle during the second level of deflection (1.5 peak ) for the beams 

with a bond length equal to 300 mm, 450 mm and 600 mm. On the other hand, stable hysteresis 
loops form for the beam with 750 mm bond length, which undergoes a ductile failure mode due 
to yielding of the rebars. 

 

  

  

Figure 9: Deterioration of bond resistance at peak deflection as a function of number of 
cycles for increasing deflection protocol 

 

4 CONCLUSION 

The bond deterioration due to cyclic loads in case of a concrete splitting failure mode has been 
investigated by using the FE method on RC beams with critical lap splices. For the constant 
deflection protocol, the results in this study indicate that the level of bond deterioration 
decreases when the bond length of the spliced bars increases. When the bond length is large 
enough such that the bars develop, the ratio of bond deterioration shows no significant decay 
with higher number of cycles. This has been observed for both investigated clear concrete 
covers (40 mm and 25 mm). In the increased deflection protocol, the hysteresis loops follow 
the monotonic curve with more pronounced pinching effect at larger deflections of the beam. 

Results of the numerical analysis denote that the level of bond deterioration in RC beams with 
lap splices failing due to concrete splitting is not as high as in the case of pull-out test specimens 
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undergoing bond pull-out failure mode. However, further research should be done to establish 
a more profound comparison between these failure modes in the event of cyclic loads. 
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ABSTRACT 

Annex D (Informative) of the European Standard EN 1992-4 provides a design equation for the 
determination of the concrete cone capacity of anchors (cast-in and post-installed) at high 
temperature. This equation is bounded by the scope of the ISO 834-1 fire and is based on limited 
experimental data with headed studs and expansion anchors. For other types of anchors (e.g., 
bonded anchors), most of the existing investigations under fire conditions have been devoted 
to the analysis of pull-out failure, as the adhesive products commercially available very often 
consist of thermosensitive polymer resins. With the advent of less thermosensitive mortars, 
however, the concrete cone failure at high temperature for certain bonded anchor configurations 
can’t be excluded. For these reasons, the aim of this experimental study is to extend the current 
database for the concrete cone capacity of anchors with the inclusion of bonded anchors 
exposed to high temperature conditions. The experimental program consisted of two types of 
fire scenarios: the ISO 834-1 fire simulated with a gas furnace, and a slow rate heating obtained 
with electrical radiant panels. The description of the materials, the detailed test procedures and 
test results are presented and analyzed. The reduction of capacity due to the exposure to high 
temperatures is evaluated by comparing the concrete cone capacities under ambient and high 
temperature conditions. Furthermore, the experimental ultimate capacities are compared to that 
determined with the existing design method to examine its suitability for the two different fire 
scenarios investigated in this work (ISO 834-1 fire conditions and slow-rate heating).  

1 INTRODUCTION 

Bonded anchors are a widely used fastening technique for steel to concrete connections. It 
consists in installing a steel anchor element (in general a threaded rod) in a hole drilled in 
concrete and bonding it to the surrounding concrete using an adhesive mortar. The behavior of 
bonded anchors mainly depends on the adhesive mortar and also on different parameters related 
to the installation and the in-service conditions (drilling condition, hole cleaning, moisture, 
temperature...) [1]–[4]. One of the current failure modes of a bonded anchor located far from 
the edges and neighboring anchors loaded in tension at room temperature is the concrete cone 
failure. It is characterized by the formation of a cone-shaped failure surface, whose slant height 
is inclined by around 35° with respect to horizontal plane [5]. This failure surface is generated 
by a circumferential crack which initiates at the embedded end of the anchor and  propagates 
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stably until reaching a critical length of 45% of the slant height, at the time of failure [6].  Under 
high temperature conditions, it is known that the mechanical properties of concrete change [7], 
[8]. However, because adhesive mortars are polymer-based in general, the pull-out failure due 
to the debonding of the adhesive mortar has been the most observed failure mode at high 
temperature, where several studies on bonded anchors installed in uncracked and cracked 
concrete have focused on the resistance to pull-out failure [9]–[16]. Recently, the manufacturing 
technology has evolved, enabling the improvement of the bond capacity of adhesive mortars, 
rendering them more resistant to bond (pull-out) failure and less temperature sensitive. 
Therefore, the probability to observe a concrete cone failure at high temperature (e.g. under fire 
conditions) is increased. The resistance to concrete cone failure under fire conditions is taken 
into account in EN 1992-4, Annex D [17], in which the concrete cone capacity of cast-in place 
and post-installed anchors exposed to the standard ISO 834-1 fire conditions can be calculated 
using equation (1). This capacity is obtained by multiplying the characteristic concrete cone 
capacity N ,  of the anchor at room temperature in cracked concrete by a reduction factor 
k(t,hef) depending on the exposure time and the embedment depth, but not on the type of the 
anchor (post-installed or cast-in place). 

N , , , k t, h ∙ N ,  
k(t, h ) = hef/200 for fire exposure up to 90 min 
k(t, h ) = 0.8ꞏhef/200 for 90 min ≤  t ≤120 min 

(1) 

Because the determination of the concrete cone capacity at high temperature requires a complex 
test configuration, equation (1) was derived on the basis of  a limited number of tests results  
and numerical simulations for anchors exposed to 90 min of ISO 834-1 fire conditions [18]. 
The experimental database consisted of six tests with cast-in headed anchors and two tests with 
post-installed expansion anchors. Up to now, no experimental evidence on bonded anchors 
directly exposed to fire has been reported to support the validity of equation (1) for bonded 
anchors. Therefore, the aim of the present paper is to provide experimental results for the 
concrete cone capacity of bonded anchors at high temperature and use them as a basis to assess 
the validity of equation (1) for the design of bonded anchors. In the present paper, it is also 
sought to observe the consequences of a heating scenario different from ISO 834-1 fire 
conditions, therefore, some of the tests were conducted with slow-rate heating. However, as 
equation (1) is restricted to the exposure to ISO 834-1 fire conditions, different approaches are 
suggested to allow the consideration of the results of the tests with slow-rate heating. 

2 EXPERIMENTAL INVESTIGATION  

2.1 Test program and test specimens 

The experimental campaign consisted of seven tests at high temperature, subdivided into two 
groups according to the applied heating scenario: tests with standard ISO 834-1 fire 
conditions, and tests with a slower heating rate which allowed to reach around 250°C at the 
surface of the slab after 3 hours.  The experimental matrix is summarized in Table 1. 
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Table 1: Test program 

Fire scenario hef = 75 mm hef = 125 mm Specimen 
Slow-rate heating 

 
T75-1 
T75-2 

T125-1 
T125-2 

Each anchor is installed in an individual 
slab L 1.5m × W 0.5m × T 0.4 m 

ISO 834-1 fire 
 

- 
T125-ISO-30 
T125-ISO-60 
T125-ISO-75 

Each anchor is installed in an individual 
slab L 1.5m × W 0.65m × T 0.4 m 

 
With the slow-rate heating, the four anchors were tested under similar thermal conditions while 
with the ISO 834-1 fire, different level of heating (30 min, 60 min and 75 min of exposure) 
were tested for a similar embedment depth.  
The anchors consisted of threaded rods made of carbon steel with an external diameter of 16 
mm, and the adhesive consisted of an inorganic mortar with a mean bond resistance of 27 MPa 
in the same concrete batch, based on three samples per embedment depth. The characteristics 
of concrete are listed in Table 2. The mechanical characteristics of concrete were determined 
following the experimental procedures specified in the cited references. 

Table 2: Characteristics of concrete 

Aggregate diameter 4 mm – 8 mm 
Cement quantity 286 kg/m3 

Water/Cement ratio 0.54 
Cube compressive strength fcc [19] 33.6 MPa 
Tensile strength ft [20] 2.8 MPa 
Fracture energy GF [21] 71 J/m² 
Young’s modulus E [22] 26.9 GPa 

 

2.2 Test setup and test procedure 

For the tests with slow-rate heating, Figure 1 shows the typical test setup.  
 

 

 Figure 1: Equipment for tests with slow-rate heating  
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The test procedure consisted in two steps:  

 Firstly, the entire surface of the slab including the anchor was heated with an electric heater 
(radiant panel); 

  After ±3h30 min of exposure, the heater was removed and a standard unconfined tension 
test following the setup for technical approvals, specified in TR 048 [23] was performed. 
Five to ten minutes was needed after the end the heating to install the tension test setup, 
then the failure occurred 1 min to 3 min after the beginning of the test. 

For the tests with ISO 834-1 fire conditions, the thermal loading was ensured by a gas furnace; 
then after reaching respectively 30 min, 60 min and 75 min of exposure, the tension test was 
performed without stopping the heating. The loading of the anchor was achieved with a rigid 
steel frame which directly transferred the load from the hydraulic jack to the external part of 
the anchor. The failure occurred 3 min to 10 min after the beginning of the tension test. The 
typical test setup with ISO 834-1 fire conditions is presented in Figure 2. In each test, the 
temperature of concrete was measured along the embedment depth, by means of thermocouple 
scales placed inside the heated slab, and outside the theoretical impact zone of formation of the 
concrete cone. 

 

Figure 2: Setup for tests with ISO 834-1 fire conditions 

 

2.3 Test results 

The anchors experienced three different failure modes, reported in Table 3. The concrete cone 
failure consisted of the extraction of a cone-shaped concrete portion having its apex at the 
embedment depth while the combined concrete cone – pull-out failure consisted of a concrete 
cone on part of the depth near the exposed surface and a pull-out failure on the remaining part. 
The pull-out part occurred at the mortar/concrete interface. Finally, in the combined concrete 
delamination – pull out failure observed in the test T125-2 with slow heating, a 40 mm thick 
layer of concrete from the exposed side was split in several portions.  
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Table 3: Test results 

Fire 
scenario 

Test ID Failure mode 
Ultimate 
capacity 

(kN) 

Loss of 
capacity due to 

temperature 

Slow 
heating 

 

T75-1 
T75-2 

T125-1 
T125-2 

Concrete cone 
Concrete cone 

Concrete cone + pull-out 
Concrete delamination + pull-out 

31.1 
28.4 
40.3 
38.3 

28 % 
34 % 
62% 
65% 

ISO 834-
1 fire 

T125-ISO-30 
T125-ISO-60 
T125-ISO-75 

Concrete cone 
Concrete cone 

Concrete cone + pull-out 

54.7 
46.2 
44.9 

50 % 
57 % 
59 % 

 

In Table 3, the indicated exposure times are the exposure times at the beginning of the tension 
test, while the exact time of failure are indicated between brackets. The losses of capacity due 
to temperature were calculated with reference to the mean ultimate capacities at ambient 
temperature determined in a previous test campaign, which was 43.2 kN for 75 mm anchors 
(concrete cone failure) and 108.7 kN for 125 mm anchors (combined concrete cone – pull out 
failure) based on at least four samples for each embedment depth. According to the results with 
slow-rate heating, the loss of capacity is higher for the deeper anchors than for the shallower 
ones, after exposure to a similar thermal loading. This is because a combined failure at high 
temperature combines a loss of capacity associated to the concrete cone part and a loss of 
capacity associated to the lowered bond strength of the mortar. The change of failure mode 
failure from pure concrete cone for the 75 mm anchors to combined failure for the 125 mm 
anchors suggests that the higher load applied to the 125 mm anchors led to higher bond stress. 
The 125 mm anchors also failed in different ways according to the heating scenario and the 
exposure time, and changed from combined failure at ambient temperature to pure concrete 
cone failure after exposure to 30 min and 60 min of ISO 834-1 fire conditions. This may suggest 
that at ambient temperature, cone-shaped cracks could initiate at different depths but the one 
that started at the embedment depth did not reach its critical length before the debonding of the 
mortar and the full formation of a shallower concrete cone. Nevertheless, these observations 
require further understanding of the mechanism of combined failure at room and high 
temperature, which is not in the scope of this study. The following discussions will be focused 
on the analysis of the relevance of the existing design equation on the basis of the tests results. 
Therefore, the attention will be limited to the load-bearing capacity of the anchors which 
experienced a pure concrete cone failure at high temperature (T75-1, T75-2, T125-ISO-30, 
T125-ISO-60). For that, a direct comparison between the tests results with slow-rate heating 
and the prediction of the design equation cannot be done because a slow-rate heating scenario 
is not covered by the scope of the design equation. Therefore, different approaches are tested 
to establish an equivalence between the two types of fire scenarios so as to compare the tests 
results to the characteristic capacities predicted by equation (1). 

3 APPROACH BASED ON AN EQUIVALENT EXPOSURE TIME 

Because equation (1) is based on the duration of exposure to ISO 834-1 fire conditions, this 
approach consists in determining an equivalent exposure time for the tests with slow-rate 
heating. The principle is to compare the temperatures measured in the concrete at the end of the 
heating phase to the temperatures that would be reached in the specimen if ISO 834-1 fire 
conditions were applied. For this latter, a numerical thermal calculation is performed, and the 
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temperature of the concrete is determined at the position where the thermocouples scale was 
placed in the real test. Since it is not exactly known at what depth the temperature of concrete 
is the most determining for the concrete cone capacity, two definitions for the exposure time 
are tested: 

 the time t1 for which the measured and the calculated temperatures are identical at the 
location of the crack tip when the crack reaches its critical length, i.e. when the failure 
occurs. The location of the crack tip at high temperature is determined assuming a similar 
failure angle (35°) and critical crack length as at room temperature (45% of the slant height 
of the full cone).   

 the time t2 for which the area under the temperature-depth curve is identical for the measured 
and the calculated thermal profiles, as the damage of the concrete along the depth is 
estimated to be proportional to the amount of heat absorbed.  

 

 
Figure 3: Numerical model for the thermal calculations 

 

The numerical calculation was carried out in 3D analysis using ANSYS software by modelling 
one quarter of the concrete slab with the anchor. Figure 3 shows the boundary conditions, the 
location of the temperature measurement and the typical mesh, in which quadratic finite 
elements were used. In the calculation, the thermal conductivity and specific heat of the 
concrete and the carbon steel, and the mass density of concrete, varied with temperature,  in 
accordance with the French national annex of EN 1992-1-2 [24]. The mass density of the carbon 
steel (7850 kg/m3) was considered constant with respect to temperature [25].  

Figure 4 shows the temperature distributions in concrete measured in the four tests and the 
temperature distributions at the equivalent exposure times t1 and t2 for T75-1 and T75-2. Doted 
portions of the measured thermal profiles were obtained by extrapolation.  
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Figure 4: Measured and calculated temperature distributions in concrete 

 

The characteristic capacities N , , ,  predicted by equation (1) based on the measured 
exposure times at failure (for T125-ISO-30 and T125-ISO-60) and on the calculated 
equivalent exposure times t1 and t2 (for T75-1 and T75-2) are listed in  

Table 4, together with the ultimate capacities Nu obtained in the tests. The ratio between the 
predicted and measured capacities are also listed. Despite a difference of 15 min between the 
two equivalent times t1 and t2, they are both in the time interval 0 min t 90 min, therefore a 
similar characteristic capacity is predicted by equation (1). 
 

Table 4: Comparison to characteristic capacity based on exposure times 

Test ID Exposure time NRk,c,fi,(t) Nu NRk,c,fi,(t)/Nu 

T75-1 
31 min 

(t1) 
16 min 

(t2) 
8.4 kN 31.1 kN 27% 

T75-2 
35 min 

(t1) 
20 min 

(t2) 
8.4 kN 28.4 kN 30% 

T125-ISO-30 40 min (measured) 30.1 kN 54.67 kN 55% 

T125-ISO-60 65 min (measured) 30.1 kN 46.23 kN 65% 
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Based on these results, the characteristic capacity given by the equation in EN 1992-4, Annex 
D is conservative for all tests. However, it can be noticed that this prediction is not accurate in 
view of the ratio between the predicted and the real capacities. As the predicted design capacity 
is similar for a given anchor in all the range of exposure times between 0 min and 90 min, this 
inaccuracy is more pronounced for short exposure times and decreases when exposure times 
are close to 90 min. Moreover, by comparing this ratio for T75-1, T75-2 and T125-ISO-30, for 
which the exposure times are around 30 min on the basis of t1, the inaccuracy seems more 
significant for anchors with shallow embedment depth. Equation (1) was actually established 
by fitting the results of numerical calculations, which were notably conservative compared to 
experimental results for anchors with short embedment depths (less than 80 mm) [18]. For 
example, for an anchor 40 mm deep, the capacity predicted by equation (1) after 90 min of 
exposure to ISO 834-1 fire conditions went down to less than 50% of the real capacity. 

4 APPROACH BASED ON THE HIGH TEMPERATURE PROPERTIES OF 
CONCRETE  

At ambient temperature, for a given embedment depth, the concrete cone capacity is only 
varying with: 

 the tensile strength ft of concrete, which is proportional to the square root f  of the 
compressive strength, according to the CCD method [5] ; 

 the square root EG  of Young’s modulus E multiplied by the fracture energy GF, according 
to the theory of linear elastic fracture mechanics [26] [27] .  

Therefore, a possible way to compare the test results to the prediction of the design method is 
to compare the values of ft, f   and EG   at the end of the slow-rate heating to their values 
after 90 min of exposure to ISO 834-1 fire conditions. If they have higher values at the end of 
the slow-rate heating than after 90 min of exposure to ISO 834-1 fire conditions, then the 
ultimate capacity should be higher than the design capacity predicted for exposure times up to 
90 min. In the opposite case, the ultimate capacity is to be confronted to the design capacity 
predicted for 90 min ≤  t ≤120 min.  

However, as the temperature of concrete is not uniform in the specimen, its mechanical 
properties are also heterogeneous. Therefore, average values ft

*, fcc
* and ( EG ∗ associated to 

the concrete cone have to be determined. For that, the methodology proposed by Hlavička et al. 
[28] in a study of bonded anchors in thermally damaged concrete is adopted to determine the 
average properties ft

*, fcc
* , E* and GF

* over the concrete cone. The principle of this methodology 
is to slice the theoretical cone into several truncated cones (Figure 5). Each truncated cone has 
its own properties (fcc,i,ft,i, Ei and GFi) depending on the temperature at its mid plane. Then, the 
average value of each property, weighted by the lateral surface of each truncated cone, is 
calculated according to equation (3): 

𝑓∗ ∑ ,   ; 𝑓∗ ∑ ,  ; 𝐸∗ ∑  ;  𝐺∗ ∑ ,  (3) 
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Figure 5: Theoretical cone sliced into truncated cones at different temperatures (redrawn 
from [28]) 

 
The temperatures of concrete after 90 min of exposure to ISO 834-1 fire conditions are 
calculated with the thermal model described in section 2. The values of the tensile strength ft , 
the compressive strength fcc and Young’s modulus E at different temperatures are determined 
using the reduction coefficients indicated in EN 1992-1-2 [24]. The variation of the fracture 
energy GF with temperature follows the law deduced from experimental measurements by Zang 
et al. [8]. The results of the comparison between the average properties at the end of the slow-
rate heating using measured temperatures and those after 90 min of exposure to ISO 834-1 fire 
conditions using calculated temperatures are summarized in Table 5. 

Table 5: Average properties of the concrete cone after exposure to 90 min of ISO 834-1 fire 
conditions compared to values at the end of slow-rate heating 

Test ID 
fcc*ISO-90min

fcc*test

 

(EGF)*
ISO-90min

(EGF)*
test

 
ft
*

ISO-90min

ft
*

test

 

T75-1 59% 37% 26% 
T75-2 59% 36% 25% 

 

It is seen that the average properties of the concrete cone at the end of the slow-rate heating 
were higher than after an exposure to 90 min of ISO 834-1 fire conditions (EN 1992-4, Annex 
D approach). This is coherent with the theoretical equivalent times determined in section 2 ( 

Table 4). Therefore, the design equation is conservative if the design capacities predicted for 
fire exposure time up to 90 min are lower that the ultimate capacities measured in the tests. 
This is the case according to the previous comparison ( 

Table 4), despite the inaccuracy mentioned in section 3. 

5 CONCLUDING REMARKS 

This paper presents an investigation on the concrete cone capacity of bonded anchors at high 
temperature. The procedure and the results of the experimental program are reported, in which 
seven bonded anchors with inorganic adhesive mortar were exposed to one of two different fire 
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scenarios: standard ISO 834-1 fire conditions and a slow-rate heating. It was observed that for 
a similar thermal loading, the failure mode at high temperature can switch from concrete cone 
failure to combined failure when increasing the embedment depth. Moreover, for a similar 
embedment depth, this failure mode changes according to the thermal loading, and can change 
from a combined failure at ambient temperature to a concrete cone failure at high temperature. 
Four of the seven bonded anchors experienced a concrete cone failure. These four new results 
extend the database for the concrete cone capacity of anchors at high temperature, which 
currently includes six tests results with headed studs and two test results with expansion 
anchors, but no result with bonded anchors. 

The experimental study was followed by a comparison between the ultimate concrete cone 
capacities obtained in the tests and those predicted by the existing design method (EN 1992-4, 
Annex D approach). Such comparison could be achieved for the anchors exposed to slow-rate 
heating using different approaches, and it can be concluded that the existing design method is 
conservative but its accuracy requires improvement. This inaccuracy tends to be more 
pronounced for short exposure time and for shallow anchors. 

Following the philosophy and the results of the approaches investigated to compare the results 
between the two different heating scenarios, it is possible to use the existing design method, 
basically limited to the design of anchors exposed to ISO 834-1 fire conditions, for the design 
of anchors exposed to a different fire scenario, by: 

 Determining an equivalent exposure time t referring to exposure to ISO 834-1 fire 
conditions based on the temperature reached in concrete, and use the design equation 
considering this exposure time;  

 Determining within the theoretical concrete cone the average property of concrete relevant 
for the concrete cone capacity, based on the temperatures reached at the end of the heating, 
and compare it to those after 90 min of exposure to ISO 834-1 fire conditions, then use the 
design equation in the relevant interval of exposure time. 

Further investigations are however necessary to address the lack of accuracy of the current time-
based design method. For that, as it can be noticed that the approaches tested in the present 
paper are actually based on the temperature of concrete. Therefore, an alternative method for 
the design of anchors subjected to any type of heating scenario may be to directly relate the 
concrete cone capacity to the temperature of concrete at a relevant position, without an exposure 
time rating.  
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ABSTRACT 

Concrete is no longer the simple 3-phase mixture consisting of cement, water and aggregate, as 
it was years ago! Today, a variety of concrete admixtures and additives are available for the 
development of (ultra) high-performance concretes. As a result, the strength of the concretes 
has been continuously on the rise. Increasingly thinner structural components are designed and 
produced, and fatigue is becoming – more often than not – the controlling factor in structural 
design. Since fatigue design has been traditionally very conservative, developments are 
urgently required. 

Within this context, the fatigue behaviour of concrete is becoming an increasingly important 
topic in the current research practice, as demonstrated by the Priority Programme 2020 “Cyclic 
Deterioration of High-Performance Concrete in an Experimental-Virtual Lab”. It has been 
shown that load level and frequency have a significant influence negative on concrete fatigue 
behaviour. The most recent research findings, however, show that the moisture content in the 
concrete plays a strong influence as well. For example, the fatigue resistance of desiccated 
concrete is up to 10 times higher in comparison to moist concrete. In addition, the fatigue 
behaviour of concrete worsens as the loading frequency or temperature increases.  On the other 
hand, however, the addition of fibres to the mix has been shown to positively influence the 
fatigue behaviour of concrete.  

For the above reasons, this paper mainly focuses on the influence of moisture content on the 
fibre-to-concrete bond. For this purpose, series of test specimens with single fibres were 
examined in pull-out tests, varying factors such as bonded lengths and moisture content. These 
tests show that fibre-to-concrete bond is a direct function of the moisture content in the concrete, 
as moisture significantly decreases the pull-out resistance of the fibres. 

1 INTRODUCTION 

In the last decades, due to the ever-increasing demands of the construction industry and related 
research trends about concrete strength, high-performance concrete has been among the top 
issues in concrete technology, see e.g., [1]. Since a major factor influencing the demand for 
such concrete is the design of increasingly slender, lighter structures, the associated increase in 
susceptibility to vibration remains one of the key issues under investigation today. As stated, 
for example, in [2] & [3], this is particularly important with respect to the design equations at 

907



   
 

the serviceability limit state, as the actual equations were developed for ordinary concrete and 
are very conservative when they are applied to HPC and UHPC structures.  

As a result, the potential of high-performance concrete cannot be fully exploited unless feasible 
solutions are found to reduce the problems arising from their high brittleness. To this end, 
intensive research is currently being done on fatigue performance of these concrete mixes. For 
this purpose, the German Research Foundation (DFG) launched the Priority Programme 2020 
“Cyclic deterioration of high-performance concrete in an experimental-virtual lab.  

Many factors have already been identified as the culprits of HPC decay, such as the stress level, 
[4], frequency [5], and the maximum aggregate size [6]. New investigations also show an 
influence of concrete moisture [7] - [9]. It was found that concrete moisture has a significant 
influence on the number of cycles to failure [10]. The influence of temperature in relation to 
moisture content on the static compressive strength was investigated in [12]. Furthermore, this 
effect on the static compressive strength also impacts the associated upper stress level in fatigue 
tests on such concretes [13]. A general overview of the influences on the temperature 
development during the fatigue test is given in [14]. In order to investigate the effects of 
moisture in more detail, a number of methods are used to understand the influence of water. 
For example, preliminary results using X-Ray Computed Tomography (XRCT) and Dynamic 
Mechanical Analysis (DMA) were published in [10]. The development of an investigation 
method using ultrasonic measurements can also provide further results [15]. In [16] acoustic 
emission analysis was used to show that the moisture in the microstructure causes additional 
damage.  

In addition to these macroscopic factors influencing the load-bearing behaviour of the concrete 
as such, another problem should be taken into account: One of the central approaches to 
improve fatigue behaviour of ultra-high-performance concretes is the addition of steel fibres. 
Such fibres primarily make concrete more ductile after cracking and thus significantly improve 
the post-cracking behaviour.  This comes from the bridge effect of the fibres across the cracks, 
similarly to what happens in the case of conventional reinforcement steel in the tension zone of 
concrete, where a connection between the crack edges is established when microcracks open. 
The first step in understanding the influence of these fibres is to investigate the load-bearing 
effect of individual macro-fibres in static and dynamic pull-out tests. Such investigations can 
be found, for example, in [17] for normal-strength concrete, in [18] for HPC, and in [19] for 
UHPC. [20] considers similar tests for UHPC embedded micro steel fibres. an investigation is 
being carried out into the pull-out behaviour of macro steel fibres for even higher-strength 
concretes up to a compressive strength of 150 N/mm². Furthermore, in literature effects on the 
experimental analysis of other factors such as temperature, see [21], the pull-out speed, see [22], 
or creep, see [23], can be found. However, the influence of moisture and shrinkage on the 
behaviour of fibre-reinforced concrete is primarily considered in the context of whole 
components and not at the level of fibre-matrix interaction of individual fibres during pull-out. 

Since one of the central tasks in SPP 2020 is to establish an approach for a numerical simulation 
of the damage behaviour of fibre reinforced concretes, often relying on modelling the problem 
in multilevel models starting with singular fibres, experimental investigations of the influence 
of moisture content on individual fibres are presented in this research paper. 
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2 EXPERIMENTS 

2.1 Material and Storage Conditions 

The HPC adopted in this study is a concrete with a maximum grain size of 2 mm and a 
water/cement ratio (w/c) of 0.35. This HPC is equivalent to the HPC reference mixture of 
SPP2020 [7] but without the basalt. The exact components can be found in Table 1.  

Table 1: Composition of HPC with w/c = 0.35 
Component Density (kg/dm³) Amount (kg/m³) 

CEM I 52,5 R-SR3 (na) 3.094 500 
Quartz Sand H33 (0/0.5 mm) 2.70 75 

Sand 0/2 2.64 850 
Superplasticizer (PCE) 1.05 4.25 

Stabilizer 1.10 2.42 
Water 1.00 176 

 

In order to determine the influence of moisture, all samples were stored underwater for 28 days. 
Afterwards, one batch was tested moist (Series UW), while another (Series D) was dried in an 
oven at 105°C for another 14 days. The storage type and the associated moisture content can be 
found in Table 2. 

Table 2: Storage conditions and concrete moisture 
Series  Day 1 Days 1-28 Days 29-42 Moisture Content % 
UW  

(Underwater Storage) Stripping the formwork Underwater 
storage 

- 7.8 

D 
(Dry Specimen) 

105 °C ~0.1 

 

2.2 Fibres 

Two types of steel fibre by KrampeHarex® GmbH & Co. KG were used for the fibre pull-out 
tests, one being a hooked-end fibre (Type H, DE 35/0.70 N) and the other a corrugated fibre 
(Type W, DW 50/1.00 N). The exact specifications can be found in Table 3. Figure 1 shows a 
picture of the two types of fibres selected for the tests. 

Table 3: Specifications of the two fibres 
 Type H (hooked-end) Type W (corrugated) 
 DE 35/0.70 N  DW 50/1.00 N 

Length L (mm) 35 ± 10 % 50 ± 10 % 
Diameter d (mm) 0.70 ± 10 % 1.00 ± 10 % 

Ratio (L/d) 50 50 
Tensile Strength ft (MPa) 1200 1100 

Modulus of Elasticity (MPa) 210000 210000 
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Figure 1: The two fibres used DE 35/0.70 N (top), DW 50/1.00 N (bottom) 

 

2.3 Test Specimens 

The fibres were cast into prismatic specimens with dimension 4 x 4 x 16 cm³. Three pull-out 
tests were prepared for each prism. An exemplary test specimen with embedded fibres (DE 
35/0.70 - N) is shown in Figure 2. Additionally, cubes with an edge length of 100 mm were 
tested to determine the static compressive strength and prisms with 4 x 4 x 16 cm³ were used to 
determine the flexural tensile strength. 

 
Figure 2: Test specimen with three fibres of type H (DE 35/0.70 – N) 
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2.4 Test Setup Pull-Out Tests 

The fibre pull-out tests were performed on a Z010 Zwick Roell testing machine. The 
experiments were conducted displacement-controlled at a speed of 3 mm/min (Fm). For the test, 
the concrete block was wedged in the testing machine in such a way that the fibres could be 
pulled out one by one with the aid of an air-powered clamp (Fp). Figure 3 shows the test setup. 

 
Figure 3: Test setup pull-out tests with Fm and Fp 

 

2.5 Experimental Programme 

Pull-out tests were carried out for five different bond lengths and with two different concrete 
moisture contents. For the corrugated fibres, one batch was tested, while for the hooked-end 
fibres, two batches were tested. A list of the tests is given in Table 4. The cubes for static 
compressive strength were stored underwater until testing. the compressive strength was 
determined on the same day as the experiments on the respective fibres. The flexural tensile 
strength was determined after 28 days underwater storage. In order to determine the flexural 
tensile strength on the dried concrete, the specimens were dried in the oven at 105 °C for a 
further 14 days. 

Table 4: Overview of the test programme 
Fibre and Storage Conditions Series 

Name 
Bond Length (mm) 

5  10 12.5 15 20 
 

DE 35/0.70 N - UW Typ H 
(hooked-end) 

H-UW 7 6 6 6 3 
DE 35/0.70 N - D H-D 6 5 6 6 3 

DW 50/1.00 N - UW Typ W 
(corrugated) 

W-UW 3 3 3 3 3 
DW 50/1.00 N - D W-D 2 3 3 3 3 

 

  

Fm 

Fp Fp 
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3 RESULTS 

3.1 Static Compressive and Flexural Tensile Strengths 

The static compressive strength was determined up to the 90th day. The development of the 
compressive strength can be seen in Figure 4. The compressive strength increases rapidly at the 
beginning and then only slowly. After 28 days, the compressive strength was 78.9 MPa. Until 
the 56th day, it increased by 4.3 % to 82.3 MPa. The compressive strength then rises again 
slightly from day 56 to day 90 by 3.8% to 85.4 MPa. To determine the effect of drying on 
compressive strength, another batch was concreted. The strength after 28 days of underwater 
storage was 88.0 MPa and after drying 112.2 MPa. This is an increase of 27.5% in compressive 
strength due to drying. The flexural tensile strength was 11.8 MPa for the concrete with the 
underwater storage conditions. Drying increases the flexural tensile strength by 22% to 
14.4 MPa (Figure 5). A potential positive influence of the compressive strength on the fibre 
pull-out resistance can be assumed in [19]. 

 
Figure 4: Development of the 

compressive strength of HPC-UW 

 
Figure 5: Compressive and flexural tensile 

strengths 

 

3.2 Fibre pull-out 

The fibre pull-out tests were performed as described in Chapters 2.4 and 2.5. Two different 
fibres (type H & type W) and two different concrete moisture contents (UW & D) were used. 
The storage conditions and fibre types are described in more detail in Chapter 2.1 and 
Chapter 2.2. The results of fibre pull-out resistance versus fibre bonded length for the fibres 
with hooked-ends and with corrugated surface are shown in Figs. 6 and 7, respectively. In total, 
three failure modes were observed: concrete spalling, complete fibre pull-out and fibre rupture 
in tension. Note that for both fibre types there is no significant difference between the two 
storage conditions at a bond length of 5 mm (11.6% & 12.2%). By increasing bond length, 
however, this changes. Depending on the bond length, the pull-out force increases by 20% 
(type W - 20 mm) to 87.8% (type H - 10 mm). Thus, for both types of fibres, it can be clearly 
seen that the pull-out resistances are lower for the moist concrete than for the dried concrete.  
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Figure 6: Pull-out resistance of fibre type H 

 
Figure 7: Pull-out resistance of fibre type W 

 

Figure 8 shows the average results of both fibres in moist concrete and Figure 9 shows both 
fibres in dry concrete. It can be clearly seen that in both storage conditions the corrugated fibres 
have a higher pull-out resistance than the fibres with hooked-ends. The curve of the fibres with 
hooked-ends does not change as clearly with increasing bond length as in the case of corrugated 
fibres (Figures 8 and 9). There is a clear indication of the different bond behaviour, especially 
in Figure 8. This is due to the fact that with fibre type W there are several anchoring possibilities 
due to the wave design, with type H this is not the case as there is only one. 

 
Figure 8: Pull-out resistance of storage 

condition UW 

 
Figure 9: Pull-out resistance of storage 

condition D 
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As there are two types of fibres with different dimensions, the tension stress 𝜎𝜎𝑚𝑚 has been 
determined from the average test values using the maximum pull-out force 𝐹𝐹𝑚𝑚,𝑚𝑚𝑚𝑚𝑚𝑚 and fibre 
cross-sectional area 𝐴𝐴𝑚𝑚 as shown in the following equation: 

𝜎𝜎𝑚𝑚 = 𝐹𝐹𝑚𝑚,𝑚𝑚𝑚𝑚𝑚𝑚
𝐴𝐴𝑚𝑚

 [MPa]    (1) 

On the basis of the tensile stress 𝜎𝜎𝑚𝑚, the average utilisation rate 𝑀𝑀𝑢𝑢 of each fibre can be 
determined by using the specified tensile strength of the fibres 𝑓𝑓𝑡𝑡 as given in Table 3. The 
following equation is used for this purpose: 

𝑀𝑀𝑢𝑢 = 𝜎𝜎𝑚𝑚
𝑓𝑓𝑡𝑡

 [%]    (2) 

The fibres that failed in tension are assumed to be fully utilised (100% exploitation). Figure 10 
shows the utilisation rates as a function of the bond length. It can be seen that the utilisation 
rate of the fibres is higher in dry concrete than in concrete with the UW storage condition. The 
utilisation rate increases with higher bond length due to the increasing pull-out resistance. It is 
noticeable that the difference in the utilisation rates between the two concrete moisture contents 
is greater than between the two types of fibre with the same concrete moisture. As stated before, 
three different modes of failure were observed in the pull-out tests, namely concrete spalling, 
complete fibre pull-out and fibre rupture. The distribution of these failure modes is shown in 
Figure 11 in regard to their utilisation, bond length and storage type. At the bond length of 
5 mm, all tests exhibited concrete spalling regardless of moisture content. In case of smaller 
bond lengths, fibre pull-out was obtained as decisive failure mode. Steel failure of the fibres 
only resulted from the tests in dried concrete. This means that even by increasing the bond 
length, no higher pull-out resistance can be generated under this storage conditions. 

 
Figure 10: Average fibre utilisation as a 
function of bond length, moisture content 

and fibre type 

 
Figure 11: Failure mode of all fibres 

depending on bond length and moisture 
content 
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4 CONCLUSIONS AND OUTLOOK  

In order to investigate the influence of moisture on fibre pull-out, two different steel fibres and 
two different storage conditions were considered. Corrugated fibres as well as hooked-end 
fibres were embedded into an HPC with different bond lengths. The pull-out resistance, the 
utilisation of the fibre tensile strength as well as the failure mode were investigated. The 
following results have been obtained: 

• The different storage conditions caused a different moisture content. Furthermore, the 
drying of the concrete increased the compressive strength by 28% and the flexural 
tensile strength by 22%.  

• Due to drying the concrete, the fibre pull-out tests resulted in increased ultimate loads. 
The increase varied from 12% to 88% depending on the fibre type, bonding length, and 
failure mode. 

• The fibres could be classified into three different failure modes, namely concrete 
spalling, complete fibre pull-out and fibre rupture. Fibre rupture was only observed in 
dried concrete. 

• For the same bond length, lower fibre pull-out resistances were measured for fibres in 
moist concrete. 

• The corrugated fibres can resist higher pull-out strength at the same bond length 
compared to the hooked-end fibres. The utilisation depending on the stress and tensile 
strength of the fibre at the same storage condition was comparable. 

• Due to the fact that some of the fibres tested in dried concrete provided steel rupture, it 
can be said that a longer bond length does not result in a further increase in the fibre 
pull-out resistance. 
 

In summary, the moisture content of the concrete has a sizeable influence not only on the 
strength of the concrete but also on the pull-out resistance of the two steel fibre types 
investigated. One possible explanation for the increase in pull-out resistance is that the friction 
between the steel fibre and the concrete increases. This means that it is possible that the friction 
is lower in moist concrete and that a smaller force is necessary to pull out the fibre. Another 
explanation is the confinement exerted by the drying concrete on the fibres. Due to the fact that 
concrete and steel behave differently during drying, a preload can occur which is responsible 
for an increase in the pull-out resistance. The third explanation is the increase in compressive 
strength and flexural tensile strength due to drying. This would imply that the compressive 
strength has a favourable effect on the pull-out resistance. 
 
The main reason for the increase of the pull-out resistance will be investigated in more detail 
in further studies within the projects. To this end, other fibre types and storage conditions should 
be tested. This also includes an investigation on the influence of the compressive strength. In a 
further step, fatigue tests with fibres should be carried out in order to investigate the influence 
of moisture content and compressive strength on the fatigue bond behaviour of the fibres. As 
there is a significant influence of moisture on the fatigue behaviour of concrete, an influence 
with fibres is also to be expected. The impact of moisture on this fatigue behaviour needs to be 
determined. These results can then be integrated into the approaches for the numerical 
simulation of the damage behaviour of fibre reinforced concrete.  
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ABSTRACT 

This paper studies the adhesion mechanism of polyvinyl alcohol (PVA) fiber within alkali-
activated slag/fly ash (AASF) pastes using molecular dynamics (MD) simulation in 
combination with systematic experimental testing. The adhesion of the PVA molecule to C-(N-
)A-S-H gel with different Ca/(Si+Al) and Al/Si ratios was modeled using MD simulation, with 
the related adsorption enthalpy calculated and the adhesion mechanism explored. The 
mesoscale adhesion (chemical bonding energy Gd) between PVA fiber and AASF pastes was 
also experimentally tested by the single fiber pullout tests. The results coincide well with the 
simulation outputs. In both cases, the adhesion enhances primarily by increasing the Ca/(Si+Al) 
ratio of C-(N-)A-S-H gel. Additionally, the MD simulation indicates preferential element 
distributions of Ca around the PVA molecule, which was confirmed experimentally by the 
detection of the Ca-rich C-(N-)A-S-H gel in the interfacial transition zone. This study provides 
a better understanding of the adhesion mechanism of PVA fiber to C-(N-)A-S-H gel formed in 
AASF pastes. These new insights are particularly valuable for the future development of PVA-
based high-performance alkali-activated composite. 

1 INTRODUCTION 

Alkali-activated materials (AAMs) including those geopolymers are derived by the reaction of 
an alkali metal source (solid or dissolved) with a solid alumino-silicate powder [1, 2]. Compared 
with conventional cementitious binders, AAMs are environmental-friendly with a considerable 
reduction of global warming potential and embodied energy [3]. Meanwhile, AAMs as binder 
material for concrete could maintain comparable mechanical properties and even better 
durability under different exposure conditions [4]. Alkali-activated slag/fly ash (AASF) is 

1 This conference paper is based on Zhang, S., Duque-Redondo, E., Kostiuchenko, A., Dolado, J. S., & Ye, G. (2021). 
Molecular dynamics and experimental study on the adhesion mechanism of polyvinyl alcohol (PVA) fiber in alkali-activated 
slag/fly ash. Cement and Concrete Research, 145, 106452. 
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currently the most studied AAMs by both academic communities and industries. However, 
AAMs including AASF are found to be also inherently (quasi-)brittle like conventional 
cementitious binder [5] and thereby susceptible to cracking. Fiber reinforcement was found to 
hold promises in achieving advanced fracture and tensile performances [6]. Polymeric micro-
fibers were effectively used to obtain a composite with extraordinary tensile performance, 
among which, polyvinyl alcohol (PVA) fiber with good chemical bonding to hydration product 
and sound mechanical properties has been widely used. 

For the development of PVA fiber reinforced cementitious and/or alkali-activated composites, 
the fiber/matrix interface properties are crucial. Among the interface properties, the chemical 
bonding energy (Gd) due to adhesion between the PVA fiber and the reaction products plays an 
essential role. However, the available studies concerning the adhesion of PVA fiber within 
AAMs are still rare. Most studies were limited to the mesoscale experimental determination of 
interface properties and their impact on the behavior of the composite. The adhesion mechanism 
of PVA fiber within AAMs, however, has seldom been discussed. 

This study aims to provide better insights into the PVA fiber/AASF matrix adhesion mechanism. 
Through MD simulation, the influence of reaction product chemistry on the PVA fiber adhesion 
within AASF matrices is modeled and the preferential element distribution around PVA fiber 
is determined. Furthermore, the corresponding microscale characteristics of adhesion 
influenced by reaction product chemistry were also studied experimentally through single-fiber 
pullout tests. Besides, the influence of PVA fiber on the spatial element distribution of reaction 
products was experimentally confirmed. This study offers new insights into the adhesion 
properties and adhesion mechanism of PVA fiber within C-(N-)A-S-H type reaction products 
within AASF and thereby also contributes to the fundamental design basis for the development 
and tailoring of PVA-SHGC based on AAM matrices. 

2 MD SIMULATION 

2.1 Construction of the PVA molecules 

For the MD simulation, the chemical composition of C-(N-)A-S-H gel by EDX spot analysis in 
AASF matrices [7] is selected as the starting point for the construction of the C-(N-)A-S-H 
models. Based on this, five C-(N-)A-S-H models were considered covering various Ca/(Si+Al) 
and Al/Si ratios, from 0.5 to 1.3 and from 0.25 to 0.5 respectively. 

The C-(N-)A-S-H models were created following the procedure described by Pellenq [8] and 
refined by Qomi [9], based on the modification of the structure of tobermorite 14 Å minerals. 
In the construction of the C-(N-)A-S-H model, the restrictions imposed by Kovačević [10] and 
Kumar [11] in their procedures were also considered to avoid the presence of monomeric 
species. The construction procedure is shown schematically in Figure 1. 

In the first step, the structure of the tobermorite 14 Å described by Bonaccorsi et al. [12] is 
taken as the starting point for building the C-(N-)A-S-H model. The unit cell of this mineral is 
replicated to obtain a simulation box with dimensions in the x, y, and z directions of 5.2 nm x 
6.2 nm x 3.3 nm, respectively, and periodic boundary conditions (PBC) were applied to 
approximate an infinite system. The chemistry of the tobermorite mineral was modified in a 
second step to reach the desired composition of the C-(N-)A-S-H gel. To this effect, all water 
molecules were removed from the interlaminar spaces and some bridging silicate groups were 
deleted randomly. The remaining bridging silicates are partially substituted by aluminates to 
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adjust the Al/Si ratio to values between 0.25 and 0.5. The negative charge generated by the 
replacement of Si4+ by Al3+ is compensated by inserting one Na ion per Al. Additionally, Ca is 
added to match the Ca/(Si+Al) ratio, increasing it from 0.83 (the typical value of tobermorite 
14 Å minerals) up to 1.3, while no silicate monomers are generated [10, 11]. To reach values 
below 0.83, the interlaminar Ca is replaced by Na ions. 

 

Figure 1. Schematic procedure of the construction of the C-(N-)A-S-H models. 

Once the Ca/(Si+Al) and Al/Si ratios are adjusted, water is reintroduced in the pore space using 
a geometry-based algorithm [13] up to a density of 1 gꞏcm-3, and the structure was equilibrated 
in the following step. The LAMMPS code [14] and the force field ReaxFF [15] were used to 
perform energy minimization and MD simulations in the isobaric-isothermal ensemble (NPT) 
at room conditions (300K and 1 atm) for 5 ns with barostat and thermostat coupling constants 
of 0.2 and 1 ps, respectively. ReaxFF is a reactive force field that allows the structural and 
chemical relaxation of the C-(N-)A-S-H gel. Thus, water molecules can dissociate into 
hydroxyl groups in the new Q1 sites formed after the bridging silicate deletion [16]. 

The last step comprises the expansion of the pore space (1.5 nm) to accommodate the PVA 
molecules. Then, the pore is filled with water, and the PVA/C-(N-)A-S-H composite is 
equilibrated using a combination of ClayFF [17] and CHARMM [18] force fields to describe 
the C-(N-)A-S-H gel and the PVA fiber. An initial relaxation was conducted in the canonical 
ensemble (NVT) for 0.5 ns at 300K with the thermostat coupling constant of 0.1 ps, followed 
by further equilibration in the isobaric-isothermal ensemble (NPT) at room conditions (300K 
and 1 atm) with barostat and thermostat coupling constants of 0.2 and 1 ps, respectively. A final 
MD simulation, long enough to capture all the properties properly, was carried out in the 
canonical ensemble for 0.1 µs at 300K. The lattice parameters and densities of the different 
PVA/C-(N-)A-S-H composite after equilibration are shown in Table 1. 

Table 1. Lattice parameters and densities for the PVA/C-(N-)A-S-H composites after MD 
equilibration at the studied Ca/(Si+Al) ratio with an Al/Si ratio of 0.5. 

Ca/(Si+Al) ratio 0.5 0.75 1.0 1.1 1.3 

Al/Si ratio 0.25 0.5 0.25 0.5 0.25 0.5 0.25 0.5 0.25 0.5 

Lx (nm) 5.181 5.179 5.272 5.215 5.083 5.037 4.972 5.013 4.925 4.877 

Ly (nm) 6.062 5.983 6.158 5.973 5.828 5.747 5.790 5.696 5.688 5.544 

Lz (nm) 2.975 3.183 2.918 3.061 3.451 3.375 3.061 3.161 2.949 2.911 

ρ (gꞏcm-3) 1.670 1.577 1.697 1.711 1.376 1.526 1.664 1.696 1.758 1.912 
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2.2 Construction of the PVA molecules 

The Avogadro Builder [19] was employed to create the PVA molecules formed by 100 
monomeric units of vinyl alcohol. The structure of the PVA molecules was equilibrated by 
performing MD simulations using the LAMMPS simulation package [14]. CHARMM force 
field [18] was used to describe the bonding and non-bonding interactions in the PVA molecules, 
while the atomic charges were derived by electrostatic potential (ESP) analysis of DFT results, 
using the ChelpG scheme [20]. First, energy minimization was performed, relaxing the atomic 
positions of the molecule and its simulation box. Then, the structure of the PVA molecules was 
equilibrated in the canonical ensemble (NVT) at 300K during 2.5 ns, with a time step of 0.5 fs 
and a thermostat coupling constant of 0.1 ps. Finally, the atomic positions and the volume of 
the simulation box were further relaxed in the isobaric-isothermal ensemble (NPT) at 300K and 
1 atm for another 2.5 ns with a thermostat and barostat coupling constants of 0.1 ps. 

2.3 Interaction between the PVA fiber and the C-(N-)A-S-H gel 

The radial distribution function (RDF) and the coordination number (CN) can provide useful 
information about the interactions in the PVA/C-(N-)A-S-H composites. The RDF gives the 
probability of finding an observed particle as a function of a distance, between r and r+dr, from 
a reference particle, in this way describing the density variation as a function of the distance. It 
is calculated using the following equation [21]: 

𝒈𝒈(𝒓𝒓) =
𝑽𝑽

𝑵𝑵𝒊𝒊𝑵𝑵𝒋𝒋
��〈𝜹𝜹�𝒓𝒓 − �𝒓𝒓𝒊𝒊���⃗ (𝒕𝒕) − 𝒓𝒓𝒋𝒋���⃗ (𝒕𝒕)��〉𝒕𝒕

𝑵𝑵𝒋𝒋

𝒋𝒋

𝑵𝑵𝒊𝒊

𝒊𝒊

 Equation 1 

where ri and rj define the position vectors of the particle i and j. The parameter δ takes the value 
1 in the interval [-w, w) (with w being the bin width), otherwise 0. In this case, the RDFs were 
computed to study the microscopic adhesion mechanism of the PVA fiber to C-(N-)A-S-H gel 
and its association with experimental proofs were discussed later in this paper. 

The integration of the RDF gives the CN, which can be defined as the total number of particles 
that a reference particle holds as neighbors within a shell between r and r+dr. The CN of a 
certain atom is given by the following Equation 2: 

𝒏𝒏(𝒓𝒓) = 𝟒𝟒𝝅𝝅� 𝝆𝝆𝒓𝒓𝟐𝟐𝒈𝒈(𝒓𝒓)𝒅𝒅𝒓𝒓
𝒓𝒓+𝒅𝒅𝒓𝒓

𝒓𝒓
 Equation 2 

where ρ is the atomic density. In particular, the RDFs and CNs of the hydroxyl groups of the 
PVA fibers were calculated with the cations and with the oxygen atoms from the C-(N-)A-S-H 
surfaces to analyze the evolution of the interaction with various Ca/Si and Al/Si ratios. 

3 EXPERIMENTAL 

3.1 Materials and mixture design 

The solid precursors were ground granulated blast furnace slag and Class F fly ash. The 
chemical compositions deduced from X-ray Fluorescence along with other properties of 
precursors are shown in Table 2. A polyvinyl alcohol (PVA) fiber with 1.2% oiling on the 
surface was used. It has a density of 1.30 g·cm-3, a tensile strength of 1640 MPa, and Young’s 
modulus of 41.1 GPa. The alkaline activator was a sodium-based silicate solution prepared by 
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dissolving NaOH pellets (analytical grade, purity≥98%) and sodium silicate (Na2O: 8.25 wt.%, 
SiO2: 27.50 wt.%) in distilled water. 

Table 2. Chemical compositions and properties of raw materials. 

Oxide (wt %) SiO2 Al2O3 Fe2O3 CaO MgO SO3 Na2O K2O LOI 
Slag 32.91 11.84 0.46 40.96 9.23 1.60 - 0.33 1.15 
Fly ash 52.90 26.96 6.60 4.36 1.50 0.73 0.17 - 3.37 

 
The detailed mixture design of AASF pastes is shown in Table 3. The mixtures were named 
M0.5, M0.8, M1.0, M1.2, and M1.5 accordingly. The solid precursors were firstly dry mixed 
for 5 min using a HOBART® mixer at a low speed. Alkaline activator solution was then added 
gradually, and the batches were mixed for an additional 5 min at a medium speed. The fresh 
pastes mixtures were cast in a specially made mold for fiber pullout tests and small polyethylene 
vessels for ESEM/EDX analysis. The cast samples were further compacted with a vibration 
table before finally being sealed with a plastic foil. After 1 day, the samples were demolded and 
cured in a climate room (20 °C and ≥98% RH) until 28 days before testing. 

Table 3. Mixture design of AASF pastes. 

Mixture Slag (wt.%) Fly ash (wt.%) w/b ratio Na2O (wt.%) Silicate Modulus 
M0.5 

50 50 0.32 4 

0.5 
M0.8 0.8 
M1.0 1.0 
M1.2 1.2 
M1.5 1.5 

 

3.2 ESEM/EDX characterization 

Chemical compositions of reaction products in AASF matrices and within the fiber/matrix 
interfacial transition zone (ITZ) were characterized by environmental scanning electron 
microscopy (ESEM) and energy dispersive X-ray (EDX) analysis. All characterizations on the 
matrix and ITZ were conducted using paste samples at 28 days. Mixtures including M0.5-M1.5 
were used for the characterization of reaction product composition in AASF matrices. For the 
interface characterization on element distribution within ITZ around PVA fiber, only the M1.0 
specimen was used as a representative example. PVA fiber with a diameter of 300 μm was used 
for better clarification of the fiber/matrix interface as well as ITZ. The details of the tests were 
given in [22]. 

3.3 Single-fiber pullout test 

The adhesion properties of PVA fiber (40 μm) in M0.5-M1.5 AASF matrices were 
experimentally tested by single-fiber pullout tests following Redon et al [23]. A micro tension-
compression testing device (Kammrath & Weiss) shown in Figure 2 (a) was used for single-
fiber pullout tests. A 10 lb (44.48 N) load cell was included in the system for pullout load testing 
with an accuracy of 0.1%. The displacement-controlled pullout was used with a constant 
displacement rate of 0.01 mm/s. At least 20 tests were conducted for each matrix. 
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Figure 2. Experimental setup of the single-fiber pullout test [24]. 
 

4 RESULTS AND DISCUSSIONS 

4.1 Coordination of PVA to Ca and Na 

The RDFs of Ca and Na ions with the oxygen atoms from PVA molecules and their respective 
CNs for the composites with the considered Ca/(Si+Al) and Al/Si ratios are shown in Figure 3. 
The coordination of the cations from the C-(N-)A-S-H surface can be related to the formation 
of electrostatic forces between the PVA molecules and the C-(N-)A-S-H gel.  

 
Figure 3. Radial distribution functions (continuous lines) and coordination numbers (dashed 
lines) for Na-OPVA (in black) and Ca-OPVA (in red) for the C-(N-)A-S-H gel with Ca/(Si+Al) 

ratios of 0.5, 0.75, 1.0, 1.1 and 1.3 at Al/Si ratios of 0.25 and 0.5. 
 

As shown in Figure 3, these plots show sharp peaks at distances around 2.0 Å and 2.2 Å for the 
RDFs of Na-OPVA and Ca-OPVA, respectively. These peaks correspond to the first coordination 
shell of the oxygen atoms of the PVA to the cations from C-(N-)A-S-H gel and consequently 
to the Ca-OPVA and Na-OPVA distances. As the Ca/(Si+Al) ratio increases from 0.75 to 1.2, the 
coordination of the PVA molecules to Ca ions grows progressively from 0.03 to 0.43 Ca ions 
per oxygen atom as a consequence of the higher Ca content. The increasing coordination of Ca 
ions provokes a slight decrease in the coordination of the oxygen atoms to the Na ions as the 
Ca/(Si+Al) ratio rises. This is because Ca is a divalent cation that can establish stronger 
electrostatic interactions with the negatively charged functional groups of the PVA fiber and 
can displace the Na ions. Regarding the effect of the Al/Si ratio, the CNs reveal that the 
coordination of PVA to Na is increased significantly due to the larger amount of Na at high 
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Al/Si ratios. This can be better visualized in Figure 4, which compares the CNs for Ca and Na 
to the oxygen atoms of the PVA molecules at the studied Ca/(Si+Al) and Al/Si ratios. 

 
Figure 4. Coordination numbers of Na (in red) and Ca (in black) to the oxygen atoms of PVA 
molecules for the studied PVA/C-(N-)A-S-H composites. 

 

4.2 Element distribution around PVA fiber 

To reveal the influence of PVA fiber on the elemental space distribution and element ratios of 
reaction products within ITZ, carefully selected EDX Line scans from an AASF matrix to the 
PVA fiber were performed. The atomic percentage of Na, Mg, Al, Si Ca are plotted 
representatively in Figure 5. As demonstrated, the concentration of Na, Mg, Al, Si decrease 
progressively from the ITZ to the PVA fiber region. A substantial decline of Si along the line 
into the PVA fiber region is observed, indicating the reaction products within ITZ are also 
dominated by Si content along with Ca. On the other hand, the concentration of Ca experiences 
a marked increase within ITZ before its continuous decrease into the fiber region. The 
corresponding Ca/Si and Ca/(Si+Al) ratios are also plotted in Figure 5. Both element ratios 
significantly increase within the ITZ and reach maximum precisely at the fiber/matrix interface. 

These results from EDX coincide well with the MD simulation results of RDF and CNs of Ca, 
Si, Al to OPVA, which all indicate a strong affinity of Ca2+ cation and weak interaction of Si and 
Al to PVA fiber. This is significant since it serves as experimental evidence that the inclusion 
of PVA fiber into the AASF matrix could have a non-negligible impact on the formation of 
reaction products at least in the ITZ. This could be the reason for the differences found between 
Gd of PVA fiber in AAMs systems and cementitious systems [6, 24]. Furthermore, this effect 
leading to the formation of Ca-rich C-(N-)A-S-H gel in the ITZ will have considerable influence 
on the adhesion properties and is thereby essential for interface modification for high-
performance alkali-activated composite based on AASF. Finally, unlike those of Ca, the RDF 
and CN of Na to OPVA show no strong affinity around PVA fiber, which could be due to the 
very abundant concentration of Na in the pore solution throughout the formation of C-(N-)A-
S-H gel in the AASF matrix [25]. 
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Figure 5. Elemental distributions of Na, Mg, Al, Si Ca, and Ca/(Si+Al) ratios of the reaction 
products in the ITZ. 

 

4.3 Adhesion mechanism of PVA in C-(N-)A-S-H gel 

The functional form of the potential energy in the force fields (ClayFF [17] and CHARMM [18] 
force fields) employed in the MD simulations in this study includes bond terms to describe the 
interactions of the atoms linked by covalent bonds and non-bonded terms that describe the 
electrostatic interactions and the van der Waals forces between particles. Since the PVA 
molecules are not covalently linked to the C-(N-)A-S-H surface, the interaction between them 
is due to electrostatic and van der Waals interactions. The adsorption enthalpy of PVA fibers 
in C-(N-)A-S-H gel for the different Ca/(Si+Al) and Al/Si ratios can be determined as indicated 
in Equation 3, which serves as an indicator for the adhesion property.  

∆𝑯𝑯𝒂𝒂𝒅𝒅𝒂𝒂 = ∆𝑯𝑯𝑷𝑷𝑽𝑽𝑷𝑷/𝑪𝑪−(𝑵𝑵−)𝑷𝑷−𝑺𝑺−𝑯𝑯 − ∆𝑯𝑯𝑷𝑷𝑽𝑽𝑷𝑷 − ∆𝑯𝑯𝑪𝑪−(𝑵𝑵−)𝑷𝑷−𝑺𝑺−𝑯𝑯 Equation 3 

where ΔHPVA/C-(N-)A-S-H is the enthalpy of the whole composite, ΔHPVA is the enthalpy of the PVA 
fibers, and ΔHC-(N-)A-S-H is the enthalpy corresponding to the C-(N-)A-S-H gel without PVA. 
According to this definition, the adsorption enthalpy of more negative values indicates stronger 
interaction between PVA and C-(N-)A-S-H gel and a more thermodynamically favorable state. 

 

PVA fiber 
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The values of the adsorption enthalpy for the composites with different Ca/(Si+Al) ratios and 
Al/Si ratios of 0.25 and 0.5 are shown in Figure 6 in different units (kJ/m2 and kJ/g). 

 

Figure 6. Adsorption enthalpies in (a) kJ/m2 and (b) kJ/g of PVA molecules for the composites 
with Al/Si ratio of 0.25 (black squares) and 0.5 (red dots) at the considered theoretical 

Ca/(Si+Al) ratios. 
 

The adhesion of the PVA molecules within the C-(N-)A-S-H gel, as shown in Figure 6, is more 
favorable as the Ca/(Si+Al) ratio rises regardless of the Al/Si ratio. This can be attributed to the 
higher Ca content as the Ca/(Si+Al) ratio increases, allowing the development of more 
electrostatic interactions between those cations and the PVA fibers, as illustrated in Figure 4. 
Additionally, stronger adsorption is observed with a lower Al/Si ratio, particularly when 
Ca/(Si+Al) is high (>1.0). The higher coordination of the PVA molecules to the Na cations at 
high Al/Si ratios may be responsible for the decrease in the adsorption strength, since the 
electrostatic interactions with Ca, a divalent cation, are much stronger than with Na, a 
monovalent cation.  

 
Figure 7. Adsorption enthalpies in (a) kJ/m2 and (b) kJ/g attributed to the hydrogen bonds 

between the PVA molecules and the C-(N-)A-S-H gel for the composites with an Al/Si ratio of 
0.25 (black squares) and 0.5 (red dots) at the considered theoretical Ca/(Si+Al) ratios. 

Additionally, there are also hydrogen bonds between the oxygen atoms from the C-(N-)A-S-H 
surface and the hydroxyl groups of the PVA fibers. To this effect, the enthalpy of a single 

 

(a) (b) 

 

(a) (b) 

926



   
 

hydrogen bond for the most probable HPVAꞏꞏꞏOC-(N-)-A-S-H distance of 1.8 Å and OPVA-
HPVAꞏꞏꞏOC-(N-)-A-S-H angle of 160º and the value has been estimated to be -4.84 kcalꞏmol-1. 
Considering the number of H atoms from PVA coordinated to oxygen atoms from the C-(N-
)A-S-H surface, the adsorption enthalpy due to the hydrogen bond network between the PVA 
and C-(N-)A-S-H gel can be estimated. As can be seen in Figure 7, the values of these 
adsorption enthalpies in both units (J/m2 and kJ/g) are one order of magnitude smaller in 
absolute terms and their contribution to the total adsorption enthalpy ranges from nearly 15% 
in the composite with Al/Si and Ca/(Si+Al) ratios of 0.5 and 0.5 to 1.3% at high Ca/(Si+Al) 
ratios. It is found that the contribution to adhesion of the hydrogen bond network decreases as 
the Ca/(Si+Al) ratio rises and the Al/Si ratio declines, in agreement with the number of 
hydrogen bonds estimated in the previous section. Therefore, the contribution to the adhesion 
of the hydrogen bonds is only significant at low Ca/(Si+Al) ratios when the ionic concentration 
in the interlaminar space is low. At high Ca/(Si+Al) ratios, the adsorption mechanism of the 
PVA fibers in the C-(N-)A-S-H gel is almost exclusively electrostatic. 

4.4 Chemical bonding energy between PVA fiber and AASF matrix 

The single-fiber pullout load-displacement curves of PVA fibers embedded in the M1.0 AASF 
matrix are shown in Figure 8 (a). The adhesion between PVA fiber and the AASF matrix was 
quantified based on single-fiber pullout tests. The debonding process during the fiber pullout is 
assumed to be a tunnel crack propagation along the fiber/matrix interface, which is resisted by 
the debonding fracture energy [26]. This assumed fracture energy is also widely known as the 
chemical bonding energy Gd between PVA fiber and matrix and could be calculated using 
Equation 4 [23]. 

𝐺
2 𝑃 𝑃

𝜋 𝐸 𝑑
 Equation 4 

where Ef, df, and Le are the elastic modulus, diameter, and embedded length of the PVA fiber, 
respectively. Pa is the load up to full debonded length (debonded length Ld=embedded length 
Le) and Pb is the load when the fiber begins to slip. 

 

Figure 8. (a) Representative single-fiber pullout curves of PVA fiber in M1.0 AASF matrix; 
(b) Chemical bonding energy (Gd) of PVA fiber in M0.5-M1.5 AASF matrices determined 

from at least 16 measurements. The box plot illustrates the median value (-), the mean (□), the 
values at 25% and 75% (box edges), and the standard deviation (Whiskers). 

927



   
 

The Gd of PVA in M0.5-M1.5 AASF matrices in box plots are summarized in Figure 8 (b). 
Each of the box plots is derived from at least 16 individual pullout tests. It is worth noting that 
relatively large standard deviations (STD) have been observed for Gd, which can be the result 
of an inhomogeneous distribution of reaction products around PVA fibers. Therefore, the data 
is considered reliable as long as the trend of influencing factors could be revealed. A clear trend 
of the average value of Gd could be found in Figure 8 (b), which decreases from 6.2 to 2.9 J/m2 
with increasing activator silicate modulus from 0.5 to 1.5. By increasing the silicate modulus, 
more available silica species were introduced into the matrix and consequently changed the 
global reaction and chemical nature of the reaction products [27-29], which is reflected by the 
decreasing Ca/(Si+Al) ratio. Therefore, Gd is positively correlated with the Ca/(Si+Al) ratio of 
the C-(N-)A-S-H gel in matrices. 

 
Figure 9. Comparison between the experimental chemical bonding energy Gd in AASF and 

the MD simulated adsorption enthalpy of PVA fiber in C-(N-)A-S-H gel. 
 

This trend is compared with the MD simulation results and is depicted in Figure 9. It is clearly 
shown that experimentally attained Gd as a function of Ca/(Si+Al) is well in line with the MD 
simulation results on the adsorption enthalpy, which also rises primarily with increasing 
Ca/(Si+Al) ratio of the C-(N-)A-S-H model. Compared with Al/Si ratio, the Ca/(Si+Al) ratio 
plays a more dominant role in determining the adhesion properties, which also agrees well with 
the MD simulation results suggesting that the favored absorption at a lower Al/Si ratio is only 
significant at high Ca/(Si+Al) ratio. 

5 CONCLUSION 

 The MD simulations indicate that the origin of adhesion between PVA and C-(N-)A-S-H 
gel at high Ca/(Si+Al) ratios (>1) is almost entirely due to the electrostatic interactions 
between the hydroxyl group in PVA and the Ca2+ and Na+ ions within C-(N-)A-S-H gel, 
whereas the contribution to the adhesion due to the hydrogen bonding between PVA 
molecule and C-(N-)A-S-H gel is only considered significant at low Ca/(Si+Al) ratios (<1).  

 The experimentally attained chemical bonding energy Gd of PVA fiber in AASF coincides 
well with the adsorption enthalpy of PVA in C-(N-)A-S-H gel calculated by MD simulation. 
Despite the differences in magnitude, the adhesion properties enhance primarily by 
increasing the Ca/(Si+Al) ratio of C-(N-)A-S-H gel. 

 The polarity of the PVA molecule induced by the hydroxyl functional group and its 
interaction with C-(N-)A-S-H gel presents a high affinity of Ca and Na cations to PVA 
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molecule, leading to a higher coordination number of Ca and Na to OPVA in comparison to 
Si and Al. Accordingly, the formation of Ca-rich C-(N-)A-S-H gel with considerably 
higher Ca/(Si+Al) and similar Al/Si ratios were detected at the ITZ near the PVA fiber in 
comparison to those of the AASF matrix.  

 The study provides further insights into the adhesion mechanism of PVA fiber to C-(N-)A-
S-H gel formed in the AASF system and contributes to the tailoring strategies for composite 
performance enhancement through proper mixture design. These findings are particularly 
valuable for the development of future PVA-based strain-hardening geopolymer 
composites. 
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ABSTRACT 

To utilize the advantages of the young construction material textile reinforced concrete (TRC), 
a high bond performance between the fiber strand and the concrete matrix is indispensable. 
While the influence of the textile on bond behavior is well known, in this publication the 
influence of the concrete matrix is investigated by means of single-sided pull-out tests. By the 
results of this study a dependence between concrete strength and bond performance of the 
composite material can be shown. When a concrete of a higher strength class is used, the bond 
flow - pull-out distance - curve shifts upward independent of the textile geometry and the yarn 
impregnation. Additionally, there is also a correlation between the flexural tensile strength and 
the maximum bond flow. To predict the occurrence of a crack along the fiber strand, a 
simplified model is proposed. This model serves as a basis to investigate the correlation 
between concrete width per fiber strand and resistance against a splitting crack. By increasing 
the concrete width from 10 mm to 50 mm, the effective concrete tensile strength decreases to 
about 35%. To quantify the decrease, a mathematical relationship, which describes the test 
results independent of textile and concrete type, is presented. Using this model it is possible to 
predict a crack along the fiber strand with an accuracy of ± 20 %.  

1  INTRODUCTION 

The composite material textile reinforced concrete (TRC), which is composed of a textile 
reinforcement and a concrete matrix with a small maximum grain size, is increasingly 
establishing itself in the construction industry. The use of TRC is not only suitable in new 
construction, but also in repair work [1–3]. A great advantage of TRC compared to conventional 
steel reinforced concrete is the material saving, which results in a reduction of both weight and 
consumed resources [4]. Due to the high durability of carbon fibers the concrete cover can be 
reduced to a minimum necessary for the bond. Consequently, the construction of slender 
component geometries is possible. 

In addition to the high tensile strength of carbon fibers, the geometry of textile reinforcement 
combined with a stiff impregnation can facilitate a high bond performance. This leads to 
favorable fine crack patterns and short anchorage lengths. However, large bond forces also 
result in greater stress on the surrounding concrete and thus increase the risk of a crack along 
the fiber strand. If the transversal forces resulting from the bond exceed the resistance forces of 
the concrete matrix, cracking occurs along the fiber strand. In components made of TRC, failure 
can therefore often be observed due to spalling of the concrete cover and/or longitudinal 
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cracking. The cracks not only impair the visual appearance, but also represent a decisive type 
of failure, especially in the end anchorage and overlap areas [5–7]. 

When a fiber strand is pulled out of the concrete, shear forces on the outside of the strand 
counteract the pull-out. To calculate the bond flow T = F / L0 [N/mm], the pull-out force at the 
end of the yarn piece (F) is related to the bond length of the fiber strand (L0) (Figure 1). Bond 
forces can be transmitted via the mechanisms of adhesive bond, frictional bond and form fit [7–
9]. The bond flow can be influenced by various textile parameters. For example, the 
impregnation material, which crosslinks the individual fibers within the fiber strand, has a 
significant influence on the bond forces. The stiffer the material, the greater the bond forces 
that can be transmitted [10–12]. The bond forces are also influenced by textile geometry (e.g., 
fiber strand geometry and weave type)[6]. 

 

Figure 1: Terms for describing the orthogonal and parallel forces along the fiber strand 

Various test setups can be used to determine the magnitude of the bond flow [12–15]. Thus, a 
defined length (LE) of the fiber strand is pulled out of the concrete and the pull-out way is 
measured. The result is a bond flow - pull-out distance (crack opening) - curve. In [5,7,12,16] 
various test setups are presented. By using a single sided pull-out test setup with a locally 
adjusted concrete width (see Figure 3 right), the splitting tendency of a single fiber strand can 
be calculated.  

In the concrete matrix, the load transfer can be represented in a simplified way with forces 
orthogonal (Tp) and parallel (To) to the fiber strand (see figure 1), respectively textile plane 
[12,17,18]. In [6,17,19,20] models for the calculation of crack formation along the fiber strand, 
which focus on the textile processing and the associated geometric properties of the yarn are 
presented. Preinstorfer [21] shows that the cross-sectional shape of the yarn combined with its 
change along the yarn length significantly influences the direction and magnitude of the 
resulting transversal forces (TO and TP) in the concrete. If the acting forces exceed the forces 
that can be absorbed in the concrete, cracking occurs along the fiber strand. Splitting cracks 
and/or longitudinal cracks develop depending on the mesh width, the yarn cross-section and the 
concrete cover. The fiber strand spacing (e0 = fiber strand center to center distance in 0° 
direction) significantly influences the load-bearing behavior of the composite. Thus, the tensile 
load-bearing capacity, the anchorage length, the crack spacing as well as the crack widths can 
be specifically controlled.  

While the textile properties primarily influence the “action side” with regard to possible 
splitting, the concrete properties mainly determine the “resistance side”. The resistance is 
calculated from the tensile strength of the concrete and the effective concrete area (see Figure 
2 right) per fiber strand perpendicular or parallel to the textile plane. Tekle et al. [20] 
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investigated the influence of the position of the tested fiber strand in a TRC component, by 
testing an epoxy resin coated textile in combination with a compacted and non-compacted 
concrete in a single sided pull test. They found out, that the resistance against splitting in 
vertically casted specimens could be improved by compaction. In case of horizontal casted 
specimens, the differences were negligible. Additionally, an effect of the specimen position in 
the vertically casted plates became clear. The bottom casted specimens showed higher 
resistances against a splitting crack compared to the top casted specimens. Besides, the concrete 
also influences the action side. In [22] the influence of the concrete strength was studied using 
one concrete mixture with different w / c ratios. It was concluded that using a higher strength 
concrete in general will lead to greater bond forces and a better workability, which also enables 
a greater bond flow.  

2 MATERIALS AND METHODS 

2.1 Research idea and model to predict cracking along the fiber strand 

The aim of the investigations is to evaluate the influence of the concrete on the undisturbed 
(without cracking along the fiber strand) bond performance of different textiles. Furthermore, 
the influence of the effective concrete width on the resistance against splitting is investigated. 

The studies are executed on single sided pull-out tests with different concrete widths (bc). In a 
TRC component the concrete width bc is equal to the center to center distance of the fiber 
strands of the textile (e0). The here used specimen enables a continuous variation of bc (see 
Figure 3) The value is varied between 13 mm and 60 mm (see Figure 2). To determine the 
undisturbed bond performance, tests are carried out on the full cross-section (bc= 60 mm). In 
order to investigate the influence of several fiber strands which are next to each other, tests are 
also carried out on 3 examined fiber strands (y3 series, bc= 39 mm = 3 x 13 mm).  

                     

Figure 2: left, forces along a splitting crack and variation of the concrete width (bc); right, 
reduction of the concrete area (Ac) in the textile (Textile 1) plane 

The investigations on the influence of the concrete width on cracking along the fiber strand are 
analyzed with a simplified mechanical model based on the work of Lorenz et. al. [17] and 
Preinstorfer [21] (see Figure 1). The action side (TE,p) is calculated via the currently acting bond 
flow (T) multiplied by a splitting tendency factor αP. The factor αP describes the ratio between 
TP / T and is determined based on the test results.  

𝑻𝑻𝑬𝑬,𝒑𝒑 = 𝑻𝑻𝑹𝑹,𝒑𝒑   ↔   ∝𝑝𝑝∗ 𝑇𝑇 = 𝑓𝑓𝑐𝑐,𝑡𝑡 ∗ 𝑒𝑒𝑐𝑐,0 ∗ 𝛾𝛾 ↔   𝑇𝑇𝐸𝐸,𝑝𝑝

𝑇𝑇𝑚𝑚𝑚𝑚𝑚𝑚
∗ 𝑇𝑇 = �𝛿𝛿 ∗ 𝑓𝑓𝑐𝑐,𝑡𝑡,𝑓𝑓𝑓𝑓𝑓𝑓� ∗ �

𝐴𝐴𝑐𝑐
𝐴𝐴𝐺𝐺𝐺𝐺𝐺𝐺

∗ 𝑒𝑒0� ∗ 𝛾𝛾 (1) 
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The maximum force that can be absorbed by the matrix (TR,p) is calculated by multiplying the 
tensile strength (fc,t) of the concrete by the effective concrete width (ec,0). The value of ec,0 is 
determined by multiplying the covering factor (Ac / AGes) with the fiber strand distance e0 (see 
Figure 2 right). For this the effective concrete area Ac is calculated, by determining the textile 
area perpendicular to the layer with a caliper. AGes (total area) is calculated by multiplying the 
axial yarn spacings (e0 and e90). To quantify, that the stresses in the concrete are not constant 
over the full concrete width, but decrease with increasing distance to the fiber strand (compare 
[21]), factor γ is introduced into the calculation (see Figure 6).  

2.2 Materials 

The tests were carried out with four different textiles made by V. FRAAS Solutions in Textile 
GmbH (Now WILHELM KNEITZ SOLUTIONS IN TEXTILE GMBH). Textile 1 is 
characterized by a single expansion between the nodes (see Figure 2 right), while the second 
textile has multiple expansions between the nodes. Both textiles have a 48k carbon roving in 
the 0° direction, which has a flat cross-sectional shape in textile 1 and is approximately round 
in textile 2. Textile 1 is investigated in two impregnation variants. The acrylate impregnation 
provides a significantly higher stiffness compared to the impregnation with SBR (styrene 
butadiene rubber). Textile T1A and T1bA show a difference in the widening of the fiber strand 
between the junction points. In table 1 the properties of the used textiles are summarized. 

Table 1: properties of the used textiles 

property / textile name unit T1A / T1bA T1B T2A  
fiber strand geometry  1 / 1b 1 2  
mesh width (e0 ˟ e90) mm ˟ mm 12.7 ˟ 16.0 12.7 ˟ 16.0 25.4 ˟ 25.4  
impregnation agent / A - acrylat B - SBR A - acrylat  

covering factor / 0.68 0.68 0.81  
testing length (L0) mm 16.0 16.0 25.4  

 
Two prefabricated fine-grained concrete mixes from PAGEL Spezial-Beton GmbH & Co. KG 
are used (C1 and C2). Both mixtures have a maximum grain size of 1 mm. The properties of 
the hardened concrete according to EN 196 (storage: 1d covered in the formwork, 6d water 
bath, 21 d 20 °C / 65 % rel. hum) are presented in table 2. The compressive and flexural 
strength of fine-grained concrete C2 is about 30 % higher compared to C1. To determine the 
factor δ, which describes the ratio of centric tensile strength to flexural tensile strength, centric 
tensile tests were performed on cores with a diameter of 50 mm. The cores were taken from 
unreinforced specimens in order to consider the influences of specimen production. 

Table 2: Properties of the fine-grained concrete according to EN 196 [23] and EN 12390-13 
[24], n= number of results, ± standard derivation 

property / concrete unit C1 C2  
compressive strength, fc,cm  

MPa 
98.83 ± 3.53 (n= 90) 131.98 ± 10.46 (n= 78)  

flexural tensile strength, fc,flm  9.5 ± 1.34 (n= 45) 11.72 ± 1.41 (n= 39)  
modulus of elasticity, Ec,s  33081 ± 251 (n= 3) 38602 ± 694 (n = 3)  

factor δ (fc,t / fc,fl) / 0.72 0.85  
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To investigate the influence of the concrete on the bond properties of TRC, different mixtures 
were developed (C-lab). The investigation’s aim was to quantify the influences of the different 
ingredients of the concrete on the bond performance of TRC. For this purpose, a reference 
mixture with a maximum grain size of 8 mm was designed. As grading curve, the fuller parable 
(AB 8) and as cement a CEM I 52.5 R with a w / c ratio of 0.43 were chosen. Starting from this 
initial mixture, the ingredients were varied one at a time. To reduce the influence of the 
manufacturing, the consistency was adjusted to about 17 cm for all mixtures by using a 
superplasticizer. As grading curve AB1 an adjusted curve with a fixed amount of the grain 
< 0.063 mm set to 8.9 vol. % was used. Additionally, in one mixture the round grain was 
replaced by a grit grain with a maximum grain size of 8 mm. All tests were performed on textile 
T2A with a concrete width per yarn strand of 60 mm. [25] 

Table 3: ingredients of the fine-grained concrete mixtures C-lab, underlined = reference 
mixture 

ingredient type amount unit  
cement CEM I 32.5 R / CEM I 52.5 R 480 / 800 

kg / m³ 
 

aggregates grading curve: mod. AB1 / AB8 1630 / 999  
w/c ratio / 0.32 / 0.43 / 0.55 /  

 

2.3 Experimental setup and specimen fabrication 

For the investigations, single-sided pull-out tests based on [18] are carried out. The test 
specimens are divided into an upper part, which contains the fiber strand to be tested, and a 
lower part, which ensures the anchoring of the fiber strand. A predetermined breaking point 
serves to connect both parts. To accomplish this, blocks made of extruded polystyrene foam 
(XPS) were embedded in the formwork (see Figure 3). Thus, the parts of the specimen are 
completely separated from each other in order to prevent the occurrence of an initial crack in 
the concrete (compare [12]).  

To ensure high positional stability of the textile and precise setting of the concrete width (bc), 
the test specimens are produced upright in steel formworks using a casting process. In case of 
the C-lab mixtures, one series was produced in a horizontal formwork to evaluate the influence 
casting height. The anchorage length of the fiber strand (L0) is limited by a separating cut before 
concreting. After production, the specimens are left in the formwork for 1 day, followed by 
water immersion for 6 d and storage in a climatic chamber at 20°C and 65% relative humidity 
until testing after 14 d (C-lab series) or 28 d. To determine the concrete properties, one set of 
prisms per manufacturing charge is prepared according to EN 196 and also tested on the day of 
the test. Six specimens are produced and tested for each test series. All specimens had a 
thickness of t= 27 mm. 

For testing, the lower part of the specimen is clamped directly with a clamping device, while 
the upper part of the specimen is screwed between two steel plates and connected to the testing 
machine with a ball joint. After applying a preload, the lateral XPS blocks are removed from 
the specimen and the remaining fiber strands are cut. Afterwards the measuring-equipment for 
the pull-out distance is set up (three DD1 displacement transducers from HBM). The pull-out 
distance of the fiber strand in the center of the specimen can thus be calculated via triangulation. 
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Figure 3: test setup of the single sided pull out tests; left, specimen with measurement system 
in the testing machine, right, detail of the tapered area and the predetermined breaking point 
 

The test is carried out until the fiber strand is completely pulled out, whereby the measuring 
equipment is removed in advance for protection. After the test, the anchorage length of the test 
yarn L0 and the concrete width (bc) are determined. The failure modes observed are either 
pullout without cracking or pull out with a splitting crack.  

3 RESULTS 

3.1 Influence of the concrete properties on the bond flow – pull-out way – curves and 
the maximum bond flow (Tmax) 

To allow a comparison of the bond performance of the different textiles in combination with 
the concretes (C1 and C2) these specimens have a concrete width of 60 mm. Figure 4 shows 
the bond flow - pull-out way – curves of the four different textiles. The curves represent mean 
value curves, which were determined from 6 normalized single value curves each. Only in case 
of textile T1bA, a representative single curve is shown. In these tests splitting of the specimens 
already occurred in the range up to 1.5 mm pull-out distance, and the mean value curve would 
thus be distorted.  

A comparison of the textiles confirms the existing findings on the influence of the impregnation 
and the geometric configuration of the fiber strand. Textile T1B (SBR impregnated) achieves 
the lowest bond forces and shows the typical curve of a soft impregnated textile with the curve 
sections adhesive bond, destruction of the adhesive bond and frictional bond. Textile T1A, 
while having a similar geometry, is impregnated with a much stiffer agent (acrylate). This leads 
to a significant increase in bond forces. Additional to the frictional bond, forces can also be 
transmitted via form fit. With the same impregnating agent but more pronounced waviness 
between the nodes (textile T1bA), the bond curve shifts further upward. The lower waviness of 
the T2 textile compared to the T1 textile results in a somewhat lower bonding performance. 
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Figure 4: influences of the concretes C1 and C2 on the bond performance of various textiles; 

left, bond flow - pull out way curves;  
 

The influence of the concrete can be observed by comparing the curves for each textile 
(compare grey and dark curves). The higher strength concrete (C2) clearly leads to an increase 
in bond performance, irrespective of the type of textile as seen in Figure 4. In this case, the 
entire bond curve shifts upward. This can be explained by a higher density of the concrete 
structure and the associated reduced porosity, as well as an increase in the transverse strain 
stiffness. Compared to the influence of the textile parameters however, the influence of the 
concrete is much less significant (compare T1B, T1A and T1bA for C1). These statements are 
supported by the results of the maximum bond flow (Tmax). A comparison of the Tmax values of 
the four different textiles combined with the concretes C1 an C2 is shown in Figure 5 on the 
left.  

  

Figure 5: left, mean values (n= 6) of the maximum bond flow, error indicator = standard 
derivation; right, correlation between flexural tensile strength (mv, n= 3) and maximum bond 

flow of the textile T2A (mv, n= 6) 
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For textile T2A the correlation between the flexural tensile strength and the Tmax value is 
displayed in Figure 5 right. In the case of C-Lab mixtures, the influence of the constituents 
(aggregate, hardened cement paste, pores) of the hardened concrete should be investigated. The 
results showed no clear influences of the single constituents, but a correlation between flexural 
tensile strength and Tmax value could be observed. This correlation is also underlined by the 
prefabricated mixtures C1 and C 2. Two results of the C-lab series deviate from this tendency. 
In case of the horizontal formwork, the Tmax value was over proportionally high. This could be 
an effect of the improved compaction of the samples (compare [20]). A higher compacted 
concrete leads to a greater maximum bond flow. The mixture with a reduced w / c ratio of 0.3 
reached the greatest flexural tensile strength of all C-lab series. Nevertheless, the Tmax value is 
under proportionally low. It seems that even though the unhydrated cement particles enlarge 
the flexural tensile strength, they negatively influence the bond performance. 

3.2 Derivation of the splitting tendency factors (αp) of the textiles and the reduction 
factor (γ) for determining the effective tensile strength 

The αp (= Tp / T) factor indicates the relationship between the currently acting bond flow (T) 
and the resulting force flow orthogonal to the textile plane (Tp). A larger αp value thus implies 
a higher splitting (cracking parallel to the textile layer) tendency of the textile. The value is 
determined by analyzing the tests with the smallest concrete width (bc= 13 mm). The basis for 
the determination is the assumption that the splitting crack occurs at the moment of maximum 
bond flow, which is shown in [26]. Furthermore, the factor γ for the stress distribution in the 
concrete is set equal to 1.0. For the purpose of simplification, it is assumed that for a concrete 
width (bc) of < 13 mm the stresses can be considered constant. On this basis, the αp factors for 
the different textiles in combination with the two concretes (C1 and C2) can be determined. In 
Figure 6 left an overview of the splitting tendency factors αp is shown. 

The results show that the influence of the number of tested fiber strands is minor. For the 
specimens containing 3 fiber strands (y3 - series), similar αp factors are determined as for the 
specimens with only one tested fiber strand. Comparing the two concretes, it becomes clear that 
the higher strength concrete leads to a somewhat lower αp factors. The greatest splitting 
tendency factor was calculated for the T2A textile, which can probably be explained by the 
lower waviness of the textile resulting in a steeper compression strut angle in the concrete 
(compare [7]).  

           

Figure 6:left, splitting tendency factors (αp), mv= mean value, error indicator= standard 
derivation; right, Transfer of the actual stresses into a stress block by the factor γ 
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Factor γ considers the non-uniform stress distribution in the concrete cross-section (compare 
Figure 6 right). The actual stress distribution is replaced by a constant stress block. For 
calculating the γ factor, it is necessary to utilize a representative splitting tendency factor (αp) 
for each textile. It is assumed, that the splitting tendency is a textile specific parameter which 
is constant independent of the concrete width (bc). For textile T1A, αp is set at 1.72 (mean value 
of all four test series) and for textile T1bA at 1.18. With these constant values, the γ factors for 
the different concrete widths (bc) are determined according to equation 1. Figure 7 left shows 
the results of this evaluation. A lower γ factor leads to a lower effective concrete tensile strength 
that can be used to calculate the constant stress block. Only tests in which a splitting failure 
occurs, are evaluated. 

Due to the low bond performance of textile T1B (Figure 5 left) no investigations on the splitting 
failure were conducted. In case of textile T2A only the specimens with bc= 13 mm show 
splitting cracks. The maximum achievable bond flow is too low to initiate a splitting crack by 
concrete width bc > 13 mm. Thus, there is no possibility of an evaluation of the splitting failure. 
For textile T1A in combination with concrete C1, no splitting failure of the specimen could be 
observed above a width of 25 mm. For concrete C2 even the specimens with bc= 38 mm and 
60 mm failed on a splitting crack. This can be explained by the greater maximum bond flow of 
C2 (Figure 5 left) in combination with the more brittle behavior (compare [21]). The splitting 
tendency thus increases disproportionately to the tensile strength of the concrete while also 
shifting the failure mode from pull out without cracking to pull out with splitting. 

   

Figure 7: left, correlation between the reduction factor for the stress distribution (γ) and the 
concrete width per fiber strand (bc); right, comparison of the calculated acting forces (TE,p,cal) 

and the resistances (TR,p,cal) concerning a crack parallel to the textile layer (splitting) 
 

A uniform tendency is evident for all test series. With increasing concrete width, the concrete 
strength that can be applied decreases and approaches a limit value of approx. 0.35 at about 
60 mm. The relationship between the concrete width per fiber strand and the reduction factor γ 
can be described by the function γ = 5,79 e0 ^ (-0,69) for e0 (is equal to bc) between 13 mm and 

utilisation rates  
0.8, 1.0 and 1.2 
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60 mm. The function is shown as a dashed line in the diagram. In case of e0 ≤ 13 mm the 
suggested value is 1.0. 

Using this function allows for a calculation of the acting forces (TE,p,cal) as well as resisting 
forces (TR,p,cal) concerning equation 1. Figure 7 right shows the evaluation of this calculation. 
The model facilitates a prediction of a splitting crack in the textile plane by an accuracy of 
± 20 % independent of the textile and the used concrete (C1 or C2). Additionally, the tests 
which show a pull-out failure (without cracking) were calculated by the model. The results are 
plotted in Figure 7 right with x’s. All results are smaller than 1.0, which indicates that the model 
predicts a pull-out failure without cracking.  

4 DISCUSSION 

Using a concrete of a higher strength class, the bond forces between textile and matrix can be 
slightly increased. This provides shorter anchorage lengths in a component. However, a 
reduction of the crack distance is not to be expected, since with increasing concrete tensile 
strength, the crack load of the concrete increases in addition to the bond strength.  

It would be appropriate to use different factors for the two fine-grained-concretes regarding the 
splitting tendency factors (αp) of C1 and C2 in combination with textile T1A. In case of the 
higher performance C2 concrete the factor will be reduced to 1.58 (difference 9 %). Therefore, 
the γ factors should also be reduced, which implies that the usable tensile strength of the C2 
concrete needs to be decreased compared to the one of C1. This supports the thesis of 
Preinsdorfer [21] that a higher strength concrete has a relatively lower effective tensile strength 
due to its greater brittleness. Compared to Preinsdorfer's results, however, this reduction is less 
pronounced here. 

The calculated reduction curve for increasing concrete width bc is calibrated on two 
geometrically similar textiles (48k fiber strand), impregnated with a medium stiff (acrylate) 
agent. In [6] no reduction factor is calculated, which can be explained by the small mesh sizes 
(7,2 mm) of the used textile. This confirms the assumption made here that no reduction in 
tensile strength is required for a concrete width of ≤ 13 mm. In [21] single sided pull out tests 
on a stiff (epoxy resin) coated 96 k textile with mesh width of 38 mm are conducted. Here, a 
reduction factor γ= 0.67 by e0= 38 mm is used. In comparison, the relationship presented here, 
results in a decrease to 0.53. The difference can probably be explained by the larger fiber strand 
width of about 5 mm (here about 3 mm) of the 96k strand. If the fiber strand has a larger width, 
the reduction curve shifts upwards, because the influence of the yarn on the concrete width 
increases. Thus, it might be useful to indicate the reduction of the concrete stresses as a function 
of the yarn width (bc / byarn). However, to evaluate this statement, further investigations are 
necessary.  

5 CONCLUSION AND OUTLOOK 

The findings can be concluded as follows: 

• by increasing the concrete strength: 
o the bond flow – pull out way – curve is shifted upwards independent of the 

textile type and impregnation agent 
o the maximum bond flow increases 
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o compared to the influence of the textile on the bond, the influence of the concrete 
is much less pronounced 

• testing a single fiber strand is representative of several fiber strands lying next to each 
other concerning a splitting failure in a single sided pull out test with short anchorage 
lengths (one mesh width)  

• when increasing the resistance against splitting failure by increasing the mesh width 
between the fiber strands, the reduction in the effective concrete tensile strength must 
be considered 

o the concrete tensile strength decreases to about 35 % when the concrete width is 
increased from 13 mm to 60 mm 

o the reduction can be approximated by the equation γ = 5,79 e0 ^ (-0,69) for e0 
between 13 mm and 60 mm (in case of e0 ≤ 13 mm the suggested value is 1.0) 

• using the model presented, a prediction of a crack in the textile plane is possible with 
an accuracy of ± 20%  

The model is calibrated on single sided pull-out tests with varying concrete widths. The tests 
were carried out on short anchorage length of one node spacing (16 mm). The results thus 
describe the behavior of the local composite zone around the fiber strand with as little influence 
of interfering factors as possible. It is assumed, that the acting and reacting stresses are constant 
along the yarn length. In case of an end anchorage or overlapping length, the stresses along the 
fiber strand vary dependent on the bond flow – slip curve of the textile. Thus, the reacting 
stresses can become uniform along the fiber strand. In a next step the adaption of the model on 
overlapping areas will be implemented.  
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ABSTRACT 

Bond research goes back to more than one hundred years. The reinforcement with plain surfaces 
at early applications required different surface deformations, indentations or special forms like 
strands of prestressing wires. Reason of different surface patterns was to improve bond and 
anchoring capacities. 

An extraordinary possibility is provided to improve the bond capacity if both the reinforcement 
as well as the concrete contains non-hydrated cement before casting the concrete element. 

Contrary to FRP (Fibre Reinforced Polymer) in case of CFCM (Carbon Fibre Reinforced 
Cementitous Matrix) the embedding matrix of the fibres is substituted to cement based matrix. 
In this way the reinforcement has a contact to the concrete by cement (not polymer) a layer.  

The reinforcement consists of longitudinal fibres embedded into cement matrix with a special 
process is based a new production and application procedure. 

The paper gives details on the production and way of application of this new reinforcement in 
relation to experiences in bond properties. 

The most promising use of this type of reinforcement – as they are made by embedding parallel 
fibres into cementitious matrix – is the application of fresh reinforcement to fresh concrete. In 
this way cement hydrate phases are created simultaneously within the reinforcement as well as 
in the fresh concrete.  

Applying cement based matrix to embed fibrous reinforcement has not only advantageous on 
bond capacity but also on the fire resistance. 

Behaviour of fresh reinforcement to fresh concrete is demonstrated on beam test in case when 
the reinforcement is placed completely to the tensioned face without concrete cover. 

1  INTRODUCTION 

If we go back into the history of bond research, there was always an intention to improve the 
bond performance by various solutions:  

- for steel reinforcements: by applying different deformations instead of having a plain
bar surface of the reinforcement, indentations, forming strands;
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- for non-metallic reinforcements (FRP): by applying an additional layer, sand coating, 
partial sand coating, braiding etc. 

An extraordinary possibility is provided to improve the bond capacity if both the reinforcement 
as well as the concrete contains non-hydrated cement before casting the element. 

Contrary to FRP reinforcement the embedding matrix of the fibres is changed to cement based 
matrix. In this way the reinforcement has a contact to the concrete by cement (not polymer) 
layer.  

This new possibility has been provided by the patent of Ferenc Csurgai (see details in the 
Acknowledgements). The Department of Construction Materials and Technologies, BME  was 
helping to characterise this new reinforcement within the Hungarian Research Grant KFI_016-
1-2017-0271 “Development of fibre reinforced cementitious composite reinforcements based 
on Csurgai’s patent for application in concrete products”. 

The new reinforcement is called Carbon Fibre Reinforcement in Cementitious Matrix and 
abbreviated as CFCM. 

The most interesting use of the reinforcement as created by parallel fibres embedded in 
cementitious matrix is the application of wet reinforcement to wet concrete. In this way 
chemical aspects of the contact are created between reinforcement. We would like to report 
about it. 

You can see a photo about an application of fresh reinforcement to fresh concrete after the 
failure of the element (Figure 1).  

As shown in Figure 1, the external layer – providing the bond layer of the fibre reinforcement 
– is still entirely connected to the concrete.  

 

 

Figure 1: Bond layer of an embedded CFCM reinforcement opened after failure of the 
element – is still entirely connected to the concrete 
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2 LOOKING BACK AND FORWARD 

Bond in Concrete conferences provided major events to understand and follow the new aspects 
of research of bond and cracking (1982: Bartos; 1992: Tepfer; 2002: Balázs, Bartos, Cairns, 
Borosnyói; 2012: Cairns, Metelli, Plizzari) [1, 2, 3, 4]. We would like contribute to this 
development with our present paper. 

Bond research goes back to more than hundred years. The reinforcement with plane surfaces at 
early applications required different surface deformations or indentations or special forms like 
strands of prestressing wires. Reason of different surface patterns was to improve bond,  
anchoring capacities as well as to improve crack pattern[5, 6, 7, 8, 9, 10]. 

Bond efficiency of reinforcement in concrete is characterized by many factors depending on 
concrete properties, reinforcement properties as well as location of rebar within the member or 
properties of load (monotonic, cyclic or sustained) [11, 12]. 

Bond phenomenon consists of three main phases: adhesion, mechanical interlock and friction. 
Chemical reactions would be able to improve the bond capacity. 

Bond is conventionally created in concrete by interaction of a reinforcement and that of 
concrete. Reinforcement is a terminology including a wide range of materials and geometrical 
forms, respectively.  

A typical subdivision of reinforcements can be (a) metallic and (b) non-metallic reinforcements: 

(a) metallic (steel) reinforcements 

(b) non-metallic reinforcements, typical fibres: carbon, glass, basalt, aramid and natural fibres 
(bamboo. hemp, grass), typical resins: epoxy, polyurethane etc. 

The intention here is to present a new reinforcement that extends the possibilities considerably. 
The main feature of this reinforcement is the harmony to the embedding into concrete since 
both are cement bound. 

Considering bond action and bond behaviour, the reinforcements could be subdivided in the 
following forms including the herein presented CFCM new reinforcements (Table 1).  

 

Table 1: Subdivision of reinforcements according to the main types of bond action 

1. 2. 3. 4. 

Metallic 
reinforcements 

Non-metallic 
reinforcements 

CFCM  
reinforcements 

fresh-to-fresh application 

CFCM  
reinforcements 

dry-to-fresh application 

Mechanical 
interaction 

Mechanical 
interaction 

Cement hydrate phases are 
created simultaneously 

Partially developed cement 
phases interact with newly 
developing cement phases 
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The difference between columns 3 and 4 of Table 1 is the following: 

3. Bond of fresh reinforcement to fresh concrete:      
Cement hydrate phases are created simultaneously within the reinforcement as well as 
in the fresh concrete. 
 

4. Bond of hardened reinforcement to fresh concrete:    
Partially developed cement phases interact with newly developing cement phases of 
fresh concrete. 

Our present discussion is mainly related to column 3. Column 4 is not presented herein. 

3 PRODUCTION OF CFCM REINFORCEMENT 

The reinforcement consists of longitudinal fibres embedded which will be embedded into 
cement matrix using a special process according to the patent.  

Most important phases of the reinforcement production process are the wetting of fibre as well 
as the embedding of all the fibres with the cementitious matrix. 

Currently carbon fibres are used for this new reinforcements, however, other fibres could be 
suitable too (e.g. basalt) which will are destroyed by the production process. 

Whenever the reinforcement arrives to the end of the production, it is still completely wet and 
it can be formed in any shape of reinforcement. 

The workability with the fresh CFCM reinforcement depends on the setting time of cement 
matrix composition. 

Practically any length of the CFCM reinforcement can be produced. 

4 EXPERIMETAL STUDY 

This section presents the first experimental results in a beam test group of two beams [13].  

4.1 Geometrical and mechanical properties 

The beams before testing are shown in Figure 2. 

 

 

 

Figure 2: Photo of the beams before testing 
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The cross-sectional parameter of tested beams are given in Figure 3. 

 

 

Beam 1: 

24 x cables = 

24 x 50 000 fibres 

 

Beam 2: 

18 x cables = 

18 x 50 000 fibres 

 

 
 

Figure 3: Cross-section of beam (sizes in mm) 
 
Length of the beam is 1.20 m with the span of 1 m. 
Cross-section: I section, width of beam: 60 mm, height of beam: 100 mm 
 
Material properties of carbon fibres (ZOLTEK TORAY Group):  
 

tensile strength:       ffib = 4 137 N/mm2 
modulus of elasticity:     Efib = 242 000 N/mm2  
ultimate elongation:      εfib = 1,5 %  
diameter of single fibres:     7.2 x 10-6  m 
number of fibres in 1 cable:   50 000 

 
Design concrete strength of I girder:  compressive strength: 80 N/mm2. 
 

4.2 Experimental setup 

The bending tests of beam has been carried out at the Laboratory of Dept. of Construction 
Materials and Technologies at BME, Hungary (Figure 4). 
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Figure 4: Test setup for testing the CFCM reinforced beams  

 
Test were carried out in displacement control with cross head movement of 2 mm/min. The 
deflection was measured by LVDT at the midspan. The load was supplied by an electro-
mechanic Instron machine of 600 kN capacity. The loading arrangement is presented in Figure 
5.  
 

100 1000 100

150 150

350 300 350

F

F/2F/2

~1
00

 
Figure 5: Test arrangement (dimensions in mmm) 

 

4.3 Test results 

The load – midspan deflection diagram and the photos during the loading process are presented 
in Figures 8 and 7. Since there was no shear reinforcement in the tested I girder, shear crack 
were created and finally a separation of the fibrous reinforcement and took place in the end 
region of the beam. 
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Figure 6. The load – midspan deflection diagram of Beam 1 in Figure 4 (24 x 50 000 
carbon fibres) 

 

 

 

  
Figure 7. Photos of the failure mechanism during loading 
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5 ADVANTAGES OF CFCM IN RESPECT OF BOND      

The CFCM reinforcement provides a type of reinforcement that is:  

i.) non-susceptible to electrolytic corrosion  
ii.) compatible to concrete (especially in fresh-to-fresh applications) and  
iii.) can take any form. 

By application of CFCM reinforcement in concrete the cement hydrate phases are created 
simultaneously within the reinforcement as well as in the fresh concrete. In this way their 
interaction can be very intensive in the interfacial transition zone (ITZ). 

The CFCM reinforcement can be efficiently used even without concrete cover if needed or as 
embedded reinforcement, however, imits of thickness of reinforcement must be further studied. 

Applying cement based matrix to embed fibrous reinforcement has not only advantageous on 
bond capacity but also on fire resistance as well if the fibres are non sensitive for high 
temperatures (like carbon fibres). 

6 CONCLUSION 

Within this paper a new reinforcement with its bond aspects has been presented. This new 
reinforcement is called as Carbon Fibre Reinforced Cementitous Matrix and abbreviated as 
CFCM. 

The CFCM reinforcement is produced by a special technology (see Chapter 3) that provides 
two different ways of constructing reinforced concrete element: 

a. fresh CFCM reinforcement can be applied into the fresh concrete some hours after the 
production of the CFCM reinforcement. (This discussed herein.) 
 
Bond: Cement hydrate phases are created simultaneously within the reinforcement as 
well as in the fresh concrete. 
 

b. hardened CFCM reinforcement can be applied into the fresh concrete any time later of 
the production of the CFCM reinforcement. 
 
Bond: Partially developed cement phases interact with newly developing cement phases 
of fresh concrete. 

Any cross-sections and any special forms can be created of the CFCM reinforcement as long 
as it is not hardened. This includes the possibility to produce reinforcement either like 
conventional bars or strips or layers. The fresh CFCM reinforcement can be incorporated in the 
cross-section any where even without concrete cover because the electrolytic corrosion is 
excluded of CFCM reinforcement. 

Experimental result were shown for flexure of a beam with I cross-section of 1.2 m length (1 
m span), The CFCM reinforcement was applied at the bottom of the section without concrete 
cover. The beam did not contain any shear reinforcement. 
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This pilot study is helpful to analyse and understand the potentials in a new reinforcement. 

It is important to mention that the composition of CFCM reinforcement was in preliminary 
phase and could not entirely reflect the extraordinary characteristics of carbon fibres. 
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ABSTRACT 

Maintenance of our infrastructure coupled with sustainability efforts worldwide have led 
structural engineers to codify provisions for the evaluation and rehabilitation of our built 
environment.  The Canadian Highway Bridge Design Code includes sections addressing 
evaluation and rehabilitation; the fib Model Code and the Eurocode 2 are preparing to integrate 
information related to these topics in individual chapters; and the American Concrete Institute 
ACI562 code was developed exclusively to address the assessment, repair, and rehabilitation 
of existing concrete structures.  All of these codes either have, or are in the process of 
developing provisions addressing the development, splicing, and detailing of historical 
reinforcing steel types.  These historical bar types do not meet the requirements for the geometry 
and spacing of deformations as are included in modern material specifications and so affects 
their bond behavior. Research related to the bond characteristics of these bars remained 
incomplete or were typically abandoned when codes started mandating the use of modern 
deformed bars.  However, a renewed interest in their bond characteristics, with particular focus 
on plain and square twisted reinforcement, has now allowed for the assembly of a sufficient 
database of test results to codify provisions for the development, splicing, and detailing of these 
bars.   This paper presents these efforts, including the background research from which the test 
database was established, and the means of calibrating select code provisions to ensure 
structural safety. 

1 HISTORICAL REINFORCING BAR TYPES 

Historical reinforcing bars are those that were typically manufactured prior to the 1950s.  They 
are more specifically defined in the United States as those bars not meeting the requirements 
for the geometry and spacing of deformations as included in either of ASTM A615 [1] or ASTM 
A706 [2].  Historical bars originated as proprietary products, requiring the different mills to 
manufacture bars with unique geometries.  The use of different deformed bar types could 
therefore be quite localized. 
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Both the cross-sectional shape and deformation patterns of deformed bars varied widely.  
Round, square, oval, diamond, and cruciform shaped cross-sections, among others, have been 
identified [3].  Deformations ranged from none (i.e. for plain bars) to threaded, perforated, 
indented, corrugated, etc. [3].  Square twisted bars were also used and were most typically cold 
worked to effectively build deformations into the bars by twisting them about their longitudinal 
axis.  These bars are also referred to as Type 1 deformed reinforcing bars in the UK and 
Ransome bars, in reference to Ernest L. Ransome who obtained the patent for these bars in 
1884, in the U.S. [4]. 

Historical bar types are still found in existing structures that may require evaluation and 
rehabilitation even though current design codes prohibit their use in new construction.  A 
renewed interest in the necessary development, splicing, and detailing of these bars has 
therefore resulted, with design code committees worldwide either incorporating additional 
sections addressing structural evaluation and rehabilitation into existing concrete design codes 
(e.g. the fib Model Code and EuroCode), or developing separate code documents to exclusively 
focus on the assessment and rehabilitation of existing structures (e.g. ACI562).  Obtaining 
reliable data for the bond of historical deformed bar types is unlikely, given the prohibitive cost 
of fabricated these bars anew, or the likelihood of procuring a reasonable quantity of straight 
bars in adequate condition from existing structures to allow for the appropriate specimens to be 
cast and tested.   Efforts underway have therefore concentrated exclusively on hot rolled plain 
and square twisted bars since they can be reproduced [5, 6], at a tolerable cost and so provides 
the focus of this work. 

2 BOND MECHANISMS OF PLAIN, SQUARE TWISTED, AND MODERN 
DEFORMED BARS 

Figure 1 shows a series of pullout specimens to illustrate the difference in bond behavior of 
plain (Fig. 1(a)), modern deformed (Fig. 1(b)), and square twisted (Fig. 1(c)) reinforcing bars 
with the surrounding concrete.  In all cases, a tensile force, P, is directly applied to the 
reinforcing bar which is concentrically cast into a concrete cylinder, and compressive stresses 
are induced in the surrounding concrete given that the cylinder then bears against the testing 
machine. 

For all three bar types, the tensile force in the reinforcing bar is first resisted by adhesion 
between the bar and the surrounding concrete, and, once adhesion is lost, by sliding friction 
between the bar and the contact concrete surface.  These two mechanisms are the sole means 
of bond between concrete and plain reinforcing bars (Fig. 1(a)).  Plain steel reinforcing bars are 
therefore known to have a lesser bond resistance than modern deformed bars. 

Modern deformed bars (Fig. 1(b)) include regularly spaced ribs or deformations that induce 
discrete radial forces into the surrounding concrete in addition to the longitudinal forces caused 
by adhesion and sliding friction as previously discussed.  Essentially, the deformations bear 
against the surrounding concrete as the bar tries to slip with increased applied tension force, P.  
Figure 1(b) shows that the rib faces are not typically perpendicular to the longitudinal bar axis 
and so these bearing forces are angled and include both a radial (i.e. horizontal) and longitudinal 
(i.e. vertical) component. 

The square twisted bar shown in Figure 1(c) includes deformations that are continuous along 
the entire bar length, with the angle made between the deformed bar face and the concrete 
changing constantly over the bar pitch (i.e. single revolution of twist of the bar).  The resulting 
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magnitude of the radial and longitudinal components of the bearing force therefore change 
continually over the bar pitch.    The built-in bar deformations therefore allow square twisted 
bars to be more effective in bond than their plain bar counterparts.  However, a comparison of 
bond performance between square twisted and modern deformed bars would be difficult to 
establish with any certainty without first obtaining and evaluating experimental test data. 

   

(a) (b) (c) 

Figure 1: Pullout specimens used to illustrate the bond behavior of the various bar types: (a) 
plain bar, (b) modern deformed bar, and (c) square twisted bar. 

 

3 ESTABLISHING THE TEST DATABASE 

Joint ACI-ASCE Committee 408 reports [7] that only beam-end (Figure 2) and splice 
specimens (Figure 3) adequately capture the stress state in the concrete surrounding the 
longitudinal reinforcing bars.  Any test database used to establish code provisions for the 
development and splicing of reinforcing bars in tension should therefore be limited to the results 
of these two specimen types.  This required the exclusion of all historical test data [8, 9, 10],  
and data related to plain steel reinforcing bars reported in many more recent works [11,12]. 

The test database for plain steel reinforcing bars was therefore limited to data reported for beam-
end specimens by Chana [13], Metzinger [14], and Cairns et. al [15] and splice specimen data 
as reported by Hassan & Feldman [16], Sekulovic MacLean & Feldman [17], and Poudyal & 
Feldman [18].  The detailed test database is reported elsewhere [19], and consists of 35 lap 
splice specimens and 268 tests of individual bars in beam-end specimens.  Parameters 
investigated included: concrete compressive strength, casting position, bar size, bar shape, 
concrete cover, transverse reinforcement, and splice length. 

 

P P P
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Figure 2: Beam-end specimen. Figure 3: Splice specimen. 

 

The test database for square twisted reinforcing bars was limited to a single investigation of 18 
splice specimens [6] given the complexities and expense or re-creating these bars.  Parameters 
investigated included bar size, casting position, and splice length. 

4 CODIFYING PROVISIONS FOR THE DEVELOPMENT, SPLICING, AND 
DETAILING OF PLAIN AND SQUARE TWISTED BARS 

Various historical codes worldwide, such as U.S. code ACI318 – Building Code Requirements 
for Structural Concrete (NACU 1910 [20], ACI 1920 [21], ACI318 1941 [22], ACI 318 1947 
[23], ACI318 1951 [24], ACI318 1963 [25]) and UK code BSCP 8110 [26] and its predecessor 
CP110 [27] included provisions for the bond and development for plain bars for use in new 
construction.  BSCP 8110 [26] and CP110 [27] also included provisions for the bond and 
development of square twisted (aka Type 1) deformed bars.  The bond and development of 
square twisted bars were not specifically cited in any of the U.S. codes. In some cases, changes 
to the provisions for the bond and development of plain bars between successive code editions, 
such as the inclusion of a 40% increase in bond length for other casting positions as required in 
BSCP 8110 [26] in comparison to CP110 [27] were driven by research related to ribbed rather 
than plain bars.  This suggests that some newer rules for bond of plain bars in these codes need 
not be more reliable than older ones.  Feldman and Cairns [28] showed that none of the 
historical U.S. codes for the bond of plain bars adequately accounted for the safety of top cast 
bars, and that the margin of safety against failure of spliced plain bars varied widely between 
successive editions of the ACI code.  Further, only UK codes (BSI 1972 [27], BSI 1997 [26]) 
took account of the contribution of end bearing to the stress developed by compression bars by 
allowing a 25% increase in bond strength for bars in compression as compared to those in 
tension.  Unfortunately,  the source of the evidence to support the additional contribution due 
to end bearing has been lost in the mists of time. 

A number of code committees worldwide are now recognizing the need to include enhanced 
guidance related to the evaluation and rehabilitation of structures.  Specifically, many code 
committees as recognizing the need to develop provisions for the bond and development of 
historical bar types that safely and accurately reflect their performance.  This section describes 
the specific initiatives that a number of code committees worldwide are currently taking to 
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establish and include provisions related to the development, splicing, and detailing of historical 
reinforcing bars types. 

4.1 ACI562 – Code Requirements for Assessment, Repair, and Rehabilitation of 
Existing Concrete Structures 

ACI562 “Code Requirements for Evaluation, Repair, and Rehabilitation of Concrete Buildings 
and Commentary” was first published in 2013 [29] and is currently in its fourth code cycle.  
Whereas the first three code cycles focused on establishing an overall framework, the current 
code cycle, ending with the publication of a new code edition in 2025, concentrates on 
populating the code with detailed technical information.  This includes establishing provisions 
for the detailing, anchorage, and splicing of historical reinforcing bar types. 

The basis for provisions for the development and splicing of plain steel reinforcing bars is 
expected be based on the test database as described in the previous section, and the analysis 
conducted by Feldman et. al [19]. A regression analysis was performed following 
acknowledgement of the influential test parameters: the yield strength of the reinforcement, fy; 
the concrete compressive strength, f’c; bar casting position; bar size; and the degree of concrete 
confinement.  A 5% fractile approach, consistent with that used for the development and 
splicing of modern deformed reinforcing bars in ACI318 [30], was then incorporated to adjust 
the lead coefficient of the resulting predictive equation to allow for an appropriate level of 
safety.  Safety, in this case, allows for accounting for differences between actual and nominal 
material properties, construction tolerances, etc.  The resulting proposed code equation 
intentionally takes a similar form to that provided for modern deformed bars in ACI318 [30] 
where the required development length, ld, in millimeters is reported as: 
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where t  is a top-cast factor equal to 2.5 for round bars in top top-cast position, 1.7 for square 

bars in the top cast position, and unity for all bottom cast bars; and db,EQ is the nominal diameter 
of round bars or the equivalent diameter of square bars [17] in millimeters.  Somewhat 
surprisingly, concrete confinement term, ,b b EQc d , where cb is the distance in millimeters 

from the nearest concrete surface to the centroid of the bars to be developed, was required in 
the denominator of Equation (1) even though splitting has not been observed as the primary 
failure mode for plain bars failing due to insufficient development.  As per Eq. (25.4.2.3a) in 
ACI318 [30], a maximum limiting value of 1.6 is placed on this concrete confinement term. 

A similar method was presented by Poudyal and Feldman [6] to develop a proposed code 
equation for square twisted reinforcing bars.  Influential parameters included: the yield strength 
of the reinforcement, the concrete compressive strength, the bar size, and the casting position.  
The limited test database used to establish the equation did not include any tests related to the 
influence of concrete confinement.  The resulting development length, reported in millimeters, 
was then calculated as: 
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where the top-cast factor, t, is set equal to 1.0 and 1.7 for bars cast in the bottom and top 
position, respectively; and s is a bar size factor equal to 1.0 for square twisted bars with a side 
face dimension of at least 25 mm, and 0.7 for other cases. 

Eqs. 1 and 2 are intended for use for both structural evaluation and rehabilitation.  It is, however, 
acknowledged that different values of f’c and fy should be used for the two cases.  Minimum 
credible values of f’c and fy should be used for structural evaluation to allow for a conservative 
calculation of ld.  In contrast, as-tested values of f’c or fy, or those reported on the original design 
drawings, should be used for structural rehabilitation to eliminate any unnecessary 
conservatism in the calculation of ld. 

4.2 CAN/CSA S6 – Canadian Highway Bridge Design Code 

The first edition of CAN/CSA-S6 - Design of Highway Bridges was published in 1922 with a 
scope limited to the design of new bridges.  The scope of the code expanded with its 1988 
edition [31] to include provisions for the evaluation of existing bridges.  CAN/CSA-S6-00 – 
Canadian Highway Bridge Design Code [32] merged information from the earlier standard, 
including its section related to structural evaluation, with information from the third edition of 
the Ontario Highway Bridge Design Code [33]. 

Detailed guidance relating to establishing the compressive strength of existing concrete and the 
yield strength of reinforcing steel found in existing structures was included in the evaluation 
section of this code.  However, the code does not currently include provisions for the 
development and splice lengths of historical reinforcing bar types.  Such an initiative is 
currently underway and is expected to be included in the 2025 edition of this code.  Provisions 
are expected to be similar to those proposed for inclusion in the 2025 edition of ACI562. 

4.3 The fib Model Code for Concrete Structures 

The first edition of the CEB-FIP Model Code was published in 1978 [34] and was one of the 
earliest Codes to be calibrated using a partial safety factor approach. Design bond strength fbd 
of plain surface bars in ‘good’ conditions was given by Eq. 3, which was then used to evaluate 
anchorage or development length, lb, provided by Eq. 4. A 30% reduction in bond strength was 
applied for both plain and ribbed bars for conditions not classified as ‘good’. The partial safety 
factor γc for bond, and other concrete strength properties, was set at 1.5.  

𝑓  . 𝑓    (3) 

𝑙       (4) 

The form of the expression for bond strength of plain bars was altered in the following edition, 
Model Code 1990 [35], Eq. 5, and brought the form of expression for plain bars into line with 
that for ribbed bars. The difference between Eqs. 3 and 5 was up to +/-14% over the codified 
range of concrete strengths at the time and set the ratio of bond strength of ribbed bars to that 
of plain bars to a constant value of 2.25. This edition introduced factors to permit reductions in 
anchorage length of ribbed bars for concrete cover and transverse reinforcement above specified 
minima, but were not applicable to plain bars. 

𝑓  𝜂 . 𝜂 . 𝜂 𝑓    (5) 
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where fctd is the design tensile strength of concrete is equal to 
. .

; η1 = 1.0 for plain 

bars; and coefficients η2 and η3 represent the influence of casting position and large bar sizes, 
respectively.  

A change was also introduced to require bond lengths of laps to be up to twice that of equivalent 
anchorages dependent on the proportion of bars lapped at the section, (a change subsequently 
reversed in fib Model Code 2010 [36] provisions for ribbed bars). As there appears to have been 
no additional work on plain bars around this time, it is likely that these changes were introduced 
for editorial rather than technical reasons. 

The fib Model Code 2010 [36] (fib was formed from the merging of CEB and FIP) did not 
contain any provisions for laps and anchorages of plain bars, although a local bond slip model 
based on mean concrete strength was provided.  

The increasing need for assessment of existing construction spurred renewed research interest 
in plain surface bars as outlined in Section 3 above, and fib Model Code 2020 will contain 
provisions for anchorage and lap resistance of plain bars. Detailed rules are still to be finalized 
as this article is prepared, but calculations for the bar stress that can be developed in plain bars 
will be influenced by minimum cover as well as by concrete strength and casting position. Both 
square twisted and non-twisted bar types will be covered, and the relationship between the stress 
developed in a bar and the bond length will be non-linear.  

4.4 Eurocode 2 - Design of Concrete Structures 

The Eurocodes are currently a series of ten European Standards that provide a common 
approach for the structural design of buildings and other civil engineering works in a range of 
construction materials.  The Eurocodes have presently been adopted not only by European 
Union member states, but also by non-EU countries including: European free-trade association 
countries, the United Kingdom, Serbia, and North Macedonia.  Many other countries worldwide 
are also in the process of adopting the Eurocodes. 

The current version of the Eurocodes, frequently referred to as the first generation of these 
codes, have been mainly published in the first decade of the twenty-first century and address 
the design of new structures.  Specific rules for existing structures are limited to seismic 
assessment and rehabilitation.  Eurocode 2 is devoted to the design of concrete structures, with 
the current version, EN 1992-1-1 [37] including rules exclusively for the anchorage and laps of 
indented and ribbed bars with deformations consistent with minimum as are provided in Annex 
C. 

All Eurocodes are currently under review, and the target date for the second generation of these 
codes is planned for March 2026.  The second generation of Eurocode 2 is expected to include 
a section on the assessment of existing concrete structures.  The final draft of this proposed 
code (i.e. prEN 1992-1-1:2021 [38]) includes specific rules for plain bars and additional rules 
to account for bends, hooks, and sub-standard concrete cover for plain, ribbed, and indented 
bars.  All formulations are presented using a partial factor format and are consistent with the 
reliability-based approach that forms the basis of the second generation of Eurocodes. 

The proposed equation [38] for the design and assessment anchorage and lap splice length, lbd, 
for straight plain bars with a design axial stress sd  300Ma is: 
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130𝜂 ∙
.

∙ ∙ ∙ , 10𝜙   (6)  

where  is the diameter for round bars or the equivalent diameter for square bars, fck is the 
characteristic value of the concrete compressive strength, c is the partial factor for concrete and 
is assumed equal to 1.5 for standard cases, and cd is the minimum of the concrete cover and the 
clear spacing between bars.  Coefficients 1 to 4 account for the position of the bars during 
concrete placement operations with all four coefficients set equal to unity for good bond 
conditions; and 1 = 3.1, 2 = 1.6, 3 = 0.9, and 4 = 3/5 for all other cases.  The ratio 1.5 dc
in Equation 6 has a limiting minimum value of 0.5.  Equation 6 adopts the same format as used 
in prEN 1992-1-1 [38] for ribbed and indented bars and is based on the semi-empirical approach 
reported by Palmisano et al. [39] that provides a reassessment of Cairns and Feldman’s [40] 
proposal. 

Further, prEN 1992-1-1 [38] allows for the stress in the reinforcement at a cross-section in 
question, ’sd, anchored by bond over lbd and accounting for bends and hooks to be taken as: 

𝜎′ 𝜎 ∆𝜎 0   (7) 

where 

∆𝜎 38 ∙ 𝛿  𝑀𝑃𝑎 ∙
.

∙ ∙    (8) 

The ratio dc  in equation 8 should be limited to 3.0, and 1 and 2 are coefficients that account 

for the position of the bars during concrete placement operations.  Both 1 and 2 are taken as 
unity for good bond conditions.  For other bond conditions,  1 = 0.8 and 2 = 1.0 for ribbed 
and indented bars, and 1 = 0.3 and 2 = 2.0 for plain bars. 

Equations 7 and 8 are the result of the application of the reliability-based approach used to 
obtain lbd in prEN 1992-1-1 [38] to the formulation given in fib Bulletin 72 [41]. 

prEN 1992-1-1 [38] further provides rules for cases when the minimum concrete cover, cd, is 
less than  since it is quite likely that historical structures do not meet modern requirements for 
concrete cover.  In such cases, the calculation for the anchorage and lap splice length of ribbed, 
indented, and plain bars may be calculated on the basis of parameter cd being replaced by lbd, 
and by increasing lbd by a factor klbs,c.  The value of factor klbs,c depends on whether bars are 
location in the corner or along the side of an element, the value of the concrete cover, and the 
clear spacing between reinforcing bars.  Values of klbs,c are provided in prEN 1992-1-1 [38] and 
are based on studies as reported by Palmisano et al. [42] and the validation reported by 
Palmisano et al. [43]. 

5 SUMMARY AND CONCLUSIONS 

This paper presents the motivation and initiatives worldwide related to the development of code 
provisions for the bond and development of historical reinforcing bar types for the evaluation 
and rehabilitation of reinforced concrete structures.  The following significant observations and 
conclusions are noted: 
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1. The mechanisms of bond for plain and square twisted reinforcing bars differ from those 
of modern deformed bars.  Plain bars lack bearing stresses caused by deformations that 
enhance bond resistance. In contrast, the bearing forces that act on the concrete 
surrounding square twisted bars act continuously along the bar length, rather than 
discretely at individual deformations, with their angle continuously changing over the 
bar pitch. 

2. Test specimens used in many historical investigations do not adequately capture the 
stress state in the concrete surrounding the reinforcing bars in practical circumstances.  
The test databases used for establishing code provisions for the bond and development 
of plain and square twisted bars was therefore limited to specimens from a small number 
of recent investigations that reported the results of beam-end and splice specimens. 

3. Historical editions of U.S. and British codes for the design of new reinforced concrete 
structures included provisions for the bond of plain bars.  The British code also included 
provisions for square twisted bars.  However, some of the more recent code editions 
included provisions that were driven by research related to modern deformed bars and 
so the newer rules need not be more reliable than older ones.  Historical U.S. and UK 
provisions for the bond of plain bars also did not adequately account for the safety of 
bars cast in the top position.  The widely accepted view that minimum cover thickness 
would not influence bond strength of plain bars, as they fail in a pullout rather than a 
splitting mode, is contradicted by evidence that has been gathered.  However, the 
physical mechanism responsible for the effect is not understood.  Only UK codes took 
account of the contribution of end bearing to the stress developed by compression bars, 
although the source of the evidence to support the additional contribution has been lost 
in the mists of time.  Overall, this shows the need for a re-evaluation of the bond 
behavior of historical bar types for the development of reliable provisions for the 
evaluation and rehabilitation of concrete structures. 

4. ACI562 was first published in 2013 and focuses on the assessment, repair, and 
rehabilitation of existing reinforced concrete structures. The goal of the current (fourth) 
code cycle is to populate the code with detailed technical information, including 
provisions for the detailing, anchorage, and splicing of plain and square twisted 
reinforcing bars.  Calibration of these provisions is based on the 5% fractile approach 
used in ACI318 for modern deformed bars, with the resulting equations allowing for the 
calculation of development and lap splice length. 

5. The Canadian Highway Bridge Design Code has included a section on structural 
evaluation since 1988.  Provisions for the bond of historical bar types have yet to be 
included, but are expected in time for the 2025 code edition. 

6. The design bond strength of plain bars was included in the 1978 and 1990 editions of 
the CEB-FIP Model Code, but were eliminated from the 2010 fib Model Code.  A focus 
of the fib Model Code 2020 committee relates to structural evaluation, and efforts are 
ongoing to finalize the formulation of provisions for the development of both plain and 
square twisted bars. 

7. The second generation of Eurocode 2, scheduled for release in March 2026, will include 
a new section related to the assessment of existing structures.  Specific rules for the 
development of straight plain bar lengths, and rules to account for bends, hooks, and 
sub-standard cover for these bars, have been developed and were formulated based on 
the partial factor format and reliability-based approach used elsewhere in this code. 
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ABSTRACT 

Corrosion in pre-tensioned members causes loss of prestressing and worsening of strand 
mechanical characteristics. Moreover, it can lead to concrete cracking or wire breaking. These 
effects influence the bond between steel and cementitious matrix, which, in pre-tensioned 
concrete elements, plays a fundamental role in the whole performance of the structure. Bond is 
indeed responsible for the transmission of the initial prestress and, therefore, its variation 
directly reflects on the beam behavior. In this paper, a novel approach is proposed to model the 
bond strength in presence of corrosion. Particular attention is paid to the transmission length 
evaluation, through a proposal of an analytical model able to include the effects of corrosion. 
Thick-Walled Cylinder theory is applied to simulate the behavior of the corroded strand close 
to the beam ends. Simulation results show that corrosion has remarkable consequences on bond, 
inducing a strong increase in transmission length after a corrosion ratio of 7.00%. These 
outcomes are consistent with experimental evidence found in the literature. 

1  INTRODUCTION 

Nowadays, many of the existing infrastructures are at the end of their service life, or in need of 
maintenance or repairs [1]. Overloads, environmental-related degradation, and mistakes during 
design or construction are responsible for more than 30% of bridges and viaducts collapses 
registered in the US from 1980 to 2012 [2]. These causes are all time-dependent: traffics loads 
are strongly increased over the years; environmental degradation requires a certain amount of 
time to take place; design and construction errors tend to become noticeable over time, with the 
increase of the structure age. Moreover, almost half of the existing bridges along the Italian 
highway network are realized with prestressed concrete members [3]. In this type of elements, 
corrosion is one of the main causes of deterioration, and it represents a significant source of 
vulnerability that could lead to a brittle and sudden failure [4]. The use of de-icing salt and the 
exposure to aggressive environments over the years accelerate the deterioration of the whole 
structure, influencing strands, concrete, and bond properties. This latter issue is investigated in 
this paper. 

In prestressed pre-tensioned concrete elements, the degradation of bond is responsible for two 
different phenomena: (i) the reduction of prestressing, and (ii) the increasing of the distances 
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necessary to transfer the stresses to the concrete, i.e., the so-called transmission length (at 
tendon release) and anchorage length (due to external loads). In the literature, bond in reinforced 
concrete is deeply investigated, while bond in pre-tensioned members has become a major 
concern only in the last few years: in this latter topic, only a limited number of experimental 
campaigns can be found from other authors, most of which focus on the problem through the 
realization of pull-out tests on untensioned specimens [5]-[6]. However, this kind of approach 
has two major issues of concern: (i) the absence of initial prestressing prevents the strand lateral 
expansion induced by the Hoyer effect, ignoring a relevant contribution of bond, and 
(ii) accelerated corrosion methods are usually employed to obtain the degradation of strands, 
but these results are different from the natural corrosion [7]. Furthermore, from experimental 
outcomes, empirical models are usually suggested to evaluate the corroded bond strength fb,corr, 
by calibrating a damage factor D(η) that reduces the initial bond strength fb depending on the 
average corrosion ratio η, as illustrated in Eq. (1). 

 , ( )b corr bf fD η ⋅=  (1) 

Since these models are empirical, they apply only to single experimental campaigns and under 
certain conditions. Thus, the need for analytical models is clear.  

In this paper, a novel method to evaluate the transmission length in presence of corroded 
tendons is presented through the formulation of an analytical Thick-Walled Cylinder (TWC) 
model that allows estimating the degradation of bond strength due to corrosion. The 
transmission length computation is also aimed to assess the variation of the whole anchorage 
length La, which can be evaluated as follows: 

 a t bL L L= +  (2) 

where Lt is the transmission length of the tendon and Lb is the flexural bond length, according 
to the typical approach found in design codes [8]-[10]. As far as the flexural capacity of a 
member is concerned, a shorter anchorage length is reflected on an overestimation of the 
bearing capacity. It is worth noting that, physically, only an increase of Lt is possible, while for 
Lb both reductions and increases are reasonable (with respect to the un-corroded case). 

This paper is organized as follows: firstly, the model proposed by Fabris et al. [11] to estimate 
the transmission length in un-corroded members is briefly recalled; then, a simple model to 
evaluate the corrosion-induced pressure is presented. Hence, a novel method to evaluate the 
transmission length in corroded elements is described, modifying the TWC model proposed by 
Fabris et al. [11]. Finally, results are compared to the outcomes of experimental flexural tests 
collected from the literature, to check the compatibility between the predicted lengths and the 
observed failure criteria.  

2 EVALUATION OF TRANSMISSION LENGTH IN UNCORRODED MEMBERS 

Three main mechanisms contribute to the bond between steel and concrete in the transmission 
length: friction, mechanical interlocking, and adhesion. Considering the latter negligible, Fabris 
et al. [11] propose to estimate the bond strength fb using Coulomb’s friction law: 

 ,b s Hoyerpf µ= ⋅  (3) 
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where ps,Hoyer is the radial expansion pressure due to the Hoyer effect (i.e., due to the lateral 
expansion of the tendon after release) and μ is an overall friction coefficient, considering both 
real friction and mechanical interlocking. The radial pressure ps,Hoyer can be estimated through 
a TWC model, where the actual geometry of the element is reduced to two concentric cylinders: 
the inner solid cylinder represents the steel strand, while the outer one is hollow and represents 
the concrete (whose internal and external radii are the radius of the tensioned strand and the 
minimum concrete cover, respectively). Other two key characteristics of this model are: (i) the 
possibility to consider the concrete as uncracked (i.e., elastic behavior), partially and fully 
cracked (i.e., anisotropic behavior), depending on the distance from the free-end, and (ii) the 
opportunity to discretize the whole tendon in a series of finite elements, and for each of them 
calculate the equilibrium, thus avoiding the constant bond stress assumption along the 
transmission length. It must be recalled that this last assumption is reasonably assumed for 
designing purpose [8], but lacks of representativeness for the assessment objective. The 
complete formulation of this model can be found in [11] and it is not reported here for brevity. 

3 CORROSION-INDUCED PRESSURE 

TWC models are also widely employed in the literature to estimate corrosion-induced pressure 
and concrete cracking. A complete review was recently carried out by Liang & Wang [12]. 
However, all the models described in [12] deal only with circular rebars, while this paper 
focuses on seven-wire strands, which are one of the most common prestressing steels used 
nowadays in the precast industry. To this aim, a simple model is described in the following 
paragraphs, starting from the constant volume principle, as in [13]-[14]. The following 
assumptions are made: (i) all seven wires have the same diameter; (ii) uniform corrosion is 
modeled for the external wires and along strand length; (iii) concrete is assumed elastic until 
cracking initiation (for tensile stresses lower than the concrete tensile strength fct), then it is 
considered a softening material, according to fib Model Code 2010 [8] provisions (Fig. 1 left); 
and (iv) the smeared approach is used (Fig. 1 right) to correlate  the crack opening w to the 
strain ε through the characteristic crack-band width hc [15].  

 

Figure 1: Tension-softening behavior of concrete: stress-crack (left) and stress-strain (right). 
 
The actual geometry of the element is simplified as two concentric cylinders, where the strand 
and the concrete are represented as a solid and a hollow cylinder, respectively. According to 
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the constant volume principle, the following equilibrium among the strand volume loss ΔVr, 
the volume of cracks and pores ΔVw, and the volume due to the displacement at steel-concrete 
interface ΔVc can be imposed: 

 r r c wn V V V V∆ = ∆ + ∆ + ∆  (4) 

where the n term represents the rust expansion ratio, which is the ratio of the volume of 
corrosion products to that of consumed steel.  All the volumes in Eq. (4) are referred to the unit 
length and can be estimated as follows: 

 2 )4 2  ( –  r s wV A r x xη π∆ = ⋅ ⋅=  (5) 

 ,
1 1( ) (2 ( )

2
)

2w cr s s corr cr sV w r r u r rπ∆ = ⋅ − = ⋅ −∑  (6) 

 , ,
26
3

4c s corr s corrw wV r u r uπ π∆ ⋅== ⋅ ⋅ ⋅  (7) 

where all the r distances are represented in Fig. 2. In particular: rs is the radius of the strand; 
rcr is the distance from strand centroid to the crack tip; rw is the radius of a single wire; us,corr is 
the corrosion-induced displacement of the concrete. The other terms in Eq. (5) are the strand 
area As, the corrosion ratio η, and the attack penetration depth x, while in Eq. (6) ∑w represent 
the total crack opening at the steel-concrete interface. 

 

Figure 2: Corroded strand schematization. 
 
The displacement us,corr can be obtained by substituting Eqs. (5)-(7) in Eq. (4), as follows: 

 
2

,
4( 1)(2 )

( ) 4cr s

w
s corr

w

u n r x x
r r r−
− ⋅ −

=
+

 (8) 

Depending on the magnitude of the displacement, the concrete cylinder can be uncracked, 
partially or fully cracked. Equations to determine the corrosion-induced pressure in these three 
cases are obtained in the subsections below. 
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3.1 Uncracked concrete cylinder 

In this first case, concrete can be considered as an elastic material, i.e., the equations proposed 
by Timoshenko [16] apply. According to [16], the displacement us,corr can be evaluated through 
Eq. (9), and then set equal to Eq. (8) to determine the interface pressure ps,corr. 

 
2 2

,
, 2 2

s s cor

x

extr
s corr c

s

ec t s

r p r ru v
E r r
⋅  +

= + − 
 (9) 

where Ec and 𝜈𝜈c are the elastic modulus and the Poisson coefficient of the concrete, respectively, 
and rext is the external radius of the hollow cylinder, i.e., the minimum concrete cover. However, 
even for small attack penetration depth x, the pressure ps,corr is greater than the pressure 
necessary to begin concrete cracking, which depends on the concrete tensile strength fct and can 
be evaluated as [16]: 

 
2 2

, 2 2
ext s

s corr ct
ext s

p rr
r r

f
 −
 + 

=  (10) 

3.2 Partially cracked concrete cylinder 

In most cases, in presence of corrosion, concrete is partially or fully cracked. In the first case, 
under the assumption that the radial displacement follows the elastic distribution [17] and that 
the tangential tensile stress at the crack tip equals the concrete tensile strength fct, the 
displacement us,corr can be also evaluated as follows: 

 ( )
( )

2

, 2

/ 1
/ 1

ex sc t

e

t
s corr s

c xt cr

r rfu r
E r r

+
= ⋅ ⋅

+
 (11) 

and thus, equating Eqs. (8) and (11), the distance rcr can be estimated for different penetration 
depths x. Finally, the equilibrium of the acting stresses can be expressed as [13]: 

 , ( )cr

sr
s cr c

r

s corr rp r p r r drθσ⋅ = ⋅ + ∫  (12) 

where σθ(r) are the tensile stresses in the cracked cylinder, which can be evaluated according to 
the stress-strain law illustrated in Fig. 1 (right), and pcr is the pressure at the crack tip that, by 
hypothesis, induces tensile stress equal to the tensile strength fct, and thus can be calculated as: 

 
2 2

2 2
ext cr

cr
ext

t
c

c
r

r rp f
r r

 −
=

+


 
 

 (13) 

3.3 Fully cracked concrete cylinder 

In the fully cracked concrete cylinder, assuming that the radial displacement still follows the 
elastic distribution [17], Eq. (11) simplifies as: 

 
2 2

, , 2
ext s

s corr ext
s

r
r

ru θε
+

=  (14) 
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where εθ,ext represents the hoop strain at the external concrete cylinder surface rext. 
Consequently, Eq. (12) simplifies as follows: 

 , ( )cr

s
s

r

s corr r
p r r drθσ⋅ = ∫  (15) 

and, thus, the corrosion pressure ps,corr can be evaluated once the σθ(r) stresses are obtained 
from Fig. 1 (right). 

4 EVALUATION OF TRANSMISSION LENGTH IN CORRODED MEMBERS 

In the following paragraphs, the TWC models described in Sections 2 and 3 are employed to 
evaluate the transmission length in corroded elements. As illustrated by Fabris et al. [11], in the 
case of uncracked concrete, the pressure ps,Hoyer due to Hoyer effect and the induced 
displacement us,Hoyer can be evaluated as follows:  

 
( ) ( )

( ) ( ) ( )
0 , ,

0
, 2 2 2 2

1 / 1 /

1 / / /
s z s s s c z c c

s Hoyer
s s c s s ce sxt ext

r E r E
p

r E r r r r r E

ν σ ν σ

ν ν

′ ′ ′− ⋅ − − ⋅
=

 ′ ′ ′ ′ ′− + − + − 
 (16) 

 
2 2

, 2 2
ext s

ex

s Hoyer
s Hoyer

c s
c

t

r p r ru v
E r r

′ ⋅  ′+
= + ′− 

 (17) 

where the subscript s stands for steel and the subscript c stands for concrete; E is the elastic 
modulus, ν the Poisson coefficient, and σz the axial stress. The apex indicates to consider the 
corroded geometrical or mechanical properties of the strand. The distances r0 and rs are the 
untensioned and the jacketed strand radius, respectively. The latter can be estimated depending 
on the tendon residual prestressing stress fse’, considering the losses due to corrosion, as: 

 01 se
s s

s

fr r
E
ν

 
′ ′= − ′

′


 (18) 

The displacement evaluated with Eq. (17), in case of corrosion, should be increased due to the 
presence of rust products. Therefore, the total displacement us can be computed as:  

 , ,s s Hoyer s corru u u+=  (19) 

Then, the tangential strain εθ,s at the steel-concrete interface can be estimated by dividing the 
total displacement us in Eq. (19) to the radius rs’: if εθ,s  is greater than the cracking strain εcr, 
then the concrete hollow cylinder is cracked. On the contrary, concrete is uncracked and the 
total pressure ps at the interface can be obtained as: 

 , ,s s Hoyer s corrp p p+=  (20) 

where the two pressures can be estimated starting from Eqs. (9) and (16). 
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4.1 Partially cracked concrete cylinder 

In this case (illustrated in Fig. 3 left), under the assumption that the radial displacement follows 
the elastic distribution [17] and that the hoop stress at rcr equals the concrete tensile strength fct, 
the displacement us can be evaluated, similarly to Eq. (11), as: 

 ( )
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/ 1
/ 1
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′ +
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and thus, from Eqs. (19) and (21), it is possible to obtain the distance rcr for any given 
displacement. 
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Then, the equilibrium between stresses and pressures is imposed [13]: 
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r

r
p r p r r drθσ′
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where pcr can be evaluated through Eq. (13) and the σθ(r) stresses from Fig. 1 (right). 

 

 

Figure 3: Partially (left) and fully (right) cracked concrete cylinder. 
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4.2 Fully cracked concrete cylinder 

When the concrete cylinder is fully cracked (as in Fig. 3 right), Eq. (21) simplifies to: 
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Hence, from Eqs. (19) and (24) it is possible to evaluate the hoop strain at the external concrete 
surface. Finally, the equilibrium in Eq. (23) simplifies as follows: 

 ( )ext

s

r

ss r
p r r drθσ′

′⋅ = ∫  (25) 

where the σθ(r) stresses can be estimated from Fig. 1 (right). 

4.3 Finite element model 

According to Eqs. (20), (23) and (25), it is possible to determine the interface pressure ps in all 
three concrete configurations. Then, bond strength fb,corr can be evaluated modifying Eq. (3) as: 

 , ( )b corr sf x pµ ⋅=  (26) 

where µ(x) is the overall friction coefficient, also considering the effect of corrosion. The 
iterative method described in [11] is then adopted: the tendon is discretized in a finite number 
of elements of length Δz, and by imposing the equilibrium, the increment of stress δσz,s along 
the longitudinal axis of the strand can be written as: 

 ,
,

4 / 3 o b corr
z s

s

z f
A

π
δσ

′⋅ ⋅ ⋅∆ ⋅/
=

′
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where As’ is the residual area of the strand. Once the stress along the tendon is known, it is 
possible to estimate the compression stresses σz,c in the concrete for each section and the 
corresponding axial deformation εz,c as: 

 ,
,

z c
z c

cE
σ

ε =  (28) 

This allows plotting the concrete strain profile. Finally, the transmission length can be estimated 
according to the 95% AMS Method [18]. 

5 MODEL VALIDATION AND RESULTS 

On author’s best knowledge, no experimental measures of transmission length in corroded 
prestressed members can be found in the literature. Therefore, to verify the goodness of the 
proposed model, we compared the results obtained on four-point bending tests (4PBT), where 
corroded strands are used, verifying the compatibility of the experimental failure mode with the 
predicted one. To this aim, results from Wang et al. [19] campaign are employed. In 4PBT, the 
expected failure mode depends on the relation between the shear length Ls and the anchorage 
length La, as depicted in Fig. 4. 

975



   
 

 

Figure 4: Flexural tests and failure modes depending on the load application distance. 
 

In particular, if Ls ≥ La , then concrete crushing or strand yielding are expected; on the contrary, 
bond failure (i.e., significant strand slip at beam ends) is likely to occur. As illustrated in Eq. 
(2), the transmission length Lt can be considered as the first part of anchorage length La. For 
this reason, if Ls ≥ La, then Ls > Lt; on the other side, the lower the applied load at pull-out 
failure, the closer is Ls to Lt. 

Wang et al. [19] tested nine pre-tensioned beams, evaluating the bond performance at various 
corrosion levels. Investigated beams had a rectangular cross-section of 200 x 350 mm and 
prestressed with a single 15.2 mm seven-wire strand, placed at 75.4 mm from the bottom side. 
Its tensile strength was 1860 MPa while the applied prestress was 1395 MPa, which was 
gradually released after 7 days of curing. The mean concrete compressive strength was 
42.6 MPa. Eight out of nine beams were artificially corroded, by applying a constant current 
density of 200 µA/cm2 for a maximum of 25 days. The corrosion ratio was estimated based on 
the mass loss of the strand. The shear length Ls was 1300 mm in all cases. The main outcomes 
from [19] are reported in Table 1. 

Table 1: Results from Wang et al. experimental campaign [19]. 

Specimen ID Corrosion ratio  Failure mode 
PS0 0.00 % Strand Pull-Out 
PS1 2.98 % Concrete Crushing 
PS2 3.37 % Concrete Crushing 
PS3 5.01 % Concrete Crushing 
PS4 5.10 % Concrete Crushing 
PS5 6.91 % Strand Rupture 
PS6 8.04 % Strand Rupture 
PS7 8.20 % Strand Rupture 
PS8 9.23 % Strand Rupture 

 
To apply the presented model, additional properties need to be estimated. Concrete properties 
are evaluated according to fib Model Code 2010 [8] provisions, and the characteristic crack-
band width hc is taken as 100 mm [15]: hence, ε1 and εu in Fig. 1 (right) are assumed as 0.00045 
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and 0.00225, respectively. Corroded strand properties are estimated according to the model 
proposed by Lu et al. [20] and the effective prestress fse’ is reduced from the initial value 
proportionally to the decrease in strand ultimate strength [21]. The rust expansion ratio n is 
assumed equal to 2.78 [22]. The coefficient μ in Eq. (3) in absence of corrosion can be taken 
as 0.6 [11], while in Eq. (26) it supposed as ( ) 0.6x xµ α= − ⋅ , where x is the average attack 
penetration depth and α is a constant, here set as 0.45. This formula was chosen similar to that 
proposed by Coronelli [23], calibrated for friction in corroded bars; the same values cannot be 
applied here, since μ(x) should account both for friction and mechanical interlock.  

In Fig. 5 the transmission length is finally plotted for different corrosion ratios. Two different 
lines are shown: the black one represents Lt evaluated in absence of corrosion, at the time of 
release (i.e., employing Fabris et al. model [11]), while the blue one is the transmission length 
function that considers the corrosion effect, estimated according to the presented model. The 
two functions cross each other at η ≈ 7.00%. This value represents the critical corrosion ratio, 
beyond which the initial beneficial effect of corrosion on bond, due to the increase of roughness, 
fades out.  Such value depends on the beam characteristics, other studies also confirm that this 
critical value ranges between 6.00% and 7.30% [5], [13]. The actual transmission length 
function is a piecewise function, identified by the continuous lines in Fig. 5. Indeed, as stated 
before, only an increase of Lt is physically acceptable. However, the theoretical reduction 
predicted by the dashed blue line shows the model’s capacity to consider the beneficial effect 
of corrosion on the increase of roughness and confinement, and hence, on the enhancement of 
bond. Moreover, at η = 0.00% (uncorroded case), it can be observed that the two functions 
assume slightly different values, due to the different concrete properties used in the models 
(properties at tendon release for the black line and at 28 days for the blue one). This allows 
considering the time needed by corrosion phenomena to take place. 

 
Figure 5: Transmission length predictions. 

 
Failure modes at different corrosion levels are worth to be discussed. At η = 0.00%, specimen 
PSO exhibits pull-out failure. In this case, Ls = 1300 mm, while Lt = 517 mm. Hence, the load 
was applied between Lt and La, and thus, La is at least 1300 mm; Lb can be evaluated according 
to Eq. (2), and in this case, Lb ≥ 783 mm. With the increase of η, specimen from PS1 to PS4 
failed due to concrete crushing: this indicates that Ls ≥ La, and since Lt cannot decrease, this 
implies a diminishing of Lb. This reduction hypothesis is supported by the trend of the 
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theoretical Lt function (dashed blue line in Fig. 5): a strong decrease is predicted by the proposed 
model, indicating that low degrees of corrosion enhance the bond. This behavior could lead to 
a reduction of Lb and a change in the failure mode. With further increase of η (specimens PS5-
PS8), the observed failure mode was strand rupture, which does not provide any information 
about Lt. However, from specimen PS6, the predicted transmission length started to be greater 
than the previous ones, and from η ≈ 7.00% a relevant worsening of the bond is predicted. As 
stated before, this behavior finds confirmation in the literature, and thus an increase of Lt can 
be considered reasonable. Nevertheless, no considerations can be drawn on the magnitude of 
this increase; experimental measures of Lt are indeed necessary to calibrate coefficient like the 
α value in the μ(x) factor. 

Finally, bond and tendon stresses along the beam are plotted in Fig. 6. As can be observed in 
Fig. 6 (left), near the beam end, the higher bond stresses are encountered in the specimen PS0. 
Indeed, in this region, the pressure due to the Hoyer effect is at its maximum and thus high 
deformations and stresses are already developed in the concrete section. With the formation of 
rust products, there is an increase in deformations and consequently, the maximum stresses 
decrease (See Fig. 1). Then, progressively, the Hoyer pressure decreases, so do deformations 
and stresses. In this case, the pressure induced by rust products gradually restores the maximum 
level of stresses that concrete can bear, thus enhancing the bond strength. Finally, there is a 
sudden drop in all curves with η > 0.00%: this is due to the assumption that chemical adhesion 
is negligible [11]: hence, after the complete transmission of prestress, no further slip occurs 
between strand and concrete, and thus no bond arises. 

 
Figure 6: Bond (left) and tendon (right) stresses along strand length. 

 

6 CONCLUSIONS 

In the present paper, a novel approach to evaluate the transmission length in corroded 
prestressed members is presented. The new analytical model can consider all mechanical and 
geometrical properties of strand and concrete. According to model results, low degrees of 
corrosion (i.e., η < 7.00%) do not affect the transmission length: even if an enhancement of 
bond is predicted, no shortening of transmission length occurs, since this situation is not 
physically acceptable. Then, as corrosion ratio increases, so does the transmission length, while 
bond strength decreases. All these outcomes find confirmation in the literature. Nevertheless, 
further developments of this work are necessary, to establish a model able to predict the flexural 
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bond length too and, hence, the whole anchorage length. Indeed, even if the present approach 
allows bond strength predictions, the bond mechanism outside the transmission zone is different 
(i.e., no Hoyer effect occurs). For this reason, the present model cannot be applied for flexural 
bond length estimations. Furthermore, in order to calibrate the proposed model, experimental 
measures of transmission length are necessary. 
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ABSTRACT 

Grouted tendons are commonly used in construction of bridges and other post-tensioned 
structures. The quality of grouting is essential to provide the durability, bond and robustness of 
the structure. In this study, the bond and re-anchoring of post-tensioned tendons in grout in case 
of tendon failure is assessed. A set of tests with beams of different lengths were conducted to 
simulate the failure of a post-tensioned tendon in the structure. The results were compared with 
the theory of prestressing strand anchoring in concrete.  

In the tests, the re-anchoring and bond lengths were measured in case of complete grout and 
incomplete grout simulated with a void. In the case of incomplete grout, the 60 % increase in 
re-anchoring length was observed. In the case of overlapping re-anchoring and bond length, the 
bond length and tendon slip increase significantly, which affects the force distribution between 
tendons in structure. A limited re-anchoring length of tendon in incomplete grout increases the 
robustness of the structure, as the broken tendon can maintain its effectiveness outside of the 
failure region. Near failure region the forces transfer on tendons with better bond conditions 
and without breakage.  In tests the observed re-anchoring lengths of broken 12-strand tendon 
in grouting were 1.4 meters with complete grout and 2.3 meters in case of incomplete grout. 
The existing model in literature shows a good match with test results, and therefore it is suitable 
for the assessing of structures with broken tendons in grout. 

1  INTRODUCTION 

Post-tensioned concrete bridges are typical solution for slab and girder bridges with very 
different spans. A common way to construct post-tensioned bridge is to place hollow ducts 
inside the formwork prior to casting concrete. Prestressing steel is installed in these ducts after, 
or before, the superstructure is cast and cured. A tendon inside the duct consists of many 
prestressing strands is then prestressed and injected with cement-based grout. A quality of the 
grout and grouting work is essential, because it provides the protection for prestressing steel 
against harmful substances and so prevents the corrosion of steel. The problem in post-grouting 
is that the possible corrosion problems of prestressing tendons inside the massive concrete 
structure are hidden inside the structure and therefore very hard to determine. 

Prestressing steel is prone to corrosion and corrosion induced failures are observed in many 
cases in structures around the world. Due to significant contribution on the load bearing 
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capacity of the structure, the failure of tendons may even lead to severe failures and collapses 
of complete bridge structures.  

The effects of strand corrosion and the effect of grout voids are studied by Wang et al. [1], [2] 
electrochemically accelerated corrosion and load tests on beams. In this study the grout defects 
have significant influence on the ultimate strength and cracking of the beams with single strand.  

In case of tendon failure the bond characteristics between tendon and grout are essential. With 
low re-anchoring capacity the tendon failure influences on large length on structure, in extreme 
case of unbonded tendon the prestressing effects of broken tendon would disappear on whole 
length of the prestressed structure. High bond resistance between grout and tendon has 
favourable effect on re-anchoring of broken tendon and therefore favourable effect on structural 
robustness.  

The transfer and transmission length of single strands in concrete are studied extensively due 
the significance of the phenomenon in prestressed and precast concrete elements. Also design 
equations in structural codes are typically for the transmission and anchorage length of single 
strand in concrete. Tendons in post-tensioned structures consist of many strands and therefore 
the bond situation is far more complex. The required bond of bundle of strands is formed 
between strands, grout, duct and surrounding concrete.  The bond behaviour of multistrand 
tendons cast in grout without prestress has been studied by Wang et al. [3]  To assess the realistic 
behaviour of the re-anchoring of the broken tendon, the effect of stress change in tendon needs 
to be considered.  

In tests conducted by Ullner [4] a set of long concrete beam test specimens were prepared with 
prestressed, post grouted tendons with several different types of strand bundles with different 
number of strands, within plastic and steel duct. In the test setup the tendon was pulled and 
released and the bond and transmission lengths for bundles consisting of different number of 
strands were obtained. Asp, et al. [5] studied the bond and re-anchoring behaviour of post-
tensioned and post grouted 12-strand tendon in case of strand failure in cement grouting with 
voids. These test setups are considered to model the re-anchoring length of prestress and 
anchorage length of additional stress in most realistic manner. 

 

Figure 1 Schematic diagram of long test specimens tested in studies [4], [5]  
 

The  test specimens used in tests were long concrete beams and  the difference between the test 
setups are shown in schematic Figure 1, in which superscript (1 relates the tests by Asp, et al. 
[5]. In these tests the release of prestressing force was performed at opposite end of the beam 
to pull-out force. 
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In this paper the comparison of test results of bond and re-anchoring tests is made. The 
calibration of design equations for assessment of the anchorage length of post-tensioned 
tendons in proposed Model Code 2020 is proposed based on the analysis of the results. Also, 
the effects of variations of bond strength in post grouted tendons are analysed based on 
information of the effects of incomplete grout gained in tests. 

2 ANALYSIS 

The bond and re-anchoring characteristics between prestressing steel and grout differs from 
respective characteristics of reinforcement bar and concrete. In ribbed bars the bond between 
bar and concrete is mainly based on shear force between concrete and ribs. In case of 
prestressing steel, the adhesion and friction are the main phenomena affecting on bond. In 
addition to that the Hoyer effect plays significant role in cases, in which the stress in 
prestressing steel is decreased causing lateral expansion of strand which is restricted by 
surrounding grout. 

The models for simulation of bond-slip relation of single prestressing strands with concrete are 
presented in [6],[7]. In models the terms on the right side of the equation (1) are related to 
adhesion, lack-of-fit, Hoyer effect and pitch effect.  

𝜏𝜏𝑏𝑏 = 3 + 0,4𝛿𝛿 − 2.5 ∗ 10−3𝛥𝛥𝜎𝜎𝑝𝑝 + 1.5 ∗ 10−3�𝛥𝛥𝜎𝜎𝑝𝑝�             (1) 

In bond and re-anchoring tests [5], the equation is found to be suitable for modelling the bond 
and re-anchoring of strand bundle in grout.  

2.1 Data extracted from tests 

Pull-out forces and re-anchoring length from tests conducted [5] are shown in Table 1 and Table 
2. In these tests the re-anchoring lengths of released prestressing forces and bond of pull-out 
forces of 12 strand tendon in complete and in incomplete grout are obtained. In case of 
incomplete grout, the bond and re-anchoring lengths are increased by 60% in comparison to 
complete grout. In tests the effect of bond perimeter and the effect of the bond strength of the 
grout cannot be separated.  

Table 1 Re-anchoring of 12-strand tendon in grout [5] 

(mean/stdev) FREA [kN] Δσ [MPa] LREA [m] 
Complete grout 1705/142 -947/79 1.36/0.171 
Incomplete grout 1786/65 -992/36 2.23/0.136 

 
 

Table 2 Bond of 12-strand tendon in grout [5] 

(mean/stdev) FTRA [kN] Δσ [MPa] LTRA[m] 
Complete grout 888/224 494/125 1.04/0.181 
Incomplete grout 813/112 452/62 1.59/0.367 

 
The notation in Table 1 and Table 2 is referring the ones used in reference [5]. The column header 
FREA refers the re-anchoring length of broken tendon while FTRA refers the bond length in case 
of additional pull-out force. 
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Figure 2 Results of bond test a) with complete grout b) incomplete grout 
  

In test procedure conducted in [4], the bond and transmission lengths observed are presented in 
Table 3. The original notation is applied as negative Δσ is decreasing tendon stress due to release 
of prestress, while positive is additional pull-out force applied on tendon. The average strength of the 
grout in these tests were reported fck = 52.4 MPa and 53.6 MPa respectively. 

Table 3 Bond and transmission lengths of 7-strand tendon in complete grout [4] 
Test # P0 [kN] ΔP [kN] Δσ [MPa] L [m] Duct 

V1 1124 
-451 -430 0.79(1 Plastic 
461 439 0.93(2 Plastic 

V7 836 
-837 -797 0.82(1 Steel 
745 710 0.91(2 Steel 

1) Transmission length of prestressing force 
2) Transfer length of pull-out force 
 

 

2.2 Bond perimeter of multiple strand tendon 

The fundamental parameters in bond and re-anchoring problem are the bond strength between 
strand and surrounding grout and the area of bond. In case of circular bar, the determination of 
bond area is straightforward (eq. (2), η=1.0). While in case of ribbed bar or other irregular shape 
the determination of bond area is more complex and parameter η needs to be determined.  
Especially this is applies on bundle of strands consisting of wires for which the η-factors in 
range of 1.4…1.7 are presented [8],[9] . In literature, different approaches are presented in eq. 
(02) [4] [10], the minimum of the maximum bond perimeter is achieved by calculation of the 
length of the interface between single wires and grout in strand bundle. This solution is 
unambiguous only for certain number (m=1,7,19..etc) of strands packed in symmetric bundle. 

𝑝𝑝𝑏𝑏𝑝𝑝 = 𝜂𝜂 ∙ 𝜋𝜋 ∙ ∅𝑝𝑝                         (2) 
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A conservative approach in determination of the bond perimeter of tendon is to calculate a 
perimeter of the equivalent circle with equal area as prestressing strands. This is the lower 
bound estimate for the bond perimeter. 

∅𝑝𝑝.𝑒𝑒𝑒𝑒 = �4∙𝐴𝐴𝑝𝑝.𝑡𝑡𝑡𝑡𝑡𝑡

𝜋𝜋
                       (3) 

𝑝𝑝𝑏𝑏𝑝𝑝 = 6 ∙ (𝜋𝜋 − 3 + �12 ∙ 𝑚𝑚𝑝𝑝 − 3) ∙ �
𝐴𝐴𝑝𝑝𝑝𝑝
7𝜋𝜋𝑚𝑚𝑝𝑝

              (4) 

 

The layout of strands is far from ideal due to tendon geometry, which forces the strands to pack 
against the inner surface of the tendon duct. In case of incomplete grout, the perimeter of 
sufficient bond is reduced rather than bond strength. This due to lack of confinement of 
surrounding grout, which causes grout crack and spall towards the void due to expansion of 
released strand [5]. 

 

Figure 3 Bond perimeter of a) 7-strand tendon in ideal situation b) in real (tested) duct at 
middle support with incomplete grouting 

 

In Figure 3 (left) different approaches to calculate the bond perimeter of strand bundle is 
presented in ideal case. The calculated perimeters are plotted on Figure 4 a), a significant 
difference between minimum and maximum bond perimeter can be noticed between 
approaches. Also the difference exists between the tested [4], [5] and ideal situation.  
In [5], the perimeter of strand bundle is assumed to follow the interface between grout and 
single wires (marked pb,max in Figure 4 a)). It must be noted that both, the bond perimeter pb and 
bond strength τ are ambiguous and strictly related to each other, because either of them cannot 
be solely observed. In tests the observed result is the product of these. By assuming the bond 
strength to be related to cubic strength of the grout, the bond perimeter can be determined from 
product τ* pb.  
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Figure 4 a) Bond perimeter comparison with different approaches b) The value of factor 
𝐴𝐴𝑠𝑠𝑝𝑝/(Ø𝑒𝑒𝑒𝑒𝑒𝑒 ∗ 𝜋𝜋) 

 

2.3  Design concepts 

The current models in anchorage design assume bi-linear relation eq (7) between strand stress 
and distance from free end of the strand. A simplification assumes the constant bond stress on 
transmission length, which contradicts the actual bond mechanisms, but are proven to be 
sufficient for design use. In bond and re-anchoring of tendons, there are different length 
parameters considered for different design situations, in case of consideration of post tensioned 
tendon the most relevant ones are:  

• Basic anchorage length that is required to develop the full strength of the un-tensioned 
tendon 

• Transmission length in which the prestressing force is fully transmitted in concrete   
• Anchorage length over which the design tendon force at ULS is fully anchored. 

Model code 2020 

In Model Code 2020 [11] the basic anchorage length is proposed to follow equation (5). The 
basic anchorage length can be considered as the length required to anchor a non-pretensioned 
tendon for design strength fptd.  

 𝑙𝑙𝑏𝑏𝑝𝑝 = 𝛾𝛾𝑐𝑐
𝐴𝐴𝑠𝑠𝑝𝑝
Ø𝜋𝜋

∙ 𝑓𝑓𝑝𝑝𝑡𝑡𝑝𝑝
𝜂𝜂𝑝𝑝1𝜂𝜂𝑝𝑝2𝑓𝑓𝑐𝑐𝑐𝑐(𝑡𝑡)1/2                    (5) 

The first term in equation (5) refers to ratio between tendon area and perimeter and is: 

𝐴𝐴𝑠𝑠𝑝𝑝
Ø𝜋𝜋

= Ø
4

 for circular cross section 

𝐴𝐴𝑠𝑠𝑝𝑝
Ø𝜋𝜋

= 7
36

Ø for single seven wire strand 

A term for strand bundles needs to be calculated according to theory presented in chapter 2.2 The factor 
𝐴𝐴𝑠𝑠𝑝𝑝
Ø𝜋𝜋

= 0.13 ∙ Ø𝑒𝑒𝑒𝑒  for bundle of strands is selected according to Figure 4. 
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The latter term in equation (5) refers to ratio between the design strength of tendon and bond 
strength, which is presented in corresponding equation in Model  Code 2010 [11]  with the term 
fbpd (=bond strength of prestressing tendons in grout) in denominator of equation (5). The 
factors 𝜂𝜂𝑝𝑝1 and 𝜂𝜂𝑝𝑝2 are parameters to convert the compressive strength of the grout to bond 
strength. The parameter 𝜂𝜂𝑝𝑝2 takes into account the position and inclination of the tendon. The 
selected value of 𝜂𝜂𝑝𝑝2  for post grouted tendons should be 0.7. In concrete the value of 𝜂𝜂𝑝𝑝1  for 
single 7-wire strands is 0.36 [12]. 

Transmission length of prestressed tendon 

𝑙𝑙𝑏𝑏𝑝𝑝𝑡𝑡 = 𝛼𝛼𝑝𝑝1𝛼𝛼𝑝𝑝2𝛼𝛼𝑝𝑝3
𝜎𝜎𝑝𝑝𝑝𝑝
𝑓𝑓𝑝𝑝𝑡𝑡𝑝𝑝

𝑙𝑙𝑏𝑏𝑝𝑝                    (6)      

In which the factors αp1 is 1.0/1.25 for gradual / sudden release; αp2 is 0.75 for calculation of 
anchorage length corresponding the mean value of 𝑙𝑙𝑏𝑏𝑝𝑝𝑡𝑡.  

The design anchorage length of a pretensioned prestressing tendon is: 

𝑙𝑙𝑏𝑏𝑝𝑝𝑏𝑏 = 𝑙𝑙𝑏𝑏𝑝𝑝𝑡𝑡 + 𝑙𝑙𝑏𝑏𝑝𝑝
𝜎𝜎𝑝𝑝𝑝𝑝− 𝜎𝜎𝑝𝑝𝑐𝑐𝑠𝑠

𝑓𝑓𝑝𝑝𝑡𝑡𝑝𝑝
                                                                (7)      

In equation (7) the first term is transmission length, which is calculated according to equation 
(6). The latter term in equation refers to bond strength of additional stress at ultimate limit state 
Δσ = σpd - σpcs proportional to the basic anchorage length. The equation sums these two lengths 
assuming these two phenomena not to overlap.  

The latter term of the sum in equation (7), should match the test results of pull-out tests in long 
specimens.  

3 RESULTS 

3.1 Re-anchoring length of tendon 

The bond and re-anchoring and transmission lengths observed in tests are compared to ones 
calculated with equations (6) and (7). The first calibrated variable is 𝜂𝜂𝑝𝑝1, because it affects on 
both: transmission and anchorage length. The adequate factors are calculated and tabulated in 
Table 4.  

 

Table 4 Calibration of factors for design equations 
Strands fck [Mpa] ηp1[-] αp3 [-] lbp [mm] ∅i/∅o [mm] nTest Ap/Aduct Ref 

3 x 15.7 53.7 1.01 1.05 1525 40/47 1 0.36 [4] 

7 x 15.7 52.4 0.76 1.07 2050 57/62 1 0.41 [4] 

12 x15.7 34.6 0.67 0.92 3340 80/88 8 0.36 [5] 
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For 12-strand bundle the bond strength is determined with the mean value of product 𝜂𝜂𝑝𝑝1𝜂𝜂𝑝𝑝2 =
0.50, (mean value; 𝜂𝜂𝑝𝑝1 = 0.713 ; standard deviation 0.136) which results the bond strength 
between 12-strand tendon and grout fbpd.12

 =3 MPa, this matches with the theory presented in 
equation (1). The result is higher in comparison to the calculated [12] bond strength for single 
strand in grout (𝜂𝜂𝑝𝑝1𝜂𝜂𝑝𝑝2 = 0.25 ) , fbpd.1

 =1.4 MPa. 

To match the re-anchoring test results in Table 1, the value αp3 for 12-strand bundle should be 
determined. By substituting 𝜎𝜎𝑝𝑝𝑝𝑝=949 MPa in equation (6), and 𝑙𝑙𝑏𝑏𝑝𝑝𝑡𝑡=1.36 m, the resulting mean 
value for αp3 = 0.9 and standard deviation 0.229 for bundle of 12 strands in grout. 

3.2 Redistribution of tendon forces 

The difference between bond conditions which occur on structures with multiple parallel 
tendons causes uneven distribution of forces between tendons. Due to longer anchorage length, 
and lower bond resistance, the stiffness against additional force affecting on tendons is lower 
on tendon with incomplete grouting. If the slip of tendons is considered equal at the pull-out 
end, more force is transmitted to tendon with complete grout the model is illustrated in Figure 
5. 

𝑟𝑟 = 𝑒𝑒𝑏𝑏.𝑝𝑝𝑖𝑖𝑐𝑐𝑡𝑡𝑝𝑝𝑝𝑝

𝑒𝑒𝑏𝑏.𝑐𝑐𝑡𝑡𝑝𝑝𝑝𝑝
=

�𝜏𝜏𝑏𝑏×𝑝𝑝𝑏𝑏𝑝𝑝�𝑝𝑝𝑖𝑖𝑐𝑐𝑡𝑡𝑝𝑝𝑝𝑝

�𝜏𝜏𝑏𝑏×𝑝𝑝𝑏𝑏𝑝𝑝�𝑐𝑐𝑡𝑡𝑝𝑝𝑝𝑝
                   (8) 

 

The effect of tendon bond resistance on force distribution on tendons is derived with different 
bond ratios r = 0.25 ; 0.50 ; 0.75. Prestressing force is F0=1847 kN; σ0 = 1000 MPa. According 
to tests results in 1, with 12-strand tendon in duct with 20 mm void, the r = 0.60. For this tendon 
the value for Fpd = 2618 kN. 

𝑟𝑟 = 𝑒𝑒𝑏𝑏.𝑝𝑝𝑖𝑖𝑐𝑐𝑡𝑡𝑝𝑝𝑝𝑝

𝑒𝑒𝑏𝑏.𝑐𝑐𝑡𝑡𝑝𝑝𝑝𝑝
=

�𝜏𝜏𝑏𝑏×𝑝𝑝𝑏𝑏𝑝𝑝�𝑝𝑝𝑖𝑖𝑐𝑐𝑡𝑡𝑝𝑝𝑝𝑝

�𝜏𝜏𝑏𝑏×𝑝𝑝𝑏𝑏𝑝𝑝�𝑐𝑐𝑡𝑡𝑝𝑝𝑝𝑝
                   (9) 

 

Figure 5 Schematic figure of distribution of pull-out force on tendons with incomplete grout 
(upper) and complete grout (lower) 
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In Figure 6 a) the ratio between the distribution of tendon force in complete grout and 
distribution of tendon force in incomplete grout is presented along the length of the beam with 
different bond ratios in case of no broken tendons in the proximity of pull-out end. It is evident 
that the greater the difference in bond resistance the higher the portion of the force which 
stresses the tendon with superior bond conditions more.  For example with ΔFPO=Fpd – F0, the 
force FT,comp in tendon with complete grout is 10 % higher in comparison to the force in tendon 
with incomplete grout with r=50%. This means that the design pull-out force 2*Fpd = 5236 kN 
redistributes 2745 kN and 2491 kN on complete and incomplete grouted tendon respectively. 
The re-distribution of total force between strands increases, when the bond ratio between 
tendons with incomplete and complete grout decreases.  

Also, the increase on bond length for additional force can be observed as r decreases, which is 
reasonable due to lower bond resistance of incomplete grouting. Due to increased bond length 
of incompletely grouted tendon, the force distributes more on the one with complete grouting, 
causing more total slip at the pull-out end, until balance is found. The calculated slip values in 
the pull-out end in this case with r=0.25; 0.50; 0.75 are 1.02 mm; 1.20 mm and 1.54 mm 
respectively, with constant pull-out force Fpd. 

  

Figure 6 Ratio between the forces of tendon with complete grout and incomplete grout with a) 
different bond resistance ratios with x1=∞ and  x1=3 m in case of bond ratio of 50% b) 

Change in tendon stress during pull-out in tendons with bond ratio of 50% 
 

In Figure 6 a) and b) the effect of tendon break in proximity of pull-out force is plotted. In this 
case the re-anchoring length of the tendon overlaps the bond length, which causes more slip 
and less rigid behaviour of the broken tendon with incomplete grout. This causes more 
aggressive force re-distribution on tendon with complete grout and no broken strands in pull-
out end. In Figure 6 b) the re-anchoring of broken tendon (dashed red) decreases the bond 
capacity, which increases the force in tendon in complete grout. The ratio FT,comp/FT.incomp at the 
pull-out end increases from 1.1 to 1.26, meaning the 14 % increase in force of intact tendon 
with complete grout in case which the tendon in incomplete (r=50%) grout is broken within 3 
meters distance from pull-out end. The slip value increases from 1.20 mm to 1.74 mm, when 
the tendon is broken at 3 m distance from pull-out end. It must be noted that high FT,comp/FT.incomp 
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-ratio on the right end on Figure 6 b) is due to re-anchoring of broken tendon with incomplete 
grout in which the force at breaking point approaches 0. 

4 DISCUSSION AND CONCLUSION 

In this paper the factors and model of transmission and anchorage lengths of strand bundle 
based on Model Code equations are presented. Taking account the high variability of the 
phenomenon, the calculated factors seem reasonably fair. It must be noted that there is lack of 
experimental research considering the bond characteristics of strand bundles with various 
number of strands and different grout strengths and the number of test specimen in various 
studies has been low. 

The incomplete grouting has detrimental effect on tendon bond resistance. Similar decreasing 
effect on bond is observed in studies with anti-corrosive agent on strands [13] or the use of 
plastic ducts [4]. This might cause softer load-deformation response of tendons with lower bond 
resistance, for example defective grouting.  

In structures with multiple tendons with different grouting conditions, the forces can distribute 
uneven between tendons. This leads the forces to concentrate on tendons with more bond 
resistance. This can cause additional stresses of the tendons with complete grouting, in extreme 
cases yielding, which balances the load distribution between tendons. If tendon is broken in 
proximity of pull-out section the overlapping of re-anchoring and bond lengths lead to increased 
ratio of slip / force applied and therefore increased deformation of structure. 
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ABSTRACT 

The high bonding capacity of mortars at ambient temperature has encouraged their use as post-
installed reinforcing systems for structural purposes. When post-installed rebars are exposed to 
high temperatures, however, their bond strength can be significantly weakened. Within the 
evaluation requirements of post-installed rebars under fire conditions, the relationship between 
bond stress and temperature is determined by a series of pull-out tests according to (“EAD 
330087-01-0601” [1]), with the application of a constant load and a progressive temperature 
increase until its failure is achieved. While these testing conditions are critical to assess the 
pull-out performance of post-installed rebars during a fire event, they do not fully represent 
real-case situations where heat transfer phenomena continue during the post-fire phase. 
Capturing this aspect requires the characterization of a post-fire bond strength in correlation 
with temperature evolution in concrete.  

This paper presents an experimental study on post-installed rebars using epoxy-based mortars 
aimed to evaluating the relationship between post-fire bond stress and temperature. Various 
heating temperatures between 50°C and 300°C, without reaching failure during the heating 
phase, were investigated. Results showed that post-fire pull-out resistances tend to increase with 
increase of cooling time as long as the decomposition temperature of the mortar is not reached 
during the test. Heating the samples beyond this temperature leads to irreversible drop of bond 
resistance of the mortar. It was also observed that the higher the attained bond temperature 
during the heating phase is, the lower the post-fire residual bond resistance becomes. This 
highlights the influence of the maximum reached temperature on the recovery of the bond 
strength. This study could set the basis for future development of a safe and reliable post-fire 
design concept of post-installed rebar connections.  

1  INTRODUCTION 

Anchoring systems have recently been used in reinforced concrete structures and in repair 
applications. They are classified into two main categories: “Cast-in place rebars” and “post 
installed rebars (PIRs)”. The PIRs provide the flexibility in the construction sequence. They are 
inserted using mortars. The mortars referred to are principally “polymer mortars” which have 
been specifically formulated for use in the construction industry (Shaw [2]). Epoxy-based 
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mortars were first developed in the early 1940’s (Shaw [2]). They are used for injection into 
cracks, and for bonding concrete to concrete, metal to metal and steel to concrete (Van Gemert 
[3]). The mechanical properties of PIRs made with mortar are governed by several parameters 
such as materials, geometry and installation procedure (Çolak [4]), (Çolak [5]), (Bingöl and 
Gül [6]).  At high temperature, however, a significant decrease of the bond capacity has been 
reported due to a change of the physical state of the mortar with the increase of temperature 
during the glass transition period (Lahouar [7]). In order to study the mechanical behavior of 
adhesive anchors under high temperature, (Pinoteau [8]) and (Lahouar [7]) evaluated the bond 
resistance to temperature relationship by means of two pull-out tests procedures: pull-out tests 
at stabilized temperature and pull-out tests at constant load. (Pinoteau [8]) also studied the 
influence of the increase of heating rate on bond failure of post-installed rebars made with 
mortar in concrete using organic mortars, and concluded that a new bond stress distribution is 
obtained due to the thermal gradient along the steel rebar. The assessment of PIRs under fire 
conditions is covered by the European Assessment Document: (“EAD 330087-01-0601” [1]). 
The assessment method consists in describing the decrease of bond strength with temperature 
by a fitting curve using an exponential or power trend function. (Pinoteau et al. [9]) proposed a 
“bond resistance integration method” using thermal calculations and bond resistance variation 
at different temperatures to calculate the pull-out resistance of PIRs under fire conditions.  

To date, limited experimental data is available on the behavior of PIRs during the cooling phase 
after exposure to high temperatures (i.e., fire conditions). (Abdelrahman Alhajj Chehade et al. 
[10]) presented an experimental study on post-installed rebars using an organic (epoxy) mortar 
in concrete after exposure to high temperatures (below 300°C along the bond). The 
experimental results showed that the post-fire pull-out resistance increases with increase of 
cooling time, indicating a probable strength recovery of the epoxy-based mortar during the 
cooling phase. The authors established the need for additional investigations and research to 
develop a more representative characterization of the bond resistance vs. temperature 
relationship of PIRs during the cooling phase after exposure to high temperatures, to be used as 
entry data for a rational post-fire design method. Thus, the purpose of this paper is to introduce 
a model to predict the post-fire bond capacity of PIRs in concrete. It is based on experimental 
work that provides a basis for future development of a reliable post-fire design concept for post-
installed rebar connections. Several series of post-fire pull-out tests were carried out using an 
electric oven on PIRs inserted in cylindrical concrete specimens. A model is also proposed to 
investigate the reversibility of the degradation that the bond strength of PIRs experience after 
exposure to fire conditions up to several maximum heating temperatures. The results of this 
model were then compared to the experimental results. Hence, obtained results of post-fire bond 
characterization tests can be injected in Pinoteau’s Resistance Integration Method to calculate 
the evolution of the post-fire pull-out capacity of PIRs.  

2 MATERIALS AND EXPERIMENTAL PROCEDURE 

2.1 Specimens 

In this work, three materials were used: steel rebar, concrete and epoxy-based mortar. The steel 
rebar consisted of a 16 mm diameter Gewi type rebar. The rebar was installed according to the 
Manufacturer’s Printed Installation Instructions (MPII), with 70 mm embedment depth in a 
concrete cylinder of 160 mm diameter and 250 mm height with the rebar installed along the 
axis of the cylinder. The diameter of the hole was 4 mm larger than the rebar diameter to obtain 
2 mm thick of the epoxy mortar. The concrete cylinders were casted in a 2 mm thick steel layer 
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to avoid cracks on their exterior lateral side. The embedment depth was chosen as the maximum 
depth corresponding to bond failure to prevent steel yielding and steel failure during the tests. 
The ultimate tensile stress value and the yield stress value of the rebars were determined 
experimentally on three rebar samples (fu,test = 670 MPa, fy,test = 577 MPa). The mean steel 
failure of the used Gewi rebar occurred at 135 kN.  

Characterization tests were carried out on cubic concrete samples (150 mm × 150 mm × 150 
mm) after 28 days of curing under ambient temperature and moisture conditions. The concrete 
used for casting was a C20/25, it showed a compressive strength equal to 25.8 MPa and a 
density equal to 2207 kg/m3. The cylinders used for testing had been kept under indoor ambient 
conditions for at least 3 months before testing.   

The rebar was equipped with two thermocouples prior to installation. The used type K 
thermocouples (TC1 and TC2) were positioned along the rebar at the bottom of the rebar (70 
mm below the concrete surface) for TC1 and at 10 mm from the concrete surface for TC2 as 
illustrated in Figure 1.  

 

Figure 1: Test specimen 

 

2.2 Pull-out test procedure 

The pull-out tests were divided into two series. In both series, the measurement of the load and 
the bond temperature (at TC1 and TC2) was recorded continuously during the test. The failure 
temperature was calculated as the weighted average of TC1 and TC2 temperatures when the 
pull-out failure occurs, as 1/3 of the higher measured temperature and 2/3 of the lower measured 
temperature according to (“EAD 330087-01-0601” [1]).  

The concrete cylinder was placed above a 20 mm thick confinement steel plate containing 4 
holes: a central 29 mm diameter confinement hole, through which passed the rebar, and 3 other 
holes of 15 mm diameter (sufficiently far from the confinement hole) each through which 
passed the displacement sensors. The confinement steel plate was placed in direct contact with 
the concrete surface of the cylinder. A nut connected between the jack and the specimen 
transmitted the tensile force to the rebar (Figure 2).  
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Figure 2: Pull-out test device 
 

The two test series are detailed below: 

2.2.1 Series 1: Pull out tests at constant load during the heating phase  

This test procedure is provided by the (“EAD 330087-01-0601” [1]). It consists of applying a 
constant tension load (i.e., constant bond stress) on rebars bonded in concrete cylinders using a 
hydraulic jack. Once the target constant load is reached, a thermal loading on the lateral sides 
of the concrete cylinder is applied. The specimen is heated progressively while keeping the 
constant load up to the pull-out failure of the rebar. 

2.2.2 Series 2: Pull-out tests to obtain the post-fire pull-out capacity  

It consists of: 

• Applying a constant tension load equal to 70% of the load bearing capacity of the PIR 
at a temperature 𝜃𝜃𝑖𝑖 using the bond strength – temperature relationship of series 1, or not 
applying load in the heating phase for very low bond stress values. It should be noted 
that the application of a constant load during the heating phase aimed to reproduce the 
real manner in which behaves PIRs in a structure subjected to fire, and may reveal the 
presence of interesting phenomena such as creep. For low bond stress values (at higher 
temperature), the mortar only resists in friction due to the loss of adhesion and the 
carbonization of the mortar. That’s why not applying a load was considered a negligible 
variable at high temperature, neglecting the effect of the creep induced by the applied 
load.  

• Heating the rebar to a temperature 𝜃𝜃𝑖𝑖, without attaining failure.   
• Cooling until reaching a target temperature 𝜃𝜃𝑗𝑗 . 
• Increasing the force till failure in a way that the residual pull-out capacity of the rebar 

at temperature 𝜃𝜃𝑗𝑗  is known. 
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Ø 16 mm

Confinement 
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Heating device
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steel support

Hydraulic 
jack
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Connection nut
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2.3 Heating device 

The concrete cylinders were electrically heated using a cylindrical furnace controlled by a PID 
controller (Proportional-Integral-Derivative controller).  

2.4 Acquisition and control  
A PID controller was used to control the jack and to record the load and jack displacement. The 
acquisition of temperatures and jack displacement were recorded every 10 s. This acquisition 
frequency was sufficient to determine the temperature along the rebar when failure occurred.  

2.5 Bond stress  
The bond strength value depends on the mortar’s shear strength capacity along the embedment 
depth of the rebar. Based on the previous studies reported by (Pinoteau 2011), a uniform bond 
stress distribution along the embedded length of the steel rebar is assumed and can be written 
as:  

τ =
𝐹𝐹

𝜋𝜋 × 𝑑𝑑 × 𝑙𝑙
 (1) 

 

in which: τ is the bond stress, F the applied force, d the diameter of the rebar, and l the 
embedment depth.  

3 RESULTS AND DISCUSSION 

The main goal of these tests was to establish the post-fire bond strength vs. temperature 
relationship depending on the maximum attained heating temperature. Results obtained from 
post-fire pull-out tests (where constant load and no load were applied during the heating phase) 
are shown in Figure 3. Different tensile loads calculated as described in section 2.2 were 
applied, their values are presented in Figure 3. The bond stress for a given bond failure is 
calculated using equation 1, where F is the residual resistance obtained from the post-fire pull-
out test.  

For a given post-fire temperature, it is observed that the bond strength decreases when the 
maximum attained temperature increases.  For a given maximum heating temperature, the bond 
stress decreases when the post-fire temperature, at which the post-fire pull-out test was realized, 
increases. Up to a maximal attained temperature of 250°C (i.e. for temperatures lower than the 
temperature of decomposition of the mortar), results show that the post-fire pull-out strength 
tends to increase when the post-fire temperature decreases. Heating the samples beyond the 
decomposition temperature of the mortar (250°C) led to irreversible drop of bond strength of 
the epoxy mortar.  
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Figure 3: Bond stress vs. maximum attained temperature at different post-fire 
temperatures for post-fire pull-out tests, at constant load (Left) and without a load (Right) 

during the heating phase 
 

4 CONSIDERED MODEL FOR THE POST-FIRE BOND STRESS 

Results presented in section 3 have led to the proposition of the following model to assess the 
bond strength of the epoxy mortar in the post-fire phase: a reversible behavior is suggested up 
to 250°C, and no regain of resistance (compared to the obtained resistance with pull-out tests 
during the heating phase) where temperature exceeds 250°C. 

Considering this reversible behavior up to 250°C, a 3D representation of the model can be 
expressed as in Figure 4. The x axis corresponds to the maximum reached temperature (𝜃𝜃𝑚𝑚𝑚𝑚𝑚𝑚), 
the y axis to the post-fire bond strength (𝜏𝜏), and the z axis to the post-fire temperature 
(𝜃𝜃𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑖𝑚𝑚𝑖𝑖𝑖𝑖𝑚𝑚𝑖𝑖𝑎𝑎𝑎𝑎𝑎𝑎𝑖𝑖), at which the post-fire pull-out test occurs. The red curve in Figure 4 
corresponds to the bond stress vs. temperature relationship from the characterization during the 
heating phase according to (“EAD 330087-01-0601” [1]). Since a power trend function is used 
for the bond-strength temperature relationship during the heating phase, it was also adopted for 
the considered model in the post-fire phase. Knowing the starting point of the red curve and the 
end point while cooling to 26°C named 𝜏𝜏26 which is the bond strength at 26°C, equation 2 was 
considered for the representation of the reversible behavior of the bond at a corresponding post-
fire temperature up to 250°C. It should be noted that both 𝜏𝜏26and 𝜏𝜏𝜃𝜃𝑚𝑚𝑚𝑚𝑚𝑚  are calculated using the 
power trend function fitted to the experimental results of pull-out tests in the heating phase 
(series 1). Figure 5 and Figure 6 show the ratio of the experimental and theoretical bond stresses 
in order to assess the conservatism of the proposed model, where 2 points out of 8 showed slight 
unconservatism as presented in Figure 5. Moreover, the ratio of the experimental and theoretical 
bond stresses higher than 1 could be attribuated to the post-cure phenomenon. In fact, exposing 
polymers to heat over time leads to increase the degree of cross-linking of the chemical reaction 
between the mortar and the hardener. Consequently, the mechanical performance of the 
polymer is improved as illustrated for some data point’s ratio higher than 1. The conservatism 
of the model can be justified by neglecting the post-cure phenomena when heating the PIR until 
a given temperature. The corresponding coefficients of variation calculated by equation 4 are 
respectively 91 % and 23% for the ratios in Figure 5 and Figure 6.   
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Figure 4: 3D representation of the proposed model 

𝜏𝜏�𝜃𝜃𝑝𝑝𝑎𝑎𝑖𝑖𝑖𝑖−𝑓𝑓𝑖𝑖𝑓𝑓𝑎𝑎;𝜃𝜃𝑚𝑚𝑚𝑚𝑚𝑚� =
𝜏𝜏26

26𝛾𝛾(𝜃𝜃𝑚𝑚𝑚𝑚𝑚𝑚) × (𝜃𝜃𝑝𝑝𝑎𝑎𝑖𝑖𝑖𝑖−𝑓𝑓𝑖𝑖𝑓𝑓𝑎𝑎)𝛾𝛾(𝜃𝜃𝑚𝑚𝑚𝑚𝑚𝑚) (2) 

𝛾𝛾(𝜃𝜃𝑚𝑚𝑚𝑚𝑚𝑚) =
𝑙𝑙𝑙𝑙 𝜏𝜏26 − 𝑙𝑙𝑙𝑙 𝜏𝜏𝜃𝜃𝑚𝑚𝑚𝑚𝑚𝑚

𝑙𝑙𝑙𝑙 26 − 𝑙𝑙𝑙𝑙 𝜃𝜃𝑚𝑚𝑚𝑚𝑚𝑚
(3) 

The coefficient of variation 𝑐𝑐𝑐𝑐 was calculated according to equation 4 (according to EAD 
330087-01-0601): 

𝑐𝑐𝑐𝑐 = �
1

𝑙𝑙𝑖𝑖𝑎𝑎𝑖𝑖𝑖𝑖 − 1
� �

𝑓𝑓𝑏𝑏,𝑖𝑖,𝑖𝑖

𝑓𝑓𝑏𝑏𝑚𝑚(𝜃𝜃) − 1�
2𝑖𝑖𝑡𝑡𝑡𝑡𝑡𝑡𝑡𝑡

𝑖𝑖=1

(4) 

Where 𝑓𝑓𝑏𝑏𝑚𝑚 is the bond resistance calculated using  equation 2, and 𝑓𝑓𝑏𝑏,𝑖𝑖,𝑖𝑖 is the calculated bond 
resistance using equation 1 with the experimental post-fire resistance.  

 

Figure 5: Ratio of experimental and theoretical bond strength for different post-fire 
temperatures 
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Figure 6: Ratio of experimental and theoretical bond strength for post-fire temperature of 
26°C 

 

5 CONCLUSION 

This paper aimed to provide experimental results on PIRs inserted in concrete cylinders using 
an epoxy mortar in order to assess the post-fire behavior by investigating the effect of 
temperature along the bond on the bond strength. It was established by conducting post-fire 
characterization pull-out tests on PIRs subjected to: 1) several maximum temperatures at 2) 
different post-fire cooling temperatures. These tests aimed to establish a relationship between 
three different parameters: post-fire bond strength, maximum temperature reached along the 
bond and temperature at the post-fire pull-out test.  

In case PIRs have survived a fire event, the post-fire behavior of PIRs can witness a recovery 
of the resistance up to the decomposition temperature of the mortar (250°C for the studied 
epoxy mortar presented in this paper). Depending on the temperature profile at the steel/mortar 
interface over the embedment depth of the PIR, the assessment of the post-fire behavior of the 
PIR can proceed as follow: considering a reversible bond strength degradation up to the 
decomposition temperature of the mortar, and assuming no recovery of bond strength where 
temperature have exceeded the decomposition temperature. 
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ABSTRACT 

Alkali-silica reaction (ASR) is a serious serviceability problem in reinforced concrete (RC) 
structures which can cause concrete cracking and expansion. The ASR damage can weaken the 
bond between concrete and reinforcement, which may further impair the structural performance 
of RC structures. To quantitatively study the bond behavior between ASR-damaged concrete 
and reinforcement is essential for the prediction of the residual mechanical properties of ASR-
affected RC structures. In this study, a discrete numerical method, 3D Rigid Body Spring Model 
(RBSM) was used to study the bond deterioration caused by ASR damage. In the simulation, 
concrete expansion induced by ASR was introduced in the model by applying initial strain on 
normal springs at the mortar-aggregate interface as damage history. After reaching target 
macroscopic ASR expansion, the pull-out simulation was carried out. Firstly, the bond behavior 
between ASR-damaged concrete and reinforcement was studied. Then, the effect of stirrup on 
the bond behavior of ASR-damaged concrete was studied. Apart from the macroscopic load-
displacement response, the stress condition inside the model during the ASR damage and 
pullout process was presented. Furthermore, the number of cracks inside concrete was also 
studied. The mesoscale information could well explain the reason why the bond strength can 
be enhanced by the stirrups.  

1 INTRODUCTION 

In reinforced concrete structures like bridges and dams (Sargolzahi et al. [1]), alkali-silica 
reaction (ASR) is one of the most serious serviceability problems. ASR expansion cause cracks 
in concrete, and impairs concrete mechanical properties (Ahmed et al. [2]; Ben Haha et al. [3]; 
Esposito et al. [4]; Gautam et al. [5] and Abd-Elssamd et al. [6]). Besides, it can also bring 
negative effects on the bond between reinforcement and concrete. In past decades, several 
experimental studies have been carried out on bond behavior between ASR damaged concrete 
and reinforcement (Li et al. [7]). However, the experimental research can only obtain the 
macroscopic bond strength, and the trend of the deterioration on bond strength can hardly be 
quantified due to the lack of sufficient test results. Moreover, the stress and strain evolution, as 
well as the cracking condition inside the specimens, is difficult to understand through 
experimental studies, and this limits the understanding of the complex interaction between 
reinforcement and ASR-damaged concrete. Within this context, it is more efficient to study by 
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numerical modelling. Among the available modelling techniques, the Rigid Body Spring Model 
(RBSM) (Bolander and Saito [8]; Nagai et al. [9]) which falls into the category of discrete 
analysis methods are widely accepted as a good way small deformations and microcracking in 
concrete. The RBSM has been successfully used in simulating the durability issues including 
frost damage (Gong et al. [10]), chloride penetration (Wang and Ueda [11]), ASR and DEF 
(Wang et al. [12]; Wang et al. [13]) and so on. Moreover, it is capable of modelling bond 
performance between reinforcement and concrete (Matsumoto et al. [14] and Hayashi et al. 
[15]). In this study, 3D RBSM was used to model the bond behavior between reinforcement 
and ASR damaged concrete, the method was extended to explore the durability problem on RC 
member level. This study is an investigation based on parametric simulations. Two variables, 
ASR expansion (0 and 2600 µ) and the number of stirrups (0, 2, and 4) were set to study the 
effect of ASR expansion and the restraint effect of stirrups on the bond behavior between 
reinforcement and concrete. Through 3D RBSM, the internal stress and cracking condition are 
directly revealed which helps us to understand the damage process. Also, the crack number can 
be quantitatively studied. The mesoscale information can be useful to learn the reason for the 
change of the bond behavior due to ASR damage and the restraint by the stirrups. 

2 MODELLING METHODOLOGY 

2.1 Analysis method 

In this study, the 3D RBSM model which is proposed by Kawai [16] is used. The model is 
divided into rigid elements after meshing. One normal spring and two shear springs at the 
interface are used to connect two adjacent elements (Figure 1). On each element, there are six 
degrees of freedom (DOF), consisting of three transitional DOFs and three rotational DOFs. 
The interaction between the rigid elements is represented by the response of these springs. The 
behavior of the elements is governed by the properties of the springs. In this study, a model 
including mortar, aggregate, and steel reinforcement elements is adopted to consider ASR 
expansion and confinement by the steel reinforcement (Figure 2). The mortar and aggregate 
elements size is made approximately 23 mm3 to estimate the influence brought by the mesh size. 
Steel elements are modeled according to the real shape of reinforcements including the rib to 
properly replicate the interaction between rebars and mortar.  

Figure 1:  Elements in RBSM Figure 2: RC model consists of mortar, aggregate, and steel 
elements 

2.2 Constitutive model 

There are three types of elements in this model: mortar, aggregate, and steel. Figure 3 shows 
the constitutive models for mortar, steel elements as well as the  𝜏  criterion for mortar-
aggregate interface.  

1002



(a) Mortar element (b) 𝜏  criterion for mortar-
aggregate interface

(c) Steel element

Figure 3: Constitutive model 

2.3 Expansion concept 

The concept of damage history is consistent with previous studies (Wang et al. [12]; Wang et 
al. [13]). ASR expansion is directly introduced into the normal springs at the mortar-aggregate 
interface as an initial strain that causes aggregate surface expansion. It increases at each 
calculation step until reaching the target macroscopic expansion (Figure 4). This model simply 
considers the generated pressure acting at the surface of aggregate. Aggregate cracking is not 
considered.  And the damage is presented only by the aggregate expansion and generated cracks 
in the cement. Furthermore, the initial ASR strain is only added at the normal springs around 
reactive aggregate and the distribution of reactive aggregate is random. The percentage of 
reactive aggregate is set as 75% according to previous study (Wang et al. [12] and Wang et al. 
[13]) to obtain a relatively uniform deformation.  

Figure 4: ASR expansion concept 
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2.4 Modification of constitutive model 

The ASR gel can move into and fill the cracks when the crack width is small. In this stage, the 
cracked area can still bear the stress (Ji et al. [17]).  To account for this, tensile capacity can 
keep until the crack width reaches 0.01 mm in the modified model (red line in Figure 5 (a)). 
Thereafter, the tensile capacity decreases. Besides, the ASR treating condition may have a 
positive effect on the material properties of the concrete when ASR damage remains 
insignificant (Abd-Elssamd et al. [6]). Considering this, the input tensile strength of the mortar 
element should be increased accordingly. Here, the relationship between normalized splitting 
tensile strength and macroscopic ASR expansion from the literature of ASR-damaged concrete 
were collected (Ahmed et al. [2]; Ben Haha [3] and Esposito et al. [4]) and plotted in Figure 5 
(b). When ASR expansion is small, the favorable hydration conditions and lack of cracks mean 
that concrete tensile strength increases. When ASR expansion becomes larger, the tensile 
splitting strength sharply decreases due to the development of cracks. Since the modification is 
to account only for the increase in cement strength, we simply adopt a model where the input 
tensile strength increases proportionally to macroscopic ASR expansion until it reaches 400 µ 
and remains constant, as the red line in Figure 5 (b) shows. Here, the mortar-steel interface also 
increases accordingly. The reduction of the tensile splitting strength can be presented by the 
ASR cracking at mesoscale in the simulation.  

(a) Modified constitutive model for normal
spring between mortar elements

(b) Modified constitutive model for normal
spring between mortar elements

Figure 5: Modification for the constitutive model for the normal springs and tensile strength 
for mortar element 

3 MODELS 

3.1 Model size and input parameters 

This study is a parametric study so that general material properties are selected, and the input 
values are determined based on Nagai et al.’s [9]) paper as shown in Table 1. The simulation 
parameters and modified input material properties considering the ASR condition are shown in 
Table 2. There are six cubic models in total. To study the effect of stirrups on bond behavior of 

1004



ASR damaged concrete, models are categorized into three series. Among them, series NS 
includes models without stirrup (Figure 6(b)), series 2S includes models with two stirrups 
(Figure 6(c)) while series 4S includes models with four stirrups (Figure 6(d)). In each series, 
two identical models are made, and one of them is subjected to pullout load directly while the 
other is firstly subjected to free ASR expansion and then pullout load. The model dimension is 
shown in Figure 5. The size of the concrete cube is 150 mm x 150 mm x 150mm. One main bar 
with a diameter of 13 mm is embedded at the center of the concrete cube. At two ends of the 
main bar, 35 mm length of the unbonded zone is set. The diameter of the stirrup and longitudinal 
reinforcement is 6 mm. The yield strength of the rebar is set as 10000 MPa to avoid yielding 
during the pullout process. The elements number of each model is shown in Table 3. 

Table 1: Input material properties 

Mortar Aggregate Steel 
Steel-
mortar 

interface 

Aggregate-
mortar 

interface 
Modulus of 

elasticity 
(MPa) 

Tensile 
strength 
(MPa) 

Modulus of 
elasticity 

(MPa) 

Modulus of 
elasticity 

(MPa) 

Yield 
strength 
(MPa) 

Tensile 
strength 
(MPa) 

Tensile 
strength 
(MPa) 

21166 1.60 50000 200000 10000 1.09 1.58 

Table 2: Details of simulation models 

Series Model 
ID 

Number of 
stirrups 

ASR 
expansion 

before 
pullout (µ) 

Tensile strength of 
mortar (MPa) 

Tensile strength of 
steel-mortar 

interface (MPa) 

NS NS-0 0 0 1.60 1.09 
NS-E 0 2600 1.92 (modified) 1.31 (modified) 

2S 2S-0 2 0 1.60 1.09 
2S-E 2 2600 1.92 (modified) 1.31 (modified) 

4S 4S-0 4 0 1.60 1.09 
4S-E 4 2600 1.92 (modified) 1.31 (modified) 

Table 3: Number of elements 

Model ID Mortar element Aggregate element Steel element Total 
NS-0/NS-E 208973 163041 768 372782 
2S-0/2S-E 205471 164117 9216 378804 
4S-0/4S-E 204367 158928 14784 378079 
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Reinforcement X-Y middle cross-
section 

(a) 3D view (b) NS

Reinforcement X-Y middle cross-
section 

Reinforcement X-Y middle cross-
section 

(c) 2S (d) 4S

Figure 6:  Model’s size 

3.2 Modelling process 

In cases with ASR damage (NS-E, 2S-E, and 4S-E), the modelling includes expansion stage 
and pullout stage. In the expansion stage, aggregate surface expansion is given until reaching 
target macroscopic expansion. As shown in Figure 7(a), the average elongation of the blue lines 
on four side surfaces is regarded as the longitudinal macroscopic expansion, while the average 
elongation of the red lines on four side surfaces is regarded as the lateral macroscopic expansion. 
Finally, the average of the longitudinal and lateral macroscopic expansion is taken as the overall 
macroscopic expansion. The macroscopic expansion we mention in this paper is the overall 
macroscopic expansion. After target macroscopic expansion reaches, pullout loading will be 
carried out and the boundary condition in the pullout stage is shown in Figure 7(b). 

(a) Measurement of macroscopic expansion

X-Y middle cross-section

(b) Boundary condition for pullout (Series 2S for
example) 

Figure 7: Measurement of macroscopic expansion and boundary conditions 
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4 ASR EXPANSION 

4.1 Stress conditions after ASR expansion 

Figure 8 shows the stress conditions on the x-y middle cross-section before pullout in cases 
with ASR damage. The rebars were in tension since the tensile stress in mortar induced by ASR 
expansion was well transferred to the rebar. Besides, cracks could be seen in all cases. In the 
cases where there are stirrups (2S-E and 4S-E), the compression part was larger, which showed 
the restraint effect brought by the stirrups.  

Deformation is enlarged 10 times 

(a) NS-E (b) 2S-E (c) 4S-E

Figure 8:  Stress conditions on x-y middle cross-section after the ASR expansion 

4.2 Number of cracks after ASR expansion 

Figure 9 presents the number of cracks before pullout in the cases with ASR expansion. When 
the aggregate surface expansion reaches 11000 µ, the target macroscopic expansion of 2600 µ 
was reached. For small cracks (crack width: 0.001 mm), the crack number in all cases were 
almost the same. For larger cracks (crack width: 0.005 and 0.01 mm), in cases with stirrups, 
large cracks were confined and the crack number decreased due to the stirrup confining action. 

(a) Crack width: 0.001 mm (b) Crack width: 0.005 mm (c) Crack width: 0.01 mm

Figure 9:  Number of cracks during the ASR expansion 
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5 PULLOUT BEHAVIOR 

5.1 Load displacement curve and bond stress 

The load-displacement curves of each case are shown in Figure 10. The displacement here is 
the free-end displacement. When there is no ASR damage, the stiffness of ascending branch 
and the peak load in NS-0, 2S-0 and 4S-0 almost have no difference since the concrete cover is 
very thick in these cases, so the stirrups are not effective when concrete is not pre-damaged. In 
NS-E, the initial stiffness of the load-displacement curve becomes lower than the cases where 
there is no ASR damage due to the existing cracks after ASR expansion as shown in Figure 8. 
However, although the initial stiffness of the load-displacement curve for cases with ASR 
damage and stirrups (2S-E and 4S-E) is lower than the cases without ASR damage (2S-0 and 
4S-0), the stirrups could confine large cracks as explained in section 4.2, accounting for the 
higher initial stiffness for cases 2S-E and 4S-E when compared with that of NS-E. Besides, the 
peak load of 4S-E and 2S-E is 48.5% and 35.9% higher than that of NS-E, respectively.  

Figure 11 shows the relationship between bond stress and the number of stirrups in cases with 
and without ASR expansion. The bond stress (τmax) is calculated according to Equation (1). 

τmax=
Pmax

πdl
(1) 

where Pmax is the peak load, d is the rebar diameter, and l is the bonded length. 

When there is no ASR damage, the influence of the number of stirrups on the bond stress is not 
significant. However, when the macroscopic ASR expansion reaches 2600 µ before pullout, the 
stirrups could effectively increase the bond stress.  

Figure 10:  Load-displacement curve Figure 11:  Bond stress 

5.2 Stress development on cases with ASR damage 

Figure 12 shows the stress development during pullout process. In the cases without ASR 
damage (NS-0, 2S-0, and 4S-0), when pullout starts, the mortar in front of the rebar ribs begins 
to be in compression, and the compression area increases with the increase of displacement.  

0.0 0.5 1.0 1.5 2.0
0

10

20

30

40

50

60

70

L
oa

d 
/k

N

Displacement /mm

 NS-0
 2S-0
 4S-0
 NS-E
 2S-E
 4S-E

0 2 4
10

12

14

16

18

20

B
on

d 
st

re
ss

 /M
P

a

Number of stirrups

 without ASR damage
 with ASR damage

1008



Deformation is enlarged 10 times 

35% of peak load 80% of peak load Peak load 80% after peak load 

NS-0 

2S-0 

4S-0 

NS-E 

2S-E 

4S-E 

Figure 12:  Stress development on x-y middle section during pullout process 
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When peak load is reached, the compression area becomes the largest during the pullout process. 
After that, concrete around the rebar is locally damaged and leads to a decrease in the load on 
the rebar. The stress development in NS-0, 2S-0, and 4S-0 is almost the same during the damage 
process. In cases with ASR damage (NS-E, 2S-E, and 4S-E), when pullout starts, apart from 
the reactive aggregates that are in compression due to ASR damage, the mortar in front of the 
rebar ribs also begins to be in compression. When the load reaches 80% of the peak load, large 
cracks already form in front of rebar ribs due to the ASR damage. When peak load is reached, 
the compression area becomes the largest during the pullout process. The compression area in 
4S-E is the largest among these three cases due to the restraint by the stirrups, while the 
compression area is the smallest in NS-E. So that the peak load in 4S-E is higher than that of 
2S-E and NS-E. The concrete around the rebar is locally damaged in this stage. After that, 
concrete around the rebar continues to be damaged and leads to a decrease in the load on the 
rebar.  

Overall, when there is no stirrup, the ASR damage in NS-E results in internal cracks before 
pullout, and the small cracks impedes the stress transfer so that the compression zone is always 
smaller than that of NS-0. The peak load in NS-E is also lower than that of NS-0. When there 
are stirrups (2S-E and 4S-E), although cracks also occur before pullout, the stirrups could 
restrain the expansion of concrete during the pullout stage and confine the core concrete, and 
more stirrups could provide a higher restraint level. So that the peak load could keep in 2S-E 
and increase slightly in 4S-E when compared to cases without ASR damage (2S-0 and 4S-0). 

6 CONCLUSION 

In this paper, the effect of ASR expansion and the stirrup restraint on the bond behavior between 
reinforcement and concrete are studied through the discrete numerical method, 3D RBSM. The 
following conclusions can be drawn from the numerical results: 

(1) Once ASR is activated, concrete can expand and crack, to the detriment of bond behavior.
The existence of cracks would reduce the initial stiffness of the pullout load-displacement curve.
Also, the load transfer between reinforcement and concrete could be impeded where there are
no stirrups so the peak load of pullout is also reduced.

(2) The stirrups could restrain large cracks induced by ASR expansion, which means the
number of cracks is reduced when there are stirrups compared with the case without stirrups at
the same macroscopic ASR expansion. Hence, the initial stiffness is less impaired in the case
with stirrups even there is ASR damage. The confinement level for cracks by two and four
stirrups is almost the same.

(3) The stirrups could also restrain the core concrete and lead to higher compressive stress in
concrete near the rebar when ASR expansion occurs. So that the existence of stirrups could
significantly improve the bond strength between rebar and ASR-damaged concrete, more
stirrups can have a greater restraint effect. When there are no stirrups, the bond stress is reduced
when macroscopic ASR expansion before pullout is around 2600 µ. However, the bond stress
is almost not affected in the case with two stirrups while it could be slightly increased in the
case with four stirrups.
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ABSTRACT 

The accurate assessment of existing structures requires refined bond-slip models, which could 
account for the unloading and reloading of structures. Although bond has been investigated for 
as long as reinforced concrete exists, most bond-related design provisions rely on simplified 
empirical approaches. A reason for that are the technical challenges of measuring the bond. 
With the development of new measurement technologies, the highly complex bond behaviour 
can be assessed along the embedded reinforcement length and throughout the lifetime of a 
structure, without affecting the bond conditions. 

This paper presents first selected results of an extensive experimental campaign comprising 
tension chord specimens subjected to static, cyclic, and high-cyclic loads. The loading history 
and load amplitude were varied in the tests, and all reinforcing bars were instrumented with 
distributed fibre optical sensors. This novel measurement technique allows for a quasi-
continuous strain measurement along the bars. The nominal steel stress distribution can then be 
derived using constitutive laws, and the bond shear stress distribution follows from the latter 
by equilibrium. The assessment of the concrete contribution between the cracks in the tension 
chords shows a pronounced reduction of tension stiffening with an increasing number of load 
cycles, causing larger deformations. The findings contribute to a better understanding of the 
deterioration process due to repeated loads at the interface of concrete and steel. 

1 INTRODUCTION 

The interaction between concrete and steel significantly influences the serviceability of cracked 
reinforced concrete (RC) structures. Between the cracks, a part of the applied load is transferred 
from the steel to the surrounding concrete through bond, and the composite material has a higher 
stiffness than the bare reinforcement. However, this tension stiffening is reduced when a 
structure is subjected to repeated loads, leading to larger deformations and an increase in crack 
widths over their service life, which may affect the serviceability and durability of a structure. 
Accounting for the effect of cyclic loads is therefore crucial for a reliable assessment of existing 
structures subjected to significantly varying loads. 

Bond behaviour under monotonic load is commonly studied on pull-out tests with small bonded 
lengths, and so is the behaviour under cyclic loads. The relative slip between steel and concrete 
is used to quantify fatigue damage. In an extensive experimental campaign, Rehm and 

1013



   
 

Eligehausen determined S-N curves for bond [1], similar to steel. Bond stress limits below 
which no fatigue failure is to be expected are thus defined. Balázs observed an increase in slip 
with the number of cycles and defined the slip at ultimate bond strength as the failure criterion 
for bond fatigue [2]. However, applying the findings and damage mechanisms gained from pull-
out tests under repeated loads to other structural elements is not straightforward: the behaviour 
is fundamentally different due to the boundary conditions and the longer bonded lengths: in a 
pull-out test, the bearing plate enables the formation of compression fields, increasing the bond 
strength, while the load redistribution capacity is limited due to the short bonded length. 

Another approach to study the fatigue response was to perform fatigue tests on RC elements 
such as tension chords or beams. Several researchers observed a progressive damaging of the 
structure, which is reflected by growing deformations and increasing crack widths (e.g. [3]). 
However, the mechanisms behind the progressive damage are not fully understood yet. On the 
one hand, the stiffness of the concrete in the compression zone decreases, and on the other hand, 
the bond degradation in the tensile zone leads to a further loss of stiffness. These complex and 
interacting processes need to be analysed individually to gain deeper insight into the fatigue 
degradation of RC structures. 

In structures subjected to repeated loads, the quasi-permanent state relevant for fatigue 
verifications and the assessment of serviceability criteria is the one after unloading, 
characterized by larger deformations and crack widths than those calculated with monotonic 
models due to the non-linear and non-symmetric unload-reload bond behaviour. Many models 
assume reduced bond shear stresses during the unloading and reloading, assuming a further 
reduction of bond shear stresses with an increasing number of load cycles to account for bond 
degradation. However, the actual mechanical bond behaviour can lead to a negative tension 
stiffening contribution, which is not commonly included in existing models.  

The development of high-resolution strains measurement technologies such as distributed fibre 
optical sensors (DFOS) offers new opportunities to experimentally analyse the interaction 
between concrete and steel without biasing the interface behaviour. These measurements can 
contribute to a better understanding of the bond behaviour and the damaging processes causing 
bond degradation. This work uses DFOS measurements to study the influence of repeated loads 
on the bond properties and the response of reinforced concrete ties, addressing the knowledge 
gaps outlined above regarding cyclic bond behaviour and unloading. 

2 EXPERIMENTAL CAMPAIGN 

The effects of repeated loads on bond behaviour are investigated on tension chords reinforced 
with a single reinforcing bar and subjected to various loading. The tests are part of an extensive 
experimental campaign within the framework of the first author's doctoral thesis, which also 
encompasses pull-out tests with variable bonded lengths. Selected preliminary results regarding 
the pull-out tests were presented previously [4]. 

2.1 Setup, instrumentation and materials  

The experimental campaign comprised three series with different concrete, bar diameters and 
layouts (Figure 1). The concrete tie had a cross-section of 150 x 150 mm and 1000 mm in 
length, and the reinforcing bars had a nominal diameter of 16 mm (Series 1) and 20 mm (Series 
2 and 3). In Series 1 and 2, the bars were connected via fatigue-resistant threaded couplers to 
larger diameters to avoid fatigue failure outside the concrete (reduction of applied stress 
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amplitude). This method was omitted in Series 3. Instead, a metal sleeve was placed over the 
bar ends and fixed with adhesive to reduce stress concentrations at the clamping. The advantage 
of the latter method was that the instrumentation with the fibre optical sensors (FOS) was 
possible over the entire embedded length and some centimetres outside the concrete, which is 
useful to measure the strains of the bare bar. In contrast, in Series 1 and 2, the instrumented 
length was limited to the embedded bar between the couplers (Figure 1a and 1e). Furthermore, 
it was observed during the testing of Series 1 and 2 that the presence of the couplers and the 
diameter change caused crack formation at these locations. 

 

Figure 1: Experimental campaign: (a) schematic illustration of the specimens - dimensions in 
mm; (b) testing machine with an installed specimen; (c) and (d) bar instrumentation with 

DFOS; and (e) detailed view on a fatigue-resistant coupler. 

 

The reinforcing bars were instrumented with two FOS with a rigid polyimide coating, as 
recommended in [5] and [6]. The sensors were glued with a two-component epoxy in 1 x 1 mm 
grooves carved opposite each other along the reinforcing bar. In addition to the DFOS, the 
global deformation was measured using digital image correlation (DIC) and – in some cases – 
with a linear variable displacement transformer (LVDT) spanning the length between the 
clampings. Details on the DIC setup can be found in [6]. 

All reinforcing bars used in the test program were of type B500B. Material characterisation 
tests were performed for each series using a least 7 bars from each batch. The results are 
summarised in Table 1. 
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Table 1: Material properties of the reinforcement, mean values and coefficient of variation % 

Series:  1 2 3 

Nominal bar diameter [mm] 16 20 20 

Number of specimens [-] 10 7 7 

Effective diameter [mm] 15.84 (±0.4) 20.05 (±0.1) 19.95 (±0.1) 

Yield strength, 𝑓  [MPa] 509.2 (±0.9) 573.3 (±1.3) 558.5 (±1.0%)  

Ultimate strength, 𝑓  [MPa] 606.5 (±0.7) 665.2 (±0.9) 666.9 (±0.6%)  

Modulus of elasticity, 𝐸  [GPa] 196.0 (±2.1) 201.9 (±1.9) 196.3 (±1.6%)  

 

The three series were cast separately with normal strength concrete with a maximum aggregate 
size of 16 mm. The casting direction was orthogonal to the reinforcing bars, except for 
specimens of Series 3 indicated by the ending L in their denotation. Those were cast parallel to 
the bars to assess the effect of the casting direction. However, this effect is beyond the scope of 
the present paper, and the specimens are treated as equal herein. The mechanical properties of 
the concrete were determined for each series first after 28 days and last after testing the last 
sample of each series. The results and the dates of casting and testing are provided in Table 2. 

Table 2: Material properties of the concrete, mean values and coefficient of variation % 

Series  1 2 3 

Casting date  03.05.19 07.10.19 15.02.21 

Testing date  31.05.19 04.11.19 04.11.19 22.06.20 15.03.21 11.10.21 

Age of concrete [d] 28 185 28 259 28 238 

Cube compressive 
strength, fcw 

[MPa] 
40.2 

(±1.0) 
44.3 

(±1.0) 
37.1 

(±3.4) 
38.0 

(±2.3) 
39.6 

(±1.9) 
42.5 

(±5.5) 
Cylindr. compressive 
strength, fcc 

[MPa] 
37.3 

(±3.8) 
39.7 

(±1.1) 
27.7 

(±3.4) 
31.1 

(±2.4) 
29.2 

(±10.6) 
34.9 

(±9.6) 
Tensile strength, fcts [MPa] 

2.9 
(±2.1) 

3.1 
(±10.1) 

2.3  
(±6.6) 

2.2  
(±8.2) 

2.7 
(±10.2) 

2.9 
(±9.6) 

Modulus of elasticity, 
Ec 

[GPa] 28.8 
(±2.6) 

31.5 
(±0.1) 

26.6 
(±1.9) 

27.6 
(±6.1) 

28.5 
(±5.5) 

32.9 
(±10.7) 

 

2.2 Testing procedure 

The tests were conducted consecutively in a servo-hydraulic universal testing machine of type 
Schenck 480 kN (Figure 1b). The specimens were subjected to uniaxial tensile load. The 
loading scheme for the tests under repeated loads consisted of an initial loading (n = 0) to freely 
initiate cracks in the specimen, followed by complete unloading and then alternating sequences 
of cyclic and monotonic loads (n  1). After reaching a predefined number of load cycles, 
specimens that had withstood the repeated loads were completely unloaded and subsequently 
loaded monotonically up to failure. During the cyclic loading, the load was applied force 
controlled and sinusoidally oscillating with a constant frequency between predefined load limits 
(𝐹  and 𝐹 . During these cycles, the force and displacement were recorded. In the 
monotonic sequences, the load cycle (i.e. loading from 𝐹  to 𝐹  and unloading back to 
𝐹 ) was applied displacement controlled at a constant rate. In these cycles – referred to as 
measurement cycles (MC) here – the strain measurements with DFOS and the global 
deformation with DIC were taken, in addition to the load and the displacement. The parameters 
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and settings for each test are listed in Table 3. Note that the initial loading is not included in the 
total number of applied load cycles.  

Furthermore, each series comprised tests under monotonic loading for comparison. The load 
was applied in the same way as in the monotonic sequences of the corresponding cyclic tests. 

Table 3: Configuration of tension chords tested under repeated loads 

Specimen 
Ø 

[mm] 
Age at 
testing 

𝐹 , * 
[kN] 

Stress range Load 
freq 
[Hz] 

Total 
N 

Type 
of 

failure 

DFOS 

𝜎  𝜎  
GP 

[mm] 
freq 
[Hz] 

S1-ZG-05 16 88 59.7 100 150 2.5 106 static 0.65 12.5 
S1-ZG-08 83 68.0 100 275 2.5 3,71105 fatigue 0.65 12.5 
S2-ZG-01 20 39 60.3 100 200 2.5 106 static 0.65 12.5 
S2-ZG-02 149 59.3 100 200 2.5 106 static 2.60 50.00 
S2-ZG-08 252 99.4 20 320 2.5 9.34105 fatigue 0.65 12.5 

S3-ZG-H01 20 150 100.3 100 300 5 106 static 0.65 6.25 
S3-ZG-H06 149 99.1 100 300 5 104 static 0.65 6.25 
S3-ZG-H09 163 100.2 100 300 5 102 static 0.65 6.25 
S3-ZG-L02 20 191 92.8 100 300 5 102 static 0.65 6.25 
S3-ZG-L04 197 99.5 100 400 5 1.79105 fatigue 0.65 6.25 
S3-ZG-L06 192 79.1 100 200 5 106 static 0.65 6.25 
S3-ZG-L07 189 114.6 100 300 5 104 static 0.65 6.25 
*max load reached during the initial loading. 

 

2.3 DFOS acquisition and post-processing 

All DFOS measurements presented here were acquired using the interrogator ODiSi-6014 
supplied by Luna Innovations [7]. The spatial resolution (gauge pitch (GP)) was set to the 
minimum possible value (i.e. 0.65 mm) in general, which proved to generate the best sensing 
quality. The sampling frequency was at least 6.25 Hz and resulted from the chosen gauge pitch 
and the length of the fibre optic sensors. The DFOS settings for the cyclic tests are also given 
in Table 3. 

The initial strain state resulting from the shrinkage deformation was measured before starting 
the test. This was possible as the sensors were installed before casting. The shrinkage strains 
were smoothened and added in the post-processing to the load-induced strains. Accounting for 
the shrinkage strains is particularly important for assessing residual deformations [8]. 

In the post-processing, the strain measurement was down-sampled to match the sampling 
frequency of the other quantities. In addition, outliers were removed and replaced, together with 
missing entries in the data, by linear interpolation. Subsequently, a moving average over at least 
the distance between the ribs was applied to mitigate the peaks arising from the ribbed 
reinforcement surface, as recommended in [5]. Strains measured along the free sections, e.g. 
across the loop, were used for temperature compensation [6]. 

3 RESULTS AND DISCUSSION 

Specimen S2-ZG-01 is used in the following to demonstrate and discuss the results of the high-
resolution strain measurements.  
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3.1 Detailed strain and bond shear stress distribution 

The cyclic response is analysed by first observing the strain distribution for the unloading and 
reloading steps. Figure 2 shows the strain distribution along the instrumented section of the 
cracked Specimen S2-ZG-01 for reloading and unloading in the first MC (i.e. right after the 
initial loading for cracking and the following complete unloading). The strains are plotted for 
selected load steps spaced at ∆𝐹 5𝑘𝑁 as well as for 𝐹  and 𝐹 . Note that the FOS did 
not cover the whole specimen length here. The presented data is obtained from one sensor and 
is limited to the instrumented part of the inner bar (cf. Figure 1a). 

 

Figure 2: Strain distribution at the first re- and unloading showed on Specimen S2-ZG-01: (a) 
schematic representation of specimen and crack patterns; (b) load-deformation diagram; (c) 

and (d) strain distribution for re- and unloading, respectively. 

 

Three cracks formed almost perpendicular to the loading direction during the initial phase, as 
illustrated in Figure 2a. The coupler biased the location of the outer crack, and further two 
developed freely at approximately quarter and midsection of the specimen. The crack location 
corresponded to the maximum strains measured with DFOS. The number of cracks remained 
constant after the initial loading. Further cracks only developed when loading the specimen up 
to failure after the millionth load cycle. However, an increase in the crack widths occurred in 
the period of cyclic loads. Note that the LVDT had twisted during the initial loading and had to 
be reinstalled after the complete unloading. Thus, the load-deformation diagram (Figure 2b) 
shows the measured deformation starting from the first cycle, i.e. relative to the full unloaded 
state after the initial loading. Hence, it does not represent the entire deformation of the 
specimen. 
The reloading n = 1 illustrated in Figure 2c resumed after entirely unloading the specimen after 
initial loading to generate the fully stabilised cracking stage. Accordingly, the lowest strain 
profile in light grey displays the deformation at almost no load (cf. Figure 2b). It is evident that 
the mean strains over the crack element (i.e. segment delimited by two adjacent cracks A and 
B) were higher than those of an unloaded bare bar. The strains between the respective cracks 
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were higher than the strains at the cracks due to negative bond shear stresses caused by the slip 
reversal at unloading. This effect, known as negative tension stiffening, is amplified by the fact 
that cracks may not close perfectly, causing concrete compression and corresponding tensile 
stresses in the reinforcing bar at the cracks [8, 10]. 
When reloading, it is commonly assumed that the gradient of the steel stress distribution 
reverses sign starting from the cracks, (changing sign of the bond shear stresses). Similar 
behaviour with a reversed shape starting from the crack location is also anticipated for the 
unloading phase [10, 11]. However, the observed strain distributions only partially support 
these assumptions. A slope reversal, and thus the bond shear stress reversal, was only observed 
after a certain degree of re- and unloading, rather than immediately. For instance, the strains 
decreased in a fan-like manner during unloading down to the lower load level (Figure 2d), 
indicating a reduction of the bond shear stresses, but no change of their direction. After 
significant unloading, a bond stress reversal eventually led to a strain distribution similar to the 
expected one. 

3.2 Complete unloading and residual deformation 

Figure 3 compares the strain distribution of the completely unloaded state after the initial 
cracking phase to the one after reaching the millionth cycle. The strains showed an 
unsymmetrical and uneven distribution over the crack element. Nevertheless, an increase in the 
mean strains of the load-free state after the initial loading and after the millionth cycle and 
corresponding higher average bond shear stresses could be observed. 

 

Figure 3: Strain distribution at the load-free state after the initial loading and after 
completing one million cycles in Specimen S2-ZG-01. 

 

The derivative of the uneven strain shape would have led to locally unrealistic bond shear stress 
values. To still analyse the bond shear stresses, average values are considered here by dividing 
the crack element at the location of the maximum strains in two parts and linearly fitting the 
strain profiles on each side. The gradient of the fitted strains (dashed lines in Figure 3) is 
proportional to the average bond shear stresses 𝜏 . The absolute value of 𝜏 ,  on the left side 
increased from 0.76 to 1.42 MPa, whereas 𝜏 ,  on the right side changed much less (1.22 and 
1.41 MPa after first and millionth load, respectively). The increase in the absolute bond shear 
stress value was also reported in [9], where negative bond values appeared with increasing 
cycles.  

3.3 Influence of repeated loading  

The influence of repeated loading on the deformation behaviour is studied using the same 
specimen as in the previous sections. Figure 4 shows the development of strain, stress and bond 
shear stress distributions with increasing number of load cycles. The strains at the upper load 
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limit 𝐹  are plotted in Figure 4a for all measurement cycles. The increase in the strains with 
increasing load cycles is evident. For instance, the strains in the centre of the crack element 
between crack B and C increased by around 59% from the first to the millionth cycle, which is 
clear evidence of the cycle-dependent reduction of concrete stresses between cracks. 

 

Figure 4: Effect of cyclic loading on (a) strain, (b) normal and (c) bond shear stress 
distribution, and (d) maximum bond shear stress in Specimen S2-ZG-01. 

 

For fatigue, the actual stress amplitude is of primary interest. As the strains remained below the 
yield limit, the stresses could be obtained from the measured strains simply by multiplication 
with the elastic modulus 𝐸   of the reinforcing bar. Figure 4b shows the change in the stress 
amplitude that occurred along the bar for the first (shaded in blue) and the millionth cycle 
(shaded in red). While these values were constant at the crack locations and equal to the applied 
stress amplitude (as expected, since the steel carries the entire load at the cracks), the stresses 
inside the crack element at 𝐹  and 𝐹  and the stress amplitude changed significantly. For 
instance, at the centre between cracks, the stresses at 𝐹  and 𝐹  increased by approximately 
64% compared to the first cycle. This change, which is due to the cyclic loss of tension 
stiffening, resulted in higher stress amplitude and mean stress. 

The distribution of the local bond shear stresses τ  is obtained from equilibrium:  

𝜏
𝜙 ∙ 𝐸 ∙ ∆𝜀

4 ∙ ∆𝑥
 (1) 

where ∆𝑥 is equal to the gauge pitch (0.65 mm), ∆ε is the strain change over this spacing, and 
𝐸  the elastic modulus. Figure 4c shows the resulting distribution at 𝐹  for all MCs. The bond 
shear stresses declined with load cycles. Figure 4d presents the decrease of the maximum value 
within the lengths a and b illustrated in Fig. 4c (from crack B to the locations of zero relative 
slip) with increasing number of cycles. The maximum bond shear stress value was reduced to 
around 70% of its initial value on average. 
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3.4 Analysis of mean strains 

The tension stiffening contribution of concrete can be quantified by the ratio 𝜀 𝜀 ,⁄  of the 
mean strains of a crack element to the strains at the cracks defining the element under 
consideration. A value of 𝜀 𝜀 ,⁄ 1 means that the concrete does not contribute to the load 
transfer between the cracks and the tension chord behaves like a bare reinforcing bar.  

Figure 5a presents the development of 𝜀 𝜀 ,⁄  over the applied load cycles for various 
specimens with the same lower stress limit (𝜎 100 MPa) and variable upper stress and 
reinforcement ratio. For Series 1 (𝜌 0.9%), the value had to be calculated based on half a 
crack element as the cracks occurred such that no full crack element lay entirely within the 
instrumented section. 

 

Figure 5: (a) Development of mean strains to crack strains ratio over the applied load cycles; 
(b) ratio of the experimentally observed bond shear stresses bx,max to the ultimate bond shear 

stress bu,PO determined on pull-out tests. 

 

As expected, a smaller reinforcement ratio corresponded to a higher tension stiffening 
contribution, as seen, e.g. in the first loading, and the ratio 𝜀 𝜀 ,⁄  increases with the applied 
load. An almost linear increase of this ratio with increasing number of load cycles could be 
observed in the semi-logarithmic scale. The increase seems to depend on the maximum load. 
The ratio of the experimentally observed bond shear stresses b,max to the ultimate bond shear 
stress bu,PO is given in Figure 5b. The former, i.e.b,max, is defined here as the maximum of 
local bond shear stress over a half crack element, and the latter, i.e. bu,PO, is the average of three 
monotonic pull-out tests, according to the RILEM standards [12], with a bonded length of five 
times the reinforcement diameter and composed from the same concrete and reinforcing bars 
as the specimens. The results confirm an observation of Rehm and Eligehausen [1]: for loads 
below the fatigue bond strength, the bond S-N curves have the same gradient, which means that 
the degradation is similar. They defined the bond strength to be around b,max /bu =0.55 to 0.6 
for lower bond limit b,min /bu =0.1. 

The specimen with the smallest upper load ( = 50 MPa) appears to contradict the above 
findings: the concrete contribution to the element response was almost unaffected by the 
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number of load cycles for this and in fact, the ratio 𝜀 𝜀 ,⁄  even decreased slightly. A closer 
investigation of the distributed strains measurement revealed that only a small section was 
affected by the unloading and reloading cycles, such that potential damage did not affect the 
mean strains. 

 

Figure 6: Load deformation behaviour of RC elements subjected to variable number of cycles. 

 

The load-deformation behaviour of specimens preloaded with a different number of load cycles 
under the same loading condition and without preloading are compared in Figure 6. This allows 
assessing the influence of cyclic loads on the ultimate response. The mean strains 𝜀 ̅ were 
obtained by averaging the DFOS measurement of both sensors and over the entire specimen 
length. Hence, only specimens from Series 3 could be used in this comparison.  

In line with the observations made in Section 3.2, for complete unloading and minimum loads 
the mean strain was larger than the strains at the crack (the curves are to the right of the bare 
bar response), and the specimen preloaded with a million cycles showed the highest value. The 
curves deviate to the left side from the bare bar response with increasing load, and the tension 
stiffening, which can be interpreted as the horizontal distance to the bare bar response (shift to 
the left), can be seen. Its values are the highest for the specimen without cyclic preloading and 
the smallest for preloading with the highest number of cycles. Above the upper load limit of the 
cyclic loads, the distance between the curves and the bare bar increases and their slopes are 
approaching that of the specimen without preloading. As expected, all curves are similar when 
reaching the yield limit.  

4 CONCLUSION 

In this paper, the interaction between concrete and reinforcing bars under repeated loads was 
studied on tension chord elements. The reinforcing bars were instrumented with distributed 
fibre optical sensors (DFOS), which enable a quasi-continuous mapping of the steel strains. 
Based on the experimental results, the following conclusions can be drawn:  

 Tension stiffening is reduced with increasing load cycles. However, previous cyclic 
loads do not influence the deformation behaviour at the ultimate load. When loaded up 
to failure, concrete contribution is in a similar range as the undamaged tension chord. 
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This indicates that higher bond shear stresses arise in regions showing bond degradation 
under service loads. 

 The continuous strain measurement revealed that a bond degradation only occurs along 
sections previously affected by unloading. The degree of unloading and reloading and 
thus the transfer length influence the degradation process.  

 The actual stress amplitudes along the reinforcing bars are not constant at sections 
between the cracks in fatigue tests with constant amplitude. Their amplitude and mean 
value increase with the load cycles due to the progressive reduction of the concrete 
contribution. 

 In the analysed tension chords, the resulting bond shear stresses were below the fatigue 
bond strength. The degradation of the tension stiffening occurred linearly in the semi-
logarithmic scale for the investigated stress amplitudes except where the load variation 
was too small to cause any degradation. 

The presented results underline that DFOS is a powerful tool for gaining new insight into the 
behaviour of reinforced concrete elements and for understanding the complex fatigue process. 
The results reported here are preliminary, as the processing of the experiments is still in 
progress. Nonetheless, thanks to the DFOS’s high-resolution in time and space, various aspects 
of the behaviour under repeated loads could already be investigated. Further results and 
conclusions, including a comparison to the results of the pull-out tests, shall be presented at the 
conference. 
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ABSTRACT 

Post-installed rebars (PIRs) are increasingly used to connect pre-existing structural elements 
thanks to their high mechanical properties at ambient temperature and their ease of 
implementation. However, the behavior of PIRs is governed by the behavior of the used 
adhesive product which is highly sensitive to temperature increase. Therefore, in case of fire 
exposure the bond behavior has a significant impact on design of PIRs in concrete. In the 
literature, many researchers have studied the bond behavior of PIRs in concrete under fire and 
have attempted to validate Pinoteau’s Resistance Integration Method (RIM). The temperature 
profiles, used as an entry data in RIM, along the embedment depth are obtained using transient 
heat transfer simulations. The current modelling approach does not take into consideration the 
presence of steel in the model (based on concrete temperature only). In order to improve this 
procedure and produce more realistic calculations, this paper presents a study on the influence 
of the steel diffusivity on the current method used to calculate the pull-out capacity of PIRs 
under fire conditions. The influence of several parameters on temperature profiles along the 
rebar and consequently the RIM has been investigated: 1) concrete cover, 2) rebar size, and 3) 
spacing between the PIR and neighboring reinforcement bars. In this study, the slab-slab and 
beam-wall connection applications were studied with rebars taken into account in the model 
and compared to the models without rebars. The temperature profiles obtained were used in 
RIM to establish a comparison of the calculated pull-out capacities obtained with the two 
methods using an example on one epoxy-based product. 

1 INTRODUCTION 

Post-installed reinforcement is a widely used technique for connecting existing structural 
elements thanks to the technical and architectural solutions they provide at ambient 
temperatures. However, the increase of temperature degrades rapidly their mechanical 
performances. Therefore, temperature is a potential factor that should be taken into 
consideration when designing structures reinforced with PIRs.   

Pinoteau [1] has developed the "Resistance Integration Method (RIM)" to calculate the pull-out 
strength of PIRs under fire conditions. This method consists of calculating the integral of the 
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resistances along the embedment depth of the rebar, taking into account the temperature 
variation along the rebar at each moment of exposure to fire conditions. Several researchers 
have come to an agreement that this method is a valid option for design of PIRs under fire 
conditions (for pull-out failure mode) [1-5]. However, some practices do not take into account 
the existence of the steel rebar in the thermal modelling of the structure, assuming it is on the 
conservative side [1,2], whereas other more recent practices have taken into account its 
existence in the model to be on the representative side [3,4,9]. Therefore, it is important to 
conduct some efforts on the thermal modeling in order to harmonize the applicability of 
Pinoteau’s Resistance Integration Method between specialized bodies. 

The study presented in this paper focuses on the influence of different parameters on the 
outcome of the Resistance Integration Method when the steel rebar is modeled in a concrete 
element. The parameters investigated in this work are: concrete cover, rebar diameter and 
spacing between neighboring rebars. Their influence on the temperature profiles and 
consequently on the Resistance Integration Method was analyzed. 

Recommendations were given at the end of this paper to help design engineers make better 
judgements when dealing with this type of fastening solutions at high temperature, and to 
propose to include such requirements in any provisions in future design guides of post-installed 
rebars under fire conditions. 

2 NUMERICAL MODEL 

According to the European Assessments Document (EAD 330087-01-0601) [5]  PIRs may be 
used in horizontal and vertical configurations to connect slabs, beams, walls and elements 
loaded in compression and tension. Two configurations were chosen to be studied in this work: 
slab/slab connection (Figure 1) and beam/wall connection (Figure 2) (for cases of PIRs loaded 
in tension): For each case, two numerical thermal models (with and without representation of 
the steel rebar) were investigated to study the influence of steel diffusivity in Pinoteau’s RIM. 
The details of the numerical models adopted in this study are given below. 

For the slab/slab connection, the model used to calculate the temperature profile is a 2D model. 
the lower surface of the slab (the fire exposed surface) is subjected to convection and radiation 
fluxes of the standard ISO 834-1 fire curve [6]. The upper surface (the unexposed surface) is 
subjected to convection and radiation fluxes of ambient air (20°C). The temperature profiles in 
the slab/slab case are constant along the embedment depth of the rebar (at any time during 
exposure to fire conditions) because the thermal conditions are uniform along the embedment 
depth (horizontal isotherms). 

For the beam/wall connection, the model used to calculate the temperature profile is a 3D 
model. One side of the wall and the three sides of the beam are exposed to convection and 
radiation fluxes of the standard ISO 834-1 fire curve. In the beam/wall case, the temperature 
profiles along the rebar are not constant, because the thermal diffusion along the rebar is not 
uniform, and a thermal gradient is created from one side of the rebar to the other. 
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Figure 1: Slab/slab connection 

 

Figure 2: Beam/wall connection 
 

For the both cases, the thermal properties (conductivity, mass density and specific heat) of the 
concrete and steel are obtained respectively from the standards EN 1992-1-2 [7] and EN 1993-
1-2 [8]. The variation of thermal proprieties with temperature is represented in and Figure 4. 
However, the modelling of the bond layer between the rebar and concrete was ignored 
conservatively.  

   

Figure 3: Variation of specific heat, conductivity and density of concrete acc. to EN 1992-1-2 

  

Figure 4:Variation of conductivity and specific heat of carbon steel acc. to EN 1993-1-2 
 

Knowing the temperature profile along the embedment depth of the rebar at each moment of 
exposure to fire conditions, it is possible to associate each temperature to the corresponding 
bond strength (thanks to the relationship between the temperature and bond strength) and 
calculate the fire bond resistance of the PIR connection using Pinoteau’s RIM. The temperature-
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bond strength relationship used in this section is determined was by pull-out tests at high 
temperature according to EAD 330087-01-0601 [5] carried out at CSTB (Figure 5). 

  

Figure 5:Variation of the bond strength with the temperature 
 

3 MODEL VALIDATION  

To validate the numerical model, a cantilever beam/wall connection tested under fire conditions 
by Pinoteau was selected from the literature [1]. The structure consists of a beam cantilever 
(section 240 mm × 350 mm) connected to a wall using a PIR of 16 mm diameter and 250 mm 
embedment depth in a concrete cover of 250 mm. The test configuration is represented in Figure 
6 (for furthermore details about test dimensions the reader may check the original reference 
[1]). The calculated loads (based on the thermal model with and without representation of the 
rebar) were calculated using Pinoteau’s RIM and compared with applied load in Figure 7. The 
predicted failure time based on the thermal model with rebar is 172 min which is relatively 
close to the experimental failure time of 178 min. The model without rebar overestimates the 
pull-out fire resistance and the failure time seems to exceed 195 min. Therefore, neglecting the 
presence of the steel rebar in the model could lead to unconservative results, whereas taking 
into account the presence of steel in the thermal model yields conservative calculations 
compared to the full-scale fire test.  

 

Figure 6: Cantilever beam/wall connection tested under fire conditions [1] 
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Figure 7: Comparison between applied load and predicted load (using model with and 
without steel rebar) 

 

4 PARAMETRIC STUDY  

4.1 Slab/slab connection 

In order to study the influence of steel diffusivity, two models with and without representation 
of steel were carried out on slabs with a thickness of 400 mm, a concrete cover of 40 mm and 
a rebar of 12 mm diameter and 100 mm embedment depth (considering the minimum concrete 
cover for a rebar size 12 mm embedded at 100 mm according to EAD 33087-01-0601 [5], 30 
mm + 0.6 × lv  ≥ 2ϕ). The temperature profiles were calculated at 30 min, 60 min, 90 min, 120 
min, and 180 min of exposure to fire conditions. But for clarity purposes, only temperature 
profiles at 60 min are presented. Figure 8 shows the temperature profiles at 60 min along the 
rebar (at a concrete cover of 40 mm) and in the same distance in the model without rebar (at the 
steel/concrete interface on the lower side of the rebar). The comparison of the temperatures in 
the two models shows that the steel tends to diffuse the heat in the direction of the fire (from 
the exposed to the unexposed surface), unlike concrete which tends to store the heat before 
transferring it to deeper parts of the slab (due to its relatively low diffusivity compared to that 
of steel). Therefore, taking into account the steel in thermal modeling yields less conservative 
(i.e., lower, but nonetheless representative) temperatures compared to those obtained by the 
model without steel. In this case, the model with steel yields an underestimation of the fire bond 
strength compared to the model with steel (Figure 9). 
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Figure 8: Comparison between 
temperature profiles calculated with model 

with rebar vs. model without rebar 
(slab/slab connection) 

 

Figure 9: Comparison between fire bond 
strength using model with rebar vs. Model 

without rebar (slab/slab connection) 

 
 

4.2 Beam/wall connection  

A beam/wall connection structure was modeled using a beam of 300 × 200 mm attached to the 
wall by PIRs of 12 mm diameter and 100 mm embedment depth (minimum embedment depth 
according to EAD 330087-01-0601 [5]). Two models with and without representation of the 
steel rebar were investigated. 

Figure 10 shows that the temperature profiles in the model with steel are more homogenous 
compared to the model without steel. For example, at 60 min the temperature in the PIR at the 
position of the beam/wall interface in the model with steel is 401°C vs. 531°C in the model 
without steel. At the deep end of the PIR, the temperature in the model with steel is 103°C vs. 
59°C in the model without steel (i.e., the thermal gradient corresponding to T(x=0) - T(x=100) 
= 298°C using the model with steel vs. 472°C using the model without steel). This can be 
explained by the higher diffusivity of the steel (17 to 23 times higher compared to that of 
concrete) that transfers the heat to the deeper parts of the embedment depth when taken into 
account in the model.  

The temperature profiles were exploited to calculate the fire bond resistance to pull-out failure. 
The results are presented in Figure 11. The model with representation of the steel rebar yields 
conservative (lower) bond resistance compared to the model without rebar for the studied case. 
Therefore, in the beam/wall connection case, ignoring the steel in thermal modeling can lead to 
an overestimation of the fire bond resistance.
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Figure 10: Comparison between 

temperature profile in model with rebar vs. 
model without rebar (beam/wall 

connection) 

 
Figure 11: Comparison between fire bond 

resistance using model with rebar vs. 
model without rebar 

 
 

4.3 Results and discussion 

In this section, a parametric study was conducted to investigate the influence of each parameter 
(rebar size, concrete cover and spacing between neighboring rebars) on the outcome of 
Pinoteau’s RIM when the steel rebar is modelled. To carry out this study, several models were 
carried out by varying each parameter as indicated in Table 1. 

Table 1: Studied parameters 

Studied 
parameters  

Slab/slab connection Beam/wall connection 

Rebar size Concrete 
cover 

Neighboring 
bars Rebar size Concrete 

cover (cc) 
Neighboring 

bars 

a) Rebar size 12 mm 70 mm1) 0 12 mm 60 mm2) 0 32 mm 32 mm 
b) Concrete 

cover 12 mm 40 mm 0 12 mm 20 mm4) 0 180 mm 60 mm 
c) Neighboring 

bars 12 mm 40 mm3) 0 12 mm 20 mm4) 0 
1 1 

1) minimum concrete cover for rebar size 32 mm according to EAD 330087-01-0601 
2) different minimum concrete cover for rebar size 32 mm from slab-slab connection because the PIR is installed in the wall. Therefore, 
minimum concrete cover for cast-in rebars applies (EN 1992-1-1)  
3) minimum concrete cover for PIR size 12 mm according to EAD 330087-01-0601 
4) different concrete cover from parameter a) because only rebar size 12 mm is investigated. Therefore, minimum concrete cover for cast-in 
rebar size 12 mm applies EN 1992-1-2 
 

4.3.1 Rebar size 

As described in Table 1, to study the influence of rebar size on the temperature profiles and on 
the fire pull-out resistance, two rebars with diameters of 12 mm and 32 mm were modeled and 
compared to the model without representation of steel rebar. The concrete cover was chosen to 
be valid for the two diameters (70 mm for the slab/slab connection and 60 mm for the beam/wall 
connection). 
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For the slab/slab connection, Figure 12 shows that the model with the rebar of 32 mm yields 
lower temperatures (91°C at 60 min of exposure to fire ) compared to the model with the rebar 
of 12 mm (107°C) and the model without rebar (120°C). This may be explained by the quantity 
of the steel that diffuses the heat in the rebar of 32 mm compared to the quantity of the steel in 
the rebar 12 mm (i.e., more steel = more diffusivity). For the beam/wall connection, the 
temperature profile along the embedment depth of the rebar of 32 mm is more homogeneous 
compared to the temperature profile along the rebar of 12 mm. The thermal gradient 
corresponding to the difference between the beam/wall interface and the bottom part of the 
rebar (T(x=0)-T(x=100)) is 47°C for the rebar of 32 mm and 84°C for the rebar of 12 mm for 
the model with representant of the steel rebar. It should be noted that for the model without 
representation of the steel rebar, both rebar sizes would be at the same temperature because the 
steel is not represented in the model (concrete only). 

 
Figure 12: Influence of rebar size on the 

temperature profile (slab/slab connection) 

 
Figure 13: Influence of rebar size on the 
fire bond strength (slab/slab connection)

Figure 14 Influence of rebar size on the 
temperature profiles (Beam/wall 

connection) 

Figure 15: Influence of rebar size on the 
fire bond resistance (Beam/wall 

connection) 
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For both cases, Figure 13 and Figure 15 show that rebar size has a significant influence on the 
resulting pull-out fire resistance (function of temperature profiles shown in Figure 12 and 
Figure 14). The bigger the diameter is, the more the influence of ignoring steel in thermal 
analysis is significant. 

4.3.2 Concrete cover 

In order to study the influence of the concrete cover when the steel is taken into account in 
thermal modeling, two concrete cover values (cc = 40mm and cc =180 mm for slab/slab 
connection and cc =20mm and cc =60 mm for beam/wall connection) were investigated in each 
case as described in Table 1: . The calculated thermal profiles at 60 min for each concrete cover 
are given in Figure 16 and Figure 18. The temperature profiles show that the closer the rebar is 
to the exposed surface (i.e., smaller concrete cover) the more its influence on the thermal profile 
is significant.

 

Figure 16: Influence of concrete cover on 
temperature profile (slab/slab connection) 

 

Figure 17: Influence of concrete cover on 
the fire pull-out strength (slab/slab 

connection) 

 

Figure 18: Influence of concrete cover on 
temperature profile (beam/wall 

connection) 

 

Figure 19: Influence of concrete cover on 
fire pull-out resistance (beam/wall 

connection)
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4.3.3 Neighboring bars 

In reinforced concrete structures, a PIR can be installed closely to a neighboring bar. Therefore, 
the influence of taking into consideration the presence of neighboring reinforcing bars on 
thermal modeling and consequently on the results of Pinoteau’s RIM was investigated. 

A neighboring bar was modeled near the PIR with a minimum spacing of 20 mm in both cases 
(slab/slab connection and beam/wall connection). The obtained temperature profile at 60 min 
in the model with representation of the steel rebar was compared to the model without rebar. 
The difference between the temperature profiles does not exceed 3°C in both cases. 
Consequently, the existence of neighboring bars does not have a significant influence on the 
outcome of Pinoteau’s RIM. The results are presented in Figure 20 to Figure 23 show that the 
influence of neighboring bars can be neglected. 

  

Figure 20: Influence of neighboring bars 
on the temperature profile (slab/slab 

connection with concrete cover of 40 mm) 

 

Figure 21: Influence of neighboring bars 
on the fire pull-out strength (slab/slab 

connection with concrete cover of 40 mm) 

 

Figure 22: Influence of neighboring bars 
on the temperature profile (beam/wall 

connection with concrete cover of 20 mm) 

 

Figure 23: Influence of neighboring bars 
on the fire pull-out resistance (Beam/wall 
connection with concrete cover of 20 mm) 
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5 CONCLUSION 

In this paper, a parametric study using numerical approaches was conducted to study the 
influence of steel diffusivity in calculating fire bond resistance to pull out failure of PIRs. The 
numerical investigations have shown that:  

1. Taking into account the steel rebar in thermal modeling yields more representative 
temperature profiles. 

2. For slab/slab connections: the model with steel yields less conservative (higher) bond 
strength compared to the model without steel. Therefore, adopting a model without 
representation of steel in this case leads to unrepresentative, yet conservative results 
(generating lower design bond strength values). 

3. For beam/wall connections: the model with representation of steel yields more conservative 
(lower) bond resistances compared to the model without steel for the studied cases. 
Therefore, adopting a model without steel for cantilever beam/wall connections (and by 
extension for cantilever slab/wall connections) is not recommended because it 
overestimates the fire pull-out resistance in some cases. Using a model with steel for fire 
design of PIRs in beam/wall and slab/wall connections is more representative and produces 
safer results for all studied cases. 

4. For both cases (slab/slab and beam/wall connections), rebar size and concrete cover have a 
significant influence on the outcome of Pinoteau’s RIM. 

5. For both cases (slab/slab and beam/wall connections), neighboring reinforcing bars do not 
have a significant influence on the temperature profiles. Therefore, they can be neglected 
in thermal modelling. 

Finally, the authors recommend the use of steel diffusivity (i.e., by representing the steel rebar 
in the thermal model) for fire design of PIR connections. It is also recommended to include de 
such requirements in any provisions in future design guides. 
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ABSTRACT 

fib Task Groups TG 4.5 (2000-2013) and TG 2.5 (2014 to date) are responsible for major 
revisions to fib Model Code provisions for bond related aspects of design and detailing of 
structural concrete. The Authors have served as either Convenor or Technical Secretary of these 
task groups since 2000. The paper describes enhancements to technical content and changes in 
the format of (draft) Chapter 20 of Model Code 2020. The revisions and additions to technical 
content include: 

 Reformatting to determine design lap and anchorage lengths directly, removing bond
strength from calculation.

 Provisions for laps and anchorages in areas of high stress
 Safety calibration for new design and for assessment
 The influence of casting position.
 Headed reinforcement
 Post-installed reinforcement
 Transfer lengths of pre-tensioned strand
 Issues related to repair and strengthening
 Consequences of deterioration, including fire and corrosion
 Extensions to provisions for local bond-slip modelling
 Standard method of test for bond

Adjustments in the format of provisions include: 

 Restructuring to place ‘application rules’ ahead of more detailed models for behaviour.
 Introduction of Level 1 and Level 2 approximation
 Introduction of a new section on Assessment of existing construction, including older

types of reinforcing materials.

1  INTRODUCTION 

fib is an international technical organisation dedicated to the safe, economical and sustainable 
use of concrete. As part of its activities it develops and drafts Model Codes of Practice which 
many national and international Design Code Committees use to inform the drafting of their 
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own Codes. For example, the 2004 version of the Eurocode 2 [1] drew heavily on the 1990 
edition of the CEB-FIP Model Code [2]. 

Bond is the term used to denote the interaction and transfer of force between reinforcement and 
concrete. Bond influences performance of concrete structures in several ways. At the 
serviceability limit state, bond influences width and spacing of transverse cracks, tension 
stiffening and curvature. At the ultimate limit state, bond is responsible for strength of end 
anchorages and lapped joints of reinforcement, and influences rotation capacity of plastic hinge 
regions. Serviceability aspects of performance are the responsibility of fib TG 2.1 and are not 
considered in this paper, nor is non-metallic reinforcement, which is the responsibility of fib 
TG 5.1. 

There are two principal modes of failure of anchorages and laps [3]: 1) a pull-out type failure 
where the concrete shears across the top of the ribs leaving a relatively smooth bore where the 
bar pulls out in a relatively ductile (or at least non-brittle) failure; 2) a splitting failure mode 
where radial stresses around the rebar generate ring tension in the concrete cover around the 
bar; once the strength of the ring has been reached, a crack forms longitudinally along the bar 
axis which can cause spalling of the cover. The splitting mode is the weaker of the two and 
generally occurs when the minimum concrete cover is less than 2.5-3.0 times the bar diameter 
[4]. This mode may be extremely brittle, although brittleness can be constrained by transverse 
reinforcement crossing the potential splitting surface [5, 6] by the post-cracking strength of 
Fibre Reinforced Concrete (FRC) [7] or by transverse pressure (e.g. for anchorages subjected 
to transverse compression at supports). 

fib Task Group 2.5 “Bond Models” is responsible for drafting Chapter 20 of the 2020 edition 
of the fib Model Code [8], a task currently nearing completion. The aim of this paper is to 
outline some of the more significant revisions to laps and anchorages in Chapter 20 of the Model 
Code with respect to the preceding 2010 edition [9]. 

2 STRUCTURE OF DRAFT MODEL CODE CHAPTER 20 

The organization of the Chapter of Model Code 2020 has undergone major revision with respect 
to the preceding edition. In line with the general approach in the Model Code, Chapter 20 leads 
with content more commonly addressed in design, with simplified approaches preceding more 
specialized matters and more refined modelling. Thus, in MC2020 coverage of constitutive 
modelling of local bond-slip relationships will be presented as the last section in Chapter 20 
whereas this content was placed in the first section in Chapter 6 of MC2010 [6]. Provisions for 
relatively routine design of anchorages and of laps moves to the start of Chapter 20 of MC2020, 
with simplified rules preceding more detailed provisions where conditions for use of the 
simplified rules are not satisfied or for a more detailed evaluation.  

Table 1 compares the principal sections of MC2010 and draft MC2020. A quick glance shows 
a very different structure with a markedly greater emphasis on assessment, repair and 
strengthening in the current draft. Coverage of post installed rebars has been greatly enhanced 
and now merits its own section, as does content covering assessment of existing structures. 
Differences at the Chapter level are echoed within constituent sections. For example, post-
installed rebar, relevant to both new construction and strengthening of existing construction, 
occupied around 5 column centimeters in MC2010 but has expanded to around 5 pages in 
MC2020. MC2010 contained no information on old types of reinforcement while MC2020 
contains a full page on plain and square twisted bars, long been superceded by ribbed bars, 

1039



   
 

based on work by Feldman and co-workers [10 and 11]. Guidance on the deterioration in 
residual bond capacity as a result of reinforcement corrosion and of fire has been updated. A 
new standard test for anchorage capacity is proposed by Metelli et al. [12] to verify that existing 
provisions may be applied to novel cementitious materials now appearing in the construction 
market. 

Table 1: Principal sections of MC2010 and draft MC2020 

MC2020 MC2010 

20 Bond of embedded steel reinforcement 6.1 Bond of embedded steel reinforcement 

20.2 Design of  anchorage and lapped 
joints (for new construction) 

 Ribbed and indented bars 
 Welded fabric 
 Headed bars 
 Specials, incl. Post installed 

rebar (PIR), prestressing, 
conditions of service  

6.1.1 Local bond slip relationship 

20.3 Assessment of laps and anchorages 
of steel reinforcement in existing 
construction 

 Degradation 
 Old types of reinforcement 

6.1.3 Anchorage and lapped joints of 
reinforcement 

20.4 Bond of reinforcement in case of 
repair and strengthening 

6.1.4 Anchorage and lapped joints of 
welded fabric 

20.5 Local bond behaviour of steel 
reinforcement 

6.1.5 Special circumstances (including 
PIR) 

20.6 Standard test method for anchorages 6.1.6 Conditions of service 
  6.1.7 Degradation 
  6.1.8 Anchorage of pre-stressing tendons 

 

3 TECHNICAL REVISIONS IN DRAFT MC2020 

3.1 Elimination of bond stress 

The most evident technical change to be introduced to MC2020 for normal design is the 
elimination of the concept of ‘bond stress’, and design provisions now calculate anchorage or 
bond length directly. One reason for the change is the elimination of a step in the calculation 
process, thus enhancing ease of use for the practitioner. However, a more fundamental reason 
is that the concept of bond strength is no longer supportable. The expression for ‘basic’ bond 
strength fbd,0 in MC2010 for conditions of minimum confinement is given by Eq. 1. The factor 
η4 in Eq. 1 is non-linearly dependent on the design stress to be resisted by a lap or anchorage. 
‘Bond strength’ thus became dependent on the bar stress to be designed for, which negates its 
value as a physical concept. 
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fbd,0 =  η1 η2 η3 η4 (fck / 25) 0.5/γc    (1) 

Coefficient η1 was set at 1.75 MPa for a bar stress of 435 MPa, the design strength of a Grade 
500 (ribbed) bar. Coefficients η2 and η3 represent the influence of casting position and bar size 
respectively. The partial safety factor for concrete material strength of γc = 1.5 was adopted in 
MC2010 and will be retained in MC2020. 

To derive design procedures in MC2020, Mancini et al. [13] took the mean strength expression 
for the bar stress developed in laps and anchorages, Eq. 2, derived in fib Bulletin 72 [14] and 
given in the commentary to MC2010. The expression is semi-empirical and based on a splitting 
mode of failure. Mancini et al. [13] conducted a probabilistic analysis to derive a design 
expression. At this stage in development the expression was still formulated for a design bond 
strength. For a reliability level of β = 3.8, corresponding to moderate consequences of failure, 
their expression permitted bond stresses 7% higher than Eq. 1. 

𝑓 54
. . .

𝛼 𝑘  𝐾 ≤ fy         (2)

 Factor α2 represents confinement from concrete cover. Eq. 2 is valid for 
15 MPa < fcm < 110 MPa, 0.5 < cmin/Ø < 3.5, 1.0 < cmax/cmin < 5.0 and a stirrup index of 
confinement Ktr ≤ 0.05 (Fig. 2a). Limits are also set for a pullout mode of failure. 

This approach was further developed by Vollum and Goodchild [15] who performed similar 
probabilistic analyses to re-formulate an expression to calculate design bond lengths directly 
(Eq. 3); the term in square brackets in Eq. 2 has been set at 1.0 to obtain Eq. 3 in which 
parameter Canch was found to depend on the bar stress range as shown in Figure 1. The Authors 
observed that the scatter in the ratio of estimated to measured strength tended to be markedly 
higher for bar stresses below 350 MPa than for bar stresses close to or above the design strength 
of Grade 500 bars (Fig. 2b). 

 𝐶
. . .

               (3) 

 

(a) (b) 

 
 

Figure 1:Definition of cmax and cmin (a); variation in Canch with lap strength range (b). 
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Figure 2 - Basis for design 

 
They segmented data into 50 MPa strength bands and analysed each band independently. The 
lesser scatter in bands above 400 MPa was used to justify a reduced coefficient of variation and 
hence a lower value of coefficient Canch where an anchorage was to be designed for the full 
design strength of the bar. A higher value of Canch is required for lesser design strengths due to 
the greater scatter. Their proposal was to represent the variation in stress developed against 
bond length by a linear relationship up to 435 MPa (the design strength of Grade 500 bars), thus 
underestimating the stress that would be calculated using the non-linear expression of Eq. 2; 
Figure 2 illustrates schematically how this procedure works. 

To promote ease of use, two levels of calculation are now provided in fib MC 2020. Within the 
range of diameters from 8 mm to 50 mm (or up to 20 mm for indented bars), concrete strengths 
of 20 MPa to 75 MPa and cmin ≥ 1.5 the design anchorage length lbd in tension for the full design 
strength of Grade 500 bars lbd may be calculated from: 

lbd  = max [(klbs - kbeb) ; kmin]       (4) 

where klbs = anchorage coefficient: klbs = klbs,0 × kfck × kσsd . Coefficients klbs,0,  kfck and kσsd are 
given in Table 2; kbeb represents the contribution of standard bends and is generally taken as 15, 
subject to some limitations for closely grouped bars; kmin is a minimum anchorage length, 
maximum of 10ϕ, 100 mm, or σsd/(8 ktcPO fck

0.4) ϕ; ktcPO represents the influence of casting 
position: ktcPO = 1.0 for ‘good’ casting positions and ktcPO = 0.5 for other situations. 

Table 2 - Coefficients klbs,0, kfck, kσsd 

 

ϕ [mm] 8 10 12 14 16 20 25 28 32 
klbs,0 42 42 42 45 47 51 55 57 60 
fck [MPa] 20 25 30 35 40 45 50 60 ≥75 
kfck 1.11 1.00 0.92 0.86 0.81 0.77 0.73 0.67 0.61 
σsd [MPa] ≤ 200 300 400 435 471 500 600   
kσsd  0.46 0.69 0.92 1.00 1.15 1.28 1.78 Good conditions 
kσsd   0.68 0.85 0.97 1.00 1.15 1.28 1.78 Poor conditions 
Notes: values valid for 20 MPa ≤ fck ≤ 75 MPa , cs ≥ 3 Φ , cx = cy ≥ max (25, 1.5Φ +5 mm), 
no account taken of confinement by links or transverse bars or transverse pressure; γc = 1.5. 
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Where any of these conditions are not satisfied or for a more detailed evaluation, Eqs. 5 and 6 
shall be used. Coefficient m represents the bar stress to be anchored while kconf represents 
contributions to confinement from minimum cover and spacing between bars, transverse 
reinforcement and transverse pressure, respectively. 

klbs = 67 m (γc/1.5)0.65(25/fck)0.45(ϕ/25)0.35/(kconf × ktcSP)        (5)   

m = max [σsd/435; (σsd /435)1.8]                (6) 

ktcSP =0.4+0.6 σsd/435 ≤ 1.0                 (7) 

The effects of confinement are largely consistent with the procedures of MC2010 although 
format has been changed as a consequence of the elimination of bond stress from MC2020. 

3.2 Casting position 

Factor η2 in Eq. 1 represents the influence of casting position. It is widely considered that bond 
strength of bars cast near the top of a pour is weaker than that of bars cast near the bottom. The 
lesser strength of top cast bars is attributed to: 

a) the increase in water/cement ratio towards the top of a pour due to consolidation of fluid 
concrete prior to setting. 

b) the formation of voids beneath bars as solids in fluid and setting concrete consolidate 
when the bar is restrained from vertical movement. 

In MC2010 values of η2 were 1.0 and 0.7 for ‘good’ and ‘other’ casting positions respectively. 
The definition of ‘good’ and ‘other’ casting positions in MC2020 has been slightly modified 
from that in MC2010 to accord with prEN1992 [16] (Fig. 3). Mancini et al. [13] recommended 
that η2 be set to 1.0 for both positions who suggested that a coefficient of variation equal to 
0.15, generally assumed for concrete compressive strength within probabilistic modelling, was 
sufficient to cover the casting position effect. It is not clear, however, whether they verified this 
assertion against any test data. Cairns [17] used a simple analytical model based on the local 
bond slip model in fib Model Code 2010 to compare the distribution of bond stresses for good 
and poor casting positions (Fig. 4), to show that the casting position effect diminishes as bond 
length increases for splitting modes of failure. This influence is supported by analysis of trends 
in the top cast section of the ACI 408 bond test database [18], as shown in Figure 5, where ktcr, 
the ratio of measured lap strength to strength estimated by Eq. 2, is plotted.  The ratio represents 
the influence of a top cast or ‘other’ casting position, and varies from 0.8 (at a bar stress of 
220MPa) to 1.0 (at a bar stress of 435 MPa), the design strength of a Grade 500 bar. in the 
regression fit is given by Eq. 8, from which Eq. 7 for ktcSP (the factor to be applied to the bond 
length determined by Eq. 5 for splitting mode failure of bars in a ‘good’ position), can be 
derived. The difference in coefficients between Eqs. 7 and 8 arises from the non-linear 
relationship between bond length and the bar stress developed, as shown through Eq. 5. Eq. 7 
is included in coefficient kσsd in Table 2, and allows a casting position factor of 1.0 for full 
strength laps and anchorages of Grade 500 bars and above. 

 𝑘 0.6 0.4 𝑓 435        (8) 

The influence of casting position is more marked for pullout mode failures where bond lengths 
are invariably shorter, as a consequence of the higher unit resistance. This will be recognised 
through factor ktcPO in the minimum anchorage length. 
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Figure 3: Definition of “good” and “poor” bond condition 

 

 

Figure 4: Distribution of the bond stress along a lap. 

 

 

Figure 5 – Top cast effect as a function of bar stress. 
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not precede overall member failure. The splitting mode of bond failure is invariably highly 
brittle, even where light confining reinforcement is applied. Reinforced concrete members 
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should therefore be designed so that reinforcement starts to yield before a failure of laps or 
anchorages. It is therefore recommended that laps and anchorages be located away from areas 
of high stress wherever possible. If this cannot be achieved, and tension laps are to be positioned 
in the vicinity of plastic hinge locations, additional requirements are now set. Either laps must 
be designed for a stress 30% higher than the normal design strength, unless: 

 the lap (or anchorage) is located where bar stress is limited to no more than 70% of the 
design strength of the bar; 

 laps are staggered so that the area of bars lapped at a section does not exceed 35% of the 
total cross-section area of the reinforcing steel bars in linear members (beams and columns) 
or ≤ 50 % in planar members (slabs, walls and shells); 

 the design is justified by testing. 

When the bar stress at ends of a lap does not exceed 70% of the design strength of the bar then 
the lap region will not be required to behave in a ductile manner under the design loading and, 
therefore, no special provisions for deformation capacity are required. Figure 6, referring to 
results by Metelli et al. 2015 [19], shows plots of load vs deflection of beams having the same 
cross section and with either continuous rebars or with 25%, 50% or 100% of bars lapped. The 
highly brittle failure of the beam with 100% bars lapped is evident, with strength reduced by 
over 50% at a deflection twice that at peak load. In comparison, resistance of the beam with 
25% of bars lapped reduced by only 10%. Figure 7, referring to results by Cairns [20], shows 
how the distance by which laps are staggered influences post peak strength. Parameter Dres is 
defined as the ratio of residual load at a deflection equal to 1.5 times the peak load and the 
deflection to the peak load itself. 

 

 

Figure 6: Test results: load (P)–deflection(f) of beams with different percentages of lapped 
bars at midspan [19] 
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Figure 7: Ductility index [20] 

 
Additional requirements have been introduced for seismic resistance, particularly for 
beam/column joints that are critical components to maintain the integrity of the reinforced 
concrete frame structures. Under seismic action, their behaviour and performance depend 
strongly on the bond performance of longitudinal beam reinforcement. Sufficient anchorage of 
longitudinal beam reinforcement is essential to avoid premature bond failure. 
In interior joints, beam reinforcement that extends through the width of the column is subjected 
to compression from one side and tension on the other. This results in high bond requirements 
on the beam longitudinal reinforcement through the breadth of the column. Design provisions 
are set to ensure that the column width and anchorage length within the beam are sufficient to 
develop the yield in beam longitudinal reinforcement passing through the joint, taking into 
account an over-strength requirement of σsd = 1.30fy. An allowance for yielding over a distance 
of 5ϕ from the column face is to be provided. Although Eq. 5 allows for the beneficial influence 
of transverse compression on anchorage length, the beneficial presence of axial load on the 
column is currently neglected for seismic resistance of anchorages through beam-column joints, 
due to lack of experimental evidence. MC2020 also contains matching provisions for exterior 
beam-column joints. 
 

 

Figure 8: Anchorage in an interior joint 
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3.4 Assessment of existing construction 

This section of MC2020 is greatly expanded with respect to MC2010. 

1. Expressions equivalent to Eqs. 5 to 7 for design with ribbed/indented bars (having a relative 
rib area not lower than 0.05) are provided and re-arranged to allow the stress developed in a 
bar by a given anchorage/splice length to be determined. The partial safety factor to be 
applied may be selected by the assessor taking account of the required level of reliability. 

2. Equivalent expressions for superceded types of reinforcement, including hot rolled plain 
surface and square twisted bars, are provided, by considering different required level of 
reliability. One particular point of interest here is the marked influence of concrete cover on 
strength of plain bars laps and anchorages. These provisions indicate design provisions of 
MC78 and MC90 for laps to be highly conservative; provisions for anchorages were slightly 
conservative. 

3. Substandard concrete cover has been a common problem in concrete construction. Data for 
bars with minimum covers below 1 bar diameter was excluded in the formulation of Eqs 1-
4. Guidance on strength capacity for bars with cover below minimum requirements for bond, 
calibrated against relevant test data, is provided. 

4. Provisions to estimate residual anchorage and lap capacity under several forms of 
degradation over time are included. Those concerning ASR and freeze-thaw action are 
largely unchanged from MC2010. The tabulated residual bond capacity of bars affected by 
reinforcement corrosion has been updated in the light of more recent investigations, but it 
was decided not to provide detailed models within the new Model Code partly because a) 
current models entailed a degree of refinement beyond that of other sections and b) current 
models were perhaps not fully mature; available models will instead be presented and 
evaluated in the future fib Bulletin that includes the background research findings supporting 
Chapter 20. The section on residual capacity following exposure to elevated temperatures 
(fire) has also been enhanced since MC2010. 

3.5 Standard method of test for bond 

The standard tests available in international codes and standards or adopted by the research 
community differs significantly. The pull-out test specified by RILEM [21] and now included 
in prEN1992 [16] has been widely used because it is economical to manufacture and to test and 
because it represents the concept of bar anchoring. However, this configuration places the bar 
in tension and the surrounding concrete in compression, a condition unrepresentative of normal 
practice. The specimen uses a large concrete cover (4.5ϕ), and friction across the bottom 
bearing plate also tends to confine the specimen, thus making the test unsuitable to investigate 
the weaker splitting failure mode which commonly controls anchorage failure. As the stress 
developed by a bar is not directly proportional to its bond length, it is not possible to directly 
evaluate capacity of typical anchorages or laps where bond length typically exceeds 20 ϕ 
Additionally the pull-out specimen addresses only what would be classified in design codes as 
a good casting location, and bond length has a significant effect on the top cast effect as noted 
earlier. 

An alternative test is the beam test originally proposed by RILEM [21] and described in draft 
prEN 10080:2020-05 [16]. In this test the anchorage is placed in good bond conditions and is 
close to the beam support where concrete is in tension, thus making the test more representative 
of actual conditions in structural elements. However, although the bond length of 10ϕ is double 
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that of the pull-out test, it remains rather short. The anchorage is very highly confined by 
transverse reinforcement, which is about 4 times greater than that typical of practical design 
and therefore the splitting mode of failure rarely occurs. The concrete cover is quasi-constant 
(minimum cover to the centre of the bar is 50 mm), independent of the bar diameter. It should 
also be noted that 1) it is very difficult to handle the specimen during setting up the test because 
of its large size and the hinge at midspan and that 2) manufacture of the specimens is quite 
expensive. 

The purposes of an efficient bond test were already identified and discussed by Cairns and 
Plizzari [22]. To address the shortcomings outlined above, a new beam end test is proposed in 
the draft of Chapter 20 of fib Model Code 2020 to specify a new and economical bond test 
which provides a better representation of conditions of anchored bars in practice. The new test 
method is intended to verify that existing provisions for bond and anchorage in the fib Model 
Code are valid for novel types of concrete, as fibre reinforced concrete or recycled aggregates 
concrete. The new test is not designed to provide the constitutive bond-slip law for which a 
shorter embedded length is required to obtain a uninform bond stress distribution, nor for 
purposes of routine quality control of reinforcement which will continue to be based on rib or 
indentation geometry. 

(a) (b) (c) (d) 

Figure 9 – Typical standard bond test specimen for a B500 bar with a diameter of 16 mm 

 
A typical test specimen for a size 16 bar in normal strength concrete is shown in Figure 9. Two 
bars are set in each specimen and arranged in the two opposite corners, in order to allow one 
bar to be tested in a “good” casting position and the other in a “poor” casting position. The ribs 
of the bar are oriented towards the specimen corner (see Figure 9c) to favour a side-face splitting 
failure in the corner (Fig. 10). The bond length is not fixed and should be designed to develop 
a mean bar stress of 435 MPa, according to Eq. 2; by adopting a low cover/diameter ratio (equal 
to 1.50), a splitting failure mode is expected in normal strength concrete. Plastic sleeves (bond 
breakers) are placed at both bar ends to control the position of the anchorage and to avoid a 
localized cone-type failure of the concrete at the loaded end of the specimen. Stirrups are placed 
along the anchorage length for obtaining a pre-defined stirrups index of confinement (ktr), as 
defined by Eq. (2). 

ASTM [23] recommends a similar beam end test but with a different geometry, with a single 
bar placed in a good casting position at the mid-face of the bottom side and larger concrete 
cover with respect to that proposed here. 
 

1048



   
 

 

Figure 10: Typical side-face splitting failure in the corner. 

 

3.6 Constitutive modelling of local bond-slip behaviour 

There are few changes to local bond slip modelling of ribbed bars, although differences between 
splitting and non-splitting modes have been clarified. The principal revision is an improved 
local bond-slip relationship for plain bars [24], echoing the enhancement in provisions for 
assessment of existing structures. 

4 SUMMARY 

This paper has summarised many of the key revisions and enhancements concerning bond of 
steel bars in the next edition of the fib Model Code. Among the most significant revisions are: 

- the elimination of bond strength from general design of laps and anchorages; 
- a greater concern for adequate deformation capacity of or around laps and anchorages; 
- a significant change in the influence of casting position; 
- enhanced content quantifying residual capacity of structures affected by the main 

deterioration processes and new sections relevant to repair and strengthening reflecting 
wider societal interest in conservation, re-use and re-purposing of existing construction; 

- a new standard test procedure is specified to evaluate bond performance in the widening 
range of cementitious materials. 
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ABSTRACT 

It is widely considered that bond strength of bars cast near the top of a pour is weaker than that 
of bars cast near the bottom. The lesser strength of top cast bars is attributed to:  

a) the increase in binder/cement ratio towards the top of a pour due to consolidation of fluid
concrete prior to setting.

b) the formation of voids beneath bars as solids in fluid and setting concrete consolidate
when the bar is restrained from vertical movement.

The difference in bond between bars cast near the top of a pour and those cast near the bottom 
varies widely between individual studies, with little difference reported in some studies and 
reductions in excess of 50% reported in others. Short bond lengths show a markedly greater 
influence of casting position than do studies based on conditions more representative of 
practical construction.  

Through a simple analytical model of behaviour of a lapped joint based on the local bond slip 
model in fib Model Code 2010 [1] it is shown that the casting position effect diminishes as bond 
length increases. This influence is supported by analysis of trends in the top cast section of the 
ACI408 bond test database [2]. The enhancement in bond due to the surcharge of pressure from 
fluid concrete in deeper pours is also reviewed. Conclusions demonstrate the casting position 
factor in current design Codes significantly overestimates the top cast effect and justify a casting 
position factor of 1.0 for many common situations. 

1  INTRODUCTION, 

It is widely recognised that bond strength of bars cast near the top of a pour is weaker than that 
of bars cast near the bottom. The lesser strength of top cast bars is attributable to:  

a) the increase in w/c ratio (water/cement ratio or more generally water/binder ratio)
towards the top of a pour due to consolidation of fluid concrete prior to setting. Concrete
strength reduces with an increase in w/c ratio when the water content of the mix exceeds
that required for hydration.

b) the formation of voids beneath bars as solids in fluid and setting concrete settle when the
bar is restrained from vertical movement.

The influence of casting position on bond strength reported in various investigations varies 
widely, with strength reductions from 0% to well over 50% reported. Top cast ratio as measured 
by short (5 times bar diameter or less) bond length pullout tests varies from 0.28 to 0.92 with 
the majority below 0.5 (Cairns [3]). By contrast, tests on longer bond lengths (15 times bar 
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diameter or more) all report top cast ratios averaging over 0.85. Bond lengths of 5ϕ are not 
representative of practical constructions; the fib Model Code 2010 [1] specifies a minimum 
anchorage length of at least 10ϕ or 100mm. 

Two aspects which appear to have largely been neglected in investigations of the top cast effect 
are evaluated here, firstly the influence of bond length, and secondly the strength enhancement 
observed on bottom cast bars due to the surcharge effect, which show current design provisions 
for top cast bars may be unduly conservative. 

1.1 Code classification of casting position 

Clark [4] is credited with being the first to recommend a distinction between top and bottom 
casting positions in the ACI Building Code, although the phenomenon had been noted much 
earlier by Abrams [5]. Clark’s tests were conducted on ribbed bars with a wide range of 
deformation patterns, some of which would not comply with current Standards. He concluded 
that in the top position, bars “were about two-thirds as effective in bond as in the bottom 
position.” A 40% increase in bond length for bars cast with more than 300mm of fresh concrete 
placed below horizontal bars was introduced in 1951 and maintained by ACI 318 until the 1989 
version (ACI [6]), when the multiplier was reduced to 1.3 based largely on the findings by Jirsa 
& Breen [7] and Jeanty et al [8]. The fib Model Code 2010 [1] and EC2 (CEN [9]) define a 
“good” casting position as:  

- bars with an inclination of 45o - 90o to the horizontal during concreting and 
- bars with an inclination less than 45o to the horizontal which are up to 250mm from the 

bottom or at least 300mm from the top of the concrete layer during concreting. 
 

Figure 1 provides a 
graphical representation 
of these locations. In 
locations not classified 
as ‘good’ a factor η1 
=0.7 is applied to the 
basic bond strength, 
equivalent to a 43% 
increase in bond length. 

 

 

Figure 1: Classification of casting position, EC2:2004 
 

2 INFLUENCE OF LAP LENGTH 

The influence of bond-slip behaviour on the variation of bond and bar stress throughout a lapped 
joint is considered first. The local bond-slip model of MC2010 is used to demonstrate that lap 
length strongly influences the ratio of the bond strength of a bar cast near the top of a pour to 
that of an identical bar in an equivalent location cast near the bottom (TCR) in a splitting mode 
bond failure.  
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2.1 Simple model for bond stress distribution within a lapped joint 

Tepfers [10] derived a simplified model for the distribution of bar and bond stresses throughout 
the length of a lapped splice based on modulus of displacement theory. The model is applied 
here to compare bond stress distributions for top and bottom cast locations, and hence to 
demonstrate that the top cast effect can be expected to diminish as lap length increases. 
According to this model the reinforcement stress and bond stress along lapped bars 1 and 2 of 
equal diameter, Fig 2, are given by Eqs. 1 & 2. Stiffness of the surrounding concrete is ignored. 
 

𝜎 1   𝜎 1        Eq. 1a, 1b 

 

𝜏  
  𝜏  

       Eq. 2a, 2b 

 
Tensile stresses 𝜎1 and 𝜎2 and bond stresses 𝜏1 and 𝜏2 in lapped bars 1 and 2 respectively are 
evaluated at a distance 𝑥 from the centre of the lap, 𝜎𝑠0 is the reinforcement stress at the ends 
of the lap, 𝑙𝑏 is the lap length, 
φ is the bar diameter, π is the 
geometric constant and 
𝜅2=√(πφ𝐾/𝐴𝑠𝐸𝑠), where 𝐾 is 
the bond slip modulus, As and 
Es are the cross section and 
modulus of elasticity of the bar 
respectively. Bond modulus K 
is determined from the local 
bond-slip model in the fib 
Model Code 2010, Table 1 and 
Fig 3. 

Table 1   Mean bond stress-slip relationship of deformed bars 
confined by stirrups in fib MC2010 

 Pullout Mode Splitting Mode 

 Good conds. Other conds. Good conds. Other conds. 

τbmax 2.5√fcm 1.25√fcm 2.5√fcm 1.25√fcm 

τbu,split - - 
𝟖.𝟎

𝒇𝒄𝒎
𝟐𝟓

𝟎.𝟐𝟓

 𝟓.𝟓
𝒇𝒄𝒎
𝟐𝟓

𝟎.𝟐𝟓

 

s1 1.0mm 1.8mm s(τbu,split) s(τbu,split) 

s2 2.0mm 3.6mm s1 s1 

α 0.4 0.4 0.4 0.4 

 

The splitting mode of failure is weaker and generally controls for design. The local bond slip 
relationship for splitting failure follows the pullout curve to a peak value of τbu,split after which 
bond stress reduces as longitudinal splitting propagates through the lap length. 

Figure 2: Lapped bars 
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The analysis of bond stress distribution presented here is based on the secant bond modulus to 
peak bond stress τbu,split in a splitting failure mode where bars are confined by stirrups. Table 2 
states τbu,split equals 8.0(fcm/25)0.25 and 5.5(fcm/25)0.25 for ‘good’ and ‘other’ conditions 
respectively, corresponding to peak bond strengths of 9.0MPa and 6.2MPa for fcm=40MPa.  Slip 
at splitting failure ssplit = s1.(τbu,split/τbmax)1/α, with τbmax taken from Table 2. 

For an exponent α=0.4 on the 
ascending branch of the local-
bond-slip relationship, slip ssplit 
at peak bond stress τbu,split equals 
0.24mm and 0.97mm for ‘good’ 
and ‘other’ conditions 
respectively. Secant bond 
modulus represented by the 
dashed lines in Fig. 3 equals 
τbu,split/ssplit, and has values of 
36.8N/mm3 and 6.0N/mm3 for 
‘good’ and ‘other’ conditions 
respectively. The bond slip 
modulus for “other” conditions 
is, at 17%, markedly lower than 
that of an equivalent bar in 
“good” conditions. A recent 
investigation by Moccia et al [11] using short bond lengths of 5φ confirms this difference.  

A representative plot of the variation in bar stress (primary axis) for a 40φ lapped pair of 25mm 
diameter bars with σs0 = 400MPa in concrete with a mean compressive strength of 40MPa is 
shown in Fig. 4. Corresponding bond stresses are plotted in Fig. 5. Peak bond stresses occur 
close to the ends of the lap, with lower values near midlength. The lower slip modulus of top 
cast bars leads to a lesser variation in bond stress over the lap length and markedly lower peak 
values near lap ends. 

 
Figure 4: Variation in bar stress through lapped joint 

 
Splitting bond failure of a lapped joint initiates at ends of a lap when the bursting forces 
generated by bond action reach the tensile resistance of the surrounding concrete cover, together 

Figure 3: Local bond-slip model, fib MC2010 
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with any contributions from secondary reinforcement and transverse pressure. The local bond 
slip model in MC2010 is based on behaviour over a 5φ bond length. To estimate the strength 
of laps of varying length it is assumed here that failure occurs when average bond stress over 
the end 5φ of the lap equals τbu,split, equivalent to the stress in the bar reaching 
fs5ϕ=π.φ.lb.τbu,split/As at a distance lb=5φ from the end of a lapped bar. For fcm=40MPa, failure is 
deemed to occur when fs5ϕ 

equals 180MPa or 124MPa for 
good and other conditions 
respectively. Lap strength is 
taken as the bar stress which 
produces a stress of 180MPa 
(or 124MPa for other bond 
conditions) at 5φ from the end 
of the bar.  
The variation in lap strength 
with bond length ratio lb/φ 
calculated for the foregoing 
parameters for both good and 
poor casting conditions is 
plotted in Fig. 6. Lap strength is 
initially greater for good bond 
conditions but the difference reduces at higher lap length ratios. TCR is plotted on the right axis 
and varies from 0.7 for a bond length of 5φ to 1.0 for a bond length of 33φ. While the model is 
a greatly simplified representation of real behaviour of laps in tension, it clearly demonstrates 
top cast ratio will be strongly influenced by bond length ratio, and that measurements based on 
short bond length test specimens will tend to overestimate the top cast effect. 

A few investigations on 
laps are available to 
directly compare strength 
of paired top and bottom 
cast bars and are 
summarised in Table 2. 
All these investigations 
indicate top cast ratios 
substantially greater than 
suggested by the earlier 
work of Clark [4] and of 
Jirsa & Breen [7] on 
which current Code 
provisions have been 
based. However, they 
provide little information 
on the relationship 
between top cast ratio and 
bond length, either because the range of lap lengths covered is narrow, or because intra-pair 
differences in other parameters may well mask the influence of lap length. 

 

Figure 5. Variation in bond stress through lapped joint 

Figure 6: Lap strength and TCR given by simple model, splitting mode 
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Table 2 Direct comparisons between top and bottom cast locations 

Investigators No. pairs Bond lengths Depth of concrete  Avge. TCR 
Treece & Jirsa 2 13ϕ - 26ϕ 335mm-380mm 0.99 
Hamad and Itani 8 12ϕ 250mm 1.02 
De Vries et al 9 11ϕ - 20ϕ 340mm-360mm 0.89 
Zekany et al 9 15ϕ 350mm 0.90 
Tepfers 4 32.5ϕ 205mm, 410mm 1.08 

 
An alternative but less direct approach uses a wider set of results in the ACI408 bond test 
database which (ACI 408 [2]) comprises 478, 111 and 46 results for bottom cast, top cast and 
side cast locations respectively. It includes several of the tests mentioned in the preceding 
paragraph. The bottom cast section of the ACI408 database, supplemented by additional test 
data compiled by fib TG4.5 [12], formed the basis for calibration of Eq. 6.1-19 in the fib Model 
Code 2010, and presented here as Eq. 3. Results covering a wider set of parameters are 
evaluated by comparing strength determined from top cast tests with those estimated by Eq. 3. 
Data has been filtered to remove tests with bond lengths shorter than the minimum lap length 
of 15 times bar diameter given in EC2, concrete strength less than the minimum mean value of 
20MPa classified by EC2, and minimum cover less than 0.95ϕ, slightly less than the minimum 
1.0φ in EC2 to allow for rounding from Imperial values. After filtering, bond lengths in the 
ACI408 top cast database vary from 15φ to 48φ, concrete strengths from 20MPa to 100MPa, 
bar diameter from 16mm to 36mm, bar yield strength from 393MPa to 614MPa, and depth of 
concrete cast below the bar from 127mm to 386mm. Minimum cover ratio cmin/φ varies from 
1.0 to 3.1 and transverse reinforcement ratio Ktr varies from 0% to 5.1%, covering the full range 
that may be used in calculation. 

𝑓 54
. . . . .

 𝑘 𝐾        Eq. 3 

where: 
fstm is the estimated stress developed in the bar (mean value) 
fcm is the measured concrete cylinder compressive strength 
lb and ϕ are the bond length and diameter of the lapped or anchored bar respectively,  
cmax and cmin are defined in Fig. 7. 
Ktr represents the amount of confining reinforcement and km is an ‘effectiveness factor’ 
for link confinement. 

The ratio of measured to estimated lap strength is 
calculated for both for top and for bottom cast 
specimens in the filtered database and results for 
tests in which at least 250mm of concrete was placed 
below bars are summarised in Table 3. Based on the 
mean value of the measured/estimated ratio, top cast 
laps are 10% weaker than bottom cast when links 
are present, but 2% stronger when links are absent. 
Similar trends are apparent for the other statistical 
values, and scatter in results for top cast bars is less 
than that for bottom cast. The stronger top cast effect 
where links are present is supported by the simple model. As noted in direct comparisons 
presented earlier, the difference between top and bottom cast locations in Table 3 is surprisingly 

Figure 7  Cover dimensions 
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small compared to provisions of EC2, ACI318 and that reported in studies based on short bond 
length tests. 

Table 3: Analysis of filtered ACI408 bond test database 

Ratio of measured strength to that estimated by Eq. 5 
Bottom Cast Top Cast 

Links No links Links No links 
Mean 1.00 0.97 0.90 0.99 
Standard Deviation 0.132 0.145 0.105 0.135 
Coefft. of Variation 0.132 0.150 0.116 0.136 
Minimum 0.68 0.62 0.71 0.80 
5% characteristic ratio 0.78 0.73 0.73 0.77 
No. of results  288 255 27 17 

 
To verify that lap length is an influencing factor, the few individual studies in which bond length 
was a variable are examined based on the same approach. Figure 8(a) plots the ratio of measured 
strength of top cast bars to that estimated by Eq. 3 against bond length ratio for results from 
ACI 408 topcast database links reported by Ferguson & Thompson [13]. Depth of concrete 
below the bars ranged from 275mm to 320mm. Model and test results are consistent. 

 

a) Ferguson & Thompson [13]     
  b) deVries et al [14] 

 

 
c) Zuo & Darwin [15] 

 
Figure 8: Influence of bond length on TCR, results from ACI 408 database 
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Similar plots are presented in Figs. 8(b) and 8(c) respectively for results reported by de Vries 
et al [14] where depth of concrete below the bars was around 340mm, and by Zuo & Darwin 
[15] on heavily ribbed bars, where depth of concrete was around 330mm. In all three studies 
the trend given by the model corresponds well to test results and is close to a lower bound. This 
model represents behaviour of laps, but a similar trend would be expected for anchorages. 
 

2.2 Pullout mode of failure 

The same model may be applied to the pullout failure mode using parameters for pullout type 
failures from the local bond-slip model of the fib Model Code, Table 1. Secant slip modulus to 
peak bond K is 15.8MPa/mm and 4.4 MPa of ‘good’ and ‘other’ conditions respectively for a 
mean concrete strength of 40MPa. These are lower than the corresponding values for splitting 
mode, but also differ by a lesser amount. Bond stress throughout a lap length is therefore more 
uniform for a pullout mode than for a splitting mode, compare Figs 6 for splitting mode and 
Fig. 9 for pullout mode. TCR is therefore less influenced by bond length in the pullout mode. 
Figure 10 shows the bond length required for a Grade 500 bar to reach a design strength of 
435MPa for a pullout mode failure in a ‘good’ location is relatively short and would be less 
than the 15ϕ minimum length currently set for laps in EC2. Over such a short range of bond 
lengths the simplified model shows no appreciable variation in TCR. 

Figure 9: Variation in bond stress through lap, pullout mode 

 

3 STRENGTH ENHANCEMENT OF BOTTOM CAST BARS 

Maximum depth of concrete below top cast bars in the ACI408 database did not exceed 400mm, 
a reasonable range for beam/slab type members in buildings but insufficient for elements such 
as walls. Various investigations which have used short (5ϕ or less) bond lengths have reported 
much lower TCRs in specimens with a height of 900mm or more. The effect of casting position 
is invariably reported as the ratio of the bond strength of a bar cast near the top of a pour to that 
of a bar cast near the bottom, i.e. the top cast ratio (TCR). However, this may not provide a 
valid measure of the effect of casting position on bond of top cast bars as it implicitly assumes 
that bond strength of bottom cast bars is unaffected by the depth of concrete above the bar. The 
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assumption is clearly questionable: if the top cast effect is attributable to an increase in the 
water/cement ratio near the top of a pour as fluid concrete consolidates, there must be a 
balancing reduction in w/c ratio and consequent enhancement in concrete strength lower down.  

 

 

 

 

 

 

 

Figure 10: Lap strength and TCR given by simple model, pull-through mode 

 
Equally, the pressure surcharge of fluid concrete near the bottom of a pour may enhance 
compaction of concrete and thus also enhance bond resistance of bottom cast bars. In deeper 
pours the top cast ratio calculated as a direct ratio of strength of top cast bars to that of bars cast 
near the bottom may thus exaggerate the net effect of casting position on bond resistance of top 
cast bars. 

Suryanto et al [16] have recently carried out bond tests using specimens of three different 
heights, but of otherwise identical section, Fig 10, in which bars of identical rib pattern, bar 
spacing and orientation were cast at the same cover and spacings. Bond tests were conducted 
in a beam end type configuration. Four sets of specimens were cast with concrete of differing 
strengths and workability. Bond lengths were 12.5φ or 7.8φ. Bottom cast bars in 1500mm ‘Tall’ 
specimens anchored consistently higher bar force than those in either 500mm deep ‘Medium’ 
or 300mm deep ‘Short’ specimens. On average lower bars in Tall specimens anchored a 21% 
greater force than bottom bars of ‘Medium’ specimens and 19% more than the bottommost bar 
in ‘Short’ specimens. Values for individual series were between 15% and 25%. There was no 
significant difference between bottom 2 bars of ‘Medium’ specimens and the bottommost bar 
in ‘Short’ specimens. TCR for the topmost bar in ‘Tall’, Medium’ and ‘Short’ specimens 
averaged 0.62, 0.75 and 0.85 respectively. If, however, the strength of top bars in the ‘Tall’ 
specimens is instead compared to that of the bottom bars in ‘Medium’ and ‘Short’ specimens 
the net top cast reduction is 20% rather than 38%. Similarly, If the strength of top bars in 
‘Medium’ specimens is compared to that of the bottom bars in ‘Short’ specimens the net top 
cast reduction is 13% rather than 25%.  

Castel et al [17] tested stacked pullout specimens 1100mm tall along with standard EN10080 
(CEN 2005 [18]) type pullout specimens containing a single bar. Bottom cast bars in the tall 
specimens developed a stress averaging 50% higher than that of their companion top cast 
specimens. Comparing bond capacity of the topmost bar in the tall specimens with that of the 
single horizontally cast bar in the standard pullout specimen the net difference is only 15%, 
corresponding to a net TCR of 0.85. Brettman’s [19] results also show a similar trend. Neglect 
of the surcharge effect therefore exaggerates the casting position effect. 
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4 CONCRETE COMPOSITION, STRENGTH AND WORKABILITY 

Some work including that by Luke et al [20] has indicated a stronger casting position effect 
with higher workability concretes. Other earlier investigations by Zekany et al [21], and 
Altowaiji et al [22] report similar findings. While recent studies have adjusted consistency by 
varying addition of superplasticiser, in at least some older studies workability was altered by 
altering mix proportions. Earlier studies which show a lower TCR for more workable mixes 
may therefore not hold true for modern mixes. Results in the ACI408 database, which are 
generally from older studies, should therefore tend to give conservative estimates of TCR. 
Neither Suryanto et al [16] nor Moccia et al [11] found any consistent influence of strength or 
of consistency on TCR in their respective recent investigations. 

5 TOP CAST FACTOR FOR DESIGN 

It is shown that casting position has no adverse effect on strength of a typical full-strength lap 
or anchorage in representative modern concretes, but an increased bond length may be required 
for lesser bar stresses or if very high confinement might result in a pullout mode failure. Figure 
11 shows a strong and relatively tight relationship between TCR, calculated as the ratio of 
strength measured in test to that calculated by Eq. 3, and stress measured in tests. The regression 
fit to the data is shown in Fig 11 is given by Eq. 4. Coefficient of correlation is 0.75. At a stress 
fsm=435MPa, the design strength of Grade 500 bar, the TCR is 1.0.  

𝑘 0.6 0.4 𝑓 435                   Eq. 4 

 

Figure 11: Variation in casting position effect with bar stress 

 
Eq. 3 shows the relationship between lap strength and lap length is non-linear. Analyses 
presented in fib Bulletin 72 [23] concluded that lap strength increases in proportion to (lb/φ)0.55 
for bottom cast bars. It follows that if the expression to determine bar stress for a given bond 
length is: 

𝑓 , ∝  𝑘 𝑙
𝜙

.
                    Eq. 5 
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Then if it is required to determine a (design) bond length to carry a stress σs the corresponding 
expression for bond length ratio would be: 

𝑙
𝜙 ∝  𝑘 𝜎                        Eq. 6 

and hence that kcp = ktcr
(1/0.55). Thus if, for example, top cast ratio ktcr were evaluated at 0.6 from 

analysis of test results, the corresponding value of kcp should be 0.601.82 = 0.4. For higher Grades 
it would be prudent to limit kcp to a minimum of 1.0 pending further evidence with higher 
strength bars. Applying these considerations to Eq. 6 leads to Eq. 7 for top cast factor kcp.  

𝑘 max 1, 1/(0.4+0.6 σsd∕435MPa))              Eq. 7 

A very high confinement is required to promote a pullout failure and this mode will rarely be 
encountered with laps in practical construction. The bond-slip relationship for pullout failure 
mode includes a horizontal plateau, and it is entirely feasible for the entire bond length to sustain 
a slip of between s1 and s2 at peak load. The stress developed may therefore be expected to be 
proportional to bond length, and consequently TCF equals TCR for this mode, and . kcp may be 
taken as 0.6, Fig. 10. 

Analyses presented in this paper are based on mean and not on design values, and further work 
is recommended to verify that Eq. 7 may safely be substituted for current factors such as η1 in 
EC2(2004 [9]) and ψt in ACI318(2019 [24]). The lower coefficient of variation for top cast bars 
presented in Table 3 suggests that, after allowance is made for lap lengths in the ACI database 
being shorter than those for the full design strength of Grade 500 bars, direct substitution would 
be conservative. 

6 CONCLUSIONS 

A marked difference in local bond-slip relationships between top and bottom cast ribbed 
reinforcing bars leads to significant differences in the top cast ratio measured in tests utilising 
short and long bond lengths. It is shown through an analytical model and data in the ACI Bond 
Test database that in a splitting failure mode a lesser top cast effect is found on bond lengths 
representative of practical construction than on short bond lengths typical of the standard 
‘pullout’ type tests which have predominated in recent research. The analysis presented here 
justifies a top cast factor of 1.0 for a splitting failure mode of laps and anchorages designed to 
carry the full design strength of a Grade 500 bar, with a higher factor for laps and anchorages 
designed for lower stresses. A top cast factor on lap or anchorage length of 𝑘
𝑚𝑎𝑥 1, 1/(0.4+0.6 σsd∕435MPa)) is advocated for design.  

The value of top cast ratio currently in EC2(2004 [9]) is greatly over-conservative. The value 
of top cast factor currently in ACI318(2019 [24]) is over conservative. 

Standard tests for bond as allowed in EC2:2004 do not provide a good indication of 
performance in practical conditions.  

Bond slip stiffness is an important parameter that should be reported along with bond strength. 
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ABSTRACT 

The aim of the present paper is to further validate a model proposed for assessing bond strength 
in corroded and non-corroded steel bars. The model was obtained by applying multiple linear 
regression analysis to an initial database obtained from literature containing over 650 bond 
tests: 372 with corroded steel bars. In this paper, a second stage for further validating the model 
has been conducted with a new database consisting of 131 new tests of bond with corroded steel 
bars resulting in a final database of 500 tests of bond with corroded reinforcing steel bars.  

In this model, bond strength is considered as an average stress on the nominal surface of a 
straight length of a bar over the bond length. The corrosion effect is considered using the cross-
section loss (% Cor) considered as uniform corrosion along the bonded length of the bar. In 
addition to the cross-section loss, corrosion effect in bond is additionally considered with an 
additional variable that implicitly includes the effect of cracking depending on the range of 
cross section loss, bond condition and presence of transverse reinforcement. 

In the paper, the former formulation proposed in [1] is compared with the formulation adapted 
with rounded coefficients for the former database, the new database and the combined database 
with different statistical criteria to compare the accuracy of the bond strength predictions 
obtained with the model. 

Finally, the predictions of the model show a good fitting with the experimental results with the 
new database and also have a low scatter. This is showing its utility in the safety assessment of 
bond strength in reinforced concrete members. 

1  INTRODUCTION 

Corrosion may affect the bond between reinforcing steel bars and concrete and hence the 
transfer of longitudinal stresses. Since the potential outcome of bond loss could be brittle 
structural behaviour, the verification of bond strength has a paramount importance in the 
assessment of corrosion-damaged existing structures [2].  

The relevance of this topic has motivated an intense research in this field. The factors affecting 
bond behaviour due to corrosion include the weakening of concrete confinement due to concrete 
cover cracking and stirrup corrosion, the presence of corrosion products at the interface and, in 
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ribbed bars, reduction of the bond index due to cross-sectional loss in the reinforcing steel bars 
[1]. 

However, the findings reported in the studies conducted on bond strength in corroded steel ([3-
5]) diverge rather widely, due to differing corrosion procedures, test specimens and variables 
analysed and therefore proposed models are not always useful for prediction.  

Although in [1] was presented a model that was robustly validated in this paper the aim is to 
further validate this model with an extended database that was not used to derive the model.  

2 MODEL AND DATABASES 

2.1 Multiple linear regression model 

The model proposed here was based on the influencing variables that affect bond behaviour in 
corroded and non-corroded steel bars and was obtained with multiple linear regression. A 
detailed explanation of the influencing variables used to defined the model can be found in [1] 
and also in [6, 7] can be found an extensive literature survey on bond.   

The response variable used in the multiple regression model is average or uniform bond 
strength, fb, obtained dividing the bar force of the bond tests by the bar surface along the 
anchorage length, divided by a function of concrete compressive strength, fc

2/3. A detailed 
explanation on the multiple linear regression model can be found in [1]. In this paper, the 
formulation from [1] used to assess bond strength in corroded and non-corroded steel bars was 
modified using rounded values for the variable m and adjusted coefficients for all the exponents 
of the different variables of the model: 

𝑓𝑓𝑏𝑏 = 𝑓𝑓𝑐𝑐0.65 �𝑚𝑚 � 1
𝜙𝜙2 + 1�

9
��𝜙𝜙

𝑙𝑙𝑏𝑏
�
2

+ 1�
8.1
𝑒𝑒−0.12𝑓𝑓𝑐𝑐40 ��𝑎𝑎

𝜙𝜙
�
4

+ 1�
0.06

(𝐾𝐾𝑡𝑡𝑡𝑡2 + 𝐾𝐾𝑡𝑡𝑡𝑡 + 1)0.5(%𝐶𝐶𝐶𝐶𝐶𝐶2 + 1)−0.02 − 1�              (1) 

The variable m of Equation (1) includes variables that consider the following aspects regarding 
to bond strength: Bond condition (good or any other), Confinement (none or stirrups) and 
Corrosion category (No corrosion, 0 < % Cor ≤ 5%, 5 < % Cor ≤ 20%) 

Table 1: Rounded values for variable m by bond condition, confinement and corrosion [1] 

 
Good bond conditions All other bond conditions 

No confinement Confinement No confinement Confinement 

No Corrosion 1.27 1.32 1.24 1.28 

0 < % Cor ≤ 5 % 1.24 1.29 1.21 1.25 

5 < % Cor ≤ 20 % 1.22 1.27 1.19 1.23 

 

2.2 Databases 

The multiple linear regression model was obtained with a database of more than 650 bond tests 
(372 of them with corroded steel bars). The corroded bond tests were collected after ruling out 
bond tests with corrosion current densities of over 200 μA/cm2 and corrosion cross-section 
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losses of more than 20 %. Table 2 gives the range of values for some of the database variables 
analysed in the former study [1].  

 
Table 2: Range of values of the former database variables for corroded steel bars [1]  

 
φ (mm) fc (N/mm2) lb (mm) lb/φ c (mm) c/φ a/φ % Cor Ktr 

Min 10.0 18.6 129.0 10.5 12.0 1.0 1.5 0.15 0.0 

Max 24.91 57.3 304.0 25.0 48.0  3.42 3.92 19.74 0.13 

Mean 15.39 44.03 226.3 14.81 27.95 1.86 2.36 5.59 - 

 

Models may be reliably validated by verifying its outcome with a sample independent of the 
data used to build it [8]. Normally, this procedure is not an option due to scarcity of available 
data.  

After performing a reliable validation of the model for non-corroded and corroded bars in [1], 
in this study the model for bond in corroded steel bars wanted to be validated with new tests 
and therefore an additional database of bond test with corroded steel was collected with more 
than 250 tests. After ruling out the tests with corrosion current densities of over 200 μA/cm2 
and corrosion cross-section losses of more than 20 % the final bond database with corroded 
steel bars was formed with 131 bond tests. Table 3 gives the range of values for some of the 
database variables analysed in this study [1].  

Table 3: Range of values for the extended database variables 

 φ (mm) fc (N/mm2) lb (mm) lb/φ c 
(mm) c/φ a/φ % Cor Ktr 

Min 10.0 20.0 50.0 5.0 16.0 1.33 1.83 0.10 0.0 
Max 20.0 45.88 200.0 15.50 69.0 5.75 6.25 19.70 0.19 
Mean 15.5 32.89 107.75 7.13 52.97 3.64 4.14 8.13 - 

 

3 COMPARISON  

3.1 M2010 model 

In this study the comparison will be done against the MC2010 [9] model. In MC2010 [9], no 
explicit formulation is given for assessing bond capacity for corroded steel. Rather, bond 
strength in corroded steel is classified by bar type (ribbed or plain) and confinement (with or 
without). Table 4 is provided giving the percentage of the residual basic bond strength, fb, for 
sound steel depending on corrosion penetration, Px, or the equivalent surface crack. 
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Table 4: Residual bond capacity for corroded steel in MC2010 [9], 

 

For obtaining fb, first is needed to obtain the reinforcement stress with the following equation 
[9]: 

𝑓𝑓𝑠𝑠𝑡𝑡𝑠𝑠 = 54 ⋅ �𝑓𝑓𝑐𝑐
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0.1
+ 𝑘𝑘𝑠𝑠 ⋅ 𝐾𝐾𝑡𝑡𝑡𝑡���                                (2) 

The bond strength, fb, is then obtained dividing the bar force, fstmAs,corr, by πϕlb, the bar surface 
over which the reinforcement stress, fstm, is developed.  

The following hypotheses were also assumed to obtain bond strength predictions:  

− Bond strength for corroded steel was obtained with the values in Table 4 and Equation (2) 
for sound steel. Equation (2) was simplified by assuming that the ratio between maximum 
and minimum cover, cmax/cmin, was 1.0. 

− Given the mean corrosion penetration, Px, found for the corroded steel, the percentages in 
Table 4 were applied to the values obtained with Equation (2). Since Table 4 gives only one 
Px value, the reduction of bond strength was applied stepwise. When corrosion penetration 
was higher than the 0.25 mm listed in Table 4, that maximum was used. Pursuant to this 
procedure, upper and lower limits were calculated. 

3.2 Statistical criteria 

Different statistical criteria are used to compare the accuracy of the bond strength predictions 
obtained with the model from [1], the one with rounded coefficients proposed in this paper (1) 
and the upper and lower limit of MC2010 to the accuracy of the assessments. 

The predicted residual sum of squares (PRESS) can be obtained as follows: 

𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃𝑃 = ∑ �𝑓𝑓𝑏𝑏,exp, 𝑖𝑖 − 𝑓𝑓𝑏𝑏(𝑖𝑖)�
2𝑛𝑛

𝑖𝑖=1 = ∑ 𝑒𝑒(𝑖𝑖)
2𝑛𝑛

𝑖𝑖=1 = ∑ � 𝑒𝑒𝑚𝑚
(1−ℎ𝑚𝑚𝑚𝑚)

�
2

𝑛𝑛
𝑖𝑖=1                                               (3)  

where 𝑓𝑓𝑏𝑏,exp, 𝑖𝑖 is the observed experimental value of bond strength,  𝑓𝑓𝑏𝑏(𝑖𝑖) is the predicted value 
of the bond strength of the ith response based on all observations except the ith one, e(i) is the 
deleted residual or PRESS residual and hii is the weight of each observation in the regression 

Corrosion penetration, 
Px [mm] 

Equivalent surface 
crack [mm] Confinement 

Residual capacity (% of fb) 
Bar type 

Ribbed Plain 
upper lower upper lower 

0.05 0.20 – 0.40 
No stirrups 

70 50 90 70 
0.10 0.40 – 0.80 50 40 60 50 

0.25 1.00 – 2.00 40 25 40 30 
0.05 0.20 – 0.40 

Stirrups 

100 95 100 95 

0.10 0.40 – 0.80 80 70 100 95 
0.25 1.00 – 2.00 75 60 100 90 
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model. Generally, a model with a small value of PRESS is preferable to one where PRESS is 
large [1]. Decomposing the PRESS statistic also provides good criteria for model comparisons 
[10], by means, for instance, of the mean squared error of prediction, MSEP:  

𝑀𝑀𝑃𝑃𝑃𝑃𝑃𝑃 = 1
𝑛𝑛
∑ 𝑒𝑒(𝑖𝑖)

2𝑛𝑛
𝑖𝑖=1                                                                                                                   (4) 

The predictive residual mean, PRM, can be obtained as follows: 

𝑃𝑃𝑃𝑃𝑀𝑀 = 𝑓𝑓𝑏𝑏,exp − 𝑓𝑓𝑏𝑏(𝑖𝑖)                                                                                                              (5) 

The different variance of predicted residuals, DVPR, can be obtained as follows:  

𝐷𝐷𝐷𝐷𝑃𝑃𝑃𝑃 = 𝑠𝑠𝑓𝑓𝑏𝑏,exp − 𝑠𝑠�̂�𝑓𝑏𝑏(𝑚𝑚)
                                                                                                            (6) 

DVPR provides information on the orthogonal regression line. 

Another criterion for establishing model accuracy is the M ratio between the experimental value 
and the model estimate. The mi ratio for the ith observation is obtained by dividing the 
experimental value, fb,exp, by the predicted value, fb(i): 

𝑚𝑚𝑖𝑖 = 𝑓𝑓𝑏𝑏,𝑒𝑒𝑒𝑒𝑒𝑒 𝑓𝑓𝑏𝑏(𝑖𝑖)⁄                                                                                                                       (7) 

3.3 Model results 

Table 5, Table 6 and Table 7 provide all the statistical values for the model from [1], the model 
of Equation (1) and the MC2010 model for the upper and lower bound for the database used in 
[1], the extended database collected for this study and the combined database. 

Table 5: Summary of statistical parameters for bond tests with corroded bars evaluated for 
the different models for the database provided in [1] 

Model n PRESS MSEP PRM DVPR ICPR Cut-off 
point μM sM CoV 

Model from [1] 

372 

512.68 1.38 0.034 0.43 1.09 4.74 1.00 0.27 0.27 

Model Eq. (1) 516.67 1.39 -0.0007 0.38 1.11 4.88 0.99 0.27 0.27 

Upper limit Eq. (2) 
MC2010 [9] 1599.52 4.30 -0.56 -1.06 1.67 4.07 1.02 0.47 0.46 

Lower limit Eq. (2) 
MC2010 [9] 

1456.08 3.91 0.620 -0.75 1.67 6.11 1.43 0.80 0.56 
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For the former database the results were discussed in detail in [1]. The only thing that is worth 
mentioning is that the statistical values obtained with Equation (1) with the rounded coefficients 
proposed here are almost similar to the ones obtained in [1]. The PRM statistic, giving the 
systematic error of the model is changing its sign but can be assumed as almost zero.    

Table 6: Summary of statistical parameters for bond tests with corroded bars evaluated for 
the different models for the database collected in this study 

Model n PRESS MSEP PRM DVPR ICPR Cut-off 
point μM sM CoV 

Model Equation (1)  
New database 

131 

2224.77 16.98 0.080 1.99 3.61 9.88 1.00 0.47 0.47 

Upper limit Eq. (2) 
MC2010 [9]  

New database 
7709.19 58.85 3.384 2.02 6.58 10.59 1.86 1.37 0.74 

Lower limit Eq. (2) 
MC2010 [9]  

New database 
9663.26 73.77 5.199 2.33 6.43 11.01 2.92 2.34 0.80 

 

In Table 6 can be seen according to the M ratio that the model of Equation (1) gives a good 
prediction for bond strength in corroded steel, with a mean value of 1.0, similar to the prediction 
given in the former database. In the new database the difference is that the CoV is almost double 
than the CoV obtained with the former database.  The results provided in Table 6 show that the 
upper limit given in MC2010 [9] has the second best behaviour with respect to the M ratio, 
although with a high conservative bias and a CoV that nearly doubles the CoV of the proposed 
model (1). The lower limit of MC2010 proves to be overly conservative. For the new database 
by far the lowest value for the PRESS statistic was found for the model proposed (1). The PRM 
statistic showed that the results for the model proposed (1) were on the safe side on average, 
exhibiting the lowest positive value. 

Table 7: Summary of statistical parameters for bond tests with corroded bars evaluated for 
the different models for the combined database 

Model n PRESS MSEP PRM DVPR ICPR Cut-off 
point μM sM CoV 

Model Eq.  (1) 
Combined databases 

503 

2695.40 5.36 0.022 0.81 2.17 6.17 1.00 0.33 0.34 

Upper limit Eq. (2) 
MC2010 [9] 

Combined databases 
8974.63 17.84 0.694 1.08 4.02 5.05 1.28 0.86 0.68 

Lower limit Eq. (2) 
MC2010 [9] 

Combined databases 
11050.8 21.97 1.981 1.40 4.01 3.59 1.86 1.47 0.79 

 

In Table 7 can be seen according to the M ratio that the model of Equation (1) gives a good 
prediction for bond strength in corroded steel, with a mean value of 1.0, similar to the 
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predictions given in the former database and in the extended database. In the combined database 
the CoV is almost similar to the one obtained with the former database. The results provided in 
Table 7 show similar behaviour for the upper limit of MC2010 [9] and lower limit as observed 
in Table 6. Both predictions are overly conservative and with a high bias. For the combined 
database by far the lowest value for the PRESS statistic was found for the model proposed (1). 

Figures 1a, 1b, 1c show the experimental bond strength for corroded steel bars versus the values 
predicted with the proposed formulation (1), the upper and lower limits obtained given in 
MC2010 [9] respectively. 

Figure 1: a) Experimental vs. predicted bond strength in corroded steel bars of the proposed 
formulation (1); b) Experimental vs. predicted bond strength in corroded steel bars of the 
Upper Limit given in MC2010 [9]; c) Experimental vs. predicted bond strength in corroded 
steel bars of the Lower Limit given in MC2010 [9] 

 

The cut-off point (point E in Figure 1) is equal to 6.17 in the formulation proposed (1) for 
corroded steel bars for the whole database (Table 7) meaning that when predicting new values 
for mean bond strength with the proposed model from this value the mean bond strength 
predictions will be on the safe side. On the other hand, in the upper and lower given in MC2010 
[9] the cut-off point is equal to 5.05 and 3.59 respectively. In this case, on the contrary that was 
observed in [1] the slope of the orthogonal regression line is not lower than 45 degrees and the 
predictions from these values will be on the safe side.  

Further to the statistical parameters analysed, the model proposed here with Equation (1) shows 
its robustness giving reasonably good assessments of bond strength with a completely new 
database. 
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4 CONCLUSION 

The present paper has shown that the formulation for the assessment of bond strength with 
corroded steel bars proposed in [1] and adjusted in this paper is robust and provides reasonable 
estimates for bond strength. The new bond test database collected in this study covers a wide 
range of variables affecting bond strength, such as bar diameter, concrete strength, concrete 
cover, anchorage length, confinement ratio and corrosion-induced cross-sectional loss as the 
bond database used in [1] to derive the model. In addition, a number of relevant statistical 
criteria were used to validate the adjusted model (1) and compare it to MC2010 [9]. In that 
context, the results obtained by the model proposed are reasonably good in terms of all the 
statistical criteria analysed for the former database, for the new database and for the combined 
database. The prediction of the adjusted model fits better with the experimental results and have 
less scatter than the MC2010 upper and lower bound model for the assessment of bond strength 
in corroded steel bars. This provides a good indication of its utility for predicting in a safe way 
bond strength in corrosion-damaged reinforced concrete members.  
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